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ABSTF[ACT: The sliding of cover soils on slopes underlain by geosynthetics is obviously an unacceptable situation and, if
the number of occurrences becomes excessive, will eventually reflect poorly on the entire technology.
Steeply sloped
Ieachate collection layers and final covers of landfills are situations where incidents of such sliding have occurred.
Paradoxically, the analytic formulation of the situation is quite straightforward.
This paper presents an analysis of the
common problem of a veneer of cover soil (0.3 to 1.0 m thick) on a geosynthetic material at a given slope angle and length
so as to arrive at a FS-value. The paper then presents different scenarios that create lower FS-values than the gravitational
stresses of the above situation, e.g., equipment loads, seepage forces and seismic loads. As a counterpoint, different
scenari,m that create higher FS-values also are presented, e.g., toe berms, tapered thickness cover soils and veneer
reinforcement.
In this latter category, a subdivision is made between intentional reinforcement (using geo.grids or high
strength geotextiles) and nonintentional
reinforcement
(cases where geosynthetics overlay a weak interface within a
multilayered slope). Hypothetical numeric examples are used in each of the above situations to illustrate the various
influences on the resulting FS-value. In many cases, design curves are also generated. Suggested minimum FS-values Are
presented for final closures of landfills, waste piles, leach pads, etc., which are the situations where veneer slides of this
type are the most troublesome.
Hopefully, the paper will serve as a vehicle to bring a greater awareness to such situations
so as to avert slides from occurring in the future.
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INTRODUCTION

There have been numerous cover soil stability problems in
the past. resulting in slides that range from being relatively
small (which can be easily repaired),
to very large
(involving litigation and financial judgments against the
parties involved). Furthermore, the number of occurrences
appears to have increased over the past few years. Soong
and Kclerner (1996) report on eight cover soil failures
resulting from seepage induced stresses alone. While such
slides can occur in transportation
and geotechnical
applications, it is in the environmental
applications area
where they are most frequent. Specifically, the sliding of
relatively thin cover soil layers (called “veneer”) above
and natural
soil liners,
i.e.,
both
geosynthetic
geomembranes
(GM), geosynthetic clay liners (GCL) and
compacted clay liners (CCL) are the particular materials of
concern. These situations represent a major challenge due
(in part) to the following reasons:
(a) The underlying barrier materials generally represent a
low interface shear strength boundary with respect to
the soil placed above them.
(b) The liner system is oriented precisely in the direction
of potential sliding.
(c) The potential shear planes are usually linear and are
essentially uninterrupted along the slope.
(d) Liquid (water or Ieachate) cannot continue to percolate
downward
through the cross section due to the
presence of the barrier material.
When such slopes
are relatively
steep, long and
unintemupted in their length (which is the design goal for
landfills, waste piles and surface impoundments so as to
maximize containment space and minimize land area), the
situation is exacerbated.

There are two specific applications in which cover soil
stability has been difficult to achieve in light of this
discussion.
Leachate collection soil placed above a GM, CCL and/or
CCL along the sides of a landfill before waste is placed
and stability achieved accordingly.
Final cover soil placed above a GM, GCL and/or CCL in
the cap or closure of a landfill or waste pile after the
waste has been placed to its permitted height.
For the leachate collection soil situation, the time frame is
generally short (from months to a few years) and the
implications of a slide may be minor in that repairs can
oftentimes be done by on-site personnel.
For the final
cover soil situation, the time frame is invariably long (from
decades to centuries) and the implications of a slide can be
serious in that repairs often call for a forensic analysis,
engineering redesign, separately engaged contractors and
quite high remediation costs. These latter cases sometime
involve litigation,
insurance
carriers,
and invariably
technical experts, thus becoming quite contentious.
Since both situations (leachate collection and final covers)
present the same technical issues, the paper will address
them simultaneously.
It should be realized, however, that
the final cover situation is of significantly greater concern.
In the sections to follow, geotechnical
engineering
considerations
will be presented leading to the goal of
establishing a suitable factor 01 safety (FS) against slope
instability.
A number of common situations will then be
analyzed, all of which have the tendency to decrease
stability. As a counterpoint, a number of design options
will follow, all of which have the objective of increasing
stability. A summary and conclusions section will compare
the various situations which tend to either create slope
instability or aid in slope stability.
It is hoped that an
●

●
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increased awarene~s in the analysis and design details
offered herein, and elsewhere in the published literature
which is referenced herein, leads to a significant decrease in
the number of veneer cover soil slides that have occurred.

2

GEOTECHNICAL
ENGINEERING
CONSIDERATIONS

Limit Equilibrium

●

●

As just mentioned, the potential failure surface for veneer
cover soils is usually linear with the cover soil sliding with
respect to the lowest interface
friction layer in the
underlying cross section. The potential failure plane being
linear allows for a straightforward
stability calculation
without the need fol trial center locations and different radii
as with soil stability problems analyzed by rotational fai!ure
Furthermore,
full static equilibrium
can be
surfaces.
achieved without solving simultaneous equations or making
simplified design assumptions.
2.1

upper surface of the geomembrane (5). and the slope angle
of the soil beneath the geomembrane (~). As simple as this
analysis is, its teachings are very significant, for example:
To obtain an accurate FS-value, an accurately determined
laboratory &value is absolutely critical. The accuracy of
the final analysis is only as good as the accuracy of [he
laboratory obtained &value.
For low &values, the resulting soil slope angle will be
proportionately low. For example, for a &value of 20
deg., and a required FS-value of 1.5, the maximum slope
angle is 14 deg. This is equivalent to a 4(H) on l(V)
Furthermore,
many
slope which is relatively
low.
geosynthetics have even lower b-values than 20 deg.
This
simple
formula
has driven
geosynthetic
manufacturers to develop products with high &values,
e.g., textured geomembranes, thermally bonded drainage
geocomposites, internally reinforced GCLS, etc.
Unfortunately, the above analysis is too simplistic to use in
most realistic situations.
For example, the following
situations cannot be accommodated:
A finite length slope with the incorporation of a passive
soil wedge at the toe of the slope
The consideration of equipment loads on the slope
Consideration of seepage forces within the cover soil
Consideration of seismic forces acting on the cover soil
“ The use of soil masses acting as toe berms
The use of tapered covered soil thicknesses
Reinforcement of the cover soil using geogrids or high
strength geotextiles

Concepts

●

●

The free body diagram of an infinitely
uniformly thick cohesionless
cover soil
planar shear surface,
like the upper
geomelmbrane, is shown in Figure 1. The
treated quite simply.
.

long slope with
on an incipient
surface
of a
situation can be

●
●

●

●

..—

—

●

These specific situations will be treated in subsequent
sections. For each situation, the essence of the theory will
be presented, followed by the necessary design equations.
This will be followed, in each case, with a design graph and
a numeric example. First, however, the important issue of
interface shear testing will be discussed.
2.2

Figure 1. Limit equilibrium forces involved in an infinite
slope analysis for a uniformly thick cohesionless cover soil.
By ti~king force summation parallel to the slope and
comparing the resisting force to the driving or mobilizing
force, a global factor of safety (FS) results;
FS=~

‘7 Resisting

Forces

~ Driving Forces

N tan 6 . W cos ~ tan 6
=.—
W sin ~
“Wsin P
hence:
(1)

Here it is seen that the FS-value is the ratio of tangents of
the interface friction angle of the cover soil against the
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Interface Shear Testing

The interface shear strength of a cover soil with respect to
the underlying material (often a geomembrane) is critical so
as to properly analyze the stability of the cover soil. This
value of interface shear strength is obtained by laboratory
testing of the project specific materials at the site specific
By project specific materials,
we mean
conditions.
sampling of the candidate geosynthetics to be used at tbe
site, as well as the cover soil at its targeted density and
moisture conditions.
By site specific conditions we mean
normal stresses, strain rates, peak or residual shear strengths
and temperature extremes (high and/or low). Nctte that it is
completely inappropriate to use values of interface shear
strengths from the literature for final design.
While the above list of items is formidable, at least the
type of test is established.
It is the direct shear test which
has been utilized in geotechnical engineering testing for
The test has been adapted to evaluate
many years.
geosynthetics in the USA as ASTM D5321 and in Germany
as DIN 60500.
In conducting a direct shear test on a specific interface,
one typically performs three replicate tests with tbe only

variable being different values of normal stress.
The
middle value is usually targeted to the site specific
condition, with a lower and higher value of normal stress
covering the range of possible values. These three tests
result in a set of shear displacement
versus shear stress
curves, see Figure 2a. From each curve, a peak shear
strength (~p) and a residual shear strength (’cr) are obtained.
As a next step, these shear strength values, together with
their respective normal stress values, areplottedon
MohrCoulomb
stress space to obtain the shear strength
parameters of friction and adhesion, see Figure 2b.

Shear Displacement
(a) Direct shear test experimental

c!.~
+

data

Normal Stress (an)

(b) Resulting behavior on Mohr - Coulomb stress space
Figure2. Direct shear test results andanalysis
obtain shear strength parameters.

procedure to

7P =Cap +On tan~p

(~~)

~r =Car +on

(2b)

The upper limit of “6” when soil is involved as onc of the
interfaces is “+”, the angle of shearing resistance of the soil
component.
The upper limit of the “c;’ value is “c”, the
cohesion of the soil component.
In the slope stability
analyses to follow, the “ca” term will be included for the
sake of completeness, but then it will be neglected (as being
a conservative
assumption)
in the design graphs and
numeric examples. To utilize an adhesion value, there must
be a clear physical justification for use of such values when
geosynthetics are involved. Some unique situations such as
textured geomembranes with physical interlocking of soils
having cohesion, or the bentonite component of a GCL are
valid reasons for including such a term.
Note that residual strengths are equal, or lower. than peak
strengths. The amount of difference is very dependent on
the material and no general guidelines
can be given.
Clearly, material specific and site specific direct shear tests
must be performed to determine the appropriate values.
Further, each direct shear test must be conducted to a
relatively large displacement
to determine the residual
behavior, see Stark and Poeppel (1994). The decision as to
the use of peak or residual strengths in the subsequent
analysis is a very subjective one. It is both a materials
specific and site specific issue which is left up to the
designer andlor regulator.
Even further, the use of peak
values at the crest of a slope and residual values at the toe
may be justified. As such, the analyses to follow will use
an interface &value with no subscript thereby concentrating
on the computational procedures rather than this particular
detail. However, the importance of an appropriate and
accurate &value should not be minimized.
Due to the physical structure of many geosynthetics, the
size of the recommended shear box is quite large. It must
be at least 300 mm by 300 mm unless it can be shown that
data generated by a smaller device contains no scale or edge
effects, i.e., that no bias exists with a smaller shear box.
The implications of such a large shear box should not be
taken lightly. Some issues which should receive particular
attention are the following:
●

The points are then connected (usually with a straight line),
and the two fundamental
shear strength parameters are
obtained. These shear strength parameters are:
8=

theangle ofshearing resistance, peak and/or residual,
of the two opposing surfaces (often called the interface
friction angle)
Ca = the adhesion of the two opposing surfaces, peak and/or
residual (synonymous with cohesion when testing fine
grained soils against one another)
Each set of parameters constitute the equation of a straight
line which is the Mohr-Coulomb failure criterion common
The concept is readily
to geotechnical
engineering.
adaptable to geosynthetic materials in the following form:

tani5r

●

●

✎

Unless it can be justified otherwise, the interface will
usually be tested in a saturated state. Thus complete and
uniform saturation over tbe entire specimen area must be
achievd.
This is particularly necessary for CCLS and
GCLS, Daniel, et al. (1993). Hydration takes relatively
long in comparison to soils in conventional
(smaller)
testing shear boxes.
Consolidation
of soils (including CCLS and GCLS) in
larger shear boxes is similarly affected.
Uniformity of normal stress over the entire area must be
maintained during consolidation
and shearing so as to
avoid stress concentrations from occurring.
The application of relatively low normal stresses. e.g., 10,
to 30 kPa simulating
typical cover soil thicknesses,
challenges the accuracy of some commercially available
shear box setups and monitoring systems, particularly the
accuracy of pressure gages.
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. The issue of appropriate
normal stress is greatly
complicated
if gas pressures
are generated
in the
underlying waste. These gas pressures will counteract
some (or all) of the gravitational stress of the cover soil.
The resulting shear strength, and subsequent stability, can
be significantly
decreased.
See Liu et al (1997) for
insight into this possibility.
Shear rates necessary to attain drained conditions (if this
is the desired situation) are extremely slow, requiring
long testing times.
Defc~rmations necessary
to attain residual strengths
require large relative movement of the two respective
halves of the shear box. So as not to travel over the edges
of the opposing shear box sections, devices should have
the lower shear box significantly longer than 300 mm.
However, with a lower shear box longer than the upper
traveling section, new surface is constantly being added
to the shearing plane. This influence is not clear in the
material’s response or in the subsequent behavior.
The attainment of a true residual strength is difficult to
achieve. ASTM D5321 states that one should “run the
test until the applied shear force remains constant with
increasing displacement”.
Many commercially available
shear boxes have insufficient
travel to reach this
condition.
The ring torsion shearing apparatus is an alternative
device to determine true residual strength values, but is
not without its own problems. Some outstanding issues
are the small specimen size, nonuniform shear rates along
the width of the specimen, anisotropic shearing with some
geosynthetics and no standardized testing protocol. See
Stark. and Poeppel (1994) for information and data using
this alternative test method.

●

●

●

decouples from the cover soil materials,
producing a
horizontal force which must be appropriately analyzed. A
section will be devoted to the seismic aspects of cover soil
slope analysis as well.
All of the above actions are destabilizing forces tending to
cause slope instability. Fortunately, there are a number of
actions that can be taken to increase the stability of slopes.
Other than geometrically
redesigning the slope with a
flatter slope angle or shorter slope length, a designer can
add soil mass at the toe of the slope thereby enhancing
stability.
Both toe berms and tapered soil covers are
available
options and will be analyzed
accordingly,
Alternatively, the designer can always use geogrids or high
strength geotextiles
within the cover soil acting as
reinforcement materials. This technique is usually referred
to as veneer reinforcement.
Cases of both intentional and
nonintentional veneer reinforcement will be presen[ed.
Thus it is seen that a number of strategies influence slope
stability. Each will be described in the sections to follow.
First, the basic gravitational
problem will be presented
followed by those additional loading situations which tend
to decrease slope stability. Second, various actions that can
be taken by the designer to increase slope stability will be
presented.
The summary will contrast the FS-values
obtained in the similarly crafted numeric examples.

✎

2..3

Various Types of Loadings

There are a large variety of slope stability problems that
may be encountered in analyzing andlor designing final
covers of engineered
landfills, abandoned dumps and
remediation
sites as well as leachate collection
soils
covering geomembranes
beneath the waste. Perhaps the
most common situation is a uniformly thick cover soil on a
geomembrane placed over the soil subgrade at a given and
constant slope angle.
This “standard” problem will be
analyzed in the next section. A variation of this problem
will include equipment loads used during placement of
cover soil on the geomembrane.
This problem will be
solved with equipment moving up the slope and then
moving down the slope.
Unfortunately,
cover soil slides have occurred and
it is felt that the majority of the slides have been associated
Indeed,
drainage
above a
with seepage
forces.
geomembrane (or other barrier material) in the cover soil
cross section
must be accommodated
to avoid the
possibility of seepage forces. A section will be devoted to
this class of slope stability problems.
Lastly, the possibility
of seismic forces exists in
earthquake prone locations. If an earthquake occurs in the
vicinity of an engineered
landfill, abandoned dump or
remediation site, the seismic wave travels through the solid
waste mass reaching the upper surface of the cover. It then
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SITUATIONS
SLOPES

CAUSING DESTABILIZATION

OF

This section treats the standard veneer slope stability
problem and then superimposes
upon it a number of
situations, all of which tend to destabilize slopes. Included
are gravitational,
construction
equipment,
seepage and
seismic forces. Each will be illustrated by a design graph
and a numeric example.
3.1

Cover Soil (Gravitational)

Forces

Figure 3 illustrates the common situation of a~inite length,
uniformly thick cover soil placed over a liner material at a
slope angle “~”. It includes a passive wedge at the toe and
has a tension crack of the crest. The analysis thal follows is
after Koerner and Hwu (1991), but comparable analyses are
available from Giroud and Beech (1989), McKelvey and
Deutsch (1991) , Ling and Leshchinsky (1997) and others.
—
Covelsoil
Activewexlw
q,c,*
h

w*

C*

Wp
E,
Passive Wedge

h

+’4%

E

+
A 447

GM

NA
D

L

N ~tan$
Np
\

/--’-’

“v’
l+gure 3. Limit equilibrium forces involved in a finite
length slope analysis for a uniformly thick cover soil.

The symbols used in Figure 3 are defined below.
WA =: total weight of the active wedge
Wp =: total weight of the passive wedge
NA = effective force normal to the failure plane of the

P
:=

Ca
c~
c=
c
EA
Ep
FS

Ep COS~ =

active wedge
= effective force normal to the failure plane of the

Np
Y
h
L=

By balancing the forces in the horizontal
following formulation results:

passive wedge
—.
—. unit weight of the cover soil
= thickness of the cover soil
length of slope measured along the geomembrane
= soil slope angle beneath the geomembrane
friction angle of the cover soil
= interface friction angle between cover soil and
geomembrane
= adhesive force between cover soil of the active
wedge and the geomembrane
= adhesion between cover soil of the active wedge
and the geomembrane
cohesive force along the failure plane of the
passive wedge
= cohesion of the cover soil
= interwedge force acting on the active wedge from

The expression for determining
derived as follows:
Considering

(
()

tan P

By setting EA = Ep, the resulting equation can be arranged
in the form of the quadratic equation ax2 + bx + c = O which
in our case, using FS-values, is:
a(FS)2 + b(FS) + c = O

(13)

where
a = (WA – NA COS~)COS~
b = –[(WA – NA cos~)sin~tan$

c=(NAtan8+

2

(3)
)
(4)

h
L–—
sin ~

(5)

By balancing the forces in the vertical
following formulation results:
EASin. ~= WA–

NACOS~–

NAtan8+ca
FS

direction,

sm P

the

(6)

Hence the interwedge force acting on the active wedge is:
~A = (FS)(WA

- NA cos~) -(NA

tani3+Ca)sin~

(7)

sin ~(FS)
The pawive wedge can be considered in a similar manner:
wp=— Yh2
sin 2P

(8)

NP=Wp+EPsin~

(9)

sin ~

(12)

Ca)sin~cos~

Ca)sin2~tan@

(14)

The resulting FS-value is then obtained from the solution of
the quadratic equation:

the active wedge,

2L1
‘–—–—
h
sin~

c=(c)(h)

wedge

+ sin P(C + Wp tan $)]

the factor of safety can be

NA = WA COS~
Ca=ca

the

(11)

FS
Hence the interwedge force acting on the passive
is:
C+ Wptan$
Ep =
cos~(FS) – sin ~ tan h

FS=–b+
WA=*

C+ NPtan@

+( NAtani3+

the passive wedge
= interwedge force acting on the passive wedge
from the active wedge
= factor of safety against cover soil sliding on the
geomembrane

direction.

(lo)

b

F___

–4ac

(15)

2a
When the calculated FS-value falls below 1.0, sliding of the
cover soil on the geomembrane is to be anticipated. Thus a
value of greater than 1.0 must be targeted as being the
minimum factor of safety. How much greater than 1.0 the
FS-value should be, is a design andlor regulatory issue.
The issue of minimum allowable FS-values under different
conditions will be assessed at the end of the paper. In order
to better illustrate the implications of Eqs. 13, 14 and 15,
typical design curves for various FS-values as a function of
slope angle and interface friction angle are given in Figure
4. Note that the curves are developed specifically for the
variables stated in the legend of the figure. Example 1
illustrates the use of the curves in what will be the standard
example to which other examples will be compared.
Example 1:
Given a 30 m long slope with a uniformly thick 300 mm
cover soil at a unit weight of 18 kN/m3. The soil has a
friction angle of 30 deg. and zero cohesion, i.e., it is a sand.
The cover soil is placed directly on a geomembrane
as
shown in Figure 3. Direct shear testing has resulted in a
interface
friction angle between
the cover soil and
geomembrane of 22 deg. with zero adhesion. What is the
FS-value at a slope angle of 3( H)-to- l(V), i.e., 18.4 deg’?
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Solution:
Substituting Eq. 14 into Eq. 15 and solving for the FS-value
results in the following which is seen to be in agreement
with the curves of Figure 4.
a=14.7kN/m
b=–21.3kN/m
c=3.5kN/m

FS=l.25
1

For soil placement down the slope, however, a stability
analysis cannot rely on toe buttressing and also a dynamic
stress should be included in the calculation.
These
conditions decrease the FS-value and in some cases to a
great extent.
Figure 5b shows [his procedure.
Unless
absolutely necessary, it is not recommended to place cover
soil on a slope in this manner. If it is necessary, the design
must consider the unsupported soil mass and the dynamic
force of the specific type of construction equipment and its
manner of operation.

Slope ratio (Her.: Vert.)

5:14:1 3:1

2:1

1:1

(a) Equipment backfilling up slope
(the recommended method)
,-------

“~
0

10

20
Slope Angle,

30

40

50

~ (deg)

Figure 4. Design curves for stability of uniform thickness
cohesionless cover soils on linear failure planes for various
global factors-of-safety.
Comment:
In general, this is too low of a value for a final cover soil
factor-of-safety
and a redesign is necessary.
While there
are many possible options of changing the geometry of the
situation, the example will be revisited later in this section
using toe berms, tapered cover soil thickness and veneer
reinforcement.
Furthermore, this general problem will be
used throughout the main body of this paper for comparison
purposes to other cover soil slope stability situations.
3.2 Tracked Construction

Equipment Forces

The placement of cover soil on a slope with a relatively low
shear strength inclusion (like a geomembrane)
should
always be from the toe upward to the crest. Figure 5a
shows the recommended
method.
In so doing, the
gravitational forces of the cover soil and live load of the
construction equipment are compacting previously placed
soil and working with an ever present passive wedge and
stable lower-portion beneath the active wedge. While it is
necessary to specify low ground pressure equipment to
place the soil, the reduction of the FS-value for this
situation of equipment working up the slope will be seen to
be relatively small.
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(b) Equipment backfilling down slope
(method is not recommended)
Figure 5. Construction equipment placing cover soil on
slopes containing geosynthetics.

For the first case of a bulldozer pushing cover soil up from
the toe of t} ~ slope to the crest, the anr’ysis uses the free
body diagram of Figure 6a. The analysis uses a specific
piece of tracked construction equipment (like a bulldozer
characterized by its ground contact pressure) and dissipates
this force or stress through the cover soil thickness to the
surface of the geomembrane.
A Boussinesq analysis is
used, see Poulos and Davis ( 1974). This results in an
equipment force per unit width as follows:
We=qw

I

(16)

where
we
q=

= equivalent equipment force per unit width at the
geomembrane interface
wb/(’2XWXb)

Wb
w=
b=
I

= actual weight of equipment (e.g., a bulldozer)
length of equipment track
width of equipment track
= influence factor at the .geomembrane interface
see Figure 7
Cover

h

Soil

1.0
0.9
0.8
0.7
0.6

(a) Equipment moving up slope
(load with no assumed acceleration)

0.5
0.4
0.3
0.2 I
o

1

2
Widthof
Thictiess

(b) Equipment moving down slope
(load plus acceleration or deceleration)

Tarck,

of Cover

b
Soil,

h

Figure 7. Values of influence factor, “I”, for use in Eq. 16
to dissipate surface force of tracked equipment through the
cover soil to the geomembrane interface, after Poulos and
Davis (1974).

Figure 6.
Additional
(to gravitational
forces) limit
equilibrium forces due to construction equipment moving
on cover soil (see Figure 3 for the gravitational soil force to
which the above forces are added).
Upon determining the additional equipment force at the
cover soil-to-geomembrane
interface, the analysis proceeds
as described in Section 3.1 for gravitational forces only. In
essence, the equipment
moving up the slope adds an
additional term, We, to the WA-force in Eq. 3. Note,
however, that this involves the generation of a resisting
force as well. Thus, the net effect of increasing the driving
force as well as the resisting force is somewhat neutralized
insofar as the resulting FS-value is concerned.
It should
also be noted that no acceleration/deceleration
forces are
included in this analysis which is somewhat optimistic.
Using these concepts (the same equations used in Section
3.1 are used here), typical design curves for various FSvalues as a function
of equivalent
ground contact
equipment pressures and cover soil thicknesses are given in
Figure 8. Note that the curves are developed specifically
for the variables
stated in the legend.
Example 2a
illustrates the use of the formulation.

4

3

1.40

EiiGiiF
1.35~lj!!ij
;
a

h=~mm

1.30.

>
2
h=600mm

1.25. ~
h = 300mm

o

10

30

20
Ground

Contact

Pressure

40

50

60

(kN/mA2)

Figure 8. Design curves for stability of different thickness
of cover soil for various values of tracked ground contact
pressure construction equipment.
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Example 2a:

,,1

Iu

Given 30 m long slope with uniform cover soil of 300 mm
thickness at a unit weight of 18 kN/m3. The soil has a
friction angle of 30 deg. and zero cohesion, i.e., it is a sand.
It is placed on the slope using a bulldozer moving from the
toe of the slope up to the crest. The bulldozer has a ground
pressure of 30 kN/m 2 and tracks that are 3.0 m long and 0.6
m wide. The cover soil to geomembrane friction angle is
22 deg. with zero adhesion. What is the FS-value at a slope
angle clf 3(H)-to-l(V), i.e., 18.4 deg.

8

6

4

Soluticm:
This problem follows Example 1 exactly except for the
addition of the bulldozer moving up the slope. Using the
additional equipment load Eq. 16, substituted into Eqs. 14
and 15 results in the following.

2

0

10

5

a=73,1kN/m

Anticipated

b=–104.3kN/m
c=17. OkN/m

Speed

25

35

30

(kmlhr)

FS=l.24
Figure 9. Graphic relationship of construction equipment
speed and rise time to obtain equipment acceleration.

1

Comment:
While the resulting FS-value is low, the result is best
assessed by comparing it to Example 1, i.e., the same
problem except without the bulldozer.
It is seen that the
FS-value has only decreased from 1.25 to 1.24. Thus, in
general, a low ground contact pressure bulldozer placing
cover soil up the slope with negligible
acceleration/
deceleration
forces does not significantly
decrease the
factor-of-safety.
For the second case of a bulldozer pushing cover soil down
from the crest of the slope to the toe as shown in Figure 5b,
the analysis uses the force diagram of Figure 6b. While the
weight of the equipment is treated as just described, the
lack of a passive wedge along with an additional force due
to acceleration
(or deceleration)
of the equipment
significantly changes the resulting FS-values. This analysis
again uses a specific piece of construction
equipment
operated in a specific manner. It produces a force parallel
to the SIOPe equivalent to wb (a/g), where Wb = the weight
of the bulldozer, a = acceleration of the bulldozer and g =
acceleration due to gravity.
Its magnitude is equipment
operator dependent and related to both the equipment speed
and time to reach such a speed, see Figure 9. A similar
behavior will be seen for deceleration.
The acceleration
factor “I” from
unit width at the
The relationship

20

15

of the bulldozer, coupled with an influence
Figure 7, results in the dynamic force per
cover soil to geomembrane interface, “Fe”.
is as follows:

We

=

@
a=

=

equivalent equipment (bulldozer) force per unit
width at geomembrane interface, recall Eq. 16.
soil slope angle beneath geomembrane
acceleration of the bulldozer
acceleration due to gravity

g=

Using these concepts, the new force parallel to the cover
soil surface is dissipated through the thickness of the cover
Again. a
soil to the interface of the geomembrane.
Boussinesq analysis is used, see Poulos and Davis ( 1974).
The expression for determining the FS-value can now be
derived as follows:
Considering the active wedge, and balancing the forces in
the direction parallel to the slope, the following formulation
results:
(Ne+NA)tan6+Ca
EA +

=(wA+We)sin~+Fe

(18)

FS

where
Ne

=
=

effective equipment force normal
plane of the active wedge
we Cosp

to the failure
(19)

Note that all the other symbols have been previously
defined.
The interwedge force acting on the active wedge can
down be expressed as:
(FS)[(WA

+ We)sinp

+ F.]

EA =
(17)

[( Ne+NA)ttM18+ca]
—
FS

where
Fe

== dynamic

force

per unit

slope at the geomembrane
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(20)

The passive wedge can be treated in a similar manner. The
following formulation of the interwedge force acting on the
passive wedge results:

1.4 ,
C+ WpEm$

Ep =

(21)

cos ~(FS) – sin ~ tan @

1,3

By setting EA = Ep, the following equation can be arranged
in the form of Eq, 13 in which the “a”, “b” and “c” terms
are as follows:
a=[(WA

pENQ

I_

L=30m

p=

y=

@=30

18kN/m’

6 =22

deg.

deg.

c = Ca= O kN/m7

h=300mm
b=

l&4deg.

w=3.Om

O.6m

-1

+We)sin~+Fe]cos~

b=–”[(Ne
{.

+NA)tan6+Ca]cos~

+ (wA+we)sinp+F
[

~]sin~tan$

+(C + Wp tan $)}
o
c=[(l~e

+NA)tan

5+ Ca]sin Ptan0

Example 2b:

Ex. 2b:

Solution:
Using the design curves of Figure 10 along with Eqs. 22
substituted into Eq. 15 the solution can be obtained:

●

Fronn Figure 9 at 20 km/hr and 3.0 sec. the bulldozer’s
acceleration is O.19g.
From Eq. 22 substituted into Eq. 15 we obtain

30

40

50

60

(kPa)

Figure 10.
Design curves for stability
of different
construction equipment ground contact pressure for various
equipment accelerations.

Ex. 2a:

Given a 30 m long slope with uniform cover soil of 300
mm thickness at a unit weight of 18 kN/m3. The soil has a
friction angle of 30 deg. and zero cohesion, i.e., it is a sand.
It is placed on the slope using a bulldozer moving from the
crest of the slope down to the toe. The bulldozer has a
ground contact pressure of 30 kN/m2 and tracks that are 3.0
m long and 0.6 m wide. The estimated equipment speed is
20 kmlhr and the time to reach this speed is 3.0 sec. The
cover soil to geomembrane friction angle is 22 deg. with
zero adhesion.
What is the FS-value at a slope angle of
3(H)-tc-l(V), i.e., 18.4 deg.

20

Ground ContactPressure

Finally, the resulting FS-value can be obtained using Eq.
15. Using these concepts, typical design curves for various
FS-values
as a function of equipment
ground contact
pressure and equipment acceleration can be developed, see
Figure 10. Note that the curves are developed specifically
for the variables
stated in the legend.
Example 2b
illustrates the use of the formulation.

●

10

(22)

Ex. 1:

cover soil alone with no
bulldozer loading
cover soil plus
bulldozer moving up slope
cover soil plus
bulldozer moving down slope

FS = 1.25
FS = 1.24
FS = 1.03

The inherent danger of a bulldozer moving down the slope
is readily apparent. Note, that the same result comes about
by the bulldozer decelerating instead of accelerating.
The
sharp breaking action of the bulldozer is arguable the more
severe condition due to the extremely short times involved
when stopping
forward
motion,
Clearly,
only in
unavoidable situations should the cover soil placement
equipment be allowed to work down the slope. If it is
unavoidable, an analysis should be made of the specific
stability situation and the construction specifications should
The
reflect the exact conditions made in the design.
maximum allowable weight and ground contact pressure of
the equipment
should be stated along with suggested
operator movement of the cover soil placement operations.
Truck traffic on the slopes can also give as high, or even
higher, stresses and should be avoided unless adequately
designed. Additional detail is given in McKelvey ( 1994).
The issue of access ramps is a unique subset of this
example and one which deserves focused attention due to
the high loads and decelerations that often occur.

a=88.8kN/m
b=–107.3kN/m
c=17. OkN/m

FS=l.03
1

Comment:
This problem solution can now be compared to the previous
two exilmples:

3.3

Consideration

of Seepage Forces

The previous sections presented the general problem of
slope stability analysis of cover soils placed on slopes under
different conditions. The tacit assumption throughout was
that either. permeable soil or a drainage layer was placed
above the barrier layer with adequate tlow capacity to
efficiently remove permeating water safely way from the
cross section.
The amount of water to be removed is
obviously a site specific situation. Note that in extremely
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arid areas, or with very low permeability
cover soils
drainage may not be required although this is generally the
exception.
Unfortunately,
adequate drainage of final covers has
sometimes not been available and seepage induced slope
stability problems have occurred. The following situations
have resulted in seepage induced slides:
. Drainage soils with hydraulic conductivity (permeability)
too low for site specific conditions.
. Inadequate drainage capacity at the toe of long slopes
where seepage quantities accumulate and are at their
maximum.
. Fines from quarried drainage stone either clogging the
drainage layer or accumulating
at the toe of the slope
thereby decreasing the as-constructed permeability over
time.
. Fine, cohesionless, cover soil particles migrating through
the filter (if one is present) either clogging the drainage
layer, or accumulating
at the toe of the slope thereby
decreasing the as-constructed
outlet permeability over
time.
. Freei~ing of the drainage layer at the toe of the slope,
while the soil covered top of the slope thaws, thereby
mobilizing seepage forces against the ice wedge at the
toe.
If seepage forces of the types described occur, a variation in
slope stability design methodology is required.
Such an
analysis is the focus of this subsection. Note that additional
discussion is given in Cancelli and Rimoldi (1989), Thiel
and Stewart (1993) and Soong and Koemer ( 1996).
Consider a cover soil of uniform thickness placed directly
above a geomembrane at a slope angle of “~” as shown in
Figure 11. Different from previous examples, however, is
that within the cover soil exists a saturated soil zone for part
or all of the thickness. The saturated boundary is shown as
two possibly different phreatic surface orientations. This is
because seepage can be built-up in the cover soil in two
different ways: a horizontal buildup from the toe upward or
a parallel-to-slope buildup outward. These two hypotheses
are defined and quantified as a horizontal submergence
ratio (HSR) and a parallel submergence ratio (PSR). The
dimensional definitions of both ratios are given in Figure
11.
When analyzing the stability of slopes using the limit
equilibrium method, free body diagrams of the passive and
active wedges are taken with the appropriate forces (now
including
pore water pressures)
being applied. The
formulation for the resulting factor-of-safety, for horizontal
seepage buildup and then for parallel-to-slope
seepage
buildup, follows.
The Case of the Horizontal Seepage Buildup.
Figure 12
shows the free body diagram of both the active and passive
wedge assuming horizontal seepage.
Horizontal seepage
buildup can occur when toe blockage occurs due to
inadequate
outlet capacity, contamination
or physical
blocking of outlets, or freezing conditions at the outlets.
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Active
Wedge

Passive

PSR = +

Figure 11. Cross section of a uniform thickness cover soil
on a geomembrane illustrating different submergence
assumptions and related definitions, Soong and Kocrner
(1 996).
All symbols used in Figure
except the following:

12 were previously

defined

ysat’d =
=
Yt
=
Yw
=
H

saturated unit weight of the cover soil
total (moist) unit weight of the cover soil
unit weight of water
vertical height of the slope measured from
the toe
= vertical height of the free water surface measured
from the toe
= resultant of the pore pressures acting on the

Hw
Uh

interwedge surfaces
= resultant of the pore pressures acting perpendicular
to the slope
= resultant of the vertical pore pressures acting on

Un
Uv

the passive wedge
The expression for finding
derived as follows:
Considering

can be

the active wedge,

ysatd(h)(2Hw

WA =

the factor-of-safety

[

COS~

-

sin 2P

h)
)
(23)

‘(y’(h%Hw)l
u

=

n

Yw(h)(cos
P)(2HwCOS~- h)

ywh2
l_Jh. —
2
NA = w*(COS~)+

(24)

sin 2P
(25 )
Uh(sinp)–

Un

(26)

\

a=WAsin~cos~-Uhc~$2~+
b =–WAsin2

~tan~+

–NACOS~tan6

Uh
Uh sin~cos~tan$

–(wp–uv)tan~

c= NAsin~tani5tan$

(31)

As with previous solution,
obtained using Eq. 15.

y~hc:sll

~-.:_
\/

-

,,

\

--------wti

3..!
p FSP
+ N(g

(b) Passive wedge

i

m
ywhcos~

lJ.
t
NP

the resulting

FS-va]ue

IS

The Case of Parallel-to-Slope Seepage Buildup. Figure ] 3
shows the free body diagrams of both the active and passive
wedges with seepage buildup in the direction parallel to the
slope.
Parallel seepage buildup can occur when soils
placed above a geomembrane are initially too low in their
hydraulic conductivity, or become too low due to long-term
clogging from overlying soils which do not have a filter,
Identical symbols as defined in the previous cases are used
here with an additional definition of h,, equal to the height
of free water surface
perpendicular to the slope.

measured

in

the

direction

Figure 12. Limit equilibrium forces involved in a finite
length slope of uniform cover soil with horizontal seepage
buildup.

The interwedge force acting on the active wedge can then
be expressed as:
NA tan 5

EA ‘w’Asinfi-Uhcos~–

(27)

FS
The passive wedge can be considered
and the following expressions result:

‘xL-’’”#
in a similar manner

Wp = ysat’dh2

(28)

sin 2P
u“ = u~ Cotp

(29)

The interwedge force acting on the passive wedge can then
be expressed as:
Uh(FS) –(WP

(b) Passivewedge

I
Np

– Uv)tan$

Ep =

(30)
sin ~tan @– cos@(FS)

Figure 13, Limit equilibrium forces involved in a finite
length slope of uniform cover soil with parallel-to-slope
seepage buildup.

By setLing EA = Ep, the following equation can be arranged
in the form of ax2 + bx + c = O which in this case is:
a(FS)2 + b(FS) + c = O
where

(13)

Note that the general expression of factor-of-safety shown
in Eq. 15 is still valid. However, the a, b and c terms given
in Eq. 31 have different definitions in this case owing to the
new definitions of the following terms:
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~

Solution:

-(h+hw))

= y,(h-hw)(2HcosD
A

Solving Eqs. 31 with the values of Eqs. 32 to 35 for the a. b
and c terms and then substituting them into Eq. 15 results in
the following.

sin 2P
+ Ysat@w)(2Hco@-

hw)

(32)

sin 2P
a=51.7kN/m
~

= ywhw COSf@COS~

- hw)
(33)

n

b=–57.8kN/m

FS = 0.93

sin 2J3
c=9. OkN/m
(34)

(35)

In order to illustrate the behavior of these equations, the
design curves of Figure 14 have been developed.
They
show the decrease in FS-value with increasing submergence
ratio for all values of interface friction. Furthermore, the
differences
in response
curves for the parallel and
horizontal submergence ratio assumptions are seen to be
very small. Note that the curves are developed specifically
for var~ables stated in the legend. Example 3 illustrates the
use of the design curves.

1

Comment:
The seriousness of seepage forces in a slope of this type are
immediately obvious. Had the saturation been 100% of the
drainage layer thickness, the FS-value would have been
even lower. Furthermore,
the result using a horizontal
assumption of saturated cover soil with the same saturation
ratio will give identically low FS-values.
Clearly. :he
teaching of this example problem is that adequate lon~-tertn
drainage above the barrier layer in cover soil slopes must be
provided to avoid seepage forces from occurring.
3.4

Consideration

of Seismic Forces

In areas of anticipated
earthquake
activity, the slope
stability analysis of a final cover soil over an engineered
landfill, abandoned dump or remediated site must consider
seismic forces. In the United States, the Environmental
Protection Agency (EPA) regulations
require such an
analysis for sites that have a probability
of 2 10’% of
experiencing a 0.10 g peak horizontal acceleration within
the past 250 years. For the continental USA this includes
not only the western states, but major sections of the
midwest and northeast
states, as well.
If practiced
worldwide, such a criterion would have huge implications,
The seismic analysis of cover soils of the type .,nder
consideration in this paper is a two-part process:
. The calculation
of a FS-value using a pseudo-static
analysis via the addition of a horizontal force acting at the
centroid of the cover soil cross section.
If the FS-value in the above calculation is less than 1.0, a
permanent
deformation
analysis
is required.
The
calculated deformation is then assessed in light of the
potential damage to the cover soil section and is either
accepted, or the slope requires an appropriate redesign.
The redesign is then analyzed until the situation becomes
acceptable,
I’he first part of the analysis is a pseudo-static approach
which follows the previous examples
except for the
addition of a horizontal force at the centroid of the co~er
soil in proportion to the anticipated seismic activity. It is
first necessary to obtain an average seismic coefficient (Cs).
The bedrock acceleration can be estimated from a seismic
zone map, e.g., Algermissen ( 1991), using the procedures
embodied in Richardson, et al (1995).
Such maps are
available on a worldwide
basis.
The value of C, is
nondimensional and is a ratio of the bedrock acceleration lo
gravitational acceleration,
This value of C, is modified
●

10

15
Soil-to-GM

20
Interface

Friction

25
Angle,

30

5 (deg.)

Figure 14. Design curves for stability of cohesionless,
uniform thickness, cover soils for different submergence
ratios.
Example 3:
Given a 30 m long slope with a uniform thickness cover
soil of 300 mm at a dry unit weight of 18 kN/m3. The soil
has a friction angle of 30 deg. and zero cohesion, i.e., it is a
sand.
The soil becomes saturated through 50% of its
thickness, i.e., it is a parallel seepage problem with PSR =
0.5, and its saturated unit weight increases to 21 kN/m3.
Direct shear testing has resulted in an interface friction
angle c~f22 deg. with zero adhesion, What is the factor-ofsafety at a slope of 3( H)-to- 1(V), i.e., 18.4 deg.
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using available

computer

codes such as “SHAKE”,

see

Schnabel, et al. ( 1972), for propagation to the site and then
to the landfill cover. The computational
process within
such programs is quite intricate. For detailed discussion see
Seed and Idriss ( 1982) and Idriss ( 1990). The analysis is
then typical to those previously presented,
Using Figure 15, the additional seismic force is seen to be
C~W * acting horizontally
on the active wedge,
All
additional symbols used in Figure 15 have been previously
defined and the expression for finding the FS-value can be
derived as follows:

Ep =

C+ Wp tand-CSWp(FS)

(39)

(FS)COS ~ - sin ~ tan ~
Again, by setting EA = EP, the following equation can be
arranged in the form of ax2 + bx + c = O which in this case
is:
a(FS)2 + b(FS) + c = O

(13)

where
a =(CSWA

+ NA sin~)cos~+CSWp

b = –[(CSWA

cos~

+ NA sinj3)sin~tan@

+ (NA tan5 + Ca)cos2

~

+(C+- Wptan$)cos~]
c= ( NAtan8+Ca

) COS~SltI~tiNI$

(40)

The resulting FS-value is then obtained from the following
equation:

FS =

–b -t-J b2 – 4ac

(15)

2a
Figure 15. Limit equilibrium forces involved in pseudostatic analysis
including
use of an average seismic
coefficient

Using these concepts, a design curve for the general
problem under consideration
as a function of seismic
coefficient can be developed, see Figure 16. Note that the
curve is developed specifically for the variables stated in
the legend. Example 4a illustrates the use of the curve.

Considering the active wedge, by balancing the forces in
the horizontal direction, the following formulation results:
~Aco,P+(NAta.~+Ca)COS~

LEfiENu

FS
= CSWA + NA sin@
Hence I.he interwedge
results:

(36)

L=30m

h=3COmm

y = 18 kN/mJ

q = 30 deg.

& = 22 deg.

c=ca=OkN/~

‘

force acting on the active wedge

~A = ~FS)(C~WA +NA sin~)
(FS)cos~
(NAtan?i+Ca)cos~
——
(FS)cos~

(37)

The passive wedge can be considered
and the following formulation results:
Ep COSj3+ Cswp

=

C+ Nptan$

in a similar manner

0.00

0.05

0.10
Average

(38)

FS
Hence the interwedge force acting on the passive wedge is:

0.15
Seismic

0.25

0,20

Coefficient,

0.30

Cs

Figure 16. Design curve for a uniformly thick cover soil
pseudo-static seismic analysis with varying average seismic
coefficients.
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Example 4a:
Given a 30 m long slope with uniform thickness cover soil
of 300 mm at a unit weight of 18 kN/m3. The soil has a
friction angle of 30 deg. and zero cohesion, i.e., it is a sand.
The cover soil is on a geomembrane as shown in Figure 15.
Direct shear testing has resulted in an interface friction
angle of 22 deg. with zero adhesion.
The slope angle is
3( H)-to- l(V), i.e., 18.4 deg.
A design earthquake
appropriately transferred to the site’s cover soil results in an
average seismic coefficient of 0.10. What is the FS-value?

I

-02
50 ~

1

(,1)

1

I

1

Solution:
Solving Eqs. 40 for the values given in the example and
substituting into Eq. 15 results in the following FS-value.
I

I
a=59.fjkN/m

b=–66.9kN/m
c=10.4kN/m

I

1

I

- 50~
FS = 0.94

Note that the value of FS = 0.94 agrees with the design
curve of Figure 16 at a seismic coefficient of 0.10.
Comment:
Had the above FS-value been greater than 1.0, the analysis
would be complete. The assumption being that cover soil
stability can withstand the short-term excitation of an
earthquake and still not slide. However, since the value in
this example is less than 1.0, a second part of the analysis
is required.
The second Dart of the analysis is directed toward
calculating the estimated deformation of the lowest shear
strength interface in the cross section under consideration.
The deformation is then assessed in light of the potential
damage that may be imposed on the system.
To begin the permanent deformation analysis, a yield
acceleration,
“C~Y”, is obtained from a pseudo-static
analysis under an assumed FS = 1.0. Figure 16 illustrates
this procedure for the assumptions stated in the legend. It
results in a value of C,Y = 0.075. Coupling this value with
the time history response obtained for the actual site
location and cross section, results in a comparison as shown
in Figure 17a. If the earthquake time history response
never exceeds the value of C$V, there is no anticipated
permanent deformation.
However, whenever any part of
the time history curve exceeds the value of C,Y, permanent
deformation is expected. By double integration of the time
history curve (which is acceleration), to velocity (Figure
17b) and then to displacement (Figure 17c), the anticipated
value of deformation
can be obtained. This value is
considered
to be permanent
deformation
and is then
assessed based on the site-specific implications of damage
to the final cover system. Empirical charts, e.g., Makdisi
and Seed (1978) can also be used to estimate the permanent
deformation. Example 4b continues the previous pseudostatic analysis into the deformation calculation,
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0.0

0.5

Lo

1.5

2.0

2.5

30

3,5

4.0

Time (second)

Figure 17. Hypothetical design curves to obtain permanent
deformation utilizing (a) acceleration, (b) velocity and (c)
displacement curves.

Example 4b:
Continue Example 4a and determine
the anticipated
permanent deformation of the weakest interface in the cover
soil system. The site-specific seismic time-history diagram
is given in Figure 17a.
Solution:
The interface of concern is the cover soil-to-geomembrane
for this particular example.
With a yield acceleration of
0.075 from Figure 16 and the site-specific (design) time
history shown in Figures 17a, integration produces Figure
17b and then 17c. The three peaks exceeding the yield
acceleration
value of 0.075, produce
a cumulative
deformation of approximately 54 mm. This value is now
viewed in light of the deformation c~pabiiity of the cover
soil above the particular interface used at the site. Note that
current practice limits such deformation to either 100 or
300 mm depending
on site-specific
situations,
see
Richardson et al (1995).
Comments:
An assessment of the implications of deformation (in this
example it is 54 mm) is very subjective. For example. this
problem could easily have been framed to produce much
higher permanent deformation.
Such deformation
can
readily be envisioned in high seismic-prone
areas.
In
addition to an assessment
of cover soil stability. (he
concerns for appurtenances and ancillary piping must also
be addressed.

4

SITUATIONS CAUSING THE ENHANCED
STABILIZATION
OF SLOPES

This section represents
a counterpoint
to the previous
section on slope destabilization
situations,
in that all
situations presented here tend to increase the stability of the
slopes. Thus they represent methods to increase the cover
soil FS-value. Included are toe berms, tapered cover soils
and veneer
reinforcement
(both
intentional
and
nonintentional).
Not included, but very practical in sitespecifie situations, is to simply decrease the slope angle
and/or decrease the slope length. These solutions, however,
do not incorporate new design techniques and are therefore
not illustrated. They are, however, very viable alternatives
for the design engineer.
4.1

Toe (Buttress) Berm

A common method of stabilizing highway slopes and earth
dams is to place a soil mass, i.e., a berm, at the toe of the
slope. In so doing one provides a soil buttress, acting in a
passive state thereby providing a stabilizing force. Figure
18 illustrates the two geometric cases necessary to provide
the requisite equations.
While the force equilibrium is
performed as previously described, i.e., equilibrium along
the slol?e with abutting interwedge forces aligned with the
slope angle or horizontal, the equations are extremely long.
Due to space limitations (and the resulting trends in FSvalue improvement) they are not presented.

Example 5:
Given a 30 m long slope with a uniform cover soil
thickness of 300 mm and a unit weight of 18 kN/m3. The
soil has a friction angle of 30 deg. and zero cohesion, i.e.. it
is a sand. The cover soil is on a geomembrane as shown in
Figure 18. Direct shear testing has ‘esulted in a interface
friction angle between the cover soil and geomembrane of
22 deg. and zero adhesion. The FS-value at a slope angle
of 3( H)-to- l(V), i.e., 18.4 deg., was shown in Section 3.1 to
be 1.25. What is the increase in FS-value using different
sized toe berms with values of x = 1. 2 and 3 m, and
gradually increasing y-values?
Solution:
The FS-value
response
to this type of toe berm
stabilization is given in two parts, see Figure 19. Using
thickness values of x = 1, 2 and 3 m, the lower berm section
by itself is seen to have high FS-values initially, which
decrease rapidly as the height of the toe berm increases.
This is a predictable response for this passive wedge zone.
Unfortunately, the upper layer of soil above the toe berm
2.00

1.75-

$
$?
5 1.50$z
1.25-

1.00

!
0

- Y-v------

,

I
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Figure 19. Design curves for FS-values using toe (buttress)
berms of different dimensions.

/

‘Y’
(a)

(the active zone)
value. Note that
lower FS-values
set of conditions),
●

●

●

‘Y’”

(b)

Figure 18. Dimensions of toe (buttress) berms acting as
passive wedges to enhance stability.

is only nominally increasing in its FSat the crossover points of the upper and
(which is the optimum solution for each
the following occurs:

For x = 1 m; y = 6.0 m (637o of
= 1.35 (only an 8% improvement
For x = 2 m; y = 6.8 m (72% of
= 1.37 (only a 12?10improvement
For x = 3 m; y = 7.3 m (77910 of
= 1.40 (only a 16$10improvement

the slope height) and FS
in stability)
the slope height) and FS
in stability)
the slope height) and FS
in stability)

Comment:
Readily seen is that construction of a toe berm is ~
a
viable strategy to stabilize relatively thin layers of sloped
cover soil of the type under investigation. Essentially what
is happening is that the upper section of the cover soil (the
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active wedge) above the berm is sliding off of the top of the
toe berm. While the upper slope length is becoming shorter
(as evidenced by the slight improvement in FS-values), it is
only doing so with the addition of a tremendous amount of
soil fill. Thus this toe berm concept is a poor strategy for
the stabilization of forces oriented in the slope’s direction.
Conversely, it is an excellent strategy for embankments and
dams where the necessary resisting force for the toe berm is
horizontal thereby counteracting a horizontal thrust by the
potentially unstable soil and/or water mass.
4.2

Slopes with Tapered Thickness Cover Soil

An alternative method available to the designer to increase
the FS-value of a given slope is to uniformly taper the cover
soil thickness from thick at the toe, to thin at the crest, see
Figure 20. The FS-value will increase in approximate
proportion to the thickness of soil at the toe. The analysis
for tapered cover soils includes the design assumptions of a
tension crack at the top of the slope, the upper surface of
the cover soil tapered at a constant angle “co”, and the earth

The expression for determining
as follows:

the FS-value can be derived

Considering the active wedge,

WA=y

[(

L– &-hCtan~)(*+h)

h2 tan~
+~
2

(41)
1

NA = WA COS~

C,=cl

(42)

()

h
L–—
sin ~

(43)

By balancing the forces in the vertical
following formulations result:

Ol+p

[)

EA sin —

=WA–

direction,

the

NACOS~

2

N*tan5+ca

Ac[ive

WA

(sin ~)

(44)

FS

Wp

Hence the interwedge force acting on the active wedge is:

Passive
Wedg

(FS)(WA -NA

COS@)-(N*

tani3+Ca)sin~

~45)

EA =

./

sin ~
()

(FS)

\

k’

The passive wedge can be considered in a similar manner:

Figure 20. Limit equilibrium forces involved in a finite
length slope analysis with tapered thickness cover soil from
toe to crest.
2

pressure forces on the respective wedges oriented at the
average of the surface and slope angles, i.e., the E-forces
are at an angle of (w + ~)/2. The procedure follows that of
the uniform cover soil thickness analysis.
Again, the
resulting equation is not an explicit solution for the FS, and
must bc solved indirectly.
All symbols used in Figure 20 were previously defined
(see Se,;tion 3. 1) except the following:
thickness
lmeasured
hc = thickness
measured
‘see Figure
Y=

h=

.—
0=

16-1998

(

L-—

of cover soil at bottom of the landfill,
perpendicular to the base liner
of cover soil at crest of the slope,
perpendicular to the slope
20

h
sin ~

– hC tan~ (sin~ –cos(3tanco)
)

finished slope angle of cover soil, note that co< ~

Sixth International

Conference

on Geosynthetics

1

(sin~ - cos~tanto) + ~
COS(3
co+p
—
2

()

NP=Wp+Epsin

C=~

tan 0

[(

h
L-—–
sin ~

(47)

h, tan ~
1

(sin ~ - cos~tano)

.

+~
Cos p J

By balancing the forces in the horizontal
following formulation results:

Epcos

ol+p

()
—

2

=

(46)

C+ Nptan$
FS

(48)

direction.

the

(49)

Hence the interwedge force acting on the passive wedge is:
C+ Wptan@

Ep=

“Os(%l(Fs)-sin(:)tan”

“0)

By setting EA = Ep, the following equation can be arranged
in the form of ax2 + bx + c = O which in our case is
(13)

a(FS);! + b(FS) + c = O
where

Example 6:
Given a 30 m long slope with a tapered thickness cover s~~il
of 150 mm at the crest extending at an angle “co” of 16 deg.
to the intersection of the cover soil at the toe. The unit
weight of the cover soil is 18 kN/m3. The soil has a friction
angle of 30 deg. and zero cohesion. i.e., it is a :sand. The
interface friction angle with the underlying geomembrane is
22 deg. with zero adhesion.
What is the FS-value at an
underlying soil slope angle “~” of 3( H)-to- 1(V), i.e., 18.4
deg.?
Solution:
Using Eqs. 51, substituted into Eq. 15 yields the following:

()

a= (WA - NA COS~)COSq

2
(.il+p
tan@
b = –[(WA – NA cos~)sin —
(1 2
(o+p
+(NA tan5 + Ca)sin~cos
—
() 2
+ sin ~
[) 2

a=37.OkN/m
b=–63.6kN/m
c=8.6kN/m

1
co+p
()

(C+ Wp tan~)

tan ~
(51)
2
As usual, the resulting FS-value can then be obtained using
Eq. 15. To illustrate the use of the above developed
equations, the design curves of Figure 21 are offered. They
show that the FS-value increases in proportion to greater
cover soil thicknesses at the toe of the slope with respect to
the thickness at the crest. This is evidenced by a shallower
surface
slope angle than that of the slope of the
geomembrane and the soil beneath, i.e., the value of “o)”
being less than “~”. Note that the curves are developed
specifically for the variables stated in the legend. Example
6 illustrates the use of the curves.
c=(NAtan8+

Ca)sin~sin

—

Slope

5:14:1 3:1
II
I

I

0

10

Rmo(Her.:Verr.)
2:1
I

I

20

,

30

1:1
I

,

40

Slope Angle, !3(deg)

Figure 21. Design curves for FS-values of tapered cover
soil thickness.

50

FS=l.57
1

Comment:
The result of this problem (with tapered thickness co’er
soil) is FS = 1.57, versus Example 1 (with a uniform
thickness cover soil) which was FS = 1.25. Thus the
increase in FS-value is 247c. Note, however, thal at m = 16
deg. the thickness of the cover soil normal to the slope at
the toe is approximately 1.4 m. Thus the increase in cover
soil volume used over Example 1 is from 8.9 to 24,1 m3/m
(=170%) and the increase in necessary toe space distance is
from 1.0 to 4.8 m (=38070). The trade-offs between these
issues should be considered when using the strategy of
tapered cover soil thickness to increase the FS-value of a
particular cover soil slope.
4.3

Veneer Reinforcement

- Intentional

A fundamentally different way of increasing a given slope’s
factor of safety is to reinforce it with a geosynthetic
material. Such reinforcement can be either intentional or
non-intentional.
By intentional, we mean to include a
geogrid or high strength geotextile within the cover soil to
purposely reinforce the system against instability,
see
Figure 22.
Depending
on the type and amount of
reinforcement, the majority, or even all, of the driving, or
mobilizing, stresses can be supported resulting in major
increase in FS-value. By non-intentional, we refer to multicomponent
liner systems where a low shear strength
interface is located beneath a]i overlying geosynthetic(s).
In this case, the overlying geosynthetic(s)
is inadvertently
acting as veneer reinforcement to the composite system. In
some cases, the designer may not realize that such
geosynthetic(s) are being stressed in an identical manner as
a geogrid or high strength geotextile, but they are. The
situation
where a relatively
low strength
protection
geotextile is placed over a smooth geomembrane
and
beneath the cover soil is a case in point. Intentional, or
non-intentional,
the stability analysis is idenl.ical.
The
difference
is that the geogrids
and/or high strength
geotextiles give a major increase in the FS-value, while a
protection geotextile (or other lower strength geosynthetics)
only nominally increases the FS-value.
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a=(WA–NACOS&TSiIl~)COS~

b=–[(WA

– NA cos~–

Tsin~)sin~tan$

+( NAtan6+CA)sin~cos~
+sin P(C + Wp tan @)]

c=(NAtani3

(54)

+Ca)sin2~tan$

Again, the resulting FS-value can be obtained using Eq. 15.

Figure 22. Limit equilibrium forces involved in a finite
length slope analysis for a uniformly thick cover soil
including the use of veneer reinforcement.

Seen in Figure 22 is that the analysis follows Section 3.1,
but a fclrce from the reinforcement “T”, acting parallel to
the slope, provides additional stability. This force “T”, acts
only within the active wedge. By taking free body force
diagrams of the active and passive wedges, the following
formulation for the factor of safety results. All symbols
used in Figure 22 were previously defined (see Section 3.1)
except the following:
T

= Tallow, the allowable (long-term)
strength
geosynthetic reinforcement inclusion

of the

Consider the active wedge and by balancing the forces in
the vertical direction, the following formulation results:
EASill~=WA-NACOS~

(

+T

FS

sin~

(52)

)

Hence the interwedge force acting on the active wedge is:
(FS)(WA

- NA cos~-Tsin~)

E,4 =sin ~(FS)
(NAtan6+Ca)sin~

(53)

sin ~(FS)
Again, by setting EA = Ep (see Eq. 12 for the expression of
Ep), the following equation can be arranged in the usual
form in which the “a”, “b” and “c” terms are defined as
follows:

18-1998

1
Tallow = T..,, f
)
“’1[ RFID x RFCR X RFCBD j

(55)

where
Tallow
Tu]t

=
=

allowable value of reinforcement

strength

ultimate (as-manufactured)
value of reinforcement strength
reduction factor for installation damage
reduction factor for creep
reduction
factor for long term chemical/
biological degradation

NAtan5+ca

.-

As noted, the value of T in the design formulation is Tallow
which is invariably less than the as-manufactured
strength
of the geosynthetic reinforcement
material.
Considering
the as-manufactured strength as being Tult, the value should
be reduced by such factors as installation damage. creep
and long-term degradation. Note that if seams are involved
in the reinforcement,
a reduction factor should be added
accordingly.
See Koerner,
1998 (among others), for
recommended numeric values.
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To illustrate the use of the above developed equations, the
design curves of Figure 23 have been developed.
The
reinforcement strength can come from either geogrids or
high strength geotextiles. If geogrids are used, the friction
angle is the cover soil to the underlying geomembrane,
under the assumption that the apertures are large enough to
allow for cover soil strike-through.
If geotextiles are ~sed,
this is not the case and the friction angle is the geotextile to
Also note that this value under
the geomembrane.
discussion is the required reinforcement strength which is
essentially Tallow in Eq. 55. The curves of Figure 23
clearly show the improvement of FS-values with increasing
strength of the reinforcement.
Note that the curves are
developed specifically for the variables stated in the legend.
Example 7 illustrates the use of the design curves.

4.4

Slope Ratio (Her.:Vem)
5:14:1

I

I

3:1

~: 1

1:1

I

I

I

Veneer Reinforcement

- Nonintentional

It should be emphasized that the preceding analysis is
focused on intentionally improving the FS-value by the
inclusion of geosynthetic reinforcement.
This is provided
by geogrids or high strength geotextiles being placed above
the upper surface of the low strength interface material.
The reinforcement
is usually placed directly above the
geomembrane or other geosynthetic material,
Interestingly,
some amount of veneer reinforcement
is
often nonintentionally
provided by a geosynthetic(s)
material placed over an interface with a lower shear
strength. Several situations are possible in this regard.
Geotextile protection layer placed over a geomembrane
Geomembrane
placed ~ver an underlying geotextile
protection layer
“ Geotextile/geomembrane
placed over a compacted clay
liner or geosynthetic clay liner
Multilayered geosynthetics placed over a compacted clay
liner or a geosynthetic clay liner
●
●

o

10

20
Slope Angle,

30

40

50

~ (deg)

Figure 23. Design curves for FS-values for different slope
angles and veneer reinforcement
strengths for uniform
thickness cohesionless cover soils.

Example 7:
Given a 30 m long slope with a uniform thickness cover
soil of 300 mm and a unit weight of 18 kN/m3. The soil has
a friction angle of 30 deg. and zero cohesion, i.e., it is a
sand. The proposed reinforcement
is a geogrid with an
allowable wide width tensile strength of 10 kN/m. Thus
reduction factors in Eq. 55 have already been included.
The geogrid apertures are large enough that the cover soil
will stri!ke-through and provide an interface friction angle
with the underlying geomembrane
of 22 deg. with zero
adhesion. What is the FS-vah.re at a slope angle of 3(H)-toI(V), i.e., 18.4 deg.?
Solution:
Solving Eqs. 54 and substituting
following:

into Eq. 15 produces the

a=ll.8kN/m
FS=l.57

b=–20.7kN/m
c=3.5kN/m

●

Each of these four situations are illustrated in Figure 24,
They represent precisely the formulation of Section 4.3
which is based on Figure 22. On the condition that the
geosynthetics above the weakest interface are held in their
respective anchor trenches, the overlying geosynthetics
provide veneer reinforcement,
albeit of a nonintentional
type.
In the general
case, such designs
are not
recommended although they can indeed provide increased
resistance to slope instability of the weakest interface.
In performing calculations
of the situations shown in
Figure 24, the issue of strain compatibility
must be
considered. For the slopes shown in Figure 24 a and b, the
issue is not important and the full wide width strength of
the geotextile and geomembrane, respectively, can be used
in the analysis. For the slopes shown in Figure 24 c and d,
however, the complete stress vs. strain curves of each
geosynthetic layer over the weak interface are necessary.
The lowest value of failure strain of any one material
dictates the strain at which the other geosynthetics will act.
This will invariably be less than the full strength of the
other geosynthetics.
At this value of strain, however, the
allowable strengths are additive and can be used in the
analysis. Some detail on this issue is available in Corcoran
and McKelvey (1995).
To illustrate the use of the above concepts, examples are
given for the four situatior shown in Figure 24.

/

Comments:
Note that the use of Tallow = 10 kN/m in the analysis will
require a significantly higher Tult value of the geogrid per
Eq. 55. For example, if the summation of the reduction
factors l,n Eq. 55 were 4.0, the ultimate (as-manufactured)
strength of the geogrid would have to be 40 kN/m. Also,
note that this same type of analysis could also be used for
high strength geotextile reinforcement. The analysis follows
along the same general lines as presented here.

Example 8:
Given four 3( H)-to- l(V), i.e., 18.4 deg. slopes with cover
soils as shown in Figures 24 a to d. In each case, the slope
is 30 m long with 300 mm of uniformly thick cover soil at a
unit weight of 18 kN/m3. The soil has a friction angle of 30
deg. and zero cohesion, i.e., it is a sand. The friction angle
of the critical interface is 10 deg. What are the R-values
using the geosynthetic tensile strength data provided in the
following table’?
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Values used for numeric examples of nonintentional veneer
reinforcement. 1
GM
GC
Slope type
GT
strength~
(figure)
strength2
strengths
(kN/m )
(kN/m )
(kN/m)
nla
nla
25
24a
15
nla
nJa
24b
nla
13
24c
25
13+13
36
25
24d
Notes:
..
. ,.
,.,
1,--Strengths are product-specltlc and nave been aajusted
for strain compatibility.
2. Nonwoven needle punched geotextile of 540 g/mz
3. Very flexible polyethylene geomembrane 1.0 mm
thick
4. Biaxial geonet with two 200 g/m2 nonwoven needle
punched geotextiles thermally bonded to each side

Geotextile

Geomembrane
●
.

.

.

La

.

I

.

.

...4

Geolextlle sliding on geomemtxmle
~
Geomembrane

Solution:
Geotextile
Substituting Eqs. 54 into Eq. 15 results in the following
data and respective FS-values.
. . . . . . . ..(b) Geomernbrane

Slope
type
ifi-gure)
24a
24b
24c
24d

sliding on geotextile

Geomembrane

a
(kN/m)

b
(kNlm)

c
(kN/m)

FS-value

7.3
10.3
3.4
-11.0

-9.7
-10.3
-9.0
-6.2

1.5
1.5
1.5
I .5

1.15
0.82
2.45
>10.0

Geotextile

. . . . . . . ..-

(c) Geotextile and geomembrane

sliding on CCL or GCL

Geomembrane

5

Geotextile
Geonet composite

sxsss\s\+’”
(d) Double liner system sliding on CCL or GCL
Figure
24. Various
situations
illustrating
reinforcement, albeit of an nonintentional type.
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Comments:
While the practice illustrated in these examples of using the
as nonintentional
veneer
overlying
geosynthetics
reinforcement is not recommended,
it is seen to be quite
effective when a number of geosynthetics
overlying tile
weak interface are present. On a cumulative basis, they can
represent a substantial force as shown in Figure 24d, If one
were to rely on such strength, however, it would be prudent
to apply suitable reduction factors to each material. and to
inform the parties involved of the design situation.
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SUMMARY

This paper has focused on the mechanics of analyzing
slopes as part of final cover systems on engineered
landfills, abandoned dumps and remediated waste piles. It
also applies to drainage soils placed on geomembrane lined
slopes beneath the waste, at least until solid waste is placed
against the slope. Numeric examples in all of the sections
have resulted in global FS-values.
Each section was
presented from a designer’s perspective in transitioning
from the simplest to the most advanced.
It should be
clearly recognized that there are other approaches to the
analyses illustrated in the various examples.
References
available in the literature by Giroud and Beech ( 1989),
McKelvey and Deutsch (1991), Koerner and Hwu ( 199 I ),
Giroud et al (1995a), Giroud et al (1995 b), Liu et al ( 1997),
and Ling and Leshchinsky
( 1997) are relevant in this

regard. All are based on the concept of limit equilibrium
with different assumptions involving particular details, e.g.,
●

●

●

●

●

●

●

●

Existence of a tension crack at the top of slope (filled or
unfilled with water)
Orientation
of the failure plane beneath the passive
wedge (horizontal or inclined)
Specific details of construction equipment movement on
the slopes in placing the cover soil, particularly the
acceleration or deceleration, and the type of equipment
itself (e.g., tracked versus wheel equipment)
Specific details on seepage forces within the drainage
layer, including the amount and its orientation
Specific details on seismic forces, particularly
the
magnitude and the selection of interface strengths
Specific details on the geometry of the toe berms or
tapered cover soils
Specific details on the strength and reduction factors used
for intentional veneer reinforcement
Specific details on the strain compatibility issues used
w-ith nonintentional veneer reinforcement.
-

When considering all of these site-specific details, it is
readily seen that veneer cover soil analysis and design is a
daunting, yet quite tractable, task. For example, one of the
reviewers of this paper reanalyzed one of the examples
presented herein and another reviewer reanalyzed all of the
examples. Both used the analyses of Giroud et al (1995a)
and ( 19!J5b). They found good agreement in all cases
except the nonintentional
veneer reinforcement
with
multiple. geosynthetic
layers, i.e., the last example
presented. It is likely in this regard that different values of
mobilized composite strength were being used.
Table 1 summarizes the FS-values of the similarly framed
numeric examples presented herein so that insight can be
gained from each of the conditions analyzed. Throughout
the paper, however, the inherent danger of building a
relatively
steep slope on a potentially
weak interface
material, oriented in the exact direction of a potential slide,
should have been apparent.
The standard example was purposely made to have a
relatively low factor of safety, i.e., FS = 1.25. This FSvalue was seen to moderately decrease for construction
equipment moving up the slope, but seriously decrease with
equipment moving down the slope, i.e., 1.24 to 1.03. It
should be noted, however, that the example problems were
hypothetical , particularly the equipment examples in the
selection of acceleration /deceleration factors. There are an
innumerable number of choices to select from, and we have
selected values to make the point of proper construction
practice. Also, drastically decreasing the FS-value were the
influences of seepage and seismicity. The former is felt to
be most serious in light of a number of slides occurring
The latter is known to be a
after heavy precipitation.
concern at one landfill in an area of active seismicity.
The sequence of design situations shifted to scenarios
where the FS-values were increased over the standard
example. Adding soil either in the form of a toe berm or
tapered cover soil both increase the FS-value depending on
the mass of soil involved. The tapered situation was seen to
be more efficient and preferred over the toe berm. Both

Table 1. Summary of numeric examples given in this paper
for different slope stability scenarios.
Example No.

Situation or
condition

Control
FS-value

Scenarios
decreasing
FS-values

Scenarios
increasing
FS-values

1

standard
1.25
example*
1.24
2a
equipment
up-slope
2b
1.03
equipment
down-slope
3
seepage
0.93
forces
4
0.94
seismic
forces
1.35-1.40
5
toe
(buttress)
berm
1.57
6
tapered
cover soil
veneer
1.57
7
reinforcement
(intentional)
varies
8
veneer
reinforcement (non
intentional)
* 30 m long slope at a slope angle of 18.4 deg. with sandy cover
soil of 18.4 kN/m3 dry unit weight with $ = 30 deg. and thickness
300 mm placed on an underlying geosynthetic with a friction
angle 8 =22 deg.

designs, however, require physical space at the toe of the
slope which is often not available.
Thus the use of
geosynthetic reinforcement was illustrated. By intentional
veneer reinforcement
it is meant that geogrids or high
strength geotextiles are included to resist some, or all, of
the driving forces that are involved. The numeric example
illustrated an increase in FS-value from 1.25 to 1.57, but
this is completely dependent on the type and amount of
reinforcement.
It was also shown that whenever the
weakest
interface
is located
beneath
overlying
geosynthetics they also act as veneer reinforcement albeit
nonintentionally in most cases. The overlying geosynthetic
layers must physical fail (or pull out of their respective
anchor trenches, see Hullings, 1996) in order for the slope
to mobilize the weakest interface strength layer and slide.
While this is not a recommended design situation, it does
have the effect of increasing the FS-value.
The extent of
increase varies from a flexible
geomembrane
to a
nonwoven needle punched protection geotextile (both with
relatively low strengths) to a multilayered
geosynthetic
system with 2 to 8 layers of geosynthetics (with very high
cumulative strengths).

1998 Sitih

International

Conference

on Geosynthetics

-21

6

Bonaparte,
Tension

CONCLUSION

We conclude with a discussion on factor of safety (FS)
values for cover soil situations. Note that we are referring
to the global FS-value,
not reduction
factors which
necessarj.ly must be placed on geosynthetic reinforcement
materials when they are present.
In general, one can
consider global FS-values to vary in accordance with the
site specific issue of required service time (i.e., the
anticipated lifetime) and the implication of a slope failure
(i.e., the concern).
Table 2 gives the general concept in
qualitative terms.

Table 2. Qualitative rankings for global factor-of-safety
values in performing
stability analysis of final cover
systems, after Bonaparte and Berg (1987).
Duration+
JConcern
Noncritical
Critical

Temporary
.
.

Permanent

Low
Moderate

Moderate
High

Using the above as a conceptual
guide, the authors
recommend the use of the minimum global factor-of-safety
values listed in Table 3, as a function of the type of
underlying waste for static conditions.

Table 3. Recommended global factor-of-safety values for
static conditions in performing stability analyses of final
cover systems.
Type of Waste+
$Ranking,

‘Windous waste
1.4
1.5
1.6

Low
Moderate
High

Aban‘onhazardous donded
waste
dumps
1.4
1.3
1.5
1.4
1.6
1.5

Waste
piles and
leach pads
1.2
1.3
1.4

It is hoped that the above values give reasonable guidance
in final cover slope stability decisions, but it should be
emphasized that engineering judgment and (oftentimes)
regulatory
agreement
is needed in many, if not all,
situations.
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ABSTRACT
Geosynthetics play a ve~ important role in modern barrier systems designed to control contaminant
migration from waste disposal sites. This paper discusses the effect of temperature, the importance of consideration
of clogging of filters and drainage layers, the semice life of compacted clay liners beneath geomembranes, the hydraulic
conductivity and semice life of geosynthetic clay liners (GCLS), diffusion through GCLS, the service life of
geomembranes
and composite liner systems in the design of these systems.
It discusses why any evaluation of
equivalence of liner systems should go beyond simple hydraulic equivalency and should consider issues such as diffusive
transporl and service life. Finally, it highlights the importance of considering conventional stability issues in addition
to contaminant transport issues in the design and construction of landfill barrier systems.
KEYWORDS:
1

Liners, Geomembranes,

GCI_s, Leakage, Diffusion, Service life, Stability, Leachate

INTRODUCTION

The protection of groundwater and surface water is now
a major consideration in the design of waste disposal
facilities in many countries. ~ically,
modern facilities
will have a barrier system intended to limit contaminant
migration into the surrounding environment to levels that
will result in negligible impact. This system will generally
include a primary leachate collection system intended to
(a) control the leachate head acting on the underlying
liner and (b) collect and remove leachate. The leachate
collection system will typically incorporate a geotextile
filter, a granular layer or geonet,
and perforated
collection pipes.
The liner may range from a thick
natural clay deposit to engineered liner systems involving
one or more geomembrane (GM) and/or compacted clay
liner (CCL) or geosynthetic
clay liner (GCL).
For
example, Figure 1 shows a double composite liner system
at the landfill base and a single geomembrane primary
liner and composite seconda~ liner on the side slopes.
Not all liner systems are this complicated.
Many
have both prescriptive
designs
regulatory
systems
(minimum) and also permit performance based design
with appropriate
justification
(e.g. Germany
1993;
USEPA 1994; MoEE 1996 and see Rowe 1997a for a
discussion of the differences in these approaches). Figure
2 shows two simple composite
liners involving a
geomem”brane (GM) over either a compacted clay liner
(CCL) or a geosynthetic clay liner (GCL). It is assumed
here that there is an attenuation layer (AL) between the
base of the composite liner and an underlying aquifer.
Since an aquifer is a geologic formation capable of
yielding usable quantities of groundwater to wells or
springs and since flow in the aquifer is principally in a
horizontal direction, the aquifer that is present at some
depth beneath many landfill sites often represents the

collection

primary means by which contaminated groundwater can
move off-site and impact on public health and safety.
Thus a primary objective of the barrier system design is
to minimize the escape of contaminants to groundwater
and, in particular, to any underlying aquifer. Frequently,
questions are raised concerning the equivalency
of
different systems such as those shown in Figure 2, or the
need for double composite liners such as that shown in
Figure 3. As discussed in Section 10, these questions
should be addressed in terms of the objective of
controlling the potential impact on groundwater quality
to acceptable
levels.
However,
this first requires
consideration of the long term performance of the barrier
system components,
the different potential transport
mechanisms
such as advection
(the movement
of
contaminants with flowing waterfleachate)
and diffusion
(the movement of molecules or ions from regions of high
concentration to regions of lower concentration), and the
potential attenuation mechanisms such as biodegradation,
sorption and dilution.
There are numerous factors requiring consideration in
the design and construction of landfill barrier systems and
there have been a number of excellent papers which
provide an overview of many of these factors (e.g. Giroud
& Cazzuffi 1989; Koerner 1990; Cazzuffi & Cancelli
1994 Gourc 199% Bonaparte 1995; Gartung 1996 Daniel
& Bowders 1996). The reader is referred to these papers
for background on the different types of geosynthetics
used in landfills, factors influencing their selection and
factors to be considered in construction. This paper does
not attempt to cover all of these issues but, rather, will
focus in some greater detail on a number of important
issues that have received limited attention in the
literature and previous keynote lectures.
In particular,
attention will be focussed on (1) temperature in landfills;
(2) the clogging of filters in leachate collection systems
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and their influence on collection system service life; (3)
service life issues related to eompaeted
clay liners,
geosynthetic clay liners and geomembrane
liners; (4)
diffusion and attenuation
of contaminants
in liner
systems; (5) leakage
through composite
liners; (6)
equivalence of liner systems (in the context of items 3, 4
and 5 above); and (7) stability of barrier systems.
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Figure 2. Schematic showing two single composite liner
systems: (a) Geomembrane (GM) over 0.6 m compacted
clay liner (CCL) over a 3 m thick attenuation layer (AL)
over an aquifeq and (b) GM over a geosynthetic clay
liner (GCL) over a 3.6 m thick attenuation layer.
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LANDFILL

TEMPERATURE

The temperature in a leachate collection system can have
a significant effect on the rate of clogging of the leachate
collection system (Rowe et al. 1997g). The temperature
of the liner can have a significant effect on the semice
life of geopipes
in the collection
system and any
geomembrane liner (see Section 7 and Koch et al. 198~
Koerner
et al. 1992; Hsuan
& Koerner
1995).
Temperature
also has implications
with respect to
potential fluid movement and moisture content decrease
in a compacted clay liner (Collins 1993), especially below
a geomembrane
(see Section 4).
Finally, it has
implications with respect to the rate of contaminant
diffusion
through
low
permeability
liners
(i.e.
geomembrane,compacted
clay or geosyntheticclay liners)
(see Section 10).
The literature contains a wide range of reported
temperatures in landfills. High temperatures (500C to
700C) have been reported in a number of European
landfills (Ramke 1989; I_echner & Lahner 1991). For
example, Brune et al. (1991) reported
(Figure 4)
temperatures ranging from 240C to 380C in a leachate
drain beneath 4-6 year old waste at the Altwarmbuchen
LandfilL This landfill had been rapidly filled (10-20 m/a)
and although it was in a methane forming phase after 4-6
years, the leachate was still acidic and very strong. In
contrast, at the Venneberg Landfill the temperature in
the drain only ranged from 140C to 200C. This landfill
had been ftied
much slower
(2 m/a) than the
Altwarmbucher Landfill and the leachate was only lightly
loaded with both organic and inorganic contaminants. In
both cases, the temperature was measured about 4 years
after the landfill was completed over the drains.
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Figure 4. Temperature in drains at two German landfills
approximately 4 years after last waste placed above the
drains (modified from Brune et aL 1991).

High temperatures
are often attributed to aerobic
conditions, however, in both cases the generation of C02
and CH4 provided evidence of anaerobic conditions. The
primary differences between the two cases appear to
have been (a) the rate of landfilling (b) the thickness of
waste; and (c) there had been pre-comporting
of the
waste at the Venneberg LandfilL This illustrates that
there is a relationship between the nature of the waste,
landfiUing practice and temperature.
There is also a relationship behveen locaticln in the
landfill and temperature.
Figure 5 shows that the
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Figure 5. Temperature variation with distance in gas and
leachate collection pipe at an operating landfill in
Germany (modified from Collins 1993).
temperature increases with distance into the landfill and
above the landfill base at an operating German landfilL
Again, the temperatures at the level of the collection
pipe are high (20-370C).
The temperature
and the
elevation of the gas collectors exceeded 600C.
Figure 6 shows the variation in temperature with depth
at two locations in an old German landfill (1%6-1980).
There is clear evidence of increasing temperature with
depth from surface with the peak temperature being
reached at a depth of about 30 m below the surface.
The tempera-ture then decreases towards the base of the
landfilL The base temperature in 1990 (i.e. 10 years
post-closure) ranged from 30° to 600C in this landfill
where the leachate level is reported to be 4-6 m above
the base of the landfilL
The temperature
profiles
noted above are not
restricted to Germany. Figure 7 shows a similar profile
in a 30 m deep Japanese landfill. The landfill was filled
very quickly (-10 m/a between 1976-1979).
Trends
similar to that noted above for the German landfill can
be observed. The peak temperature, observed in 1985,
was ahnost 700C. The temperature generally decreased
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between 1985 and 1988. At the base of the landfill the
The leachate mound is
temperature reached 500C.
typically 20-25 m above the base of the landfill.
At the Brock West Landfill in Canada (Bleiker 1992),
temperatures were found to increase from about 20”C
near the surface to 600C at a depth of about 20 m.
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Conditions were anaerobic. Sludge had been disposed of
at this landfill and the leachate mound was 22-25 m
above the base.
However, not all researchers have encountered the
high temperatures
noted above.
Koch et a].. (1988)
report temperatures above a landfill liner of between
200C and 250C.
Haxo and Haxo (1989] report
temperatures of 50-200C under anaerobic conditions.
Koerner et al. (1996a) have monitored the temperature
above the liner at three different landfiUs in Pennsylvania,
Florida and California, U.S.A. over periods of 6,3 and 5
years respectively.
Over the period monitclred, the
temperature on the liner has remained relatively constant
within the following ranges: Pennsylvania 18-230~ Florida
20-300C, and California 1O-3OOC. The Pennsylvania
landfill is in a humid area (mean annual precipitation of
1045 mm, mean annual temperature 12.60C). There is an
operational
(0.6 m thick gravel) leachate collection
system above the thermocouples on the liner and about
50 m of waste over the collection system. The Florida
landfdl is in a near tropical area (mean annual
precipitation of 1920 mm mean annual temperature
22.50C). The landfill has a composite liner with a 0.7 m
thick sand leachate
collection
system above
the
thermocouples on a 1,5 mm HDPE geomernbrane.
The
California landfill has a mild, semi arid climate (mean
annual
precipitation
of 450
mm,
mean
annual
There is a geonet leachate
temperature
15.90C).
collection layer and 0.3 m thick soil “operating layer”
above the geomembrane being monitored. There is 3-11
m of waste over the thermocouple
sensors (based on
Figure 2, Yazdani et al. 1995). The Pennsylvania and
California landfills have composite, low permeability final
covers. The Florida landfill does not yet have a final
cover. It would appear that these landfills are giving rise
to temperatures at the base of the landfill much less than
observed in the landfills previously discussed, although it
remains to be seen whether this will continue.
It may be hypothesized that the limited amount of
water in the waste combined with an operational leachate
for slowing
collection
system, may be responsible
the
biological
activity which, in turn, is keeping
temperature low for at least the first five years. One can
hypothesize several other possible reasons for the lower
temperatures.
Firstly, the waste in the U.S.A. may have
a lower organic content than in other countries. While
possible, it is unlikely that there is a significant difference
in the nature of waste in large urban areas in lhe U.S.A.
and Toronto, Canada where higher temperatures have
been recorded at both the Brock West and Keele Valley
Landfills. Seeondly, thermocouples were directly on the
geomembranes and measured temperatures over longer
at other
time periods than, say, spot measurement
landfills. However, this is an unlikely explanation since
at the Keele Valley Landfill discussed in the following

paragraph, similar but longer term monitoring above the
clay liner has revealed a gradual increase in temperature
with time as the water content of the waste increased.
Finally, all three landfill liner systems were only 3-4 m
above the water table that could provide a heat sink as
groundwater movement removes heat from below the
site.
While possible, this also seems an unlikely
explanation when one compares the conditions at these
U.S. landfills with those at both the Brock West and
Keele Valley Landfills in Toronto, Canada. For example,
in the Keele Valley Landfill discussed in the following
paragraph the water table was originally 2-3 m below the
base of the pit (Reades et al. 1989) and hence 3-4 m
below the top of the liner but the temperature in parts of
the landfill has now risen to over 400C as shown in Figure
8. The water table has now dropped to 4-6 m below the
liner due to the reduced recharge after Iandfilling
(Barone, personal communication) however, even so, it
is likely that the groundwater at this landfill would be a
greater heat sink than at the other sites due to the lower
groundwater temperature in Toronto.
Because of the
likely similarity of the Keele Valley waste to U.S. waste,
the longer term monitoring (13 years of data) and the
similar proximity to groundwater,
the Keele Valley
Landfill provides an excellent contrast to the three U.S.
landfills examined by Koerner et al. (1996a) since the
major difference would appear to be the level of leachate
mounding.
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The Keele Valley Landfill (KVL) is located in an old
sand and gravel pit in Maple, Ontario and is operated by
the Municipality of Metropolitan Toronto.
It became
operational in 1983 and has recently been constructed to
its maximum approved footprint of approximately 99 ha.
It is still active and has an original estimated mass
capacity of approximately 20 Mt. No sewage sludge has
been disposed of at Keele Valley. The highest refuse
contours are about 60 m above the liner and the
proposed average thickness is about 30 m for the
currently approved final contours. The average annual
precipitation
is 780 mm and the annual average
temperature is 8.1oC. At the end of 1997 there was an
intermediate 0.15 m thick sand cover over 60(% of the
site and a final cover (0.15 m of topsoil and 0.9 m of silty
sand) over the remaining 40%, The leachate hlas mean
annual COD of between 8,698 to 17,116 mg/L, mean
annual BOD5 of 3,641 to 12,367 mg/L and BOD5/COD
ratio of 0.47-0.88 (Rowe 1995).
The KVL has an approximately 1.2 m thick compacted
clayey till liner with a hydraulic conductivity of less than
1010 m/s (King et al. 1993). It has been constructed in
four stages. In each stage, the liner is covered by about
0.3 m of sand intended to provide desiccation protection
to the liner. In Stages 1 and 2, the prima~ Ieachate
collection system consists of lateral french drains (50 mm,
nominal diameter, stone) at spacings of about 65 m sloping towards the main collection pipes (spacing :!00 m).
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Figure 8. Variation in temperature, leachate head and waste thickness above base of landfill - Keele Valley Landfill,
Canada (modified from Barone et al. 1997).
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In Stages 3 and 4, there is a 0,3 m thick continuous stone
drainage blanket of 50 mm clear dolomitic limestone over
an approximately 0.3 m thick sand protection layer and
clayey liner. A woven geotextile is placed between the
stone and the sand. The waste is placed directly on the
stone drainage layer.
At the Stage 3 monitor shown in Figure 8, the waste is
up to 7 years old and over the 7 year period the leachate
head has been at or below about 0.1 m and the
temperature above the liner has been relatively constant
at about 120C (Barone et al. 1997) which is fairly
consistent
with the average
leachate
temperature
(Fleming et aL 1997).
Examining the data for one Stage 1 monitor (Figure 8)
it can be seen that for the first 8 years the head remained
low and the temperature increased from a few degrees to
about 120C. However, since 1992 the leachate head has
increased to 5.4 m and the temperature is now over 400C.
Based on five monitoring locations in Stage 1, the
average temperature at the base of the landfill is 33.40C
and the average leachate head is 4-6 m. In contrast,
based on thirteen monitors in Stage 3, the average
temperature is 13.60C and the average leachate head is
less than 0.4 m. The relatively rapid increase in head in
Stage 1 in the 1990s is attributed, at least in part, to
attempts to rapidly stabilize the waste by injection of
groundwater into the waste (now discontinued) and in
part due to the nature of the collection system in this
part of the site.
The data presented to this point would suggest that the
temperature
may vary depending
on the rate of
landfilling
but that a significant
factor affecting
temperature is the water content of the waste and, in
particular, the saturated thickness of the waste.
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FILTERS IN LEACHATE
SYSTEMS

Leachate collection systems may typically take the form
of perimeter drains around the edge of the wasl:e
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Apart from isolated saturated zones due to perching of
leachate, the saturated thickness is related to the leachate
head above the base. Figure 9 shows the data presented
by Barone et aL (1997) plus some additional data. It
shows a strong correlation between the temperature at
the base of the landfill and the leachate head above the
base.
k will be discussed in subsequent sections, potentially,
the temperature at the liner can have a significant effect
on diffusion through composite liner systems, the service
life of the liner system, and the service life of plastic
pipes in the leachate collection system.
In turn, the
temperature appears to be related to the water content
of the waste and the level of leachate mounding. During
the early life of the landfill, the temperature appears to
be low if the water content of the waste is low. As the
moisture content of the waste increases (e.g. due to
moisture
movement
through the landfill cover or
enhanced infiltration), the temperature appears to rise.
However, as evidenced by the Keele Valley Landfill, the
most significant factor appears to be the level of leachate
mounding (the primary difference between Stages I and
II, and III and IV). Thus the control of the leachate
head may be important until the landfill is biologically
stabilized. This highlights the importance of tlw design,
construction and operation of the leachate collection
system.
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and/or underdrain systems below the waste which may
include either french drains (typically perforated pipes
embedded in granular materia~ e.g. see Figure 10), at
some spacing, granular drainage blankets with perforated
pipes at some specified spacing (see Figure 11), and
geosynthetic (geonet) drainage layers (e.g. see Figure lb).
Geotextiles are often used as filters between the waste
and the drainage layer - especially when either coarse
drainage material (e.g. gravel) or geonets are used to
provide a drainage blanket (see Figures 1, 10 and 11).
Key issues in the design of these systems is the need to
provide adequate drainage, prevent structural failure (e.g.
crushing, or other pipe failure) and to minimize clogging.
Of these, the greatest challenge is minimizing clogging
and prolonging the life of the leachate collection system.
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Figure 11.
Schematic showing examples of blanket
leachate collection system designs including a geotextile
filter layer (modified from Rowe 1992).
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Figure 10, Schematic showing examples of poor leachate
collection system designs (a) problematic (b) even worse.
Schematic also shows a leachate mound developed once
there is excessive clogging of the geotextile filter and/or
the drainage stone and/or the pipe. For details regarding
calculation of mound height see Rowe et al. (1995b).
Note: there would also be a mound to the left and to the
right of the section shown and the mound would only be
symmetric as a special case; generally, it would not be
symmetric due to factors such as variability of clogging,
hydraulic conductivity of waste etc. (modified from Rowe
1992).
3.1

Clogging of Leachate

Collection

Systems

Leachate typically flows down through the waste and into
a granular layer (sand, gravel or crushed stone).
It is
usually intended that it will then flow through the void
space between the solid particles in the granular media
to plastic (usually High Density Polyethylene HDPE)
collector pipes. These pipes are an essential component
of the collection system and are perforated to allow
leachate entry. The pipes typically conduct the Ieachate

to pumps that are used to remove the leachate from the
landfill for treatment.
Leachate
contains
nutrients that will encourage
bacterial growth within the waste, in geotextile filters, in
granular drainage layers and around the perforations in
the leachate collection pipes. Clogging of the leachate
collection system involves the filling of the void space
between solid particles as a result of a combination of
biological, chemical and physical events.
Particulate
clogging can be a problem in some cases, but can be
controlled by appropriate design (e.g. see Girou.d 1996a).
There is a growing body of evidence that a major
component of the clogging is microbiologically related,
For example, microbiologicaland
chemical studies (Brune
et al. 1991; Rowe et al. 1995c, 1997f,g and Rittrnann et
al. 1996) have shown that the clogging of drainage
systems is the result of a mobilization process involving
fermentative bacteria together with iron and manganese
reducing bacteria, followed by precipitation :processes
involving primarily methanogenicand sulfate-reducing
bacteria. The clog typically has a soft (organic) and hard
(predominantly CaCO,) component. The rate of clogging
is related to the flow through the critical component of
the system, the void size, the temperature
in the
collection system (generally higher temperature implies
faster clogging) and the leachate chemistry (especially
BOD5, COD, TSS and Ca). The reduction in void space
caused by biofihn growth and chemical precipitation
(Brune et al. 1991; Vandevivere & Baveye 1992; Rowe et
al. 1995c, 1997g Fleming et al. 1997) results in a
concurrent reduction in the hydraulic conductivity of
these drainage systems and hence a reduction in their
capacity to laterally transmit leachate.
For example,
Figure 12 shows the relationship between reduction in
porosity (due to clogging) and the reduction in hydraulic
conductivity of a granular medium with 6 mm diameter
particles. This data was obtained by passing leachate
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Figure 12. Variation unmeasured hydraulic conductivi~
of a granular medium (6 mm diameter particles) with
decreasing drainable porosity due to biologically induced
clogging resulting from permeation with landfill leachate.
through columns of glass beads. Different column tests
were performed
using actual Keele Valley Landfill
leachate and synthetic leachate with a similar chemical
composition (see Rowe et al. 1997f, g) and both gave a
similar relationship between hydraulic conductivity and
drainable porosity. The clog composition was typical of
that encountered in the field by Brune et al. (1991) and
Fleming et al. (1997) and more than 509% of the clog
material (by d~ weight) was calcium carbonate when the
tests were terminated.
It must be recognized that “clogging” of a drainage
layer is not synonymous with it becoming impermeable
(Rowe et al. 1995b).
On the contrary, a clogged sand
blanket may still be substantially more permeable than,
say, an underlying clay liner. “Clogging” of a drainage
layer becomes significant when the hydraulic conductivity
of the blanket drops to or below the hydraulic
conductivity of the overlying waste. At this point, the
reduction in hydraulic conductivity will result in the
buildup of a leachate mound within the landfill that may
subsequently
result in increased
temperature
and
decreased service life of any composite liner (see Sections
4 and 7) as well as potential impacts on surface water
due to Ieachate seepage from the sideslopes of the
landfill and increased contaminant migration through the
barrier system and into the groundwater (see Section 10).
3.2

Field Examples

pipes at spacings ranging between 50 m (newer portions
of the landfill) and 200 m (older portions o! landfiU).
The collection system is reported to involve “french
drains” with a perforated pipe in a pea gravel (5-10 mm
diameter) pipe bedding. No geotexdle was used. The
landfill has accepted a significant quantity clf sewage
sludge in addition to MSW.
Another example of clogging of the drainage material
around leachate collection pipes in the drain around a
landfill has been reported by McBean et al. (1993), who
noted that extensive clogging had resulted in excessive
leachate mounding and leachate seeps. This design also
involved french drains at wide spacing.
The Keele Valley Landfill provides two different
examples of clogging. Firstly, there is a sand “protection”
layer over the liner. Field exhumations (Reades et al.
1989) have shown that this sand blanket has become
clogged and does not contribute
to the hydraulic
performance of the collection system, but rather, has
become part of the “diffusion barrier” with the diffusion
profile beginning at the interface between the more
permeable waste (where lateral flow dominates) and the
less permeable (clogged) sand blanket.
Koerner and
Koerner (1995b) reported similar clogging of a sand
protection layer (Case 3, Table 1) where afte~ 10 years
the hydraulic conductivity dropped three orders of
magnitude from 4x10-4 m/s to 2x10-7 m/s ancl leachate
was flowing through the waste rather than the sand.
Exhumation of portions of the leachate collection
system at the Keele Valley Landfill after four !~ears (see
Table 1 and Rowe et aL 1995c, 1997g Fleming et al.
1997) indicated a three order of magnitude drop in the
hydraulic conductivity of relatively uniform 50 mm stone
near the leachate collection pipe (although the hydraulic
conductivity was still sufficient to transmit leachate).
Clogging was observed to be substantially less (Case 2,
Table 1) in areas where a geotextile filter was used
between the waste and the stone.
Koerner and Koerner (1994, 1995b) have described
exhumations of three leachate collection systems (see
Table 1, Cases 3, 4 and 5) and found excessive clogging
of the geotextile in two cases where the geotextile was
wrapped either around the peforated pipe or around the
stone in a drainage trench. The reduction in hydraulic
conductivity for these three cases and a fourth case (Case
6) involving geotextiles around well casing from a gas
extraction system are summarized in Table 2.

of Clogging
3.3

Examples of clogging of leachate collection systems can
be found in a number of existing landfills including
Toronto’s large Brock West Landfill where a 20 m high
leachate mound built up during the first 11 years of
operation (Dames & Moore 1992). Here, the primary
leachate collection system consists of leachate collection
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for Design

Research by Koerner et aL (1994) suggested that the
hydraulic conductivity
of geotextile
decreased
with
increasing leachate flow rate. More generally, recent
research by Rowe et al. (1998b) has indicated that
clogging is directly related to the leachate mass loading

Table 1. Summary of observations

from exhumation

of collection

svstems
in North America.
.

Waste Typel,2
Age; Leachate

Collection
System Design3

Key
Observations

1.MSW & LI
-4 years
COD= 14,800 mg/L
BOD~ =l0,000mg/L
pH=6.3
Performance:
“Adequate at time
of exhumation

“Blanket underdrairu
Waste over 50 mm relatively
uniform stone; 200 mm,SDR 11
HDPE pipe; 8 mm holes
Pipe never cleaned
“No geotextile between waste
and stone

.30-60% loss of void space in upper
stone
.50-100% loss of void space near pipe
“Permeability of stone decreased from
-101 m/s to -104 m/s
“All lower holes in pipe blocked;
majority of upper holes blocked
“Large clog growth inside pipe

2.MSW & LI
As for #1 above

“Blanket underdraim waste over
geotextile over 50 mm stone
(rest as above)
(GT W,MA=180 glm2,
AOS=.475 mm, ~~=0.6 mm,
~=o.04 s-l)

Substantially less clogging than observed
in #1 above where there was no GT
.0-20% loss of void space in upper stone
below geotextile

3.MSW & LI; LR
-10 years
COD=31,000mg/L
BODJ=27,000mg/L
pH -6.9
Performance:
oNo flOWin LCS
. High leachate
mound

“Toe drain only
“Trench with 600 mm of crushed
stone (6 to 30 mm) around
geotextile wrapped 100 mm
SDR 41 perforated PVC pipe
(GTHBNW,
MA=150 g/m2,
AOS=.15 mm, ~~=0.30 mm,
~=1.1 s-l)

“Flow reduction noted after 1 year
“Pipe crushed (likely due to construction
equipment)
“Substantial reduction in void space and
cementing of stone. k reduced from
2.5x10-1 m/s to 1.2x104 m/s
.Sand (SW, AASHTO #10) layer above
GM was clogged and leachate drained
on top (not through this layer). k
reduced from 4x10-4 m/s to 2x10-7 m/s
“Excessive clogging of GT (see Table 2)

4.MSW & LI; LR
6 years
COD=l0,000mg/L
BOD~ =7,500mg/L
pH -7.5
Performance:
. Drain functioning adequately

‘Perimeter drain to control
leachate seeps
geotextile wrapped trench with
6-18 mm gravel and 100 mm
SDR 30 HDPE perforated pipe
(GT W, MA=170 gfm2;
POA=7%, AOS=.25 mm,
kT=o.41 mm, ~=().9 s’l)

“Only small reduction in k of gravel from
5.3x 10-1 m/s to 2.8x101 m/s
“Marginal clogging of GT (see Table 2)

5.1SS (included
slurried fines 70%
finer than 150 ~m)
0.5 years
COD=3,000 mglL
BOD~ =1,000mg/L
pH=9,9
Performance:
. No flOWin LCS

“Blanket underdraim Waste over
protection sand (0.075-4 mm)
over geotextile (AOS =.19 mm)
over pea gravel (1-20 mm)
drainage layer; 100 mm
diameter geotextile wrapped
HDPE perforated pipe; 12 mm
dia. holes (GT NPNW, MA=330
g/m2, AOS = .19 mm, ~T =2.7
mm, w=1,8 S1)

“High leachate mound
“Upper geotextile functioning (see Table
2, Case 5a)
“Pea gravel relatively clean
“Geotextile wrapping around perforated
pipe excessively clogged (see Table 2,
Case 5b)
“Once geotextile sock removed, leachate
flowed freely
“Heavy geotextile sock clogging at
location of perforations in pipe
- lnduf TM Sohds and Sludge; LK = Le achate Kec

:ulation
me;L1-Light lndustna~ ~
2References:Ca;es
1 and 2- Rowe et al. (1995 c), Fleming et aL 1993 Cases 3, 4 and 5- Koerner & Koerner (1995b)
3GT=geote~e;W=woven;
HBNW~hea~
bonded, nonwove~,NpNW~needle
punch@
nonwoven;SDR =Standard
Dimension

Ratio; see Section 14 for notation
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Table 2. Summary of hydraulic conductivity (kn) and permittivity (w) changes for geotextile exhumed from field
application in landfills (based on Koerner et aL 1993 but as modified by G, Koerner, personal communication).
Case

Leachate
COD
(mgfL)

TS
(mg/L)

5a1
5b
6a2
6b

31,000
10,000
3,000
3,000
24,000
24,000

6C

24,000

28,000
3,000
12,000
12,000
9,000
9,000
9,000

31
41

lRefer to Table 1; 2Geotextile

Geotextile

MA
(g/m’)

AOS
(mm)

HBNW
w
NPNW
NPNW
NPNW
NPNW
NPNW

150
170
220
220
176
176
176

.15
.25
.21
.21
.21
.21
.21

Sixth International

.38
.41
2.7
2.7
2.2
2.2
2.2

Initial
k. (m/s)

Final
k. (m/s)

4.2x104
3.7 X1 O-4
4.9x103
4.9x103
2.3x10-3
2.3x103
2.3x10-3

3.1x10-8
1.4 X1 O-4
8.5x10-5
4.4x10-8
3.7x10-S
1.6x10-7
7.5x10-7

Initial
~ (s-l)

1.1
0.9
1.8
1.8
1.1
1.1
1.1

Final
~ (s-’)

8.2x10-5
3.3 X1 O-1
3,1 X1 O-’
1.6x10-5
1.7 X1 O”’
7.3 X1 O-5
3.4 X1O”4

around gas collection wells at depth of 3 m, 7.5 m and 15 m respectively

in terms of the mass of COD (Chemical
Oxygen
Demand) and calcium per unit area perpendicular to
leachate flow. The leachate mass loading is a function of
(a) the concentration of volatile fatty acids (represented
in terms of COD) and metals (especially calcium) in the
leachate; (b) the flow rate per unit area; and (c) elapsed
time. Thus when leachate that is generated over a large
area of the landfill is directed through a filter surrounding
isolated drainage stone (french drains) (Figure 10a) or
even worse, a filter wrapped around the pipe itself
(Figure 10b), there is a confluence of flow across the
filter and the confluence factor is approximately equal to
the area of the landfill divided by the area of the filter
material through which the leachate must flow. Since
clogging depends on flow rate per unit area, this
confluence of flow increases the mass loading per unit
time and hence increases the rate of clogging of the
geotextile and the drainage stone (it is assumed here that
clogging of pipes is mitigated by regular cleaning).
However, even more important is the effect that clogging
has when it does occur. When the resistance to flow into
the drainage pipe is increased, a leachate mound will
develop in the waste between the drains (see Figure 10).
This mound will maintain some flow to the pipe but will
also increase flow out through the underlying liner.
Based on this, Rowe (1992) cautioned against designs
such as that shown in Figure 10. The field investigation
discussed in the previous subsection
confirms the
soundness of this recommendation.
Geotextile used to
wrap drains or pipes showed a drop of hydraulic
conductivity of between two and five orders of magnitude
(to as low as 4X10-8 m/s: Case 5b, Table 2).
Rowe (1992) recommended
the use of a suitably
selected geotextile as a blanket filter above a blanket
stone underdrain layer (Figure 11) and the findings of
both Rowe et al. (1995c Cases 1 and 2, Table 1) and
Koerner and Koerner (1995b: Case 5a, Table 1) provide
some evidence that a suitable blanket geotextile will
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function adequately.
These investigations demonstrated
(Cases 2, 4 and 5) that the geotextile provided good
protection to the stone, which experienced relatively little
clogging compared to that observed when there was no
geotextile filter between the waste and stone drainage
medium (Cases 1 and 3). Geotextiles used as shown in
Figure 11 will experience some clogging, however, even
if a perched leachate mound developed
a’hove the
geotextile,
there would be no effect in terms of
contaminant transport through the underlying liner. The
level of leachate perching above the geotextile will
depend on the leachate generated per unit area of the
landfill and the hydraulic conductivity of the geotextile
filter as discussed below.
In addition to these field examples,
clclgging of
geotextiles in MSW leachate has been demonstrated by
numerous laboratory studies (Cancelli & Cazxuffi 1987;
Koerner & Koerner 1990, 1995b; Cazzuffi et al. 1991;
Brune et al. 1991; Fourie et al. 1994 etc.). These studies
show that the magnitude of the decrease in hydraulic
conductivity k. (and permittivity ~) will depend on the
geotextile (e.g. openness of the pore structure), the flow
rate, and the concentration of the leachate. Koerner and
Koerner (1995b) provided data from a series of tests
where mild leachate was passed through a number of
different geotextiles yielding a decrease in hydraulic
conductivity of between about two to five orders of
magnitude at the highest flow rate examined. The worst
hydraulic conductivity observed for nonwoven needle
punched geotextile was similar to or higher than that
observed in the field (6x10-8 m/s in Table 3 vs 4x10-8 m/s
in Table 2) under the most extreme conditions.
Generally, the level of decrease was similar (four orders of
magnitude) to that in the field under severe conditions.
Koerner and Koerner (1995b) recommended. that for
mild leachate, a geotextile in contact with the waste
should have the properties given in Table 4.
Giroud (1996a) has discussed the issue of geotextile

.
Table 3, Decrease in hydraulic conductivity of geotextiles permeated with leachate (average COD: 3000-4000 mg/~
BOD: 2000-2500 mg/Q TSS: 300-600 mg/L) at a rate of 2X10-S m/s (620 m3/a/m2) (modified from Koerner et al. 1994).

Type of Filter

Unit
Mass
M~

POA

AOS

Thickness

(%)

(mm)

~~m)

Initial
k.
(m/s)

0.7
0.8
0.4
0.6
6.3
1.1
2.4
4.7
0.4
2.0

4X103
6X104
3.4X103
1.9 X1 O-3
1.6x10-4
6.4x1 o-4
1.5 X1O-2
2.3x10-3
3.6x10-3
2.4x10-3
2.4x10-4
3.2x10-3

(f@2)
Uniform Sand
Well Graded Sand
W Monofilament
W Multifilament
W Slit Fihn
W Monofilament
Special NW/W
NPNW
NPNW
NPNW
HBNW
NPNW

200
270
200
250
740
130
270
540
120
220

32
14
7
10
0.3
0.21
0.18
0.15
0.165
0.12

Table 4. Koerner and Koerner’s (1995b) recommended
minimum values for geotextile filters for use with mild
leachate (TSS & BOD~ s 2500 mg/L) and select waste
over the geotextile (no hard or coarse materia~ for
coarse
or hard material
over GT, the strength
requirements may need to be increased).

Property

Woven
Monofilament

MA (g/m2)
POA (%)
AOS (mm)
grab strength, N
trapezoidal tear, N
puncture strength, N
burst strength, kpa

200
10
1400
350
350
1300

Nonwoven
Needlemmched
270
0.21
900
350
350
1700

clogging as part of a broad review of filter design. He
tentatively
recommends
that sand and nonwoven
geotextile filters should not be used even if the waste has
been stabilized to produce low strength leachate by
pretreatment.
Rather, he recommends
the use of
monofilament
woven
geotextiles
with a minimum
filtration opening size (AOS) of 0.5 mm and a minimum
relative open area (POA) of 15’ZO,with a preference for
a POA greater than 30!Z0. The rationale for these
recommendations
arises from the observations that (a)
the specific surface area for monofilament
woven
geotextile is much smaller than for nonwoven geotextdes
and this decreases the surface area for biofihn growth,
(b) the woven filter allows more effective and rapid

Initial
Permittivity
p (s-’)

4.8
2.4
0.4
1.0
2.4
2.1
1.5
0.5
0.6
1.6

Equilibrium
k
(m/s)

Flow to
Equilibrium
(m3/m2)

2X1 O-6
4X1 O-7
2.5x1 o-6
7X1O”6
8X104
5X1 O-8
3.5X106
6X10-8
1X1 O-7
2X1 O-7
4X1 O-8
1.5X107

119
170
51
51
43
76
102
76
93
85
76
68

—

movement of fine material (i.e. material not intended to
be retained) and leachate through the filter; and (c) due
to their compressibility, the filtration characteristics of a
nonwoven geotextile vary with applied pressure and the
critical filtration characteristics should be assessed under
design pressures which could be up to 500 kpa. There is
some evidence to suggest that geotextiles selected in
accordance with Giroud’s (1996a) recommendations
are
likely to experience
less clogging and reduction in
hydraulic conductivity with time (e.g. see Table 3) than
geotextiles that simply meet the requirements of Koerner
and Koerner (1995b and Table 4).
It is important to recognize that Giroud’s (1996a)
recommendations are based on the premise that we wish
to minimize clogging of the filter. This may indeed be
the case for some design situations (e.g. if one insists on
using a design such as is shown in Figure 10a). However,
the writer would argue that while excessive clogging is
undesirable,
the processes
that cause clogging also
provide leachate treatment and, in so doing, (a) decrease
the potential for clogging at more critical zones (e.g. near
collection pipes) and (b) reduce the level of leachate
treatment required after removal of leachate from the
landfill. Although the subject of ongoing research, it
appears desirable to design the leachate collection system
to maximize leachate treatment while maintaining its
design function (see Fleming et al. 1997). Under these
circumstances, and using a design such as the one shown
in Figure 11, a sand or nonwoven geotextile filter may
actually be desirable
provided
that the hydraulic
conductivity did not drop to such a point as to cause
perching of Ieachate that would have negative effects
such as side seeps.
Based on published data, it appears unlikely that the
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hydraulic conductivity of the geotextile
selected
in
accordance with either Giroud’s (1996a) or Koerner and
Koerner’s (1995) recommendations
would be below
4X10-8 m/s (1.3 m/a) for normal ~nditions
and more
likely it would be of the order of 1X107 m/s or higher.
If the geotextile was used in a blanket drain (e.g. see
Figure 11), one can quickly establish that there would be
negligible perched leachate on the geotextile for typical
rates of leachate generation (less than 3x108 m/s or 1
m3/a/m2). Thus, while recognizing that geotextiles will
clog, based on the available data it appears that an
appropriately selected geotextile used to protect gravel in
a blanket drain will improve the performance and the
service life of the drainage stone and not cause excessive
perched leachate mounding.
The design and service life predictions for leachate
collection pipes and drainage stone is beyond the scope
of the present paper. The interested reader is referred
to Rowe et al. (1994, 1997c,g) for more information.
This is the subject of ongoing research.

4

SERVICE LIFE OF COMPACTED
CLAY
LINERS BELOW GEOMEMBRANES

Composite liners consisting ~ically
of a geomembrane
over compacted
clay have been widely adopted in
“standard” landfill designs (e.g. Germany 1993; USEPA
1994, MoEE 1996). However, for the composite liner to
perform adequately,
it is essential
that both the
compacted clay and geomembrane
meet the design
specifications for the design life of each component.
The clay liner is intended to limit leakage through any
holes in the geomembrane,
act as a partial diffusion
barrier and to provide attenuation
of certain (e.g.
organic) contaminants.
To meet these requirements, it
must maintain a hydraulic conductivity of less than or
equal to the design value for the contaminating lifespan
of the landfill (i.e. period of time during which the escape
of contaminant due to a failure of the engineered system
would have an adverse impact on the environment).
For a clayey liner, the setvice life is the period of time
during which the bulk hydraulic conductivity of the liner
may be expected to fall within the design range.
Provided that a clayey liner has been properly designed
and constructed and appropriate attention has been given
to clay-leachate compatibility (see Rowe et al. 1995b),
there is no reason to believe that it would not perform
within the design range of hydraulic conductivity for
thousands of years provided that it is not allowed to
desiccate after placement. Desiccation can be related to
a change in water content in the clay that could occur (a)
after construction of the clay liner and before placing the
geomembrane; (b) after placing the geomembrane and
before covering with waste; and (c) after placement of
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waste.
4.1

These will be discussed below.
Desiccation

Before Placement

of Waste

Desiccation can occur within hours after liner placement
if the clay is not kept moist. The extent of d,~si~tion
cracking will depend on the mineralogy of the clay, the
compaction water content and the degree and length of
exposure to drying conditions.
For examplle, in an
experiment at the Keele Valley Landfill a compacted clay
liner containing 20% clay size (clay minerals, mostly illite
and chlorite) was found to crack to a depth of 120 mm
(maximum width 12 mm) over a five week period (mostly
in June) (Rowe et al. 1994).
However, this form of
desiccation is readily prevented by adopting appropriate
construction procedures and, if it does occur, can be
observed and rectified by removal and replacement of the
cracked portion of the clay liner prior to placement of
the geomembrane provided there is a good construction
quality assurance program in place.
It has been shown that the temperature
of a
geomembrane
exposed to the sun may rise to 800C
(Felon et al. 1992) and temperatures of 600-7001Care not
unusuaL It has been shown (Pierson et al. 1993; Koerner
& Koerner 1995a) that the temperature can be reduced
by the use of a white coated geomembrane (see Table 5),
Table 5. Maximum
temperature
(oC) of exposed
geomembrane
in Philadelphia, U.S.A., Latitude 40° in
different regions (after Koerner & Koerner 19!15a).
Season of
Year
Winter
Spring
Summer
Fall

Ambient
Temperature
5
22
30
18

Black
Geomembrane
13
46
70
35

White
Geomembrane
2
38
57
28

However, Pelte et al. (1994) have also shown that while
a white, glossy, reflecting coating adhering to the geomembrane surface effectively decreases the geomembrane temperature (relative to a black geomembrane) for
given solar conditions, the placing of a thick white
geotextile over the geomembrane only delays the heating
of the underlying geomembrane and does not reduce the
final temperature.
A high temperature
at the geomembrane
has the
potential to cause (a) evaporation of water from the
compacted clay liner into any air space between the clay
and the geomembrane and (b) moisture movement from
the region of higher temperature to the region of lower
temperature.
Mechanism (a) is significant in the context
of heating and cooling cycles while mechanism (b) is most
significant when there is a sustained temperature gradient

(Doll 1996). Both mechanisms cause a decrease in water
content in the clay below the geomembrane which in turn
can cause shrinkage and consequent desiccation. This is
particularly likely to be a concern on side slopes where
there can be condensation and movement of previously
evaporated water downslope during the cooler portions
of the cycle. Basnett and Bruner (1993) give an example
where a compacted clay liner on a side slope was
observed to desiccate through the full (0.3 m) depth with
cracks of 12-25 mm width. This liner had been exposed
to daily cycles of heating and cooling for a period of 3
years. Rowe et al. (1998a) also report severe desiccation
cracking of a compacted clay liner below a geomembrane
in a leachate lagoon. Here the geomembrane had been
exposed to temperature cycles for 14 years, Cracking was
restricted to the side slopes above the leachate level.
Corser et al (1992) report results from a test
liner/cover left exposed for six months (April-Octobeq
temperature
of geomembrane
reaching 430C).
The
section where the geomembrane was in intimate contact
with the clay (where a moisture content increase was
observed) was found to have performed well. However,
in areas where there was an air space between the
geomembrane and clay (i.e. at wrinkles/waves) the clay
had dried and cracked with cracks up to 6 mm wide
extending to a depth of about 75 mm. In another section
where there had been a 0.6 m thick soil cover over the
geomembrane only very minor hairline cracks (many of
which formed after the geomembrane was removed) were
observed,
Bowders et al. (1997) performed laboratory simulations
of heating cycles for two clays. In these tests there was
the potential for some water loss as water vapour. It was
found that steady state temperatures were established in
the clay at depths of 0.2 and 0.3 m after about 7 days of
heating. After 30 days, there was significant moisture
drop in the highly plastic clay (PI -42-489.) to a depth of
about 0.17 m with a black geomembrane (average peak
temperature - 640C) but only minor moisture loss below
the white geomembrane
(average peak temperature 590C). After 60 days, the zone of significant desiccation
had extended to 0.21 m and 0.07 m (black and white
respectively) and cracks extended to depths of 0.3 m (full
thickness)
and 0.06 m for the black and white
geomembranes
respectively.
Similar tests with a lower
plasticity clay (PI - 28%) conducted for about 110 days
showed less moisture loss in a given time period than the
higher plasticity clay for both geomembranes
and again
the moisture loss and cracking were less for the white
geomembrane, however some cracks extended to a depth
of 0.3 m for both geomembranes.
While these tests do
not fully simulate field conditions, combined with the field
observations noted earlier they serve as a warning that
there can be significant desiccation of the upper 0.15 m
of liner in 2 to 8 weeks and that while a white

geomembrane
allows a little longer exposure before
serious cracking (maybe 4 weeks), there is still a need to
cover the geomembrane quickly.
Both the field cases and laboratory tests noted above
illustrate that cracking of the clay liner does occur due to
exposure to high temperature and that problems will be
greatest on side slopes where there are wrinkles. The
available evidence would suggest that provided the
geomembrane is covered relatively quickly the depth of
desiccation cracking is going to be limited to the upper
portion of the clay liner.
However, the presence of
cracks in even the upper few centimeters could still be
significant (especially on the base of the landfill) if these
cracks were beneath a hole in the geomembrane since
the cracked clay liner would more readily allow
movement of leachate through the hole and :dong the
crack. There is no evidence to suggest that tlhe cracks
WM necessarily closeup and even if they do there would
still likely be an increase in hydraulic conductivity (due to
the microstructure that has been induced) relative to the
original design value. The foregoing suggests lhat there
is a need to cover the geomembrane with the protection
layer and the leachate collection layer as soon a:}possible
after placement of the geomembrane.
4.2

Desiccation

After Placement

of the Waste

Holz16hner (1989, 1995) has suggested that the risk of
desiccation of clay liners that have been covered and are
no longer subject to solar heating depends on five prime
factors: properties of the clay liner, properties of the
underlying subgrade, overburden pressure, temperature
gradient across the liner and the depth to groundwater.
There is still much unknown about the potential for
desiccation due to landfill induced thermal effects. As
indicated in Section 2, high temperature can be achieved
in landfills and this can be expected to create a thermal
gradient to the groundwater that has the potential to
move moisture away from the heat source (i.e. the
landfii).
When the clay is overlain by a geornembrane,
there is no additional source of water from albove and
hence there is greater potential for desiccation of a clay
liner as part of a composite liner due to thermal effects
than for a clay liner used alone. Since there also appears
to be a correlation between temperature (at The liner)
and the leachate mound (see Figure 9), it would appear
to be desirable to keep the leachate mound low and
hence control the rate of biological degradation and
consequent heat generation.
This would minimize the
This indicates the need to
potential for desiccation.
carefully monitor landfill temperature and performance
when landfill operators cease leachate collection.
If a
significant
increase
in temperature
was observed,
consideration
should be given to resuming leachate
removal since a significant rise in temperature may (a)
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increase the potential for desiccation cracking of the clay
liner, (b) decrease the service life of the geomembrane
liner (see Section 7) and (c) increase diffusion through
the liner (see Section 10).
The risk of desiccation
may be expected to be
decreased in situations where there is a high overburden
stress. HolzlOhner (1992) reported that cracking maybe
prevented if the soil suction S satisfies the expression
(1)

where
K

=

(~J(l

(2)

-~o))/x

and u is the applied vertical pressure, ~ is the coefficient
of earth pressure at rest and z (O s ~ s 1) controls the
distribution of stress between pore water and pore air
based on Bishop’s (1959) extended effective stress
principle.
However, this approach has come under
severe criticism by Heibrock (1997) who has developed
an alternative
approach based on the models of
unsaturated soil behaviour proposed by Fredlund (1978)
and an extension of shear strength concepts of Morris et
al. (1992).
Heibrock (1997) performed analyses to
illustrate that the potential for cracking depends on the
temperature
rise at the top of the liner, the
characteristics
of the clayey liner, the unsaturated
hydraulic conductivity of the subsoil below the liner and
the depth to the water table below the liner. In one
example, he predicts no cracking in 50 years with a
temperature at the top of the liner of 250C but predicts
cracking to a depth of 1 m in 20 years with a
temperature at the top of the liner of 400C (all other
things being constant). In a second example where the
subsoil was changed from a silt loam to a loess with a
much higher unsaturated hydraulic conductivity, there was
no cracking predicted because the calculated downward
vapour flux of water was much smaller than the suction
induced upward liquid flux from the water table and
hence
no d@ng
occurs and the water content
distribution
of static
isothermal
approached
the
equilibrium conditions. It should be cautioned that these
predictions are soil specific and even so are based on
many assumed and hard to determine
parameters.
However, the results do underline the need to carefully
consider the potential for temperature induced cracking
and the desirability of limiting the temperature at the top
of the liner to the extent possible by the design and
operation of the landfilL
Holzlohner (1995) suggests that the potential water
movement
due to temperature
gradient could be
controlled by installing a geomembrane
below the
compacted clay (as well as above it). This can certainly
be expected to reduce water loss from the compacted
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clay liner but there may still be some movement of water
and it may be anticipated that in this case there would be
an increase in water content in the clay at the lower
geomembrane
and a decrease
below
the upper
geomembrane.
This maybe expected to limit desiccation
of the liner but care would be needed to assess the effect
of the higher water content
on the lower soilgeomembrane
interface strength and design to avoid
instability due to sliding at this interface (see Section 11).
HolzlOhner (1995) also claims that a drainage layer
below the composite liner will increase the potential for
desiccation.
Although no evidence is presented to
support this claim, one can anticipate that a drainage
layer may have two potentially negative effects. Firstly,
vapour would be transported from the so]l to the
drainage layer and then out of the drainage layer due to
changes in atmospheric temperature and pressure. This
would be expected to result in the removal of moisture
from the adjacent soil and increase the chance of
desiccation of the liner. Secondly, the drainage layer
either alone or in combination
with an underlying
geomembrane maybe expected to prevent any movement
of water upward into the clay from the underlying
groundwater table. Much more research is required to
understand and improve designs for this situation.
However, it would seem prudent to design systems such
that the potential for moisture loss from the secondary
drainage layer due to atmospheric pumping is minimized
and to have a thick rather than thin compacted clay
component to the composite primary liner. From the
perspective of minimizing the effects of temperature on
the hydraulic performance of the clay in these composite
double liner systems, GCLS may provide a viable
alternative to compacted clay as the clay component of
a composite primary liner due to their capacity to (a)
hold moisture and (b) rehydrate to gain much (but not
all) of their initial hydraulic conductivity. However, there
are a number of other factors that also need to be
considered as discussed in Section 5.

5

HYDRAULIC
CONDUCTIVITY
SERVICE LIFE OF GCLS

AND

There is growing interest in the use of geosynthetic clay
liners (GCLS) as part of the base seaVbottom liner system
in landfills. As part of a composite liner, a GCL may be
expected to have a very long service life (hundreds/
thousands of years) provided that
(a) There is no significant loss of bentonite from the
This means that care will be
GCL during placement.
required to avoid loss of bentonite into underlying
drainage layers. h additional geotextile filter may be
required to avoid bentonite loss for some GCIA (e.g. see
Rstornell & Daniel 1992). Care is also required to adopt

construction procedures that will maintain a uniform
distribution of the bentonite in the GCL (the potential
for bentonite movement may vary from one product to
another and construction specifications should recognize
this fact). This involves consideration of both loss of
powdered or granular bentonite as well as scraping off of
bentonite (e.g. due to physical or thermally induced
movement).
(b) There is no significant lateral movement (thinning)
of bentonite during and following hydration that would
cause an uneven distribution of the bentonite in the GCL
during the contaminating life of the facility. For example,
wrinkles in a geomembrane may create a void or area of
reduced stress into which bentonite in an underlying GCL
could migrate (see Stark 1998). Likewise, care is needed
on side slopes (especially steep side slopes) to avoid
bentonite migration downslope both in the “dry” and
hydrated state (as noted above, the potential for
bentonite movement may vary from one product to
another),
(c) The geosynthetic component of the GCL is not
critical to the long term performance of the bentonite
component of the GCL.
(d) Seams are installed to ensure intimate contact and
the design and the construction procedures are such that
the seams can not, and do not, open up during or
following placement.
(e) The choice of GCL and the design are such that
there is no significant long term loss of bentonite due to
migration (internal erosion) through the GCL under the
hydraulic gradients that may occur either during or after
termination of the operation of the leachate collection
system.
(f) The design hydraulic conductivity is selected based on
tests that examine the equilibrium (i.e. long term)
hydraulic conductivity of the GCL to the proposed
leachate under conditions that simulate likely field
conditions (i.e. similar hydrating conditions, applied
stress, GCL and leachate characteristics).
Items (a), (b) and (c) can be addressed by appropriate
design, specifications and construction procedures. If the
geosynthetic component of the GCL is critical to the long
term performance of the GCL then the service life of the
GCL can not exceed the service life of the geosynthetic
component.
The service life of the geosynthetic
component will depend on the polymer and additives
used. Some polymers have the potential to degrade due
For example, Giroud (1996a)
to biological action.
reports that there are fungi and bacteria that catalyze
In situations where the service
hydrolysis of polyester.
life of the geosynthetic component is critical, it may be
argued that HDPE should be used with additives
(especially
antioxidant)
similar to that used in a
geomembrane (see Section 7). However, if a long service
life of the GCL is required, it would be better, where

practica~ to adopt a design such that the geosynthetic
component of the GCL is not critical to the long term
performance of GCL. For example, one could avoid
situations where the geotextile component is necessary to
prevent movement of bentonite into underlying open void
space in drainage stone.
Likewise, one could avoid
situations where one was relying on needle punching to
provide long term shear resistance
or where the
geosynthetic component is required to prevent lateral
migration of bentonite into areas of reduced sl.ress (e.g.
beneath a wrinkle).
The level of control of wrinkles (waves) in the
geomembrane may need to be much higher when a GCL
is used as part of the composite liner than when a CCL
is used due to much thinner clay and the potential for
clay movement within the GCL. If GCLS are going to be
used in a base seal and are critical to system
performance, it would seem prudent to develop and
apply a technique for non-destructive checking of seam
integrity following plamment of the overlying layers to
address item (d). It is noted the geotextile overlaps have
been observed to move (open up) more than 0.5 m in
some cases (Rowe et al. 1993) and hence it is certainly
possible that movement could occur for GCLS (e.g. due
to the construction practice adopted).
Items (e) and (f) can be addressed by appropriate
hydraulic conductivity tests as will be discussed in the
following subsection.
5.1

Hydraulic Conductivity of GCLS

A number of researchers (e.g. Schubert 1987; Shari &
Daniel 1993; Daniel et al. 1993; Dobras & Elzea 1993;
Ruhl & Daniel 1991 Petrov et al. 1997a,b; IPetrov &
Rowe 1997) have addressed the issue of GCL-leachate
compatibility
and the hydraulic
conductivity
and
performance of GCLS in contact with various permeants
under high gradient conditions that could occur in a base
Table 6 describes the
seal/bottom liner application.
various GCLS that have been examined.
Table 7
summarizes the published hydraulic conductivity values
for a range of GCLS, leachate, applied stresses, and
hydrating conditions. In the case of GCLS that include a
geomembrane, the results presented in Table 7, and the
relate only to the bentonite
following
discussion,
component of the GCL.
The hydraulic conductivity
of a GCL is highly
dependent on the hydrating conditions and the applied
These factors
effective
stress during permeation.
combined with the method of manufacture, water content
prior to hydration and mass of bentonite all significantly
influence the GCL thickness and while there is some
correlation
between
hydraulic conductivity,
k, and
thickness, H there is a great deal of scatter. Pe’trov et al.
(1997b) showed that by plotting the bulk void ratio, e~,
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Table 6. Nominal (published) characteristics
summarized in Tables 7 and 11-13.
Generic
Symbol

Product Name

of GCLS studied

Nominal(a)
Mass/Area
(kg/m’)

BF1
BF2
BF3
BF4
BM
CL
GS

Bentofix NW
4.16
Bentofix NS
5.39
Bentofix NW5000
5.55
Bentofix BFG5000
5.50
Bentomat SS
5.22
Claymax 200R
5.05
Gundseal”
Regular
Varies
GSC
Gundseal*
“Contaminant
Varies
Resistant”
%Hydraulic conductivity tests on bentomte removed
(@AsTM D5261
@)NWSNonwoven
needlep~&@
impregnated

(C)NP-Needlepunched,

G-Glued

6

I
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I

r

1

1 , , ,

I I

I

L

I

,

r

,

r , ,

,

Hydraulic

Conductivity,

Conference

tests

Method(c) of
Construction

3.5
4.9
4.9
4.7(0

NW
w
NW
w
w
w

NW
NW
NW
NWB
NW
w

NP
NP
NP
NP
NP
G

5.0

GM

G

5.0

GM

G

4.9
4.9

from the tiCL.
Ws Woven, GM-HDPE

IdJ4.2kg/m2 between

I

I

I

1

k (M/S)

As shown in Table 7, the hydraulic conductivity to
water of a number of commercially available GCh
ranges between about 5x10-11 IU/S at “low” (3-4 kpa)
confining stress to 1x10-11 m/s at “intermediate” (34-38
kpa) confining stress, and 7x 10-12m/sat “high” (109-117
kpa) confining stress. It is of interest to note that at a
Sixth International

diffusion

Lower(b)
Geosynthetic

Figure 13. Final bulk GCL void ratio versus hydraulic
conductivity for permeation of synthetic MSW leachate
(modified from Petrov & Rowe 1997).
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conductivity

Bentonite@l
Mass/Area
(kg/m2)

rather than thickness, H, against hydraulic conductivity,
k, one obtains a much better correlation and much less
scatter of the data for a given permeant (e.g. see Figure
13). This is consistent with the conventional geotechnical
engineering concept of a strong correlation between the
void ratio and hydraulic conductivity.

am

in hydraulic
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Geomembrane;

NWB -Bentonite

GTs, 0.5 kg/m2 in NWB.

confining stress of about 35 kpa the six products tested
had a very similar hydraulic conductivity to water (7x1012
tn/s to 1 XIO-ll m/s), Also, the test tended to be quite
repeatable,
For example,
Petrov et al. (1997b)
performed four testa with distilled water giving a mean
value of 1.28x1011 m/s with a range of 1.4x10-11 to
1.2x 1011 m/s. Four testa on the same product using tap
water give a mean hydraulic conductivity of 1.58x10-11
rnh and a range of 1.6x 10-11 to 1.5 X1O1l m/s. The
hydraulic conductivity values given for BF1 and water in
Table 7 represent average values of between 4 and 7
tests. All other values given are individual values for a
single test.
The confining stress at the time of hydration and the
hydrating fluid can have a significant effect on the final
hydraulic conductivity. A sample of BF1 that is hydrated
at a low stress level (e.g. 3-4 kpa) and subsequently
permeated with a 0.1 N NaCl solution (Na+ - 2300
mg/L) at a low stress level has a hydraulic conductivity of
1x1010 nds whereas the same GCL (BF1) hydriited at 34 kpa but permeated at high stress (112 kpa) has a
hydraulic conductivity of 1.5 X1O1l m/s (ahnost one order
of magnitude lower) and a sample hydrated with water
and permeated at high stress (108 kpa) had a hydraulic
conductivity of 0.7x10-11 m/s. This indicates the need to
carefully consider the hydrating conditions and final stress
level in any testing or selection
of the hydraulic
conductivity of the GCL to be used on a given project.
The permeating fluid can have a profound effect on
the hydraulic conductivity of a GCL (see Table 7).
Samples permeated with tap water and distilled water
give very similar results but samples permeated with a
real or synthetic landfill leachate may have a hydraulic
conductivity an order of magnitude larger than that of

Table 7. GCL h

kaulic ccmductivities under different testing conditions.

Generic
Symbol

Hydrating
Stress
(kPa)

Final
Confining
Stress
(kPa)

Hydrating
Fluid

Permeating
Fluid

Hydraulic
Conductivity
(m/s)

Reference

BF1

3-4
35-37
109-117
34-35
3-4
3-4
3-4
3-4
35
107
3-4
3-4
3-4
3-4
3-4
36
108
4
35
113
3-4
3-4
3-4
3-4
3-4
35
105
3-4
35
111
3-4
3-4
3-4
3-4
3-4
33
101
3-4
34
107
3-4
3-4
3-4
3-4
3-4
31
33

3-4
35-37
109-117
34-35
3-4
14
37
69
35
107
3-4
12
34
73
112
36
108
4
35
113
3-4
12
37
74
109
35
105
3-4
35
111
3-4
12
35
75
114
33
101
3-4
34
107
3-4
15
34
72
124
31
33

DW
DW
DW
TW
DW
DW
DW
DW
DW
DW
DW
DW
DW
Dw
DW

DW
DW
DW
TW
O.OIN
O.OIN
O.OIN
O.OIN
O.OIN NaCl
O.OIN NaCl
O,lN NaCl
O.lN NaCl
O.lN NaCl
O.lN NaCl
O.lN NaCl

(a)
(a)
(a)
(a)

O.lN

O.lN NaCl

Dw

0.6N NaCl

0.6N

0.6N NaCl

DW

2N NaCl

2N

2N NaCl

DW

SL1

SL1

SL1

5.2x1011
1.3 X1O-11
7.5 x 10-12
1.6x1011
5.3X1011
5.1X1011
3.8 X 10-11
2.1 X1O”11
1.5 X1O-11
4.8x 10-12
1.OX1O1O
7.6x1011
5.3 x 10”11
2.7 X 10-11
1.5X1011
2.0 x 10”11
7.3 x 10-12
6.4x 10_11
2.1 X1O-11
9.2x 10_12
6.3 X 10-10
5.5 X1 O-1’J
2.2 x 10-10
6.8X1011
2.7x 10-11
9.3X1011
2.1 x 10-11
4X1 O-9
7.6 X 10-10
2.3x101°
2.6x109
.2X109
-2X109
3.6 X 10-10
1.6 X 10-10
4.7 Xlo”lo
6.2x 10-11
2.7x10-8
1.2X108
2.6x109
5.5 X101O
3.6x10-i0
2.1 x 10-10
8.8 X1O-11
3.1 X1O-11
8.7 X 10-11
7.3X1011
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(’b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
0)
@)
@)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(b)
(’b)
@)
(b)
(b)
(b)
f?)
(b)
(b)
(b)
(b)
(b)
(b)
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Table 7 (contd.)
Generic
Symbol

Hydrating
Stress
(kPa)

Final
CiMining
Stress (kPa)

Hydrating
Fluid

BF1

Permeating
Fluid

Hydraulic
Conductivity
(m/s)

Reference

34
34
7.3 x 10-12
TW
El
(a)
33
33
6. OX1O1Z
E2
TW
(a)
33
33
4.1 X1O-11
E3
TW
(a)
32
32
2.OX1O-9
E4
TW
(a)
35
BF2
35
7.OX1O-12
TW
TW
(c)
<1. OX1O-12
35
35
RL
RL
(c)
1X1O-11
35
SHWL
35
SHWL
(c)
2X108
SL2
35
35
(c)
SL2
5X1O-12
TW
35
BM
35
(c)
TW
2X101O
35
35
RL
RL
(c)
8x10-10
55
35
(c)
SHWL
SHWL
1X1 O-9
35
35
(c)
SL2
SL2
1X1O-11
(c)
TW
TW
35
CL
35
7X1O-12
(c)
RL
RL
35
35
1X1O-10
(c)
SHWL
SHWL
35
35
3X1 O-1’J
35
(c)
35
SL2
SL2
1X1O”11
(c)
TW
TW
35
35
GS
3X1O-12
(c)
RL
RL
35
35
2X1O-11
(c)
SHWL
SHWL
35
35
4X1 O-7
(c)
SL2
SL2
35
35
2X1011
(c)
SL2
TW
35
35
1X1O-11
(c)
TW
TW
35
35
GSC
6X10-12
(c)
RL
RL
35
35
3X1012
(c)
SHWL
SHWL
35
35
2X1 O-7
(c)
SL2
SL2
35
35
3 X1 O-1’2
(c)
SL2
TW
35
35
2X1O-11
(d)
TW
TW
14
14
CL
4X1O-11
(d)
B
TW
14
14
4X1011
(d)
TW
TW
14
5
2X1O-11
(d)
E4
TW
14
5
2X1011
(d)
TW
TW
35
5
3X1O-11
(d)
SL3
TW
35
5
97)”
(d)
~
et al< (1994)
:U
l&lJ
an
Kowe
(1~
etrov
,eterences: (a) etrov et al. (19
>
; (b) J’
Notes: DW&tilled
Wate~ ‘TW=Tap Water;
SL1 -Synthetic Leachate #1 Ref. (b); Acetic Acid-4000
m@,Propionic
Acid-3000
m@, Butyric Acid-500
m~,
Na+=1615m~,K+=354
m@,NHd+ =618mglQCa2+ =1224m@,Mg2+
=473mg/QCl-4414
m@,HCOJ-=4876mgfQ
NO~2--40 m@, S012--137 m~,HPOq2--18
m~,COt>=156
m@,pH=6.~
E~=-328 mV
SL2-Synthetic
Leachate #2 Ref. (c);O.15 M acetic acid (9000 mg/L),O.15 M sodium acetate ~a+-3450
mg/L],
Ca2+-1000 m@, O.007 M salicylic acid @henol=658 mg/L]
RL1 -Real MSW Leachate Ref. (c); Na+ -368 m~,
Ca2+ -112 m@, Mg2+ -100 m@, CE520 mg/Q SO~2-=4340
mg/Q pH=~ Acetone=l16
m@, Benzene=9 mm, Phenol= 2.5 mm, Toluene-11
mm, Ethylbenzene -41 reg./l+
Xylene-130
mm
Chlorobenzene-87
mm, COD=687 mg/Q BODS=254 mg/L
RL2-Real
Leachate: Ref. (d) Composition unknown
SHWL=SimulatedHazardous
Waste Leachate Ref. (c); Acetone =4000 m@, Benzoicacid=2000
m@, Phenol-3000
m@, Chloromethanes1000
m@, Cadmium-100-200
mg/L
El =Ethanol 25%, Water 75% (by mass) Ref. (a); E2=Ethanol 50%, Water 50% (by mass) Ref. (a); E3=Ethanol
759Z0,Water 25% (by mass) Ref. (a)
E4=Ethanol 100%, Water O% (by mass) Ref. (a)
B= Benzene
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water.
Figure 14 shows an increase in the hydraulic
conductivity of the BF1 GCL when permeated with
synthetic leachate SL1 (see Table 7). At a low confining
stress (3-4 kPa) the increase is by ahnost an order of
magnitude.
At an intermediate confining stress (30-35
kPa) the increase is by a factor of six.

iO-8m
Permeont

o

,“-fl ~
o

10
Confining

“

MSW Leochote

30

20
Stress,

o;

( kPo

40
)

Figure 14.
Hydraulic
conductivity
and hydraulic
conductivity ratio versus static confining stress for
permeation of synthetic MSW leachate (modified from
Petrov & Rowe, 1997).
The increases in hydraulic conductivity evident in
Figure 14 are not a problem if the barrier system has
been designed based on the higher values that reflect
interaction with leachate.
However, it also should be
recognized that the change in hydraulic conductivity will
be highly dependent on the leachate. This is particularly
evident when one compares the results given in Table 7
for the BF2 product at intermediate stress (30-35 kPa)
for tap water (k= 7x10-12 m/s), real leachate (k e 1x1012m/s) and synthetic leachate SL2 (k - 2x10-8 m/s) based
on the tests of Ruhl and Daniel (1997).
This clearly
indicates the need to select the hydraulic conductivity
giving due consideration
to both the GCL and the
leachate that it is likely to encounter.
A indicated in
Table 7, the hydraulic conductivity increases with the
concentration of salts in the permeating solution. This
needs to be considered when comparing the results for
the two synthetic leachates and the “real leachate”. The
real leachate studied by Ruhl and Daniel (1997) (see
Table 7) had a low concentration of cations (Na+ -368
m~,
Ca2+ = 112 m~,
Mg2+ -100 mgfL) and actually
gave a hydraulic conductivity lower than that with tap
water. This may be due to the presence of bacteria that

can change the characteristics of the leachate during the
test, typically causing an increase in pH and a consequent
“dumping” or precipitation of some inorganic constituents
(see Rowe et al. 1995b).
This in turn can reduce the
hydraulic conductivity due to (a) a reduction in pore
space due to precipitation and bacterial clogging (see
Rowe et al. 1995b) and (b) the formation of gas bubbles
(typically methane or carbon dioxide) during anaerobic
degradation of leachate. These gas bubbles can lodge in
pore space and reduce the hydraulic conductivity unless
special efforts are made to maintain the sample in a
saturated state during the test. Both these mechanisms
can occur in field applications, however it is not known
to what extent this will occur and hence it is more
conservative
to use a chemically
similar synthetic
leachate.
Since at typical laboratory temperatures it
usually takes about 100 days for significant biological
activity to be induced (see Rowe et al. 1997d, f), there is
also the potential for changes in leachate characteristics
and gas formation even using synthetic leachate in very
long term tests.
Not all “synthetic” leachates are similar. The synthetic
leachate used by Petrov and Rowe (1997) was modelled
on Keele Valley Landfill leachate and has a very similar
chemical composition to the real leachate.
In contrast,
the synthetic MSW leachate used by Ruhl and Daniel
(1997) was not modelled on any specific leachate but was
deliberately “designed” to have a high Na+ and Ca2+
content knowing that this would have a significant impact
on Na-bentonite.
Considering the BF product, there is a clear trend in
increasing hydraulic conductivity with increasing ionic
strength of the leachate with Ruhl and Daniel’s “real”
leachate having the least effect (k e 1x1012 m/s), Petrov
and Rowe’s Keele Valley simulated leachate (SL1) having
a modest effect (k - 7.3 x1011 m/s) and Ruhl and
Daniel’s synthetic leachate (SL2) having the greatest
effect (k - 2X10_8 m/s) for samples hydrated and
permeated with the same fluid at -35 kpa. The value
obtained by Ruhl and Daniel with synthetic leachate is
very similar to that obtained by Petrov and Rowe with a
2N NaCl (Na+ -46
@L) solution. Thus the high value
obtained by Ruhl and Daniel is a little surprising
compared to the other data in Table 7. Nevertheless,
these results emphasize the need to perform tests on
leachate with a composition similar to that expected in
the actual landfill in order to obtain a realistic estimate
of the GCL hydraulic conductivity in contact with
leachate.
5.2

Hydration of GCLs

Since the hydration of GCLs with water prior to
permeation with leachate generally results in a lower
hydraulic conductivity, the level of hydration that can be
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achieved prior to contact with leachate is an important
question. Unfortunately, there is very little documented
research on this topic. Daniel and Shari (1992) indicated
that in contact with soil at the wilting point, bentonite can
be expected to have a water content rise to about 50%.
They performed a number of tests where the bentonite
from a CTCL (GS) was in contact with sand at different
water contents. Table 8 summarizes the bentonite-water
content after 40-45 days for bentonite placed in contact
with (0.1 -0.2 mm) sand at different water contents (at 14
It can be seen that under these
kpa pressure).
circumstmces, the bentonite is very efficient in its uptake
of water from the underlying soil. It may be expected
that there would be less uptake of water if the GCL is
placed on a dry geosynthetic drainage layer or on a
drainage layer of stone at a typical (very low) water
content, although test results would also be useful in
these cases.
Table 8. Uptake of water by bentonite
Daniel & Shari 1992).
Sand Initial Water
Content

(interpreted

from

Bentonite Water
Content at 40-45 Days

50
75
88
128
156
193
Bonaparte et al. (1996) performed hydration tests on
three different
GCL products
in contact with a
compacted clay (PL=22%, PI=195%, COOPL=20%)
placed
at three different water contents (@oPt -4%, @~Pt,@~Pt
+4?%). Even for the driest soil (co - 16%) the GCL
moisture content increased from initial values of 15-20?%
up to about 40% within 20 days. At the higher water
content there was greater hydration. For compacted soil
at co=249Z0, after 75 days the GCL water content had
increased to 70-9070 depending on the product. Their
test suggested that the uptake of moisture over a period
of 25 days was not significantly affected by the applied
pressure over the stress range of 5 to 390 kpa.
Daniel et al. (1993) examined the effect of partial
hydration on the hydraulic conductivity of GCL GS. They
found that when the partially saturated GCL was
permeated with concentrated hydrocarbons, the hydraulic
conductivity was high (see Table 9) for a low initial water
content (1770 and 50Yo) but was close to that of water
(except for TCE) at a water content of 100% and less
than that due to water at higher water contents. Thus it
was not necessa~ for the GCL to be fully saturated to
have a low hydraulic conductivity.
1
2
3
5
10
17
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Table 9. Summary of results of permeability tests on
partially saturated bentonite (after Daniel et al. 1993)
Permeating
Licmid co.
Benzene
Gasoline
Methanol
Tertbutylethylether
Trichloroethylene
Water
5.3

Hvdraulic Conductivity (m/s)
17q0
3x10-7
4x10-7
3x107
2x107
4x 10s

50%
2X107
4X107
3X1 O-7
3X1 O-7

100%
5x 10-11
4X1O-11
3x 10”11
<1 Xlo-11

125%
No ROW
No ROW
No HOW
No NOW

4X1 O-7

3x 10-10

No ROW

--

--

1-2X 10-11 --

Effect of Holes in GCL

Shari and Daniel
(1991)
examined
the effect of
puncturing a CL type GCL by cutting out three holes in
each 152 mm diameter specimen.
The samples were
allowed to hydrate under a confining stress of 14 kpa.
The hydraulic conductivity to water was then measured as
summarized in Table 10. Under these test conditions the
bentonite swelled to completely fill the 12 and 25 mm
diameter holes. However, two out of the three 75 mm
holes were reported to have not sealed and left an
opening
of 12 mm diameter
giving a hydraulic
conductivity greater than 2x10-s m/s (the upper limit
measurable with the equipment used).
These tests
suggest that the GCL had the capacity to effectively selfheal small holes but not large holes or tears.
Table 10. Effect of punctures in a GCLCL
& Daniel 1993)

(after Shari

Diameter of
Punctures

Hydraulic Conductivity
to Water
(m/s)

No
12
25
75

2X1O-11
3x 10-11
5X1O-11
>2X1O-6

6

punctures
mm
mm
mm

DIFFUSION

THROUGH

GCLS

& will be discussed in more detail later, contaminants
can migrate through a geomembrane
by (a) diffusion
through the geomembrane
(see Section 8) and (b)
advection through holes (see Section 9).
The clay
component of the composite liner serves two purposes:
(a) it acts as a diffusion barrier and (b) it minimizes
leakage through holes in the geomembrane.
The growing
interest in the use of GCLS as a replacement
for

compacted clay liners raises the need to address the
“equlval~nce” of the GCL and compacted clay liner with

k

respect to both functions.
This will be addressed in
Section 10, however in order to make this assessment one
must first have a knowledge of the diffusive and sorptive
characteristics
of GCLS as well as the hydraulic
conductivity.
Hydraulic conductivity was discussed in
Section 5. In this section, the diffusion through GCLS
will be acldressed. Advection will be discussed in Sections
9 and 10.
Diffusion involves the movement of molecules or ions
(in air, water or solid) as a result of their own random
kinetic
activity
from
areas
of
higher
activity
(concentration) to areas of lower activity (concentration).
The movement of molecules or ions in porous media
(including GCLS) is given by Fick’s Law

f = -npe~

(3)

e Bent =2.4
n Wnt = 0,7

D ~-=

‘r=3”0cm
It:‘1

1.S x 10-10 m2/9

0.0
o

2

4

6

8

Cback (C1- ) = 13 ‘@
—L
10
12

Time, (days)

in which f is the mass flux ~L2Tl],
n. is the effective
porosity [-], D. is the effective diffusion coefficient ~2T-1],
c is the concentration in the GCL [ML3] and z is the
distance parallel to the direction of difksion ~].
To
date, little has been published concerning diffusion
through GCLs. Rowe et al. (1997b) have developed an
apparatus that can be used to measure the diffusion of
various contaminants through a GCL. Details regarding
the apparatus and test procedure are given in that paper
and will not be repeated here. Briefly, the test involves
placing a contaminant source on one side of a hydrated
GCL and an uncontaminated
receptor solution on the
other side of the GCL (see insert to Figure 15). The
change in concentration in both the source and receptor
solution is then monitored with time as contaminant
diffuses (with a hydraulic gradient of zero) from the
source to the receptor solution.
Figure 15 shows the data obtained for a needle
punched
GCL BF2
(see
Table
6 for nominal
characteristics)
for a sample confined to a hydrated
thickness of 7.1 mm. By adjusting the effective diffusion
coefficient
and porosity, it is possible to obtain a
theoretical fit to the source and receptor concentration
using a computer program (Rowe & Booker 1983,
1997a).
Based on this procedure, and using the total
n= O.71, an effective
diffusion
bentonite
porosity,
coefficient, D,, for chloride of 1.5 xlO1° m2/s was inferred
giving a product nD, = 1.05x1010 m2/s. Due to the
scatter of data inevitable in this type of test, there is
some uncertainty and more than one combination of n
and D. could be used to fit the data shown in Figure 15.
However, for the range of uncertainty, the value of nD,
only varies between 1.0 and 1.08 m2/s. It should also be
noted that during a diffusion test there will be
mechanisms other than molecular diffusion influencing

Figure
15.
Variation
in source
and receptor
concentration with time for a diffusion test on a needlepunched GCL BF2 (modified after Rowe et al. 1997b).
the movement of ions (see Rowe et al. 1995b) and D, is
really more a mass transfer coefficient than a true
coefficient of molecular diffusion.
A more detailed
examination of anion exclusion and osmosis, and their
potential effect on the effective porosity and diffusion
coefficient is currently in progress and will be reported in
a subsequent paper.
Similar tests have been performed
for different
products and different hydrated thicknesses of the GCL
(see Table 11) and the diffusion coefficient and porosity
is found to be a function of the void ratio which, in turn,
is related to the confining stress and hydrating conditions.
Similar tests to those reported in Table 11 can be
performed for other contaminants (both inorganic and
organic) and these tests are ongoing at the University of
Western Ontario,
Diffusion can be an important consideration
with
respect to contaminant impact of well designed and
It can also impact on
operated landfill facilities.
laboratory hydraulic conductivity tests.
For example,
Figure 16 shows the salinity ratio of various pore volumes
of permeant in a hydraulic conductivity test on a GCL
(BF1). As can be seen, the effluent is at 50% of the
influent salinity after only 0.3 pore volumes. This early
“breakthrough” could be misinterpreted as indicating a
macro-structure and preferential flow paths however, in
reality, it is diffusion of chloride ahead of the advective
contaminant front and can be readily predicted using a
diffusion coefficient of about 4X 1010 m2/s.
The observation that there will be an “early” diffusive
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Table 11. Chloride
GCLS.

GCL

diffusion

Applied
Stress
0“‘
(kPa)

characteristics

Hydrated
Thickness

of some

Effective
Diffusion
Coefficient
D.
(m2/s)

Porosity
n

65
100
350

11.1
9.1
7.1
5,6

3X101O
2x 10”10
1.5 X1O”1O
0.4X 10-10

0.80
0.77
0.71
0.51

BF2

25
140
280

9.1
7.1
5.6

2.5 X 1O-10
1.6x1O-10
O.7X1O1’J

0.77
0.68
0.64

BF4

29
100

11.1
7.1

2.9x 1o-10
1.3 x 1010

0.83
0.74

BF3

k+CL

(mm)

20

Table 12. Diffusion coefficient
Liner
Material
CL
Organoclay
HA-AlOH-

(-)

inferred by Lo @992).

Effective Diffusion Coefficient D.
jm2/s)
Chloride
Lead
1,2 DCB
2.4x101O
5.9 X1O-10
9.8x 1O-11
4.9X1O-10
9. OX1O-10
1.5 X1O-10
3.6x 1010

7.6 X 10-10

chloride.
Diffusion coefficients for the modified clays
were up to 50% greater than for conventional bentonite.
Compared to the modified clays, conventional bentonite
gave the greatest sorption for lead (which was strongly
retarded) but the sorption of the chlorobenzenes
was
very low.
In contrast, the modified clays allowed
substantial sorption of the chlorobenzenes.
Finally, it
should be noted that “sorption” of heavy metals is
strongly pH dependent.
Table 13. Linear sorption coefficient
(1992).

I.2

1

r
F

1

I

1 1
-1

Liner
Material

1.0
li”
\

(Model led )

,Z

,“
.>
/’
/

/(

417

20

1,2,4
TCB
2.2
1320
38

1,2,4,5
TECB
10
4500
254

lx 10-’0rn2/s
(Model led)

.’
●

/’

/

Meosured

7

.’

-HA:

I

0.25

1

0.5
Pore

Volumes,

0.75

1.0

PV

movement of contaminant ahead of the advective front
in hydraulic conductivity tests can be used to obtain an
estimate of diffusion characteristics.
For example, Lo
(1992) used the program POLLUTE (Rowe & Booker
1983; 1997a) to fit the concentration
profile in the
effluent for tests performed using the GCL “CL” and
obtained diffusion coefficients as summarized in Table 12.
Separate batch tests were used to obtain the sorption
coefficients given in Table 13. It was inferred that the
diffusion coefficient for lead was greater than that for
chloride
while
the
diffusion
coefficient
for 1,2
dichlorobenzene was reported to be less than for
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Figure 16. Effluent relative salinities versus pore volumes
of salt solution, measured and modelled (after Rowe et
al. 1997b).
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The exposure conditions of a geomembrane
may be
expected to be different depending on whether it is part
of a composite primary or seconda~
liner.
As a
component of the primary liner, the geomembrane
is
subject to direct contact with leachate and temperatures
higher than normal groundwater temperatures.
As part
of a secondary liner it is in contact with less leachate than
the primary liner and this leachate will likely have
experienced some attenuation due to cation exchange,
precipitation and biodegradation as it migrates through
the primary clay liner. The secondaty geomembrane is
also likely to be closer to natural groundwater
temperature.
However, depending on the design and
operation of the secondary system, there is potential for
exposure to atmospheric oxygen. Thus the service life of
prima~ and secondary geomembrane
liners may be
expected to be different (Rowe et al. 1994).

7.1

Potential Failure Mechanisms

The two most important factors that affect the short-term
performance of a geomembrane barrier are engineering
design (including linerfleachate compatibility verification)
and geomembrane manufacturing/installationCQC/CQA.
Provided adequate engineering design is carried out and
appropriate CQC/CQA procedures are followed during
the manufacture and installation of the geomembrane,
the geomembrane barrier component maybe expected to
perform satisfactorily in the short term. The design life
(i.e. long-term performance)
of the geomembrane
is
influenced primarily by the synergistic effects of chemical
and physical stresses over an extended period of time.
Primary considerations are the effect of temperature and
the effect of tensile stresses over and above calculated
design values (e.g. due to contact stresses that are related
to the level of geomembrane
protection, and stresses
induced due to wrinkles/waves).

7.2

Geomembrane

Protection

The provision of adequate protection to a geomembrane
to strains induced by stones in a granular leachate
collection layer is the subject of considerable debate.
The debate largely hinges on the difference of design
philosophy with respect to (a) providing sufficient
protection to avoid holes in the geomembrane
(i.e.
puncture of the geomembrane);
and (b) providing
sufficient protection
to control the strains due to
indentation to a negligible (- 0.25%) level (e.g. see
Narejo 1995a,b; and discussion by Bishop 1996). Giroud
et al. (1995) have developed a method of analysis for
calculating geomembrane puncture resistance and BaduTweneboah et al. (1998) have developed an approach for
evaluating the effectiveness of HDPE geomembrane liner
protection. Reddy et al. (1996) evaluated the damage to
a 1.5 mm HDPE geomembrane due to construction loads
and concluded
that “a geotextile
as light as 270
g/m2...completely
protects
the geomembrane
from
Wilson-Fahmy
et al. (1996),
construction loading”.
Narejo et al. (1996) and Koerner et al. (1996b) provide
an extensive examination
of puncture protection of
geomembranes.
They showed that there is a linear
increase in protection resistance with increasing thickness
(mass per unit area) of the protection layer. However,
the German approach (Brummermann
et aL 1995;
Saathoff & Sehrbrock 1995; Bishop 1996 Seeger &
Muler 1996) goes beyond providing puncture protection
and focuses on minimizing the ccmtributionof indentation
(and subsequent sensitivity to stress cracking) due to
collection stones under long term loading condition to a
very low strain level (- 0.25%).
The differences
between
the U.S. and German
in philosophy.
approaches
is ParflY a difference

However, there is also room to question the relatively
arbitrary choice of 0.2570 as a limiting strain (see Bishop
1996).
Furthermore, the allowable strain can not be
considered in isolation but, rather, must be considered in
the context of the method of measurement used to assess
whether this objective has been met for a given form of
geomembrane protection. For example, Giroud (1996b)
has quoted a case where the measured strain in a
geomembrane
that had been damaged, but not punctured, by stones was approximately 0.3% using a 5 mm
scanning grid and an order of magnitude larger (3Yo)
using a finer 0.5 mm scanning grid. Based on this, he
argued that a limit of strain of say 0.5% with a scanning
grid of 5 mm may really be equal to an allowable strain
of 570. By analogy, an allowable strain of 0.25% with a
5 mm scanning grid may really be an allowable strain of
2.5%.
Notwithstanding
these uncertainties, it would
appear that the German approach is more likely to
minimize tensile strains in the geomembrane
than the
U.S. approack the need for the additional conservatism
of the German approach remains an open question and
may depend
on the required service life of the
geomembrane.
7.3

Wrinkles (Waves)

Wrinkles (also called waves in some papers) in a
geomembrane are a source of considerable concern. It
is well recognized that the high coefficient of thermal
expansion and heating by the sun during construction
play an important role in wrinkle formation. Conversely,
these factors are important
with respect
to the
development of potentially significant tensile stresses in
the geomembrane
if it is placed without wrinkles at a
temperature significantly above its long-term ambient
temperature. White geomembranes have been shown to
lessen (but do not eliminate) the problem (Pelte et al.
1994 Koerner & Koerner 1995a).
Giroud and Morel
(1992) and Giroud (1995) showed that in addition to
temperature,
colour and the coefficient
of thermal
expansion, factors such as roughness and flexibility can
also influence the size of wrinkles. Some have thought
that wrinkles will “go away” due to applied pressure once
the waste is placed, however findings by Stone (1984),
Koerner et al. (1997) and Soong and Koerner (1998) cast
doubt on that assumption and suggest that wrinkles may
exist under even high pressure. In a series of laboratory
tests conducted with normal stresses as high as 1100 kpa,
they found that although there was a reduction in wrinkle
height, the wrinkles remained. As a result of the wrinkle
geometry and the applied stress, tensile strains of up to
3.2% were induced in the 1.5 mm thick HDPE
geomembrane for an 80 mm high wrinkle at 230C. In no
case was intimate contact achieved in their tests even for
the smallest wrinkle height studied (14 mm).
Most
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interestingly, it was found that even an increase in
temperature
up to 55oC (e.g. to simulate a high
temperature in the landfill leachate) and an applied
pressure of 700 kpa did not eliminate wrinkles and that
the tensile strains for a 60 mm initial wrinkle increased
from 3% at 230C to 4.9$% at 420C and 550C.
The presence of wrinkles (waves) in the geomembrane
raises several concerns.
Firstly, there is increased
potential for contaminant migration through a hole in the
geomembrane
at or near the wrinkle (see Section 9).
Secondly, there is increased potential for stress cracking
due to the tensile strains that are induced by the wrinkle
and these may be compounded by other tensile strains.
This suggests
the need
for greater
attention
to
reducing/avoiding wrinkles, possibly following the lines
presently being advocated in Germany (Averesch &
Schicketanz 1998). However, care is required to ensure
that the elimination of wrinkles is not at the expense of
inducing significant tensile strains in the geomembrane
that could ultimately contribute to long term stress
cracking, particularly at the toe of slopes.
One may
expect that in this situation, stress relaxation will play an
important
role but the long term stress
in a
geomembrane subject to tensile strain remains an open
question and hence it would be prudent to minimize the
tensile strains.
7.4

Existing Long Term Performance

Data

The relatively short history of geomembrane use in waste
containment applications makes it rather difficult to
predict a definitive service life for geomembranes.
In
Europe, polyethylene geomembranes were developed in
the 1960s. Therefore, there is about 30 years of actual
field experience with geomembranes
used in canal and
pond lining applications.
Geomembranes
have been
extensively used as liners for landfills since the early
1980s. A study by Brady et aL (1994) examined the
behaviour of HDPE in different environments over a
period of 30 years. The results of tests on unaged and 30
year old specimens showed that there were no substantial
changes in density, water adsorption value, and water
extractable matter content. There was a small change in
resistivity which was judged to be of no practical
importance.
There was no significant change in impact
resistance after 15.5 years however a reduction of about
50% was observed over a 30 year period. The data from
tensile tests showed that over the 30 year period the
tensile strength remained essentially constant but there
was a reduction in the strain at the peak (yield) strength
and the HDPE became stiffer with time.
The oldest case histories which provide information on
the field performance of geomembranes come from their
use as canal/pond liners. Schmidt et al. (1984) carried
out a series of physical index tests (yield, elongation,
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break and tear properties) on samples of polyethylene
geomembranes
from exposed and submerged geomembranes that had been in use for up to 16 years. The test
results were compared with the original geomembrane
material properties
specified
at the time of the
geomembrane
installation.
The study concluded that
there is typically a stiffening of the geomembrane with
time, but that this is less significant
for buried
(unexposed) material. The major causes of failure to the
liners was from physical/mechanical damage, rather than
weatheringfaging
effects.
The authors conclude that
when polyethylene
geomembranes
are buried (i.e.
protected), they showed only minor changes in physical
performance over the observation period of 16 years.
Rollin et al. (1994) reported results obtained for
samples of HDPE geomembrane that had been used in
a contaminated soil containment facility for 7 years.
Aging was found to increase the yield strength, decrease
the tensile force required for rupture and lower the
elongation at rupture.
Aging was more severe for
samples from the bottom of the cells than for samples
from the slopes or cover.
In a study by Hsuan et al. (1991), HDPE geomembrane samples were taken from a 7 year old solid waste
leachate lagoons. The samples were obtained from four
different locations in the lagoons, ranging from areas
continuously exposed to the atmosphere to those at the
bottom of the impoundment,
continuously covered by
It was concluded that
(1) there was no
liquid.
substantial macroscopic
change in the geomembrane
sheets or seams after 7 years exposure at the site; (2) an
evaluation of the stress crack resistance of the materials
indicated that constant outdoor exposure had not caused
substantial changes in the internal structure of the
materia~ and (3) changes in the geomembrane
were
obsemed only on the molecular level and they did not
affect the engineeringfhydraulic
containment properties
of the geomembranes.
In contrast, Rowe et al. (1998a) conducted a similar
study of a leachate lagoon liner after 14 years of
operation.
They observed very low standard oxidative
induction
(OIT) values for exposed
geomembrane
accompanied by a reduction in tensile break properties
and stress crack resistance of the geomembrane.
The
results of the Melt Index test suggest that the degradation
was induced by a chain scission reaction in the polymers.
The geomembrane was severely cracked indicating that
the material was highly susceptible to stress cracking.
This was confirmed by SP-NCTL tests.
For geomembranes that were either covered by soil or
leachate, the depletion of antioxidant was slower than for
the exposed and partially exposed geomembranes.
The
amount of antioxidant present in these geomembranes
seems to have been sufficient to protect the geomembrane from oxidation degradation over the 14 year

exposure period.
The results of the Rowe et al. (1998b) investigation
substantiate the importance of the type and amount of
antioxidant and stress crack resistance to the longevity of
the geomembrane and suggest that these two properties
should be evaluated and incorporated in the specification
of a HDPE geomembrane to assure their quality.
7.5

Predictions

of Service Life

While the most reliable method of determining the
service life of geomembranes
would be from exposure
under the actual field conditions, this is not presently
feasible due to the length of time that would be required
to obtain
useful
results.
Consequently,
several
“accelerated aging” tests have been developed which
attempt to simulate long-term exposure of HDPE.
However, in order to use these results one also needs an
understanding of the mechanism of geomembrane aging
and failure.
As discussed by Hsuan and Koerner (1995), there are
two types of aging physical and chemical. Physical aging
involves a change in the crystallinity of the material but,
by definition, there is no breaking of covalent bonds.
Chemical aging involves degradation where there is
breaking of covalent bonds and, eventually, a reduction
in the engineering properties
of the geomembrane.
Conceptually, chemical aging can be considered to have
three distinct stages: (a) depletion time of antioxidants;
(b) induction time to the onset of polymer degradation
and (c) degradation of the polymer to decrease some
property (or properties) to an arbitrary level (e.g., to
50% of the original value).
There are two key issues with respect to chemical
breakdown:
(a) the amount of antioxidant and its
consumption and/or removal (e.g. by diffusion/leaching)
from the geomembrane,
and (b) the presence of an
Generally,
environment where oxidation can occur.
conditions at the base of a landfill (i.e. above the primary
liner) are anaerobic except for the first few years of
operation. There is likely to be more persistent oxygen
in the secondaxy Ieachate collection system (and hence
above the seconda~ geomembrane) due to its separation
from the biological processes ongoing in the landfill.
Hsuan and Koerner note that the oxidation reaction of
polyethylene
can be increased
in the presence
of
transition metals (e.g. Co, Mn, Cu, Pd and Fe). Since
these are all potentially present in leachate, there is
potential for the reduced presence of o~gen above the
primary geomembrane liner to be at least partly offset by
increased reactions due to the presence of the transition
metals (amongst other things).
There is the potential for debate regarding the
property(s) to be assessed with respect to the degree of
polymer breakdown.
In landfill base liner applications,

the real service life depends on the hydraulic and
diffusive properties of the geomembrane.
Provided that
stress cracking does not occur, it is conceivable (and
likely) that a geomembrane
may lose strength and
become brittle while still performing satisfactorily as a
barrier. Therefore, the “hydraulic and diffusive service
life” of a geomembrane may exceed the service life as
determined by the degradation of physical properties
such as tensile strength.
This issue is the subject of
current research by the writer and his coworkers at
UWO.
However, based on available information, it is
also clear that it is desirable to minimize the physical
degradation (by appropriate use of antioxidants) and to
use geomembranes with adequate stress crack resistanm
since the most likely long term cause of loss of hydraulic
resistance would be due to the formation of stress cracks
in the geomembrane.
Koerner et al. (1993b) have recommended
that
geomembranes used as liners should not fail in 200 hours
in a single point notched constant load test (SP-NCLT,
ASTM D5397) at 30% of the yield stress. Studies at GRI
have also led them to recommend minimum OIT values
of 100 minutes for the standard test (D3895;) or 400
minutes in the high pressure test (D5885).
After oven
aging at 850C for 90 days (ASTM D57Z1), the
geomembraneshould
retain 55% of the standard Std-OIT
or 80% of the HP-OIT value. In the final assessment of
service lives in this section, it is assumed that the
geomembrane meets these criteria.
A number of investigators have addressed the issue of
trying to assess the service life of geomembrane liners for
landfills; these have ranged from “expert opinion” to
quantification based on accelerated test data. A U.S.
Environmental
Protection Agency (USEPA)
ad hoc
committee considered the durability of polymeric landfill
lining materials (i.e. HDPE) in landfilIs. Haxo and Haxo
(1988) summarized the views of these U.S. experts who
opined that (subject to numerous qualifications)
the
service life of geomembranes was likely to be in the order
of hundreds of years. Tisinger and Giroud (1993) echo
this opinion and state “that in properly designed and
constructed facilities, HDPE geomembranes
should be
able to protect groundwater from leachate for hundreds
of years”.
Gray (1990) compared two methods of accelerated
aging, which both use elevated temperature to simulate
long-term HDPE exposure.
The paper reviewed work
carried out by the wire and cable industry which indicates
the service life of HDPE insulation on cables (at a
temperature of 400C) is in the order of several hundred
years,
Lord and Halse (1989) reviewed work carried out by
the plastic pipe industry on the service life of HDPE
pipes used in natural gas pipeline applications.
These
studies used elevated
temperatures
and stresses to
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determine the ductile/brittle transition point of HDPE
pipe, and predicted a service life of greater than 50 years
for pipes under relatively high stresses ( >7,000 lcpa). For
a geomembrane at the base of a landfill, the stresses will
be much less and it is expected that accelerated aging
tests at these lower stresses would indicate a longer
service life (likely in the order of several hundred years).
Most of the work on natural gas pipeline service life
has been carried out by Hoechst a.g., a German
company.
They have applied their pipe research
expertise to the geomembrane area and conclude that the
interaction with leachate is the largest concern in the
service life of geomembranes.
Although the stress fields
in an HDPE pipe are different than those in a
geomembrane
liner, these studies indicate that the
lifetime curves for pipes are applicable to geomembrane
sheets with appropriate stress correction factors. Based
on this work, Koch et al. (1988) conclude that (1) The
application of the Arrhenius extrapolation technique to
predict the service life of HDPE has been confirmed over
30 years of testing. (2) Although various chemicals in
landfill leachate
have the potential
to reduce the
durability, since the concentration of organic compounds
is low, the durability of HDPE in a domestic waste
Iandfdl can be assessed as similar to those in water
containing a wetting agent. (3) Based on Arrhenius
extrapolation, the time for mechanical/chemicalalteration
in an aqueous environment at 250C is between 300 and
400 years assuming that leachate contains the same
oxygen content as laboratoq’ bath water. (4) Because of
the anaerobic environment, with little or no oxygen, in a
landfill environment,
the actual time for chemical
alteration should be longer than the times suggested by
the laboratory data. (5) Considering all of these factors,
the service life of these HDPE geomembranes could be
expected to be considerably greater than 100 years.
None of the investigations and predictions noted above
identified or directly considered the three stages of aging
defined by Hsuan and Koemer (1995) although the
accelerated aging test and hence the prediction would
have incorporated all three components.
However, it is
useful to consider the three components in an attempt to
This can now be
improve estimates of service life.
attempted based on the work of Hsuan and Koerner
(1995) and Hsuan and Guan (1997) who have reported
the results from two series of tests directed at assisting in
the estimation of the depletion time of antioxidants in
In both cases, samples of a single
geomembranes.
specific geomembrane
were incubated at a series of
temperatures
(55, 65, 75 and 850C).
Samples were
retrieved at various time intervals and evaluated by a
number of tests for the physical, chemical and mechanical
The tsvo test series were: (1) Series I:
properties.
Nonstressed-Water
Incubation
Hsuan and Koemer
(1995) indicate that these tests were “designed to simulate
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geomembranes
that are exposed to liquids (water or
leachate) on both sides and are essentially nonstressed”.
The HDPE samples were fully immersed in four water
baths maintained at constant temperatures
(as noted
above). The data presented in the report for this series
of tests spans a period of 30 months (2.5 years). Series
III: Compressive Stress-Water/Air
Incubation
These
tests are said to be “intended to simulate geomembranes
situated
beneath
solid
waste
landfills”.
The
geomembrane is located between two (100 mm thick)
layers of sand. The upper layer appears to be saturated
and there is a 0.3 m water head acting on the
geomembrane.
The soil below the geomembrane is dry.
The data presented in the report for this series of tests
spans a period of 24 months (2 years). These tests were
conducted with the geomembrane subjected to a vertical
compressive stress of 260 kpa.
tests
TWO different Oxidative Induction Time (OIT)
were performed and hence there is a (small) range to the
interpretation of the results based on the two different
methods. Based on the OIT values obtained at the four
different temperatures, the results can be extrapolated
back to the expected (lower) temperature of a primary
geomembrane liner in a (North American) MSW landfill
using the Arrhenius equation, assuming that the OIT
depletion rate varies exponentially with the inverse of
temperature (i.e. VT where temperature, T, is in oK).
The values deduced by the writer, based on Hsuan and
Koerner (1995) for Series I and Hsuan and Koerner
(1997) for Series III, are given in Table 14. In their
Table 14. Calculated time for antioxidant depletion based
on test data by Hsuan & Koemer (1995). (Original
geomembrane
had Std-01T=80.5
mti, HP-01T=210
mti, Density =948.8 kg/m3; Melt Index=O.23 g/10 rein;
Yield Stress =19.2 MPa)
Temp.
(a)
‘c
10
15
20
25
30
35
40
45
50
55
60

Series I
(b)
Years
111
98
59
44* *
33
25
19
14
11
9
7

Series
III
(c)
Years
453
299
200”
135
93
65
45
32
23
17
12

Mean of
I & III
(d)
Years
282
199
130
90
63
45
32
23
17
13
9.5

Mean of
(C) & (d)
Years
368
249
165
113
78
55
39
27
20
15
11

* Value calculated by Hsuan & Koerner (1997)
** Value calculated by Hsuan & Koerner (1995)

discussion of their experimental
results, Hsuan and
Koerner (1995) state that: “The shorter depletion time in
Series I probably is due to the extraction rate of the
antioxidant which is higher in Series I than in Series III
conditions.
The samples in Series I were exposed to
moving water on all of their surfaces, whereas samples in
Series III were exposed to stationary water on only one
surface. It is known that moving water as in Series I tests
actually causes leaching of antioxidants.
Hence, the
depletion time for incubation Series I probably is a very
conservative value, since it is not common for both sides
of the geomembrane to be exposed to moving liquids. In
this regard, the results of the Series III tests seem to be
more similar to HDPE geomembranes in service applications.”
Considering the likely conditionsin a landfill, the Series
I depletion times given in Table 14 would appear to be
too conservative since the geomembrane
will not be
subjected to moving water on both faces (as indicated by
Hsuan and Koerner), however there is the potential for
the movement of leachate adjacent to one face. This is
likely to be less severe than the movement of oxygenated
water but may be more severe than the stationary 0.3 m
of water case examined in the Series III tests.
The
present writer averaged the depletion times between the
Series I and III values based on the argument that this
would correspond (approximately) to fluid movement on
one face of the geomembrane
and stationary condition
on the other face. These depletion times are also given
in Table 14. It could be argued that these interpolated
depletion times represent a lower estimate of depletion
time since the flushing fluid in the landfill environment is
likely to be depleted in oxygen relative to the water used
in the Series I tests. On this basis, the likely depletion
time would lie between the mean value (column (d)) and
the Series III value (column (c)) and the mean value is
given for each temperature in the last column.
Based on the concept of aging outlined by Hsuan and
Koerner and summarized earlier, the “service life” of a
geomembrane would be the sum of the time to antioxidant depletion plus the induction time plus the time for
degradation of the polymer. Hsuan and Koerner (1995)
indicate an induction time of 12 years at 250C. Hsuan
and Koerner (1995) do not provide any information
regarding degradation time in this report but indicate that
this will be addressed in future reports (over the next
decade).
Based on the Series III results, an induction time of 12
years and essentially ignoring the property degradation
time, the service life of the geomembrane at 250C would
be about 150 years (135 + 12 = 147 = 150 years).
Based on the interpolated value of 113 and an induction
time of 12 years, the service life would exceed 125 years.
Recognizing that unstabilized 25 year old intact plastic
has been found in landfills, it is not unreasonable to allow

at least 25 years for the degradation time, giving a service
life of113
+12+25=
150 years for a primary
geomembrane at 250C. If a secondaq geomembrane is
at a lower temperature,
the service life would be
expected to exceed 400 years at 100C and 300 years at
150C. Taking an intermediate value, the service life of a
secondary geomembrane
is estimated to exceed 350
years.
The setvice lives calculated above are reasonably
consistent with earlier predictions or, to the extent that
they differ, are more conservative at 250C (or less).
However,
the rapid decrease
in service life for
temperatures above 250C should be noted. As discussed
in Section 2, landfiU temperatures can increase rapidly to
400C or more in a few years if Ieachate mounds to 6 m
and this could reduce the service life of an underlying
geomembrane to 40-75 years (with the range depending
upon how the induction and degradation time decrease
at 400C). A temperature increase to 600C (see Section 2)
could reduce service lives to as little as one or two
decades. In short, the service life of the geomembrane
may be closely linked to the nature of the waste and the
landfill operations and thus these should be carefully
monitored.

8

DIFFUSION

THROUGH

GEOMEMBRANES

There are two prima~ mechanisms for contaminants to
migrate through geomembranes:
(a) “leakage” through
holes and (b) diffusion through the intact geomcmbrane.
Leaks are discussed in Section 9.
In this section,
attention will be focused on diffusive movement of both
water and contaminants.
Geomembranes are not a conventionalporous
medium
in which the pore size is large relative to both water and
contaminant molecules.
There is no “flow”, in the
conventional
or Darcian
sense, through an intact
geomembrane.
However, there can be movement of
water and contaminant through the geomembrane due to
The diffusive movement
of a
molecular diffusion.
penetrant
(contaminant
or
water)
through
a
geomembrane where there are no defects such as pores,
cracks or holes involves a cooperative rearrangement of
the penetrant molecule and the surrounding polymer
chain segments.
The process requires a localization of
energy to be available to allow a diffusive jump of the
penetrant molecule in the polymer structure.
The
penetrant molecule and part of the polymer’s molecular
chain may share some common volume both before and
However, this jump will involve the
after the jump.
breaking of some van der Waals forces for other
interaction
between
the component
molecules
and
polymer segments (Rogers 1985).
Thus the diffusive
motion depends on the energy available and the relative
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nobilities of the penetrant molecules and polymer chains.
This will depend on temperature and concentration, the
size and shape of the penetrant, and the nature of the
polymer.

8.1

Diffusive Transport

The diffusion
of penetrant
geomembrane can be modelled

molecules
through
by Fick’s Law

a

(4)

f . .+

in which f is the mass flux ~L2T-1], D~ is the diffusion
coefficient
in the geomembrane
p2T-1], c~ is the
concentration
of the penetrant
of interest in the
geomembrane ~L3] and z is the distance parallel to the
direction of diffusion ~]. Consideration of consemation
mass then gives the governing differential equation for
transient diffision
(5)

the term “sorption” is a generalized term for the removal
of the penetrant molecules
from the fluid and its
dispersal on or in the polymer.
This may involve
numerous processes including adsorption, absorption,
incorporation in microvoids, etc.
The distribution of
penetrant may change with concentration, temperature
and time and may change due to potential interaction
with the polymer and swelling of the polymer matrix.
Although much research has been conducted on sorption
relating to plastics, there is limited recognition of its
importance with respect to the design of landf~
using
geomembrane liners.
For the simplest case, where the permeant does not
interact with the polymer (often, but not always, the case
for HDPE geomembranes)
or at low concentrations
(Rogem 1985), Henry’s law is obeyed and for this “Type
I“ sorption (Naylor 1989) the relationship behveen the
concentration in the fluid and solid is given by Eq. 6
where, in principle, S4 is a constant for the given
molecule,
fluid, geomembrane
and temperature
of
interest (as will become evident later, S& will depend on
the chemical composition of the fluid). Thus, substituting
Eq. 6 into Eq. 4 gives the flux from a fluid on one side of
a geomembrane to a similar fluid on the other :side

which must be solved for the appropriate boundary and
initial conditions (see Rowe et al. 1995b for discussion of
this related to landfills).

(8)

where P~, given by
8.2

Sorption, Volubility and Henry’s Law

Pg = SdDg

When a geomembrane is in contact with a fluid (gas or
liquid) for sufficient time to reach an equilibrium, there
will be a relationship between the final equilibrium
concentration in the geomembrane,
c~ ~L-3], and the
equilibrium concentration in the adjacent fluid ~, ~L-3].
This relationship may often be described by the Nernst
distribution function (Rogers 1985) which may take a
linear form (Henry’s law):
(6)

Cs = % Cf

(9)

is often referred to in the polymer literature as the
permeability.
This should not be confused with the old
soil mechanics term “coefficient of permeability” (now
called hydraulic conductivity) or the intrinsic permeability
of a porous medium. It has nothing to do with Darcy’s
law or flow through the open voids within porous media.
Based on Eq. 9, the mass flux across a geomembrane
of thickness k~ is given by
(lo)

where Sti is variously called a volubility, partitioning or
Henry’s coefficient [-]. Alternatively, it may take a nonlinear (e.g. Langmuir) form
or
-

Cg

Sabcf

(7)

1 +bcf

where S. and b are experimentally determined constants.
The coefficients
SK, % and b may all vary with
contaminant, phase of the fluid (gas or liquid) and
temperature.
In the present context (see Rogers 1985; Naylor 1989),
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(11)

where AQ is the difference in concentration in the fluid
on either side of the geomembrane.
It is pc)ssible to
experimentally infer the value of P~ by performing a
steady state experiment (see Figure 17) in which the

Fluid

I (Source)
Icf,

I

1

5

t
tGM
Geomembrane

Source

Receptor

Solution

Solution

Geomembrane

—

>
Figure 18. llvo compartment
diffusion cell used for
measuring diffusion through a geomembrane.

t,
Fluid

2

( Receptor)

Figure 17. Diffusion across a geomembrane
showing
partitioning between the concentration in solution and
the concentration dissolved in the geomembrane.
concentration is controlled at Cfl, w in the fluid on either
side of the geomembrane and the flux, f, is measured.
Thus

contaminant of interest as it migrates from the source to
the reeeptor with time. When an equilibrium is reached,
the value of SK is given by
Sd =

where

P*=

‘*Acf

..

Go

(12)
%
V,)V,

It follows from this that while a steady state test will
allow the measurement
of PP it does not allow the
evaluation of either S4 or D~ without additional tests.
However transient contaminant transport is controlled by
the diffusion coefficient, D~, and not the permeability, Pr
This beeomes evident when one substitutes Eq. 6 into Eq.
5 to give
(13)

and, on dividing by S@, this reduces to

~f=D%
at
g az2

(14)

which depends on D~ but not Sti or Pr
Thus it is important to distinguish between the Henry
coefficient Sti and the diffusion coefficient Dr
The
Henry coefficient,
S@, provides
a measme
of the
discontinuity in concentration between the fluid and solid
phase (as shown in Figure 17). The value of S4 may be
important with respect to mass balance ealcukitions and
is established from consideration of mass balance. In a
two compartment diffusion test, such as the one shown in
Figure 18, one em monitor the diffusion of the

A
tOM
2Vici

is the initial concentration of fluid in the
source reservoir ~h3]
is the final equilibrium concentration in
the source and reservoir ~L-31
are the volumes of the source and the
reservoir p3]
is the area of geomembrane through
which diffusion occurs ~2]
is the thickness of the geomembrane [L]
is the mass removed by sampling events

~]
(Vi
and
Ci being
the volume and
eoneentrationremoved
at each sampling
event).
The diffusion coefficient can then be ealcrdated knowing
the value of Sti by fitting the variation of the source and
effluent concentration with time using computer sofhvare
that models the bounda~ conditions, phase change and
transport through the geomembrane
(e.g. Rowe &
Booker 1997a).
Table 15 summarizes a number of
available techniques for obtaining D~ and S@
It is important to note that there is a difference
between
phase change at the fluid/ geomlembrane
that
occurs
wilhin
the
bounda~
and
sorption
geomembrane itself as contaminant migrates through the
geomembrane.
Because plastic sheets are often very
thin, the two have been eont%sed in the literature. While
this may be of little importance for very thin membranes,
it is potentially important for thicker geomembranes.
Sorption may occur, for example, when the contaminant
absorbs to sorption sites in the geomembranc
such as
dispersed porous particles of high surface area (e.g.
carbon black or silica gel), For this type of sorption, Eq.
5 is modified to
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Table 15. Some techniques

for measuring the t)artitionitw and diffusion coefficients

for ~eomembranes.

Technique

Method

Comments

Weight Gain

Monitor increase in mass of
geomembrane immersed in fluid of
interest from initial value mO until mass
of geomembrane becomes constant at

Faster than alternative tests but
each chemical must be examined
separately. Prone to error due to
mass loss when weighing (especially
for VOCS).
% = final equilibrium fluid
concentration

mm (plot (m,-mO)/(m.-Q)

vs X)

Sd = :(:.l)
0

D
Time Lag

t%time to ge~ (m~-mO)/(m.-mO) =0.5

= 0.049 t&/tlE

Monitor mass movement through
geomembrane with time for test where
~=const,
~=0 (Figure 17), plot
cumulative mass, F, through
geomembrane against time and
extrapolate steady state value to F=O to
obtain the time lag r. Thence

D

= t;~(6~)

Pouch Method

Geomembrane pouch ffied with test
permeant and immersed in liquid of
known composition.
Weight change of
pouch is monitored as diffusion occurs.

Must avoid leaks in pouch;
interpretation assumes diffusion
through geomembrane is slow
relative to that in fluid.

Diffusion Test

Diffusion from solution on one side of
geomembrane to solution on other side.
Change in source and receptor solution
monitored with time. Sti calculated
from Eq. 15 at equilibrium, D~ inferred
from variation in source and receptor
concentration with time.

May be used in conjunction with
weight gain method to allow
evaluation of parameters prior to
equilibrium in the diffusion test.

~

~=D~_+
at

~

(17)

Sg = Kgcg
where

S~ is the mass sorbed per unit volume ~L3]
~ is the linear sorption coefficient [-] and
c~ is the dissolved concentration ~L3]
and Langmuir

where
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1 +pcg

a

derived coefficient

(16)

‘azz

where S~ may have a number of forms, including linear

sg’—

k~j~imentally

is the limiting sorption mass per unit volume
~~3],
and

Sixth International

Conference

on Geosynthetics

This sorption is distinct from the partitioning defined by
Eq. 7, By combining Eq. 18 with linear partitioning
between phases (Eq. 6), one can simulate the case where
some of the molecules dissolved in the geomembrane are
free to diffuse down the concentration gradient while
other molecules
are bound at a fixed number of
adsorption sites or voids within the polymer.
8.3

Factors Affecting Diffusion Through a
Geomembrane

The volubility and diffusion of a contaminant in a
geomembrane will increase with increasing temperature.
The diffusion coefficient tends to decrease with increasing
penetrant size (molecular weight, molar volume or
molecular diameteq see Berens & Hopfenberg 1982;
Park & Nibras 1993). The shape of the molecule is also

important with linear, flexible and symmetrical molecules
having higher mobility than rigid or non-symmetrical
molecules (Salame 1960; Berens & Hopfenberg 1982;
Saleem et al. 1989). For example, Saleem et al. (1989)
showed that the diffusion coefficient for o-xylene is much
lower than for p-xylene.
This is attributed to the
symmetrical nature of p-xylene (that has a dipole moment
of O) and the distorted shape of o-xylene with its two
adjacent methyl groups (dipole moment = 0.62 debye).
Berens and Hopfenberg (1982) showed that the diffusion
coefficient for n-alkane and other elongated or flattened
molecules are higher, by a factor of up to 1~, than the
diffusion coefficients of spherical molecules of similar
molecular weight.
The “permeability” (P~=S~D~ is highly dependent on
the similarity of the penetrant
and polymer.
For
example, strongly polar penetrant molecules have ve~
low permeabilities
through polyethylene
(August &
Tatzky 198% Rowe et al. 1995a, 1996a) with the
permeability being in the following order: alcohols <
acids < nitroderivatives < aldehydes < ketones < esters
< ethers e hydrocarbons (August & Tatzlg 1984).
Rowe et al. (1996a) noted that the diffusion of a number
of different contaminants had the following order (lowest
to highest):
chloride < ethanoic acid c methyl ethyl
ketone < 1,1 dichloroethane
< dichloromethane
< 1,2
dichloroethane.
After 4 years there had been negligible
diffusion of Nat and Ck through the geomembrane and
only minimal diffusion
of ethanoic
(acetic)
acid.
Similarly, August et al. (1992) found that there was
negligible diffusion of heavy metal salts (Zn2+, Ni2+,
Mn2+, CU2+, Cd2+, Pb2+) from a concentrated (0,5 M)
acid solution (pH = 1-2) through HDPE over a 4 year test
period.
For crystalline polymers, the crystalline areas act as
“diffusion barriers” and diffusion appears to be primarily
through the amorphous phase and hence one would
expect that, as the crystallinity increases, the diffusion
coefficients and volubility will decrease.
For example,
Park et al. (1995) reported that the permeability
(P,= StiD~ of xylene in VLDPE was ahnost twice that
Ashley (1985) has indicated that
through HDPE.
orientation
can reduce permeability
(P~=S4D)
of
amorphous
polymers by 10-15% and of cqwdline
polymers by over 50%.

8.4

Diffusion of Water Through HDPE Geomembrane

Eloy-Giorni et al. (1996) performed a detailed study of
water movement through intact geomembranes.
Based
on a series of experiments,
they concluded that the
concept of hydraulic conductivity (as defined by Darcy’s
Law) is not appropriate for describing water transport
the
advective
transport
of
(and
by inference
contaminants) through hydrophobic geomembranes.
In

particular, they demonstrated
that a difference
in
pressure head across a geomembrane of up to 200 m had
no significant effect on the movement of water molecules
across a 1.7 mm thick HDPE geomembrane
@~=940
kg/m3). Likewise, a head difference of up to 400 m had
no signifkant effect on water movement across a 1 mm
and 1.6 mm thick PVC geomembrane @~=1260 kglm3).
In these experiments, the driven flux of water (i.e. the
flow of water across a geomembrane
per unil area of
geomembrane per unit time under conditions where there
is a pressure head difference across the geomembrane)
was less than or equal to the limit of accuraty of the
apparatus (10-7 m3/m2/day s 3 x 10s m3/m2/a) and hence
was negligibly small.
These findings, which were verified in several ways, are
at variance with earlier results used by Giroud and
Bonaparte (1989a) to establish permeation rates for
geomembranes.
Given the rigour of the recent
experiments and the sophisticated techniques used, there
is a reasonable likelihood that the 1996 results are more
reliable than those used by Giroud and Bonaparte in
1989.
If one accepts these results, then the only
significant mechanism for water migration through the
geomembrane is diffusion.
One may expect negligible water diffusion across a
geomembrane in a composite MSW landfill liner for hvo
reasons.
Firstly, the permeability
(P~=SKD~) of the
geomembrane to water is extremely low. Based on the
parameters given in Table 16 and Equation 10, one can
Table 16. Volubility and diffusion coefficient for water in
three types of geomembrane (based on Eloy-Gic~rni et al.
1996).

HDPE
Pvc
Bituminous

Sd
(-)
8X 104
7X1 O-2
9x 10-3

D~
(m~l)

Pg
(kPmS)

2.9x 10-13 940
4.4x 10-13 1260
8X 10-13
1150

bM
:?
1.0,1.6
5

show that the water flux, f, through a 1.5 mm thick
HDPE geomembrane
would be 1.5x1013 Acf kg/m2/s
(where Aq is in kg/m3 units) (1.3 X104 A% L/ha/d) where
Ac~ is the difference in the “concentration” of water on
the two sides of the geomembrane.
Thus, even with
water on one side and zero relative humidity on the other
side, the water flux would be very small. Secomily, apart
from the low permeability of the geomembrane to water,
one would expect there to be very little diffusive flux
since the concentration gradient A% is likely tcj be very
small. For compacted clay liners, the soil water potential
at the time of construction is typically -10 to -50 kpa and
this corresponds to a relative humidity of about 99.5%
With water
(Danie~
personal
communications).
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(leachate) on one side of a geomembrane and compacted
clay on the other side, the difference in relative humidity
(and hence AcJ is negligible.
Thus, even with the
presence of salts in the MSW leachate to influence the
energy difference
between
the two sides of the
geomembrane, the gradient in energy is so close to zero
that, for all practical purposes, there will be no diffusion
of water or water vapour across the geomembrane.
This
would appear to be the likely case for most of the service
life of a geomembrane used as part of composite liner
systems at the base of an MSW landfill. Thus, it would
seem appropriate
to revise the permeation
rates
suggested by Giroud and Bonaparte (1989a) to be, to all
practical purposes, zero for HDPE geomembrane liners.

8.5

Diffusion of Contaminants
Geomembranes

Through HDPE

Although there is limited data on diffusion through
geomembranes,
there is enough to identify important
issues and to provide a basis for the rational analysis and
design of barrier systems that include a geomembrane.
Values of the Hemy’s coefficient S@ and diffusion
coefficient, D~, based on the literature (including the
work of the author and coworkers) are summarized in
Table 17. These values provide a starting point, however
the values should be used with caution since they are
temperature and maybe concentration dependent.
The
values may also vary due to the chemical composition of
the contaminant
source,
the polymer
crystallinity,
additives etc. and hence published values should only be
used as an initial guide and do not replace experimentally
determined values for the geomembrane of interest for
projects where uncertainty
regarding
the diffusion
coefficient or sorption could have a significant impact.
To illustrate the effect of leachate
composition,
consider the results for toluene and dichloromethane as
summarized in Table 17. It can be seen that the value of
Sti reported for toluene ranges from 0,09 to 192 for pure
and aqueous solution respectively
and the values of
diffusion coefficient range from 4.4x 10-12 to 0.18x 10’2.
It is also noted that the values of Sti and D~ for aqueous
solutions are reported
to vary depending
on the
concentration.
Based on the data by Park and Nibras
(1993), average values of S4=96 and D,=0.47x10’2
m2/s
will be used in subsequent modelling of toluene in
aqueous solution and values of S@=0.09 and D~=4.4x10lZ mz/s will be used for pure toluene as summarized in
The variation in values for Sti for the
Table 18.
dichloromethane (DCM) is less than for toluene with Sti
ranging beween 0.06 and 5.6 and the reported diffusion
coefficients ranging between 9x10-12 and 0.58 x1012 m2/s
for pure and aqueous solutions respectively. The values
of SK and D~ to be subsequently used in modelling DCM
diffusion through an HDPE
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Table 18.
Fortunately,
the
variability
between
diffusion
coefficients reported in the literature (see Table 17) is
not as critical as it may appear. In essence, for a given
contaminant, the geomembrane is either a good diffusion
barrier (e.g. to water and hydrated ions such as Na+, Ct,
~z+, Niz+, Mnz+, tiz+, UZ+ and Pb2+) or it is not (e.g.
organic compounds such as toluene, dichloromethane
etc.) with many orders of magnitude differenc~ in the
permeability of the geomembrane (P~=Sti D~) for these
it is
two groups. Due to the very low permeation IiiteS,
very difficult to obtain the values of S4 ancl D~ for
hydrated ions however it is possible to obtain an estimate
of the parameters.
It may be anticipated that the
volubility of hydrated ions will be less than unity. One
option is to assume Sti= 1 and deduce the value of D~
based on a two compartment diffusion test (see Figure
18). Since S4 is likely smaller than unity, this approach
may lead to some small mass balance error but in a field
application it is likely not significant as demonstrated
momentarily.
The other option is to assume that Sti is
similar to that of water and deduce D~ from laboratory
tests using SU=8X 10-4. Figure 19 shows parameters
deduced in both ways for a diffusion test conducted by
Rowe et al. (1995a).
Based on 2.5 years of data, they
deduced an upper bound on the diffusion coefficient of
chloride (assuming Sx= 1) of 6x 10-ls m2/s and indicated
that the value would likely be reduced as more data
became available.
Figure 19 shows an additional two
years of data and it can be seen that the concentration in
the receptor remained low (the scatter of the data should
be interpreted
in the context
of the very low
concentrations
- all lower than 0.2% of the source
concentration).
Assuming S@= 1, it is now clear that the
diffusion coefficient is less than 3.2x1015 m2/s and likely
Adopting
the partitioning
less than 2X1015 m2/s.
coefficient for water, Sti=8xl 04, the diffusion coefficient
is less than 4 x 1013 m2/s and likely less than 1x10-13 m2/s.
The theoretical fits using SK=8X 10-4 appear to better
describe the observation than the fits for S~=l.
These
tests are ongoing and the diffusion coefficient will likely
be reduced in the future as more data becomes available.
However, there is already sufficient data to address
practical issues as shown below.
Figure 20 shows the predicted migration of chloride
through a composite liner system assuming no holes and
no significant degradation of the geomembrane over the
It can be seen that the
period being examined.
uncertainty regarding the precise parameters (S~=8 x 10-4,
D~=l x 101~ m2/s; versus Ssr=l, D~=2x1015 m2/s) is of
little practical consequence and that the geomembrane
(unlike the clay) is a very good diffusion barrier to Cl(and likely other hydrated ions as already discussed).
After 50 years the calculated peak impact is less than 3
mgfL and after 475 years it is less than 16 mg/L for the

Table 17. Partition and diffusion coefficients
c hemlcal
T-Thickness+

Acetic acid

Acetic acid ethyl ester
Acetone

2.0
2,5
2.5
1.00
2.00
0’15
1:00
1.00
2.00

2.00
2.50

for various contaminants
Solution

in PE geomembrane.
D~( x 10IZ mL/s)

Sd

4000 mg/L
pure
500-900 @
aqueous
aqueous
pure
aqueous saturated
pure
pure
pure
pure

‘~

< ().()()3 ~
0.0086
0.015
0.021
0.023
0.012
0.20
0.009
0.009

ad

0.52-0.58 a
0.11-0.29 a

ac

ad
ad
ad

[11]
[7]
[7]

1.1 ~ -Pl[7]
0.51 a~
c 0.0001 a

ac

ad
ad

[9]

0.26-1.0 a
0.87-0.91 a

0.0099-0.0112

[7]

[7]
[7]
[7]

ad
2.50

2.50

Benzene

2.54
013””
l.”m
1.50

0.75&2.54
2.54
Carbon Tetrachlorlde

o.15”1.00
2.00
2.00”

2.00
c hlorobenzene

0.75
1.00
1.50

2.00
0.15””
Chloroform

1.00

2.00
2.00”

2.00
c hlorlde
Cyclohexane
Dlchloromethane

200
2:00
015”.
LhO
0815

2.00
2.00
0.75 & 2.54

2.00

2-10 mg/L

0:75

2.00

0.32 ac
>0.013

0.66-0.84 a
[7]
[7]
0.88 a
[5]
2.0 a-p3l0.037 a
[9]
2.2-3.3 a
[10]
4.2 a
[2]
[5]
066 a~
2.4 b
[7]
[7]
57 b
[6]

ac

57.2 ac
0.08 ad
54.3 ac
0.180 ad
0.200 ad

48 b
0.083
0.097
0.110
0.108

ad
ad
ad
ad

2.4 a~
3.6 b
2.2-3.2 a

[6]
[7]

[10]
[7]

am
b
‘[7]b
[6]
b
[6]
[7]
05 b
[111

1.8
5.9
17
25

0.134 ad

0.153 ad
.-.
0.0008 be

pure
aqueous saturated
pure
13.1-234.4 mmollL
pure
100 mg/L
pure
2-10 mg/L
2-10 mg/L
pure

0.75 & 2.5
0.76-2.54

1,1 Dlchloroethane

1070 vol.
50 5%vol.
aqueous saturated
pure
aqueous saturated
pure
pure
aqueous saturated
pure
pure
pure
89.1 mglL
89.1 mg/L
pure
pure
pure
pure
pure
pure
86.2 mglL
86.2 mg/L
pure
2000-4000

0.1-0.3
0.61
0.012
4.9
0.58-2.28
9.0

2378 ac
0.06 ad
1.8-2.9 ac
1.8-5.6 bc

2-10
1-3
0.95-1.2
2.3

2.3 be

b

[16]

am
a
a~

[9]

a
a

[8]
[2]

a
b
b
a~

[12]
[3]

[11]
[16]

1-2.5 b

1998 Sixth International

Conference

on Geosynthetics

[11]

-59

c hemmd
1,2 JAchloroethane

T’hlckness +(mm)

Solution

U.”1> 234
1.;0”

pure
aqueous saturated
2-10 mg/L
pure
pure
37 70 Wt
3770 Wt
pure

2.00
Ethyl Acetate
EthylBenzene
P<ormaldehyde
Heptane

U.’/>
0.’/5
100
2:00
2.50

n -Hexane

0815

D~(xIOlz mZ/s)

sti

~

2 3aT
7.2 ac
UU24
0.1
0.004
0.003
.-.

ad

ad
ad
ad
60

6.8 a
3-6 b

[9]
[11]

U.+lyaT
2.8 a~

1.521’14
-.

-T
a~

[7]

ad
pure
pure

2:50

d
0006
0.0646~0.06:3

3.6 a~
2.08-2.47 a

[7]

o qogbm
“;.75 a

[7]

ad
Methyl ethyl ketone

200
2:50
2.50

2.54
n-Octane
Propanolc acid
Tetrachloroethane
Tetrachloroethylene
Toluene

0.’/>
2.50
2.50
200
2:00”
100
2:00
0.15’”
0.75
0.75

0.76-2.54
0.76 & 2.54
1.00
1.00
1.00
1.00

1.50
2.00

2.00
2.54
)? Trlchloroethane
Trlchloroethylene

2.54
073
0:75
0.76-2.54
1.00
1.00
1.00
1.00

1.00
2.00
2.00
2.00”
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2-1 0 mg/L
pure
pure
aqueous saturated
pure
pure
pure

pure
pure
pure
pure
0.28 -5.0 mmol/L
100 mg/L
pure, 1.25 M
0.05 $%.weight
aqueous saturated
pure
aqueous
pure
pure
pure
aqueous saturated
aqueous saturated
pure
0.42-8.4 mmol/L
100 mg/L
aqueous saturated
aqueous saturated
0.1 % weight
pure
500 mg/L
pure
61.0 mg/L
61.0 mg/L

on Geosynthetics

0.0179 ad
0.019 ad
>0.025 ac
0.08 ad
0.0212 ad
0.0209 ad

0.190 d
0.217 ~d
0.09 ad
63.5-151.0 ac
115-125 bc

192 ac
0.080ad
160 ac
O.W ad
0.090 ad
137 ac
78 .2 ac
0.11 ad

0.86 a
a~
1.9
0.30
0.32
78
87

a~

a
b
b

[7]

6
[~

38 :~
1.8 am
4.4 a

0.35-0.56 a
0.23 a
0.23 b
0.51 a
6.1 b
0.2 b
2.6-4.0 a
0.18-4.0 a

[8]

[8]
[12]

[2]
[1]
[9]
[7]

[7]
[10]
[7]
[3]
[5]

-T
12 a~
0.44-0.76 a

-

94-98 bc
134.5 ac
134.5 ac

0.52 a

0.168 ad

10.8 b

0.190 ad

[7]
[5]

:.2:

0.6 b
73 b
85 b

[8]
[12]
[9]
[9]
[1]

[7]
[7]
[7]
[6]
[6]

Ch emux+l

Th-ickness +

Solution

25U
2:50
2.54
015-”
0.75

pure
500 mg/L
aqueous saturated
pure
pure
0.2-1.6 mmol/L
100 mg/L
aqueous saturated
pure
aqueous
pure
aqueous saturated

Inchloroethylene

m-Xylene

0.75

o-Xylene
p-Xylene

0.76-2.54
2.54
0.15””
2.54
015””
2.54

n -Xylene

o.13”-

pure

Xylene

1.00

pure

1.00

aqueous

1.00

aqueous

1.00

aqueous saturated

2.00
1’10
1:70
2.00

pure

Water

1)~( X 1012 mZ/s)

Sd
0195 -.u 20U ad
“
189 ac
131 ac

0.20-0.30 a

ad
ac

3:7 a
0.31-0.36 a

bc

-

.-.

~alT

-

422 ac

0.9 dam
1. 6aT

-[5]

387 ac

-

[5]

1. Sam
0.083 ad

4*’Jb Tl-

556 ac

498.5 a
0.095 ad
~ ().0003 d
0.0008 b;

0.0008-0.001
ad

[10]
[11]
[12]
[13]
[14]
[15]
[16]

[8]
[8]
[12]
-[5]

ac

0.2 b

[7]

1.8 b

[1]

1.0 ab

[9]

~ 0.4aT
0.29 b
0.4 -9.0 a
0.82-0.90 a
1.62.6-

August & Tatzky (1984)
Britton et aL (1989)
Durin et al. (1998)
Eloy-Giorni et al. (1996)
Haxo & Lahey (1988)
Luber (1992)
Muller et al. (1998)
Park & Nibras (1993)
Prasad et al. (1994)

[7]
[5]

1 5aT

0.093
192.7-310.2
365-370
366

2.50

[1]
[2]
[3]
[4]
[5]
[6]
[7]
[8]
[9]

~

Ramsey (1993)
Rowe et al. (1996)
Sakti & Park (1992)
Lord et al. (1988)
Hughes and Monteleone
Saleem (1989)
Present paper

(1987)

[7]
[4]

[3]
[7]
[13]
[14]

(a)
(b)
(c)
(d)
(e)
+

Sorption/absorption/immersion
Permeation/diffusion
Solubilityin GM/volubility in water
Mass of chemical/Mas:] of GM)
See text for methodology
HDPE except where specified
MLDPE
* LLDPE
- Not reported/measured~

●

●
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Table 18. Values of D~ and Sti used in modelling of
contaminant migration across an HDPE geomembrane
for Figures 20,22-24.
Leachate

D~
[m2/s)
4.4x 1O-1Z

Pure
Toluene
Toluene*
DCM
(aqueous)
Chloride

Sti
(-)
0.09

Qqwrer

”.D
:=

●De=6.3

(a)

ne=

~
c
al

(b)
(c)
(c)
(c)
(c)
(c)

;8
v

‘1

~

A

Dg=

3.2

x 10-15 mz/s

Dq = 2.OX 10-15mz/s

x 10-10m2/s
0.4
{

12

Sgf = 0.0008
,

1’//:

Da = 4 x 10-13m2/s

i’:~-d

300

Time

( years)

o

*Aqueous Solution: Average values 5-90% of volubility,
**D~ calculated assuming Sti= 1.
(a) Park & Nibras (1993); (b) Rowe et al. (1995a); (c)
this paper,

100

200

400

500

Figure 20. Calculated variation in chloride concentration
in an aquifer due to diffusion through an HDPE
geomembrane
and 0.6 m CCL for different diffusion
parameters Dv S@

Measured

•OVV~

I m/o

c
.-o

(a)

‘

[*’
.. ““61

Reference

0.47 x10-12 96
2.2 X1 O-12**1
1.0x1012
2.3
3.2x1 O-1S**I
2.OX1O-15** 1
4x 10-13
0.0008
1x 10-13
0.0008

Pure Dlftuston
I 5mm HDPE

co = 2500 mg/L
Dl c<
t“’’’”

D = 5.0x10]S m2/~ S@= 1.0
-—. D = 3.2x101S m2/~ Sti= 1.0
.— _ D = 2.0x10”1Smzls,Sd = 1.0
— – D = 4.0x10’3 m2L%,
SE= 8.0x10+
. . . D = 3.0x10’3 mzls,Sti= 8.0x104
-–. D = 1.0x10’3 mzk, Sti= 8.0x10A
D =3.0x1014 m2k, SK= 8.0x10q
—

/

0

--~

0

1

2

_

3

.

4

5

Time (years)

Figure 19. Variation in observed and calculated chloride
concentrations in a two compartment diffusion test for a
range of diffusion parameters D~, SK
conditions examined and these two “likely upper” bound
diffusion coefficients.
Even for the most conservative
interpretation of the current data, the peak increase in
the aquifer (assuming no attenuation layer between the
liner and aquifer) is less than 5 mg/L at 50 years and the
peak is less than 25 mglL at 475 years. As noted above,
the combination of a low volubility (S~=8 x 104) and the
corresponding deduced diffusion coefficient gives a better
fit to the experimental data shown in Figure 19 and gives
much lower predicted impact (see Figure 20) than
62-1998

Sixth International

Conference

on Geosynthetics

predictions using S~=l and its corresponding diffusion
coefficient.
The tests conducted by Rowe et al. (1995a) were at
concentrations
of salt typical of landfill leachate.
It
should be noted that for solutes
that dissociate
completely to form ions, the mass transfer across a
geomembrane
may be proportional
to concentration
squared, and not just concentration as suggested by Ficks
law, and hence the apparent “diffusion coefficient” may
increase with increasing concentration (remembering the
earlier caution that it may really be a mass transfer
coefficient rather than a true diffusion coefficient that we
use in our models). This is because in the geomembrane,
the sodium and chloride (or other similar ion palms) must
diffuse as pseudo-molecules
of sodium chloride rather
than as ions and the concentration of ion pairs at the
surface is proportional to the product of the sodium and
chloride ions or the square of the concentration of
sodium chloride in the adjacent aqueous solution as
discussed by Cussler (1984).
For organic compounds in aqueous solution, the value
of S@is strongly related to the volubility of the cclmpound
of interest in water. Generally, the lower the volubility in
water, the greater the affinity for HDPE and the higher
the value of S4 when in aqueous solution. For DCM (see
Table 18), the value of Sti is of the order of unity and a
range of values between 1 and 2.3 has only a small effect
on the value of D~ that is deduced (0.95 to 2.2x10-12 m2/
s) (see Figure 21). To illustrate the fact that the precise
choice of S4 and D~ is not critical, calculaticms were
performed for Sd = 1, D~ = 2.2x1012 m2/s and Sti = 2.3,

1~

,./---”
=’#=-

./

..<.’. ,

●

./

R

,..+~+

,./.

/0

“

/.//”
./,,”
+7’
9

Measured
D =2.2x10’2 mzk SK= 1.0
—.. - D =1.2x10’2 mzh, Sd= 2.3
. ..-. D=l.lx10’2m2k Sti= 2.3
—— D =1.0x10’2 mzls,S6 = 2.3
—— D =0.95x10-’2mzh, Sti= 2.3

“/

..

.,,:
0.00

0,0

0.2

0.4

0.8

0.6

Time (years)

Figure 21. Variation in observed and calculated receptor
dichloromethane
(DCM)
concentrations
in a two
compartment
diffusion test for a range of diffusion
parameters D~, Sti (modified from Rowe et aL 1995a).
D~ = 1x10-12 m2/s (both combinations give a similar fit to
the experimental data in Figure 21) as shown in Figure
22. The calculated increase in DCM concentration in an

Sgf =

f

10

I

Dg =2.2 x10-12 m2/s h
/
/

/

t,/2(s011)

/

I
–

I

I

47==I;;,0%+S
\
\

c.= 3300 /1g/1-

\

1

\
\

[WO,S] ~ PLcs
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Gtvl

\
\

_

‘“~’

;:rn.A::;e;
I
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.,.

.’

Kd= 0.7m L/g
.

De = 6.3x 10-10~2/5
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I
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o
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Figure 22.
an aquifer
brane and
D~, SK and

60

80

100

( years )

Calculated variation in DCM concentration in
due to diffusion through an HDPE geomem0.6 m CCL for different diffusion parameters
half-lives in the clay. t%(leachate) = 10 years.

aquifer below the composite liner is identical (to plotting
accuracy) for the two cases. These calculations assume
transport parameters in the clay as shown in the insert to
Figure 22. Of particular note is the source comxmtration
and half-life of DCM. The source concentration is based
on data from the Keele Valley Landfill in Toronto (Rowe
1995). The haHife of 10 years is considered to be a
reasonable value for MSW sites in Canada (see MoEE
1996; Rowe 1995). What is far less certain is the half-life
of DCM in the underlying clay. Since the geomembrane
acts as a selective barrier and effectively excludes volatile
fatty acids that form the primary substrate
for
biodegradation
in the landfill, one would anticipate
slower degradation in the clay than in the leachate. This
is the topic of current research at the Universi~
of
Western Ontario.
For the purposes of the current
modelling, a half-life of 50 years was adopted. For this
combination of parameters, and excluding the effects of
consolidation, the concentration of DCM in the aquifer
would be expected to reach 10-15 @L after about 10
years and the Maximum Acceptable
Concentration
(MAC) of 50 @L after 15 years. If the half-life was 10
years in the clay the peak impact at 35 years would be
about 1.5 times the MAC for this combination of
parameters.
Clearly, some caution is required in the
selection of half-lives. The impact on the aquifer can be
reduced by the presence of either a thicker liner or an
attenuation layer between the liner and the aquifer as will
be illustrated in Section 10.
The published diffusion parameters for tolu.ene (see
Table 18) vary significantly depending
on the test
conditions, with low values of S$ and high diffusion, Dv
(e.g. Sd = 0.09, D = 4.4x 10-’2 m2/s, P, = 0.4x10-12 m2/s)
for pure solvent and high values of Sti and low D~ (e.g.
average values of S4 = 96, D = 0.47X10-12 m2/s, P~ =
45x 1012 m2/s) for aqueous solutions. To examine this,
Figure 23 shows the calculated variation in concentration
with time in an aquifer for these two combinations of
diffusion parameters (Sd, D~) and it an be seel~ mat tie
parameters for aqueous contaminants give a much higher
Howlever, the
impact than those for pure solvent.
parameters for sorption (~)
and the half-life in the
leachate and the soil are even more important. Results
are given assuming no retardation (K =0) and moderate
sorption (~ =3.9) in Figure 23 for infinite hati-life.
Figure 24 shows similar results assuming a half-life in
Ieachate of 10 years and soil of 50 years. Given that the
drinking water objective for toluene is 24 I.@L, it can be
seen that the drinking water objective would be met only
with moderate retardation and considering the toluene
half-life as examined in Figure 24. The impacts for other
cases would be reduced if there was an attenuation layer
between the compacted
clay liner and ac~uifer (as
examined in Section 10). However, it is evident that the
most critical liner parameters are the distribution
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Figure 23. Calculated variation in toluene concentration
in an aquifer due to diffusion through an HDPE
geomembrane and 0.6 m CCL for published values of 13~,
S@ Assumed infinite half-life.
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Figure 24. Calculated variation in toluene concentration
in an aquifer due to diffusion through an HDPE
geomembrane and 0.6 m CCL for published values of D~,
So Assumed half-life of toluene: 10 years in leachate; 50
years in soil.
coefficient and the half-life in the clay. As discussed by
Rowe et al. (1995b) and Rowe and Weaver (1997), care
is required in the selection of G values based on
published correlations.
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Using computer codes like that used here (Rowe &
Booker 1997) to get Figures 20, 22-24, one can establish
the importance of diffusion as a transport mechanism
through a geomembrane.
For hydrated ions such as
chloride examined in Figure 20, diffusion is not important
for the diffusive service life of geomembrane
(i.e. the
length of time that it maintains this low diffusion
coefficient) and the critical consideration will be leakage
through
holes.
However,
for certain
organic
contaminants
(e.g. see Figures 22-24), the diffusive
migration may be very significant for a well constructed
liner (Le. one with only a few holes), and should be
considered if one is to ensure a safe design.
In the analysis, the migration of organic compounds
through composite liners, key factors to be considered
include (a) the retardation characteristics of the clayey
component of the composite liner (see Rowe et al.
1995b) and (b) biodegradation of the organiw as they
migrate through the soil (see Rowe 1995; Rowe et al.
1996a, 1997d). Since the geomembrane provides a good
barrier to volatile fatty acids and other nrmients in
leachate, there is potential that the degradation rates for
organic compounds below a geomembrane
wiU be less
than when a complete contaminant plume is emigrating
through soil due to the reduction in substrates.

on Geosynthetics

9
9.1

LEAKAGE THROUGH
COMPOSITE
Observed leakage Through Liners

LINERS

Modern landfills typically have a primary leachate
collection system (PLCS) intended to collect leachate and
control the leachate head acting on the primary liner. A
number of landfills have also been constructed with a
second drainage layer below the primary liner (see
Figures 1 and 3). This secondary drainage la!(er allows
the collection of some or all of the water arising from
consolidation of the clay liner as well as leachate that
migrates through the prima~ liner. It also allows the
control of the head acting on the secondary liner. The
terminology used to describe this layer varies with it often
being called either a secondary leachate collection system
or a leak detection system. In this paper, the secondary
drainage layer will be referred to as the secondary
Ieachate collection system (SLCS).
Monitoring data from a secondary leachate collection
system (SLCS) may provide insight regarding the
effectiveness of composite primary liners. However, the
interpretation of the data from SLCS requires careful
consideration of sources of fluid other than leakage from
the landfill (Gross et al. 1990). These include (a) water
that infiltrated into the SLCS layer during construction;
(b) water arising from compression and conscdidation of
the clay lineu and (c) groundwater water from outside of
the landfill.

Bonaparte et al. (1996) examined data for 26 landfill
cells containing GCLS as part of the composite primary
liner. They identified three periods during which there
may be very different flows to the SLCS: (a) the initial
period of operation, (b) the active period of operation,
and (c) post-closure period (after the final cover has been
constructed).
Table 19 summarizes
the mean and
standard deviations of the flows in the PLCS and SLCS.
As might be expected, flow rates from the SLCS decrease
as flow rates from the PLCS decrease. This is likely, at
least in part, due to reduced head acting on the primary
composite liner. The mean SLCS flow rates are small
during both the active and post-closure period (0.7 and
0.2 lphd respectively).
Peak flow rates are about an
order of magnitude larger than the average values but
are still quite small. If one eliminates construction water
from the flows by examining systems with a geonet SLCS,
it would appear that for a composite liner with a
geomembrane and GCL, the hydraulic efficiency of the
liner is in excess of 99.9?4 and the average flow rates
potentially attributable to primary liner leakage are less
than 11.2 and 24.3 lphd respectively.
Data in the active
period is limited but for the two cases reported the
maximum mean and peak SLCS flow rates are 0.9 and
3.7 lphd respectively.
The SLCS flow rates reported by Bonaparte et al.
(1996) are very low, however there is also potential for
diffusive transport of organic mmpounds
through a
composite liner involving a geomembrane
over a GCL
Although data
with typical (unmodified)
bentonite.
relating to potential diffusion through composite liners is
limited, there is some evidence to suggest that this
requires further evaluation. For example, Othman et al.
(1996) report significant levels of 1,1 dichloroethane and
dichloromethane (methylene chloride) in the SLCS for a
landfill with a 1.5 mm thick HDPE geomembrane and 6
mm thick GCL composite liner and a 5 mm thick geonet
SLCS. This same system had exhibited low SLCS flow
rates (average value of 3.6 lphd from 14-21 months
reducing to 0.7 lphd between
22-31 months) and
inorganic chemistry that was not characteristic
of
leachate. This implies that any leakage through holes

in the geomembrane
was very small.
However, the
concentration
of DCM and 1,1 DCA are small but
significant over a period of between 6 and 28 months
after commencement of waste placement.
This suggests
possible
diffusion
through
the GM/GCL
system.
Additional investigation would be required to confirm the
hypothesis.
Table 20 summarizes data obtained in the “active
operation” period for composite
liners involving a
geomembrane
over compacted clay (CCL).
The fluid
collected in the SLCS is considerably greater than that
obtained for the composite
liners involving only a
geomembrane and GCL. Othman et al. (1996) attributed
much of the fluid collected in the SLCS of these systems
to consolidation water from the overlying GCL, This
hypothesis is supported by the Ieachate chemkmy that is
not similar to leachate.
Generally, the volatile organic
compound (VOC) concentrations in the SLCS were very
low with only DCM being clearly evident a.t a low
concentration
and possible
trace levels
clf other
compounds for the landfill with a ve~ thin CCL (450 mm
thick). For this landfill, the SLCS flow rates were quite
small (average value less than 15 lphd reducing to less
than 3 lphd after about 3 years). Given (a) the thin liner
and (b) the fact that consolidation of the liner increases
the rate of contaminant transport and the mass flux
across the clay liner (e.g. Smith 1997), there is the
potential for organics that readily diffuse through the
geomembrane and experience relatively little re~ardation
in clay (such as DCM)
to diffuse through the
geomembrane and move through the clay in a couple of
years.
Workman (1993) has also examined the chemistry of
the fluid in the SLCS of a number of cells and detected
several VOCS including chloroethane, ethylben:zene and
trichloroethene at low concentrations.
He hypothesizes
that they migrated as gases from the primary to
secxmdary system at the sideslopes.
While this may be a
reasonable
hypothesis, the alternative
hypothesis of
migration through the primary liner by a combination of
diffusion and consolidation induced advection warrants
further consideration.

Table 19. Mean and standard deviations of flow in PLCS and SLCS for 6 landfill cells with a GCL as part of a
composite primary liner (in lphd) (after Bonaparte et al. 1996).
Peak Flows

Average Flows
PLCS

SLCS

PLCS

SLCS

cells

Mean

sd

Mean

sd

Mean

sd

Mean

sd

Initial Period

25/26

5,350

3,968

36,6

68.5

14,964

11,342

141.8

259.9

Active Operation

18/19

276

165

0.7

1.1

752

590

7.7

13.7

Post-Closure

4

124

-

0.2

266

-

2.3
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Table 20. Average flow rates in PLCS and SLCS for landfills with composite liners involving GM and CCL (in lphd).
(modified from Othman et al. 1996) [simple average of data after about 3 years].
Primary Liner
GM
Type

SLCS

Thickness
(mm)

Type

CSPE

0.9

HDPE

Thickness
(mm)

Material

CCL

600

2.0

CCL

HDPE

1.5

HDPE
HDPE

SLCS
Flow Rates

Thickness
(mm)

Average

Peak

Average

Peak

Period

(lphd)

(lphd)

(lphd)

(lphd)

(mO.)

sand

450

1120

2076

113

260

41-93

450

sand

300

4400

5790

59

152

35-54

CCL

900

GN

5

1142

3985

167

275

42-66

2.0

CCL

450

GN

5

53

170

1.5

10

34-58

1.5

CCL

900

GN

5

1144

1371

60

102

30-37

Bonaparte
and Gross (1993) examined the flow
through composite primary liners underlain by a SLCS
and based on their data it would appear that with
Construction Quality Assurance (CQA), 19% of landfills
had SLCS flow rates of 50 lphd or less (see Table 21)
and 57% of landfills had SLCS flow rates of 200 lphd or
less.
For those landfills with no CQ~ only 20% of
landfills had SLCS flow rates of 200 lphd or less. This
illustrates the benefits of CQA. The flows reported in
Table 21 should be regarded as an upper bound to
leakage since Bonaparte and Gross (1993) attribute most
of these flows to consolidation water and hence it would
not be due to leakage through the geomembrane.
A
better measure is given by the data in Table 20 where all
of the average flows are less than 200 lphd and 60% are
less than 100 lphd. In absolute terms, these flows are
veq small but, as will be discussed in subsequent sections,
are generally much larger than would be expected due to
leakage through a few holes in the geomembrane.
Table 21. Percentage of landfills with average measured
flow rate in the SLCS in specified range for composite
primary liners (modified from Bonaparte & Gross 1993).

Flow Rate

With CQA

No CQA

<-50
50-200
200-500
500-1000
>1OOO
(Number of
landfills)

19%
38’%0
27%
8?Z0
8%

2070
40%
4070
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9.2

Existing Solutions for Assessing

Leakage

In the design of composite liner systems consideration
needs to be given to the potential for water migration
through the liner due to (a) diffusion (permeation)
through the intact geomembrane (discussed in Section 8)
and (b) flow through holes in the geomembrane.
Giroud
and Bonaparte
(1989a,b) and Giroud et al. (1989)
developed a set of equations that have been widely used
for estimating the leakage through geomembrane liners
underlain by compacted clay liners.
These equations
provide an approximate
solution assuming that the
This may be a reasonable
gradient is near unity.
assumption for low leachate mounds (e.g. design mounds
of 0.03-0.3 m) and clay liners that are 0.6-0.9 m, but are
not strictly valid for the levels of leachate mounding
associated with termination of the operation or (excessive
clogging of a leachate collection system (e.g. 10-20 m) or
even a modest leachate mound over a GCL. Recognizing
this limitation,
Giroud et al. (1992) extended the
approximate solution to consider hydraulic gradients
much greater than unity. They also provided a solution
for large defects.
These Giroud and Bonaparte (1989a, b) and Giroud et
aL (1989, 1992) solutions are all based on leakage
experiments that were performed for geomembranes in
contact with conventional compacted soil at low confining
stress (Brown et al. 1987). They were not developed for
the potentially better contact that could be achieved by
having a geomembrane
in contact with a GCL which
itself is placed on a firm foundation layer. Wilscm-Fahmy
and Koerner (1995) recognized the limitation of the
Giroud et al. (1989) solution for geomembranes
over
GCLS. Specifically, they noted that since the gradients
were likely to be much larger than unity, the Giroud et
al. (1989) approximations were no longer valid and it was
necessa~
to solve the complete differential equation.

This they did using a numerical
(finite difference)
technique.
They performed
a parametric study to
examine the leakage through holes of different radii (1,
3, 5 and 7 mm) for a range of transmissivities of the
GM/GCL contact (10-6, 10-9, 10-10, 1011 and 1012 m2/s),
hydraulic conductivities of the GCL (1 XIO-lo, 1 XIO-ll,
5X10-11, and 1X1012 m/s) and GCL thicknesses (4,7 and
10 mm).
Walton and Sagar (1990) and Walton et al. (1997)
have suggested that for effective stresses corresponding
to more than 0.5 m burial of the geomembrane
there
should be no gap between the geomembrane and the soil
(wetted radius R=rO in Figure 25) and hence for widely

geomembrane with a hole. Except for the case where a
low permeability soil is deposited as a slurry in contact
with the geomembrane
and it consolidates with time
under a large compressive stress (e.g. see Garlan.ger et al.
199L$ Giroud et al. 1994), Eq. 19 is likely to
underestimate
the
leakage
through
holes
in a
geomembrane
that is placed below a stone collection
layer and protective geotextile
and placed above a
compacted clay liner or GCL. It also assumes that there
are no wrinkles or waves in the geomembrane
(after
application of stress) near the location of the. defect.
Rowe and Booker (1998b) have extended this solution to
consider a layer of finite depth. They suggest that the
solution may useful for assessing the leakage below a
circular (or near circular) “wrinkle” (e.g. around a
penetration in the geomembrane).
The scenario considered by Walton et al. (1997)
corresponds, in principle, with the perfect contact case
examined
by Giroud and Bonaparte
(1989b) who
obtained an approximate expression for the “absolute
minimum” leakage with perfect contact that was given by:
Q = n

U2k

~

where HL is the liner thickness and all terms are as
defined for Eq. 19 (it being assumed that the head at the
base of the liner is zero: h. = H~ in Figure 25 and
k~> >k~). The flow calculated by Eq. 20 is plotted as
(MIN) for two cases in Figure 26. They then obtained a
second approximate solution for perfect contacc

I

[We,!ed Rod,., )

Q

Figure 25. Schematic showing a hole of radius rO in a
geomembrane and the underlying strata together with the
head distribution between the geomembrane
and clay
liner.
spaced small holes that are not infilled with SOL the
leakage through any such hole would be given by
Forchheimer’s Equation (1930) for an ideal hole on a
semi-infinite soil deposit
Q = 4rokLhw

(20)

r:kL(hw
+HJ/HL

(19)

where Q = leakage per hole (m3/s), r. = radius of tie
hole (m), kL = hydraulic conductivity of the liner below
the geomembrane (m/s), and k = head loss a~oss the
geomembrane and the clay, taken hereto be equal to the
leachate head, ~, above the geomembrane.
As noted
above, this equation represents idealized conduction of
no lateral migration at the interface between
the
geomembrane and the underlying soiL They justi@ this
assumption based on tests performed by Walton et aL
and below
a
(1997)
involving
fine sand above

= 21 WokL(hw+HJ/(1

-r&J

(21a)

that, fOr r@L< <1, reduced tO
(21b)

Q = 2~~o~L(~w+~J

Giroud and Bonaparte
(ibid) argued thal it was
unreasonable for the flow to increase with increasing HL
and reduced Eq. 21b to
(22)

Q = 27crokLhw

Equation 22 was used by Giroud and Bonaparte (1989b)
to define flow for “perfect contact” (denoted (P. C.) in
Figure 26). Equation 22 can be seen to be vety similar
to the exact solution for a deep layer (Eq. 19) but giving
57’%.greater flow. In 1994, Giroud et al. (1994) ceased
to use Eq. 22 for perfect contact and adopted, instead,
Forchheimer’s Equation (Eq. 19).
Most recently Giroud (1997) and Giroud et al. (1997ag) have published a series of papers addressing liquid
migration through defects in a geomembrane (a) overlain
by a permeable medium and underlain by a highly
permeable medium (Giroud et al. 1997c); (b) underlain
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for good contuct

(23b)

CgO=l.15 fir poor coruizct

(23c)
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Good contact is defined (Giroud 1997) “as conditions
where the geomembrane has been installed, with as few
wrinkles as possible, on a low-permeability soil layer that
has been adequately
compacted
and has a smooth
surface.”
Poor contact is defined (ibid) as conditions
where the geomembrane
“has been installed with a
certain number of wrinkles, and/or placed on a lowpermeability soil that has not been well compacted and
does not appear smooth.”
Equation 23a represents the latest leakage equation
from Giroud and supersedes equations in previous papers
(e.g. Eq. 28 to be discussed subsequently). Giroud (1997)
clearly identifies the limitations of Eq. 23 as (1) minimum
and maximum radius of hole of 0.25 mm and 12.5 mm
respectively; (2) liquid head, hW,less than or equal to 3
m, (3) hydraulic conductivity of the liner, kL, less than the
value given by &

Soil Hydraulic
Conductivity

10-’0
f
10-’2 ~

/e.&
*,0
*b
*L

I
i

\

/

Field
Conditions

Figure 26. Leakage rate calculation ftom Giroud and
Bonaparte (1989b) showing interpolation method used
hW=0.03 m, rO=0.00564 m.
by a saturated permeable medium (Giroud et al. 1997b);
(c) underlain by a semi-permeable medium (Giroud et aL
1997g); and (d) underlain by a low permeability clay liner
(Giroud 1997).
An exceflent summary of these recent developments is
given by Giroud et al. (1998). Of particular interest in
the context of this present paper are the revised
equations for leakage through composite liners due to
circular or quasi-circular geomembrane defects given by
Giroud (1997) which reduces to
Q’1.12cqo[l

+0.1 (hJHJo”=]r:2k}74hy

(23a)

where CgO=dimensionless coefficient that characterizes
the quality of the contact between the geomembrane and
the liner; and it is assumed that there is zero head at the
bottom of the liner (i.e. h.=H~ in Figure 25 and k~> >k~)
and all other terms are as previously defined (or see
Section 14 Notation).
Equation 23 should only be used
with the units specified (m for ~, H~, r. and m/s for kL).
As given above, Eq. 23 has a slightly different appearance
than that given by Giroud (1997) due to the use of radius
rather than diameter of the basic dimension of the defect.
Two values of C~Oare given by Giroud (1997), based on
Giroud et al. (1989),
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~L<~c

={1.~5rj”8/[c@(l

+0.1 (~Jf#J0”g5&)]}i/0.74 (24)

This latter condition is likely to be met provided
conditions (1) and (2) above are met and kLS7 x 10-9 m/s.
9.3

Comments

on Contact Conditions

The leakage through a defect in a geomemb~ane overlying a low permeability layer necessarily depends on the
contact behveen the geomembrane
and the underlying
soil as noted by Brown et aL (1987), Giroud and
Bonaparte (1989b) and others. One can envisage three
primary sources of imperfect contact as discussed below.
The first relates to protrusions that may exist causing
a gap between the geomembrane and the underlying soil.
Even for a well compacted soil, there maybe protrusions
related to particle size distribution (that in turn may be
related to hydraulic conductivity) and these protrusions
will create some gap in which water may flow. In the
development of Eqs. 23, Giroud and Bonaparte (1989b)
used Brown et al.’s (1987) test results as the basis of their
“spacings”, s, between the geomembrane
and soil for
“excellent field conditions” (see Table 22).
The second source of imperfection arises from undulations/ruts which result in the surface not appearing
smooth.
When compacting clay liners to obtain low
hydraulic conductivity, it is usually desirable to compact
at a water contents 2%-4?% above the standard Proctor
optimum value, however, this is often close to the plastic
limit of the soil and it is difficult to obtain a smooth
surface due to rutting that occurs from construction

Table 22. “Spacings”, s, between geomembrane and soil
for “excellent” or “best” field conditions as defined by
Giroud and Bonaparte (1989b) based on Brown et al.
(1987).
Soil Hydraulic
Conductivity
kf misl
10-6

Geomembrane-Soil
Spacing
s (mm)
0.15

10.7

0.08

10-8

0.04

10.9

0.02

equipment.
This problem can be solved by compacting
the upper layer of soil at a lower water content thereby
allowing the preparation of a firm smooth surface and
also reducing the potential of desiccation
cracking.
However, it should also be recognized that this layer will
have a higher hydraulic conductivity than the rest of the
liner and hence any ring infiltrometer tests on this layer
may not be representative of the entire liner. However,
the hydraulic conductivity of this layer is significant with
respect to leakage through holes in the geomembrane.
Thus a balance needs to be met between the desire to
have the water content low enough to allow the
preparation of a smooth surface but at the same time not
so low as to increase the hydraulic conductivity of the
layer above 10-9 m/s under field stress conditions (with
landfill loading applied).
The third source of imperfections
affecting contact
conditions is the presence of wrinkles (waves) in the
geomembrane.
The reader is referred back to Section
7.3 for a discussion of the need to eliminate wrinkles and
the fact that wrinkles likely do not disappear when the
waste is placed. The implications of this will be discussed
further in Section 9.5.2.
When a geomembrane is placed over a geosynthetic
clay liner (GCL), there is greater potential for obtaining
good contact with a low permeability layer due to the fact
that the GCL can be placed flat on a well compacted,
smooth and firm foundation (e.g. see Giroud 1997). The
factor controlling
the leakage
of an unwrinkled
geomembrane over a GCL is the transmissivity of any
geotextile between the geomembrane and bentonite (e.g.
see Harpur et al. 1993). Where there are wrinkles in a
geomembrane
over a GCL, there is potential for the
bentonite to “extrude” laterally and establish close contact
between the geomembrane
and clay provided there is
sufficient applied compressive stress (e.g. see Giroud
1997) and the wrinkle is small.
However, this also
creates potential thinning of the GCL (see Stark 1998)
which could impact on the GCL performance if there was
significant bentonite movement. Also, for large wrinkles

there may be (a) significant thinning of the GCL adjacent
to the wrinkle and (b) failure to fill the gap between the
GCL and geomembrane.
Thus, avoidance of wrinkles
would appear to be important when a GCL is used to
replace a compacted clay liner below a geomembrane.
A fundamental difference between the Forchheimer’s
Equation (1930) (Eq. 19) and Giroud (1997; Eqs. 23) is
the potential
for lateral fluid flow between
the
geomembrane and the underlying liner. This is related to
the transmissivity between the geomembrane and liner.
Walton et al. (1997) implicitly assume 0=0.
As discussed by Brown et al. (1987) and Giroud and
Bonaparte
(1989b), if there is a gap that can be
approximated by two smooth parallel plates then, based
on Newton’s viscosity theo~, the transmissivity is given by
e .

P8S3
12tl

(25)

where:

6 = hydraulic transmissivity of the empty space
[m’/s];
p = density of the liquid ~g/m3];
g = acceleration due to gravity [m/s’];
s = spacing between the geomembranc and the
soil [m]; and
q = viscosity of the liquid [kg/m/s].
The challenge is to relate the transmissivity 6 to the
field contact conditions
and hence derive leakage
equations.
In this context, and for the purposes of
subsequent discussion, it is important to trace the genesis
of the coefficients for “good” and “poor” ccmtact as
defined by Giroud (1997) and Giroud et al. (1998) to
obtain Eq. 23. Giroud and Bonaparte (1989b) defined
four reference conditions: “absolute minimum” leakage
(Eq. 20), “perfect contact” (Eq. 22), “best contact” and
“geomembrane alone”. The “best” ~se was taken to
correspond to “excellent field” conditions and based on
the Brown et al. (1987) charts and using the value of
“s” given in Table 22 to calculate
the
spacing
transmissivity, 8, using Eq. 25. This was then. used in
conjunction with charts published by Brown et al. (1987)
to obtain empirical equations for the leakage rate and
wetted radius under “best contact” conditions.
For this
case the flow was given in m3/s for rOand h. in m units
and k~ in m/s units by
(26)

Q = 0.785r~k;whW

and plotted as “best” in Figure 26 for two cases.
alone
leakage
geomembrane
“maximum”
The
conditions were taken to correspond to the maximum
leakage
rate (19+ co) given by Bernoulli’s equation
zero
hydraulic
resistance
below
the
(assuming
geomembrane)
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9.4

General Analytical Solution for Leakage Through
a Composite Liner

(27)
where
g=acceleration
due
to
gravity
(m/s2),
C~=dimensionless
coefficient related to the shape of the
edges of the hole with C~=O.6 for sharp edges (Giroud &
Bonaparte 1989a), and all other terms are as previously
defined.
The values for the “absolute minimum” (MIN), “perfect
contact” (PC), “best contact” (BEST) and “maximum”
leakage (MAX) were plotted on a logarithmic scale (for
a given soil hydraulic conductivity) as shown in Figure 26
with equal spacing between (MIN, Eq. 20), (PC, Eq. 22),
(BEST Eq. 26), (WORST no data point) and (IWUQ
Eq. 27) points along the abscissa and a curve was fitted
to these four data points (see Figure 26). The interval
between “BEST” and the interpolated “WORST” point
was then subdivided (arbitrarily in the absence of better
alternatives: Giroud, personal communication) into three
equal subintemals and “good’ and “poor” contacts were
taken as the flows corresponding to these intermediate
points as shown in Figure 26.
Giroud et al. (1989) performed
the interpolation
described
above
for some
500 combinations
of
parameters and established the empirical equation
(28)

Q = 0.785Cwr~kYhY

where all terms are as defined for Eqs. 23 and C~Ois
given by Eqs. 23b,c for “good” and “poor” contact. This
equation was originally limited to low values of L and
was subsequently extended (Giroud 199~ Giroud et al.
1998) to the most recent form given by Eq. 23.
Since the fundamental basis of a difference in flow
(leakage) through the defect over the range between
“perfect contact” (19=0) and maximum flow (6= CO)is the
difference
in transmissivity
of the “interface” zone
between the geomembrane and the underlying soil (the
clay liner in the context of this paper) it follows that it
should be possible to relate these flows deduced for the
cases of “good” and “poor” contact using Eq. 23 to values
of 6. It is also likely that leachate heads will exceed 3 m
at some point during the service life of the geomembrane
(see Sections 2 and 3) and hence it is useful to examine
the implications of the empirical equation given by Eq. 23
for these conditions and the conditions associated with a
GCL replacing a compacted clay liner. However, to do
this one needs an analytical solution for leakage through
the geomembrane liner. Such a solution is presented in
the following section and this will be applied in Section
9.5 to address the issues raised above.

Consider
a composite
liner with a hole in the
geomembrane as shown in Figure 25. The geomembrane
rests on a low permeability layer of thickness H~ and
hydraulic conductivity k~ (e.g. a compacted clay liner,
CCL or geosynthetic clay liner, GCL) which in turn rests
on some more permeable (but not highly permeable)
foundation layer (thickness H~ and hydraulic conductivity,
k~) which rests on a highly permeable layer in which there
is no significant matric suction. It is assumed that the
geomembrane
is not in perfect contact with the clay
either due to small undulations creating a small gap of
nominal thickness, s, or a geotextile (e.g. as part of a
GCL) with transmissivity 6.
Provided that the hydraulic conductivity of the liner is
low relative to the other soil layers, the flow through the
liner and foundationmay be approximated as vertical and
is given by
(29a)

where Q = vertical flow [m3/s] through an area A [m2];k,
= harmonic mean hydraulic conductivity of the liner and
foundation layer [m/s]; i. is the mean gradient through
the liner and foundation layer over the area A [-]; and
‘L+Hf

. ~

k.

i

s

●

kL

~f

. ‘f+ HL+hw-ha =1+—hw-ha
‘f ‘HL
‘f+HL

9.4.1

(29b)

kf

(29c)

Solution assuming hole is not on a wrinkle:
circular hole

Following the rationale given by Giroud and Bonaparte
(1989b) one can show that the head distributionbeneath
the geomembrane
and acting on the low permeability
liner is given by the solution to the equation

d2h ,ldhazh=azc
r dr
z

(30a)

k=
where:

a2 =

(HL+HJ9

C = HL+H,-ha
Equation 30 is to be solved subject to the boundary
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(30b)

(30C)

conditions

soil within the zone defined by the wetted radius is now
given by the following closed form expression,

h=hW

when

r=rO

(31a)

h=O

when

r=R

(31b)

(35a)

Q = zkJ~i,+2i=A1 +2i,A2-~A~

and R is the wetted radius.
Extending the work of Jayawickrama et aL (1988), one
can obtain the following analytical solution to Eqs. 30 and
31 and for the head h at position r

J.f

where
Al= -[RA1(rO,R)K1(aR)+RA2(r0,R)Z1(aR)Ua

(35b)

+rOA1(rO,@K1(arO)/a +rOA2(r0,R)Z1
(arJ/a
h = (HL+Hf+hw -hJfiO+(HL+Hf-hJ(CI1

-1)

(Sza)
and

where
A2 = [-Z?A1(Rro)K1(aR) -RA2(R,rJZ1(aR) +
Q* =

Ko(aijZo(aZt) -Ko(dl)zo(@

rJl(R~rMl

(32b)

KO(arJZO(aR)-KO(aR)~o(ara)

‘I(x’u
Q, =

KO(ar)IO(arO)-KJarJ~~(ar)

so the value of R can be obtained by finding the value
that gives ~

= O where, at r=R,

= (hw+ha-~L-H)A1

-(HL+H/-hJ~

-aK1 (aR)lO(aR) -aKO(aR)ll(aR)

-aK1 (aR)lO(arO)-csKo(aro)Z1 (aR)

KO(aY)

(35e)

KO(aX)lO(aY)-KO(aY)ZO(aX)

and all other terms are as previously defined. l.Jsing Eq,
35, the leakage Q can be readily evaluated for any
combination of layer properties, hole size or head. Eqs.
34 and 35 can be easily programmed using published
code for Bessel functions (Press et al. 1986) and the
results presented in this paper were obtained using the
implementation by Rowe and Lake (1997).
Solution assuming hole is on a wrinkle: circular
hole

(34a)

(34b)

KO(ar~ZO(aR)-K.(aR)z.(artJ

~=

A2(X,Y) =

9.4.2

where
=

(35d)

(32c)

(33)

:’0

Al

ZO(aY)
= KO(ax)lO(ay)-Ko(a y)z~(ax)

KO(aR)IO(arO)-KO(arO)zo(aR)

and ~, 10 are modified Bessel functions of zero order
that can be easily evaluated (Press et aL 1986).
The
solution given by Eq. 32 assumes that the wetted radius
is known.
In fact, R can be evaluated from the
knowledge that at r=R,

:

(35C)

(are) +rJAR,r.)L (arJ/a

(34C)

KO(aR)ZO(arO)
-KO(arJ~l(aR)

and Kl, II are modified Bessel functions of order one. It
is a simple matter to evaluate Eq. 34 to find the value of
R for which Eq. 33 is satisfied.
The flow, Q, through the hole and low permeability

The previous subsection assumed that the defect occurred
in an area away from a wrinkle. However, there is no
reason that the defect could not be at the location of the
wrinkle. In this case, the leakage will be substantially
higher than given in the previous section. Here, we again
assume a circular defect but in this case it occurs on a
wrinkle of length L and width 2b (see Figure 27) where
the height of the wrinkle is such that the transmissivity is
much greater than between the geomembrane and the
soil beyond. It is also assumed that L> >b such that the
effects of leakage at the ends of the wrinkle can be
neglected.
For this case, the head distribution beneath
the geomembrane
and acting on the low permeability
liner is given by
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other terms are as previously defined. This expression
reduces to the Bernoulli equation (Eq. 27) as h. tends
to infinity.
In discussing the third limit, we remember that for a
circular hole the wetted radius (R) is established by the
condition dh/dr=O and corresponds to the point (r=R)
where the head h=O (Eq. 31b). For a plane problem
dh/dx+O only as x tends to infinity, however h=O for a
value of x which is quite finite and is given by

~zb~

Geomembrane

Liner

Figure 27. Schematic showing a wrinkle (wave) in a
geomembrane with a hole in the wrinkle of radius rO.

~ . ~.@n(L
C+hjl(

e(HL+H ~~
~
9“
s

(41a)

(36)

C= HL+Hf-h~
where a and C are as defined in Eqs. 30b and c.
Equation 36 has the solution
(37)

h = (hw+C)e‘=(x-b)-C
and the total flow is given by

(?=m,[b

+

~(1
a
-e

(38)

‘+-b))] ‘~+%+k-h)

(HL+H_J

where x is the wetted distance away from the centre of
the wrinkle. If L> >b then x must be established by one
of three limits.
The first limit corresponds to the case where the flow
is not limited by the hole and x tends to infinity. For this
case, the flow is given by

Q=2LkJb+(

(HL+H# ~~ (HL+Hf+hw-hJ
)“1 (HL+Hj
~
s

(39)

The second limit recognizes that the flow may be
controlled by (a) Bernoulli’s equation if the permeability
of the overlying layer is high enough or (b) by the
capacity of the fluid to drain to the hole. The latter case
corresponds to the case examined by Giroud et al.
(1997c) where the limiting value of Q is ob~ined
(iteratively) from
2

hw={-+~[tn(~)-l
2kom 2komll

x r. 40

]+~(&)4}0-s
4g2 1.08r~

(40)

where hw, km, r., qo and g are all known, q. is the liquid
supply (e.g. permeation through the waste per unit area
reaching the leachate collection system) in (m/s), a. is
the hydraulic conductivity of the permeable leachate
collection layer over the geomembrane
(m/s), and all
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(41b)

For the purposes of comparing leakage it makes some
sense to compare the leakage in the zone where the head
on the clay liner is greater than or equal to zero (taking
the datum to be at the lower side of the geomembrane
and noting that to satisfy the no flow conditicm a long
way away from the hole, the head below the
geomembrane
tends to -C as x+~).
Under these
circumst.mmx, the leakage can be calculated on a hand
calculator by first calculating x from Eq. 41 and
substituting this into Eq. 38. This will give a flow less
than that given by Eq. 39. The leakage Q is therefore
the minimum of the values calculated from Eqs. 41 and
38, and the value calculated from Eq. 40.
These calculations above assume that wrinkles with
holes are spaced far enough apart such that they do not
interact. This is valid provided that the distance between
wrinkles is greater than 2x (as calculated from Eq. 41).
If wrinkles with holes are close enough that they could
possibly interact then x should be taken as half the
distance between the wrinkles with holes and the flow Q
can be taken as the minimum of the value calculated
from Eq. 38 (for the appropriate value of x) and Eq, 40.
The foregoing equations are subject to the limitations
that (1) the length of the wrinkle is much longer than its
width, (2) the transmissivity of the space below the
wrinkle
is much higher
than that between
the
geomembrane and the liner outside the wrinkle, (3) if
there is more than one wrinkle with a hole, the wrinkles
and holes are of similar size.
9.5
9.5.1

Calculated Leakage Rates for Composite Liners
Geomembrane in intimate contact with clay liner

Based on the equations presented
in the previous
subsections, it is possible to easily calculate the leakage
through holes in a geomembrane
for a range of
conditions.
Giroud’s (1997) equations are very useful,
however they do have a number of limitations that can be

readily overcome using Eqs. 34 and 35. Since the Giroud
and Bonaparte (1989b) (now refined by Giroud 1997)
equations have been widely used, it is of interest to infer
the “transmissivity” that corresponds to “good” and “poor”
contact for use in subsequent applications of Eqs. 34 and
35. Table 23 shows the leakage rate, Q, calculated from
Table 23. Backcalculated transmissivity and wetted radius
corresponding
to Giroud’s (1997) latest equations:
H~=O.6 m, H~=O, h. =0, k~=lO-g m/s, small and large
holes (r,,=O.001 and 0.00564 m). Rounded to three
significant digits.

e

Contact
Hole

kvQ
(m)

(m’/s)

(m’/s)

R
(m)

Good
small

0.003
0.03
0.3
3

6.94x10-11
5.54x10-10
4.61x109
5.08x108

1.66x10-8
1.63 x10-8
1.61 X108
2.O6X1O8

0.149
0.42
1.2
3.75

Poor
small

0.003
0.03
0.3
3

3.80x101°
3. O4X1O9
2.52 x10-8
2.78x107

1.08x10-7
1.O3X1O7
0.99X 10-7
1.26 x10-7

0.348
0.982
2.81
8.84

Good
large

0.003
0.03
0.3
3

9.82x10-11
7.84x10-10
6.51x109
7<19X108

1.53x108
1.66x108
1.73 x 10-8
2.3 X 10-8

0.177
0.499
1.42
4.39

Poor
large

0.003
0.03
0.3
3

5.38x10-10
4.29x109
3.57 X1O-’3
3.94 X1O-7

1.08x107
1.1 X1O-7
1.11X107
1.44 X1O-7

0.414
1.17
3.33
10.4

corresponds to an equivalent value of spacing,s, between
the geomembrane
and liner of about 0.027 mm. For
“poor” contact the transmissivity was l.Ox 10-7 m2/s
corresponding
to s =0.05 mm.
The backcalculated
transmissivity for a 3 m leachate mound is about 25%
higher than for heads of less than 0.3 m. While not
particular significant, this does indicate the error due to
the approximation adopted by Giroud and Bonaparte
(1989b) and Giroud (1997) and confirms their judgement
in limiting the solution to cases for a head of 3 m or less.
The transmissivities deduced in Table 23 are for a 0.6
m thick compacted clay liner with kL==109 m/s. Table 24
Table 24. BackCalculated (average) transmissivities and
spacings corresponding to Giroud’s (1997) equations for
hW=0.3m, HL=0.6 to 1.2rn, small and large hole (rO=O.OO1
& 0.00564m). Rounded to two significant digits.

Liner
kL
(m/s)

10.10
10-9
10-8

Transmissivitv, O
Good
Poor
Contact
~c~
(m’/s)
(m2/s)
3.2x10-9
1.6x10-8
8.6 x 108

Suacinf!. s
Good
Poor
ConContact
tact
(mml
(mm)

2. OX1O-8
1.OX1O-7
5.5 X1O-7

0.016
0.027
0.047

0.029
0.050
0.088

summarizes similar results for a head hw=O.3 m for a
range of liner thicknesses and values of liner hydraulic
conductivity. Based on the results presented in Table 25,
it is possible to establish the following interpolation
formulae for the transmissivity, 13 (in m2/s units), for a
given liner hydraulic conductivity, kL (in m/s units):
For good contact
Ioglotl

= 0.07+1

.036(logl&J+0.01

8(log1&)2

(42a)

For poor contact
Iogloe = 1 .15+1 .092(log1#J+o.0207(log,
Giroud’s (1997) version of the leakage equation ~.
23]
for a “small” and “large” hole and “good” and “poor”
contact as defined by Giroud and Bonaparte (1989b).
Table 23 also gives the transmissivity required in Eq. 35
to get the same flow as Eq. 23 for the contact, hole size
and heads considered. Also shown are the corresponding
wetted radii calculated from Eq. 34.
For given contact conditions and leachate heads, hw, of
0.3 m or less, the transmissivities required to give the
Giroud (1997) flows were very similar for both the “small”
and “large” hole. This is as one would hope and expect
since the hole size should not influence the contact
conditions and transmissivity outside the hole. For “good”
contact, the transmissivity was about 1.6x104 m2/s which

#J2

(42b)

It is essential that the correct units be used in calculating
a transmissivity from this equation.
Using a transmissivity, 8=1.6x108
m2/s, for “good”
contact, Table 25 gives the calculated wetted radius, flows
through a small and large circular hole and the leakage
and Darcy velocity for 2.5 holes/ha for heads ranging
from 0.003 to 30 m. For a head of 0.3 m, the leakage is
quite small (-1 lphd) and even for a 30 m head (due to
either a failed leachate collection system or termination
of the operation of the collection system), the leakage is
100 lphd (or less). Table 25 also gives the calculated
average Darcy flux beneath the wetted area (r sR). For
heads less than 5 m, this is relatively consistent at a value
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Table 25. Calculated wetted radius, and leakage from circular holes for GM in good contact with a CCL for a range
of head values based on Eqs. 34 and 35; H~=O.6 m, k~=10-9 m/s, (6=1.6x108
m2/s). Rounded to two significant digits.
Small Hole (rO=O.OO1m)
hW
(m)

RQ
(m)

(m3/s)

0.003
0.03
0.3
1.0
2.0
3.0
5,0
10.0
15.0
20,0
25.0
30.0

0.15
0.42
1.2
2.1
2.8
3.3
4.1
5.4
6.2
6.8
7.3
7.7

6.7x 10-11
5.5 x 1010
4.6x109
1.4X108
2.7x10-8
4.OX1O-’3
6.6 X1O-8
1.3X1 O-7
1.9 X1O-7
2.5x10-7
3.1 X1O-7
3.8x10-7

Large Hole (r.=0.00564

m)

Leakage*
(lphd)

v. *
(m/a)

jbx)

R
(m)

Q
(m’/s)

Leakage*
(lphd)

Va *
(m/a)

VI **
(m/a)

0.01
0.1
1.0

5.3 x 10-7
4.3 x 10-6
3.6 X 105
1.1 X1O-4
2.2X104
3.2x1OJ
5.1X104
1.OX1O-’
1.5X103
2.OX1O-3
2.5 X103
3.OX1O-3

0.032
0.032
0.032
0.033
0.035
0.036
0.039
0.045
0.050
0.055
0.059
0.063

0.18
0.49
1.4
2.3
3.1
3.7
4.5
5.8
6.7
7.3
7.9
8.3

1.OX1O1’J
7.6x10-1°
6.1x10-9
1.8x10-8
3.5 X108
5.1 X1 O-8
8.4x108
1.6x107
2.4x10-7
3.2 X 10-7
4.OX1O-7
4.8 X 10-7

0.02
0.2
1.3
4.0
7.6
11
18
35
52
69
86
100

8.OX1O7
6.0x 104
4.8 X 10-5
1.4 X1 O-4
2.8x104
4.0 x 10-4
6.6 X1 O-4
1.3 X1 O-3
1.9 X1O”3
2.5x10-3
3.1 X1 O-3
3.8x10-3

0.032
0.032
0.032
0.034
0.036
0.038
0.041
0.048
0.054
0.056
0.065
0.070

3.1
5.9
8.7
14
28
41
54
68
81

* Assumes 2.5 holes/ha
** Average Darcy veloci~below wetted radim
between 0.03 and 0.04 m/a and for typical liner porosity
implies an average linearized groundwater velocity of
about 0.1 m/a. Neglecting the effects of consolidation,
this alone implies that a conservative
contaminant
transported through a hole would migrate through a 0.6
m thick liner in 6 years and hence one can expect dilute
leachate constituents to be detected in the leak detection
system relatively quickly. One would expect that these
constituents would have been diluted by (a) pore water
from the clay liner that has been expelled due to
consolidation, (b) any constructionwater
in the seconda~
collectionfleak detection system, (c) other water entering
the system (if any). Also, the chemistxy will not be a
simple dilution of the leachate since (a) it will be
combined with the pore chemistry of the clay water that
will contribute inorganic constituents
(such as Cl-, Na’,
Ca+’, Mg+’, SO~2-, etc.) in concentrations that will vary
from clay to clay and (b) inorganic and polar organica
will leak through holes at one rate and volatile organic
compounds
(VOCS) will diffuse through the intact
geomembrane
at a second rate.
Of these, the most
telling sign of contaminant migration is likely to be the
VOCS.
The use of a GCL in place of the CCL as the clay
component of a composite liner can be expected to have
some
effect
on leakage
through
holes
in the
geomembrane.
Based on the tests performed by Harpur
et al. (1993), it would appear that for the GCLS and
conditions examined by them the transmissivity, 6,
between a geomembrane
and GCL is in the range of
6X10-12 m2/s to 2X10-10 m2/s for GCLS with a woven or
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contact
with the
nonwoven
geotextile
in direct
geomembrane and 3 X1CF2 m2/s for bentonite in direct
contact with the geomembrane.
Based on hydraulic
conductivity tests with leachate
(see Table 7), the
hydraulic conductivity, k~, of a GCL could lie within a
wide range. For the purposes of the current comparison,
three values of h (7x 10-12 m/s, 2x10-10 m/s and 2x10-8
To assess the potential for
m/s) will be examined.
leakage through holes in a geomembrane underlain by a
GCL, calculations were performed using Eqs. 34 and 35
for a range of values of k~ and 6 (using k~=2 x “10-10m/s;
19=1 x1010 m2/s as base values)
for a large hole
(rO=0.00564 m, a=l cm’) and the results are presented
in Table 26. It can be seen that even with significant clay
leachate interaction (k~=2 x 104 m/s) the leakage for 2.5
“large” holes/ha is very small at a design head of 0.3 m
(less than 0.1 lphd) and even with a 30 m leachate
mound the leakage is less than 5 lphd. It is of particular
note that a variation in clay hydraulic conductivity from
7x1012 to 2x10$ m/s increased the flows by only about
a factor of 5 at large heads (3 and 30 m). This is
because at these high hydraulic conductivities the wetted
radius is substantially reduced.
The implications from Tables 25 and 26 are that, for
even large holes in good contact with either a CCL or
GCL, the leakage would be very small for 2.5 holes per
hectare; these flows are much lower than reported in
Tables 19 and 20. Table 27 shows the effect of contact
condition and the number of holes per hectare on
leakage for large holes and (a) a CCL with good and
poor contact and (b) a GCL with different combinations

Table 26. Wetted radius and leakage from circular holes for a GM in good contact with a GCL for a range of head,
transmissivity and hydraulic conductivity values based on Eqs. 34 and 35; H~=O.01 m, H~=O.6 m, h, =0, k~=lOb m/s.
Large hole (rO=0.00564 m). Rounded to two significant digits.
k~
(m/s)

e
(m’/s)

h.
(m)

R
(m)

Q
(m’/s)

Leakage*
(lphd)

v, *
(m/a)

v,

2x 10-10

6x 10-12

0.03
0.3
3
30

0.01
0.02
0.04
0.07

4.3 x 10-1’
1.6x1011
9.8x 10-11
8.6x 10-1”

0.0009
0.003
0.02
0.2

3.4 x 10$
1.2 X1 O-7
7.7 X107
6.8x104

(33CJ

0.03

0.03

3.3 x 1011

0.007

2.5 X 10-7

0.38

0.3

0.07

1.9 X1O-10

0.04

1.5X106

0,40

3

0.17

1.4 X1 O-9

0.3

30

0.33

1.3x10-8

2.8

1.1 X1 O-5
1.OX1O-4

0.52
1.2

2x 10-10

2X1 O-1’3

(m/a)

0.43
0.65
1.8

2x 10-10

1x 10-10

0.03
0.3
3
30

0.02
0.05
0.12
0.24

2.OX1O-11
1.1 X1O-10
8.OX 10-10
7.2x10-9

0.004
0.02
0.2
1.6

1.6x10-7
8.8 x 107
6.3 X 10C
5.7 X1O-5

0.38
0.40
0.54
1.26

7x 10”1’

1x 10-10

0.03
0.3
3
30

0.08
0.21
0.53
1.1

8.8X101’
6.1x1011
4.9 X1O-10
4.5 X1 O-9

0.02
0.01
0.1
1.0

6.9xl@8
4.8 X 10-7
3.8x1(Y
3.5X105

0.01
0.01
0.02
0.4

2X1 O-8

1x 10-10

0.03
0.3
3
30

0.009
0.01
0.03
0.05

1.3 x 10-1”
4.1 Xlolo
2.4x109
2.1 X108

0.03
0.09
0.51
4.5

l.lx IO-C
3.2x10c
1.9X105
1.6x10-4

18
20
34
100

%Assumes

2.5 h oles/ha.

of liner and transmissivity condition.
As might be
expected, the leakage increases linearly with the number
of holes and ahnost linearly with leachate head for heads
of 0.3 m or larger. Of particular interest are the leakages
for a “design” head of 0.3 m. Under landfill operating
conditions, one would expect the head in the primary
leachate collection system to be less than 0.3 m and
hence these values should represent an upper bound to
the leakage that one would expect to detect in a SLCS
under active and post-closure conditions for as long as
the leachate collection system is operating to design
specifications.
Thus it is instructive to compare the
numbers in Table 27 with those observed in field
monitoring as reported in Tables 19 and 20. The easiest
comparison is for systems involving a geomembrane over
a GCL since there should not be any significant
consolidation water in the flows recorded in the SLCS.
From Table 19 it can be seen that under active
conditions the mean flow is 7.7 lphd and even under
“closed” condition it is 2.3 lphd.
These substantially
exceed that predicted in Table 27 even for a very large
level of clay-leachate
interaction
and 40 holes per
hectare. Indeed, one would need between 65 and 140
holes per hectare to explain the average post-closure

leakage.
Since it is highly unlikely that there are this
many large holes, an alternative explanation is required
as discussed below. For geomembranes over compacted
clay liners, the comparison is more difficult due to
consolidation water contributing to the flow, however,
even so, the flows are large enough to lead one to believe
that more than leakage through “large” holes in good
contact with the clay is required to explain the flows.
9.5.2

Leakage through holes in a wrinkled
geomembrane forming part of a composite

liner

Wrinkles (waves) represent a particular concern due to
the fact that available evidence suggests that (a) wrinkles
remain after placement of waste and (b) local tensile
strains are developed in the geomembrane at the wrinkle
as discussed in Section 7.3. There is no reason to believe
that holes will not occur at the location of wrinkles. On
the contrary, given the local stress concentration, it is
reasonable to hypothesize that holes would be more likely
to occur at the location of a wrinkle. Thus it is of some
interest to explore the implications of a hole coinciding
with a wrinkle. As discussed in Section 9.4.2, one can
develop a solution for a strip wrinkle. Table 28 presents
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Table 27. Calculated leakage for different numbers of
holes for a large hole (rO=0.0054 m). Based on Eqs. 34
and 35. Rounded to two significant digits.

kv

Leakage

(m)

for number of holes per ha
(lphd)

1

2.5

7.5

15

40

0.5
4.4
41

1.3
11
100

3.9
33
310

7.9
67
620

21
180
1600

CCL
Good
Contactl

0.3
3
30

CCL
Poor
Contactz

0.3
3
30

GCL
Fair
Condi
-tion3

0.3
3
30

0.02
0.1
1.1

0.04
0.3
2.8

0.12
0.92
8.3

0.25
1.8
17

0.66
4.9
44

GCL
Poor
Condi
-tion4

0,3
3
30

0.04
0.2
1.8

0.09
0.51
4.5

0,27
1.5
14

0.53
3.1
27

1.4
8.2
72

2.8
24
230

7.0
60
560

21
180
1700

42
360
-

110
970
-

1. Good Contact, 6=1.6x106
m2/s, k~=l x 10-9 m/s,
H~=O.6 m, H~=O
2. Poor Contact, 6=1.0 x10-7 m2/s, k~=l x lCP m/s,
H~=O.6 m, H~=O
3. Fair Condition, 6=2x10-10 m2/s, k~=2 x 10-10 rids,
H~=O.01 m, H~=O.59 m
4. Poor Condition, 6=1 Xl@l” m2/s, k~=2x108
m/s,
H~=O.01 m, H~=O.59 m
the results obtained for a strip wrinkle 3 m long and 0.2
m wide for both a compacted clay liner (CCL) and geosynthetic clay liner (GCL). Calculations were performed
assuming a single small hole per wrinkle (rO=O.OO1m), a
percolation to the collection system of 109 m/s and a
hydraulic conductivity of the collection system of 10-6 m/s
unless otherwise noted. In no case did the hole (Eq. 40)
limit the leakage and hence the same results would be
obtained for r. >0.001.
For comparison with Tables 25
and 26, the leakage and Darcy flux (v,) were calculated
assuming 2.5 holes coinciding with wrinkles per hectare.
(Since not all holes will coincide with wrinkles, this likely
corresponds to more than 2.5 holes/ha.)
Comparing the
results in Table 28 with those in Tables 25 and 26, it can
be seen that the coincidence of even a small hole with a
wrinkle of the dimensions examined substantially increases
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Table 28. Calculated leakage from a small hole (rO=O.OO1
m) in a wrinkle: L=3 m, 2b=0.2 m, &=O, qO=l X109 m/s.

Liner
H
k~
9

hW
(m)

Q
(m3/s)

Leakage*
(lphd)

CCL
0.6 m
1 X 10-9m/s
1 x 10-7m2/s

0.03
0.3
3
30

3.0x 109
2.4x1 O-B
2.4x1 O-T
2.4 X 104

o.6
5.2
51
510

CCL
0.6 m
1X 10-gm/s
1.6x 10-8m2/s

0.03
0.3
3
30

1.6x109
1.OX 10-8
9.7 X1O-8
9.6x1 o-T

0.3
2.2
21
210

GCL
0.03
7.8x109
O.Olm+
0.3
L3x10-8
0.59m AL
3
6.9x1 O-S
2x 10-lOm/s
30
6.2 X 10-7
1X 10-10m2/s
%Assumes 2.3 holes m wrinkles/ha

1.7
2.9
15
130

the leakage. The increase in leakage due to a wrinkle
relative to that without a wrinkle is much greater for a
GCL than for a CCL, however, for L 23 m the absolute
magnitudes of the leakages are still smaller with the GCL
than with the CCL for the cases considered.
Table 29 summarizes the calculated leakage (for 1 and
2.5 holes in wrinkles per hectare) for a range of wrinkle
dimensions
contact conditions
and CCL and GCL
properties.
Also shown are the calculated leakage
assuming that the area under the wrinkle is the same as
for a strip of the dimensions shown but where the wrinkle
is “circular” in shape.
For a “design” head of 0.3 m it can be seen that for a
GCL with k~ - 2x1010 m/s, only a single hole in a
wrinkle 5 m x 0.2 m is required to explain a leakage of
about 2.3 lphd (see Tables 29 and 19) and that a hole in
a 30 m x 0.2 m wrinkle will explain an average leakage
of 7.7 lphd observed in field installations. For a greater
level of clay-leachate interaction (~-2 x10-8 m/s) the
leakage is substantially higher.
Comparing observed results in Table 20 with calculated
leakages in Table 29, it can be seen that one 5 m x 0.2
m wrinkle with a hole per hectare for a CCL and “good”
contact or 3 m x 0.2 m and “poor” contact with a CCL
would explain a leakage of 1.5 lphd, however seven 30 m
x 0.2 m wrinkles with holes and “good” contact or three
30 m x 0.2 m wrinkles with holes and “poor” contact
would be required to explain a leakage of about 60 lphd;

Table 29. Effect of wrinkle geometry on leakage: (2b=0.2
m, qO=lO-g m/s, ~~=102
m/s).

Strip
L
(m)

h.
(m)

3
5
30

3
5
30

3
5
30

Circle

striD

Circle

Leakage
(lphd)

Leakage
(lphd)

Leakage
(lphd)

Leakage
(lphd)

0.3
30
0.3
30
0.3
30

CCLl
0.88
84
1.5
140
8.8
840

2.0
120
2.4
140
4.8
250

GCL2
1.2
64
2.1
100
12
640

1.2
48
2.0
72
10
360

0.3
30
0.3
30
0.3
30

CCL3
2.1
200
3.5
340
21
2000

8.2
550
9.2
600
15
880

GCL4
45
1700
75
2800
390”
4000”

44
1500
73
2500
390”
4000”

0.3
30
0.3
30
0.3
30

CCLS
2.2
210
3.7
350
22
2100

5.1
310
6.0
360
12
620

GCLC
3.1
160
5.2
260
31
1600

3.1
120
4.9
180
26
910

* Flow controlled by Eq. 40 for a small hole
1, CCL, H~=O.6 m, k~=lO-g m/s, “Good” Contacv
1 hole/ha
2. GCL, H~=O.01 m, H1=0.59 m, k~=2x10-10 m/s,
6=2x 10-10 m2/s; 1 holema
3. CCL, H~=O.6 m, k~=lOg m/s, ‘Poor” Contacq
1 hole/ha
4. GCL, H~=O.01 m, H~=O.59 m, h=2x10-8
m/s,
0=2x10-1° m2/s; 1 hole/ha
5. CCL, H~=O.6 m, k~=lOg m/s, “Good” Contact;
2.5 holes/ha
6. GCL, H~=O.01 m, H~=O.59 m, k~=2x 1010 m/s,
(3=2 x10-10 m2/s; 2.5 holes/ha
Good Contact f3=l.6 x 10-8 m2/s; Poor Contact
e=l x 10-7 m2/s
alternately, with poor contact a single wrinkle would need
to be about 85 m x 0.2 m to explain an average flow of
60 lphd under a leachate head of 0.3.
For the results shown in Table 29, it was assumed that

h.=10-2
m/s and it was found that Eq. 40 controlled
several cases involving a GCL with kL=2 x 10-8 m/s. The
effect would be even greater for a lower hydraulic
conductivity of the collection layer.
In summary, it appears that wrinkles associated with
holes in the geomembrane
can explain the observed
leakage through composite liners (Table 19) involving a
geomembrane over a GCL under both active and postclosure conditions and hence this hypothesis warrants
further examination.
Likewise, holes in a wrinkle will
explain
the
low
leakages
observed
through
a
geomembrane
over a CCL but probably not the high
values of flow rate observed in SLCSS (Table 20); this
implies that other mechanisms such as consolidation of
the CCL are required to explain the observed flow rates.
Consolidation of the CCL may also give rise to earlier
(diluted) contaminant arrival times in the SLCS than
would otherwise be expected.
The theory presented in
Section 9.4.2 can be used to estimate the leakage for
reasonable numbers of wrinkles. Comparing the results
presented in Tables 27 and 29, it is clearly desirable to
minimize wrinkles if leakage is to be minimized.
It
should be noted that the long term performance
of
geomembranes
with wrinkles may be even worse than
implied by these calculations due to the potential for the
development of stress cracking and increased leakage
through the geomembrane at the location of the wrinkle.
This provides an incentive to minimize wrinkles.
10
10.1

CONTAMINANT
IMPACT ASSESSMENT
EQUIVALENCE
OF LINER SYSTEMS
Impact Assessment

AND

The assessment of the suitability of a liner system should,
in principle, be related to the potential impact on water
quali~ (especially groundwater) due to the proposed
landfill and liner system.
This assessment
typically
involves the solution of the advection-dispersion
equation
subject to appropriate boundary conditions (e.g. see
Rowe et al. 1995b for a detailed discussion). Factors that
influence the potential impact include (a) the landfill
source concentration and its decay characteristics; (b) the
advective flux (leakage) across the barrier system, (c) the
thickness of any “attenuation” layer between the base of
the low permeability liner(s) and the receptor aquifer (or
distance to the water table if the liner is constructed in
the unsaturated portion of the aquifer); (d) diffusion
(especially for VOCS) across the barrier system, (e)
sorption/retardation
in the liner and underlying sot (~
biodegradatioty (g) dilution in the aquifer, (h) the service
life of the engineered components of the landfill (e.g.
covers/caps; leachate collection systems; liners); (i) the
mode of operation of the landfil~ and (j) consolidation of
the liner and any underlying compressible soih,
Consolidation (item j) is usually not considered on the
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grounds that it is transient and provides water for
“dilution” of contaminants, however it should be noted
that consolidation may be significant if one is calculating
travel times and, in particular, first arrival times. As
previously discussed, it may be hypothesized that the
“premature” arrival of contaminant in leakage detection
systems is, in part, attributable to failure to consider
consolidation effects in assessing the expected travel
times. More research is required into this aspect.
Items (a)-(i) can be readily modelled using existing
contaminant transport theory and codes (e.g. Rowe and
Booker 1997a).
However, the factors considered in
modelling impact tend to be regulatory driven and vary
from one country to another and hence the assessment of
what represents an “adequate” barrier system will vary
from regulato~ environment to regulatory environment.
Thus one can not generalize about “equivalency” of liner
systems since what is “equivalent” depends on what is
being compared and how it is being compared.
It is possible to gain insight into how different barrier
systems are likely to behave by modelling,
In the
following subsections, the potential impact of a landfill
with two different composite liners (geomembrane
over
compacted
clay geomembrane
over GCL) will be
compared including consideration of diffusion, leakage
through holes, contaminant biodegradation
(for VOCS)
and the finite service lives of the leachate collection
system and geomembrane
liner based on the factors
discussed in previous sections of this paper.
The
comparisons will be limited by the use of assumed
parameters that represent one hypothetical site. For any
specific project, appropriate
parameters
should be
established for that site. Then analyses such as those
described in the following can be readily performed using
the same techniques (Rowe & Booker, 1984, 1985, 1995,
1997a,b) to assess equivalency (and potential impact) for
that site.
It is noted in passing that in some areas it is not
practical to have an “unsaturated” zone below the base of
the engineered barrier system and any assumption of the
presence of an unsaturated zone must be specific to
Secondly, when
locations where that is practicaL
assessing dilution in an aquifer, it may not be reasonable
to include the entire thickness of the aquifer in the
dilution calculations for thick aquifers. Although beyond
the scope of this paper, readers should be aware of the
potential for plume localization in the upper few meters
of an aquifer and this needs to be considered when
assessing the thickness of the aquifer to be used in
dilution calculations.
In the following comparison, only
the upper 3 m of the aquifer are considered to provide
significant dilution.
As noted in Section 2, temperature
may have an
important effect on both hydraulic conductivity and
diffusion coefllcient. Table 30 gives the ratio of both the
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Table 30. Effect of temperature on diffusion coefficient,
D~, hydraulic conductivity, k~, in a liner at temperature T
to values at 10”C.
Temperature,

“C

10
20
25
35
50

DT/DIO

k~/k10

1.0
1.4
1.6
2.0
2.7

1.0
1.3
1.5
1.8
2.4

diffusion
coefficient
and hydraulic conductivity
at
different temperatures to that at 100C (see Collins 1993;
Rowe et aL 1995b; Barone et al. 1997 for details of
method of calculation).
Domenico & Schwartz (1990)
indicate that the groundwater temperature at a depth of
10-20 m is typically 1-20C higher than local mean
temperature and hence a temperature of 5-1OOCwould
be typical groundwater temperature in the Northern U.S.
and Southern Canada. From Table 30, it can be seen
that diffusive and advective transport are 407. and 307.
higher at 200C than at 100C and 1009Z0and 805Z0higher at
350C. If the liner temperature is to remain relatively
constant,
then
constant
diffusion
and
hydraulic
conductivity parameters relevant to that temperature may
be used.
However, if the temperature
of the liner
changes
with time
(see
Section
2) then some
consideration may need to be given to the effect of the
change in these parameters with temperature on the
The approach proposed by Rowe
impact calculations.
and Booker (1997a) readily models change in D and the
effect of a change in k with time as appropriate.
In the following examples, it will be assumed that the
geomembrane and liner are at 200C and that by the time
the leachate mound begins to develop (30-50 years, or
greater, post-closure)
the temperature has stabilized.
This is not necessarily the case since it is also assumed
that the landfill has a low permeability final cover (cap)
that is maintained (qO=0.0003m/a=8
lphd) for this same
Once the leachate collection system
period of time,
operation and cover maintenance
are terminated, a
leachate mound will develop and the temperature may
increase since the organic waste may not have fully
biodegraded in the low infiltration environment (see
Section 2). This could be modelled using the Rowe and
Booker (1997a) approach but is beyond the scope of the
present paper. If the temperature were to increase, the
impact would be greater for both systems examined in
the following subsections.
10.2

Equivalency

In North

America,

of Liner Systems
GCLS

have

been

approved

as

replacement for conventional compacted clay liners in at
least 45 landfills and both Richardson (1997) and Giroud
et al. (1997a) have discussed a number of aspects of
equivalency between these systems. Giroud et al. (1997a)
focus on the issue of leakage through GCLS and CCLa
and steady state advective travel time (i.e. neglecting the
effect of consolidation and diffusion on the first arrival
time). Richardson (1997) discusses leakage and steady
state travel time (also neglecting consolidation
and
diffusion effects) as well as chemical-absorption
capacity
and dilution potential.
Rowe (1997b) has considered
equivalency in terms of impact calculations that include
consideration of leakage (in a similar manner to Giroud
et al. 1997a and Richardson 1997) but has also examined
the effects
of diffusion,
finite
service
life and
biodegradation in the context of Ontario’s draft landfill
regulations (MoEE 1996).
However, based on the
material presented in this present paper, it is possible to
go beyond these three recent evaluations.
A detailed
comparison
would require
a separate
paper
(in
preparation)
and the following is only intended to
illustrate how a number of key factors may be
incorporated.
Any comparison of equivalent
of GCL and CCL as
part of a liner system should considec
(a) the potential
for clay/leachate interaction, (b) the interaction with the
adjacent geomembrane,
(c) the leachate head and
corresponding gradient, and (d) diffusion and sorption.
Inspection
of Table
7 shows that the hydraulic
conductivity of a GCL could potentially vary over many
orders of magnitude, due to clay-leachate interaction,
depending on the characteristics of the bentonite in the
GCL and the leachate. However, as indicated in Table
27, even with a hydraulic conductivity as high as 2x10-8
m/s, a composite liner involving a GCL has the potential
to give rise to substantially less leakage than a composite
liner with a CCL having k~ . 10-9 m/s for a similar
number of holes in the geomembrane.
The explanation
for this lies in the smaller potential for lateral migration
between
the geomembrane
and GCL than for a
geomembrane and CCL,
10.3

Comparison
GCL

of llvo

Liner Systems: CCL versus

For purposes of comparison of a conventional composite
liner system and a composite
system with a GCL
replacing a 0.6 m CCL, the two liner systems shown in
Figure 2 were examined using the parameters given in
Table 31 and 32. For the cases involving a 0.6 m thick
CCL, it was assumed that there was a 3 m thick attenuation layer (AL) between the CCL and the aquifer so that
the combined thickness of the CCL and attenuation layer
above the aquifer was 3.6 m (see Figure 2a). For cases
involving a GCL two situations were examined.
In the

Table 31. Parameters used in comparison of a GM over
either a CCL or GCL composite liner system.
Landfill Properties:
Length (m)
Mass of waste/unit area, ~
(t/m2)
Proportion of chloride in waste, p (mg/kg)
Proportion of DCM in waste, p (mg/kg)
Proportion of benzene in waste, p (mg/kg)
Initial concentration in leachate
Chloride, CO(m@)
DCM, CO(@L)
Benzene, c. (vg/L)
Percolation through waste, qO (m/a)
O-T1 years
> T2 years
Half-life in landfill
Chloride, t%(a)
DCM, tw (a)
Benzene, t%(a)
Geomembrane Properties:
Thickness Primary, ~~ (m)
Thickness Secondary, ~~ (m)
Diffusion coefficient Chloride, D~ (m2/a)
[m2/s]
Diffusion coefficient DCM, D~ (m2/a)
[m2/s]
Diffusion coefficient Benzene, D~ (mZ/a)
[m’/s]
Henry’s coefficient Chloride, S@ (-)
Henry’s coefficient DCM, S~ (-)
Henry’s coefficient Benzene, Sti (-)
Number of holes/ha (-)
Hole radius, CO(m)
Service life, SL (a)
Primary
Secondary
Attenuation Layer Properties:
Thickness, Hr (m)
Hydraulic conductivity, k~ (m/s)
Distance to water table from bottom
of attenuation layer, h, (m)
Diffusion coefficient, De (m2/a)
Sorption, p~ G (-)
HalMife in soil, t%(a)
Chloride
DCM
Benzene
Porosity, n. (-)
Aquifer Properties:
Thickness modelled, h~ (m)
Porosity, n~ (-)
Base Darcy flux (horizontal),
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1000
25
1800
2.3
0.014
2500
3300
20
0.0003
0.15

;O,m
25,a

0.0015
0.002
3X106
[1 XlO-”]
3X1 O-5
[1 X1O’2]
2X105
[6x10-13]
8X10-4
2.3
57
2.5
0.00564
160
360

3 & 3.6
10.7
2
0.03
0

:0,50, w
25,125,w
0.3

3
0.3
1
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Table 32. Clay liner properties
composite liner systems.

used in comparison

Thickness, H~ (m)
Hydraulic Conductivity
to Leachate, k~ (m/s)
Diffusion Coefficient, D. (m2/a)
Sorption,p,~
(-)
Porosity, n, (-)
Geomembrane-clay
Transmissivity, O (m2/s)
Half-life in soil, t%(a)
Chloride
DCM
Benzene

of

Sixth International

Conference

rates for systems considered.

CCL
0.6
1 X109

GCL
0.007
2X101O

Time
Period
(years)

Leachate
Mound
(m)

(lphd)

(m/a)

0.02
o
0.4
1.6x108

0.005
0
0.7
2x 10”1’3

GM+GCL
+3.6m AL
O-T1
T1-T2
T2-T3
T3-

0.3
6
12
-0

0.04
0.59
1.1
4100

1.6x1o-6
2.1 x 105
4.OX1O-5
0.15

70,50, 25,125,c0

70,50,ca
25,125, c0

GM+0.6m
CCL+3m AL
O-T1
T1-T2
T2-T3
T3-

0.3
6
12
2

1.4
22
43
4100

5.2x1OS
8,2x10+
1.6x103
0.15

GM+GCL
alone
O-T1
T1-T2
T2-160
160-

0.3
6
12
.0

0.03
0.58
0.96
4100

1,1 X1O”6
2,1 X1O-5
3.5 X1O”5
0.15

GM+GCL
+3m AL
0-350

0.03

0.008

2.8x10-7

basic case (see Figure 2b), the attenuation layer below
the GCL was assumed to be 3.6 m thick so that the
thickness of soil above the aquifer was essentially the
same as for the case with a CCL (see Figure 2a). As a
sensitivity analysis, a second GCL case was also examined
where the GCL was assumed to be resting on a 3 m thick
attenuation
Iayev
this corresponds
to a simple
replacement of the 0.6 m thick CCL in Figure 2a by a
0.007 m thick GCL. The potentiometric surface in the
aquifer was assumed to be 2 m above the bottom of the
attenuation layer in all cases.
The long term hydraulic conductivity of the CCL was
taken to be 10-9 m/s. For the GCL it was assumed that,
due to clay-leachate interaction, the hydraulic conductivity
increased to 2x10-10 m/s.
Three contaminants
(chloride, DCM - dichloromethane, and benzene) were examined.
Due to uncertainly regarding organic carbon content of clay liners in
a generic calculation, no sorption was considered.
A
range of half-lives for DCM and benzene was examined
in the leachate, liner system and attenuation layer.
All time was measured relative to the mid time of
landfill operation for a MSW landfill with an assumed 20
year operating period. Thus to know time relative to the
start of landfilling one would add 10 years to the times
given in the following discussion. Likewise, to know the
time since landfill closure, one would subtract 10 years
from the times given. It was assumed that a low permeability landfill cover (cap) will be maintained and the
leachate collection system operated for a period TI (Tl =
40 years and 110 years were examined; i.e. 30 and 100
years post-closure). During the period up to time Tl, the
percolation through the waste was assumed to be 3x104
m3/m2/a (8 lphd). The design leachate head during the
period was assumed to be 0.3 m and the flows through
the liner system for the period O-Tl are given in Table 33
for the two liner systems assuming 2.5 large (1 cm2; ro =
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Leakage

0.00564 m) holes per hectare.
Under assumed design
conditions, the leakage through both systems was smaU,
but it was smallest for the system with the GCL.
After time Tl, the landfill cover was no longer
maintained and the percolation was assumed to increase
to 0.15 m3/m2/a (4100 lphd).
Once the operation of the primary leachate collection
system is terminated (at time Tl), leachate will build up
in the waste until an equilibrium is reached wherein the
flow in through the landfill cover (cap) is balanced by the
outflow through the liner system, leachate seeps from the
sides of the landfill, and lateral migration above the intact
liner system (if any). The magnitude of the leachate
mound and the time needed to develop the mound
depend on a number of factors including the porosity of
the waste, the water content of the waste at the time of
landfill cover (cap) failure, the thickness and hydraulic
conductivity of the waste, and the landfill geometg.
These factors will va~ from site to site and a full
discussion of modelling the development and equilibrium
value of a leachate mound is beyond the scope of the
present paper. For the purposes of illustration, it will be
assumed that over a 20 year period following termination

of operation of the leachate collection system (at time
Tl), a leachate mound develops and at time Tz (Tz =
TI+20 years) an equilibrium is reached with a mound of
12 m. During the period from TI to Tz, an average
mound of 6 m was used to calculate the flow given in
Table 33. More sophisticated modelling of this period is
possible but not necessary for current purposes.
Between the time Tz (when the full leachate mound
has developed) and a subsequent time Tq (when the
geomembrane was assumed to fail), the leachate head
remained at 12 m and the flows through the liner system
were as given in Table 33.
Both liners were very
effective at controlling leakage even with a 12 m leachate
mound but the system with the GCL allowed ahnost 40
times less leakage (43 lphd for CCL versus 1.1 lphd for
the GCL) even allowing for some clay leachate
interaction with the GCL.
At time T~ (T~=160 years; i.e. 150 years post-closure)
the geomembrane was assumed to fail instantaneously.
(One can easily model a gradual degradation however
there is presently a paucity of data to justify modelling a
gradual variation with time.) The clay component of the
liner was assumed to remain intact but could not support
a 12 m leachate mound.
Thus the leachate mound
reduced due to advective transport out of the landfill
until an equilibrium was reached where there was
sufficient mound to allow the full percolation of 0.15
m3/m2/a (4100 Iphd or 4.7x10-9 m/s) to migrate through
the clay liner.
It may be anticipated that when the
geomembrane fails, whatever contaminant remains in the
leachate will be readily transported down to the aquifer.
The leakage results given in Table 33 suggest that the
GCL system is hydraulically as good as, if not better than,
the system with a CCL. It should be noted that this
comparison assumes that there is a low transmissivity
geotextile (0 s 2x10-10 m2/s) as part of the GCL in
contact with the geomembrane;
care is required in
selection of the GCL since the uppermost geotextile on
the GCL (the one in contact with the geomembrane) may
vary considerably from one product to another.
The
leakage given in Table 33 also assumes that there are no
holes in the wrinkles (or no wrinkles!); as illustrated in
Section 9.5.2, a hole in a wrinkle can substantially
increase leakage.
The initial peak concentration,
CO, of the various
contaminants considered is given in Table 31.
This
represents the peak annual average value (see Rowe
1995; Rowe & Booker 1995 for a more detailed discussion of landfill leachate history).
The finite mass of
contaminant in the waste was modelled as described by
Rowe et al. (1995b) using the proportion of contaminant
mass in the waste and total mass of waste given in Table
31, Consideration of the finite mass of contaminant gives
rise to a decrease in concentration in the leachate with
time as contaminant mass is removed from the landfill by

leachate collection, by contaminant diffusion and advection through the liner system and, where appropriate, by
other mechanisms such as biodegradation
of organic
compounds.
As indicated by Rowe (1991, 1995), the
decrease
in concentration
with time (c(t)) can be
approximately given by
c(t)
=coexp[-(~

(43)

+ ~)t]
w

where COis the initial (peak) (annual average) concentration in (mg/L-gfm3), qOis the percolation through the
waste (In/a), p is the proportion of contaminant (chloride
here) in waste (mg/kg), ~ is the mass of waste per unit
area (t/m2), t is time (years: a), ~ is the decay coefficient
= Qn2/tK (al) where tw is the contaminant half life (a),
Thus the time required for the leachate concentration to
reduce to a value of c(t)/cO is given by
(44)

t= -!n(c(t)/cJ’/[=
+ A]

pMw

In the case of chloride, the ccmcentrationcan only reduce
due to mass being removed from the system (A= O).
Since there is a low permeability final cover and a
geomembrane primaxy liner, negligible mass is removed
in the period O-Tl and the concentration in the landfill
remains relatively constant. This can be appreciated by
substituting the appropriate parameters
into Eq. 43
(CO=2500 mg/L, qO=0.0003 m/a, p=1800 mglkg, M=25
t/m2 and 1=0) and it will be found that the annual
average concentration after 40 years has only dropped by
about 2 mg/L.
Once the final cover is no longer
maintained and the leachate generation, qo, increases to
0.15 m3/a/m2, (4100 lphd) more mass is removed from the
landfill (by the collection of leachate at perimeter drains
or, failing this, escape to surface water) and there is a
much faster decrease in average leachate concentration
with time than was the case with a low permeability
cover< However, for these parameters it still takes
another 280 years after the time T1 for the source
concentration to decrease to 10% of the initial value (i.e.
a total of about 320 years for T1 =40 years). The model
used to obtain the following results (Rowe & Booker
1997a) adopts a more sophisticated approach but yields
a decrease in concentration with time similar to that
which can be calculated from Eq. 43. For more details
see Rowe et al. (1995b) and Rowe and Booker (1997a).
For contaminants that undergo biodegradation
(e.g.
DCM, benzene etc.) the time to reduce the concentration
to acceptable levels maybe much faster than for chloride
but will depend on the assumed half-life, t%. For
example, for DCM the parameters given in Table 31 and
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a DCM half-life in the landfill of 10 years, Eq. 44 can be
used (remembering to use COin mg/L units) to predict
that it will take about 30 years for the concentration in
the leachate to reduce to 10% of the initial value
(c(t)/cO=O.l). For a DCM half-life of 2 years (see Rowe
1995 and Rowe et al. 1997d), it would take only 6 years
for the leachate concentration to decrease to 107. of the
initial value by biodegradation.
Thus from these simple
hand calculations it can be seen that for a modest sized
landfill (25 t/m2) and relatively high leachate generation
(0.15 m3/a/m2) flushing out of contaminant (e.g. chloride)
is very slow and that for organic contaminants a controlling parameter will be the half-life of that contaminant in
the landfill and in the underlying soil as will be illustrated
in the following examples.
For. the period 0-T3 (i.e. before the geomembrane
fails), the dominant transport mechanism is diffimion
although advection does make a measurable Contrl%ution
for the case of a geomembrane and CCL. There will be
a variation in concentration with distance below the
geomembrane
due to the diffusive resistance of the
geomembrane, the clay and the attenuation layer. There
is some dilution in the aquifer due to the horizontal flow
however the effect of this is limited for the assumed
horizontal Darcy velocity in the aquife, v~=l m/a, and the
Thus the
length of the landfill examined
here.
concentration calculated in the aquifer reflects the effect
of several mechanisms including a decrease in landfill
concentration
due to flushing (i.e. due to qO) and
biodegradation
(where
considered),
the
diffusive
resistance of the liner system, and some dilution in the
aquifer. Retardation of organic contaminants (e.g. due
to sorption onto organic matter) is not considered in the
following examples but can be readily modelled (as
illustrated in Section 8) if the partitioning coefficient, ~,
is known for the particular contaminant and soiL More
details regarding contaminant transport modelling and
the controlling mechanism is given by Rowe et al.
(1995b) and Rowe and Weaver (1997).
Analyses were first performed for dichloromethane
(DCM), a chlorinated solvent often found in MSW
leachate (Gibbons et al. 1992 Rowe 1995).
In some
regulatory
environments,
one
can
not
include
consideration
of biodegradation
in modelling impact.
Assuming an initial source concentration of 3300 @L
(Rowe 1995; MoEE 1996) and neglecting biodegradation,
the calculated concentration in the aquifer (see Figure
28) would increase to about 14 pg/L at about year 40 (i.e.
30 years post-closure) which is well below the maximum
acceptable concentration (MAC) in drinking water of 50
P@, however by year 110 (100 years post-closure) it
would increase to about 250 and 230 I.LgiLfor the CCL
and GCL system respectively which exceeds the MAC.
The peak impact at about year 180 would be around
1090 and 1070 pg/L for the CCL and GCL systems
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respectively (see Figure 28).
These values would be
considered quite unacceptable in regulatory environments
where no time limit etits on the period being examined.
In order not to exceed the MAC, the initial concentration
would need to be 150 pg/L or less under these conditions.
However, these calculated impacts are very
conservative (likely unrealistically so) since the calculation
did not take account of any biodegradation.
It is known
that DCM degrades under anaerobic conditions in leachate and as it migrates through soil (Rowe 1995; Rowe et
aL 1997). A DCM half-life in the leachate of 10 years
can be assumed. Recognizing that the DCM half-life in
soil below a geomembrane could be longer, a DCM halflife of 50 years was assumed in the clay and attenuation
layer.
The resulting contaminant impact curves are
shown in Figure 28. In this case, the impact after 40 and
110 years is about 5-6 @L and 23-24 I@L with the peak
impact being about 24 I@
(i.e. half the MAC: see
Figure 29) for both systems shown in Figure 2. These
calculations indicate that for DCM, the GCL and CCL
systems shown in Figure 2 are equivalent with respect to
contaminant impact. If the thickness of the attenuation
layer below the GCL was reduced from 3.6 m to 3 m, the
peak impact would increase to about 40 pg/L (see Figure
29) but this is still less than the MAC for the parameters
considered.
Calculations
were
also performed
for benzene
assuming an initial source concentration
of 20 I@L.
Again, the two systems shown in Figure 2 were equivalent. If one neglects biodegradation, they would both
potentially exceed the MAC of 5 @L with a peak
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impact of between 6 and 7 I@,
however, if one
considers halMives of 25 years in the landfill and 125
years in the soil, the peak impact is less than 1 pg/L in
both cases.
The migration of chloride was also examined since it is
representative
of conservative inorganic contaminants.
As previously indicated, the diffusion coefficient for
chloride is very low and for the low leakage rates that
occur with only a few holes in the geomembrane
the
impact at the time of geomembrane failure (at T~ = 160
years) was less than 1 mg/L.
However,
since
contaminants such as chloride do not degrade and the
reduction in concentration can only occur due to dilution,
there is considerable
potential for impact when the
primary geomembrane
fails.
Figure 30 shows the
calculated variation in chloride concentration
in the
aquifer with time assuming the cover and collection
system are maintained for (a) 40 years and (b) 110 years
respectively,
and assuming the service life of the
geomembrane is 160 years. In both cases the impact
greatly exceeds the typical drinking water objective for
chloride of 250 mg/L. The greatest impact is for the case
where the cover is maintained for 110 years and the
lesser impact is for 40 years maintenance.
At first this
might seem counterintuitive, however it arises from the
fact that cover failure implies increased infiltration into
the landfill and even if the landfill underdrain system is
not operated, leachate will mound and need to be
collected
at the perimeter
drains (or else it will
contaminate surface water). The leaching associated with

Figure 30. Chloride impact curve in an aquifer below the
composite liner systems shown in Figure 2 shc)wing the
effect of maintaining the cover for periods T, =40 and
110 years. Geomembrane assumed to have service life to
160 years.
this will reduce the concentration
of chloride in the
landfill and hence when the geomembrane
fails the
impact on the aquifer is less.
This highlights the
desirability of early stabilization of the waste wherein the
concentrations of contaminant in the waste (and hence
leachate) are reduced to levels that would not cause an
unacceptable environmental impact if the leachate was to
escape to surface and groundwater without control (e.g.
see Delaware 1995).
If one did intend to protect groundwater
from
contamination by chloride (and similar contaminants that
can be leached by slightly acidic rainwater) without
accelerating waste stabilization for a landfill of the size
and characteristics considered here, it would be neeessary
to adopt a double lined system using either a CCL or
GCL as part of the composite liner. Figure 3 shows one
such system. The Ieachate conditions were the same as
assumed previously for the primary collection system and
the leakage volumes are as given in Table 33. Some
readers may be surprised that the leakage through the
primary composite liner shown in Figure 3 is less than
through the composite liner shown in Figure 2b. As
discussed by Rowe et al. (1995b), the leakage through a
multi-layered soil system is controlled by the lowest
hydraulic conductivity layer and the suction that may
develop in an underlying unsaturated layer can actually
increase leakage through a multilayered system relative
to what would be obtained for the layer of less
permeable soil alone. Thus, as noted by Gircud et al.
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(1997a), an unsaturated mineral layer beneath a GCL
does not improve the hydraulic performance relative to
a GCL alone. On the contrary, the leakage through the
system is increased if the soil below the GCL can sustain
matric suctions. Typically, clayey and silty soils below a
GCL can sustain significant matric suctions and it is
generally not valid to adopt the assumption that the
pressure head below the GCL in a multilayer system is
zero. For calculating the leakage through the secondaty
composite liner, it was assumed that the head on the
secondary liner would be kept to 0.03 m for the service
Me of the secondary
geomembrane;
this implies
operation of the secondary leachate collection system for
350 years!
Figure 31 shows the calculated variation in
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Figure 31. Chloride impact curve in an aquifer below the
double composite liner system shown in Figure 3. Semmdary geomembrane assumed to have a service life to 360
years.
concentration with time assuming that the secondary
collection system is operated for the assumed service life
of the geomembrane (i.e. until year 360, 350 years postclosure) and the peak impact is about 150 mg/L (i.e. well
below the typical drinking water objective of 250 mg/L).
This implies that if one was only required to meet the
250 mg/L objective, one could terminate operations
earlier (essentially when the concentration in the leachate
reached 250 mg/L); for the parameters adopted here
(based on MoEE 1996) and a large landfill, this would be
about 325 years. This implies that this landfill has a
contaminating lifespan of at least 325 years. Once again,
this highlights the desirability of early waste stabilization
as an alternative to the long post-closure operating
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period otherwise required to protect gronndwater below
large landfills. Clearly, the contaminating lifespan will
change depending on assumed landfill conditions; generally, the larger the landfill (in terms of mass per unit
area), the longer will be the contaminating lifespan and
the required maintenance period unless there is accelerated stabilization.
10.4

Summary

For landfills with a composite primary liner, the foregoing
analyses and other analyses performed by the writer
(Rowe et al. 1995b; Rowe 1997b) lead one to conclude
that for well constructed liners (with relatively few holes
in the geomembrane),
contaminant transport of volatile
organic compounds is governed by diffusive transport
through the composite liner and any underlying soiL The
impact of volatile organic compounds on water quality in
any underlying groundwater will depend on. I.he peak
source concentration
(cO); the variation in source
concentration with time; the diffusion coefficient and
Henry’s coefficient for the geomembrane;
the diffusion
coefficient
and sorption characteristics
of the clay
component of the liner and the underlying attenuation
layer; the biodegradation that occurs in the soil below the
geomembrane;
and dilution in the aquifer.
The
combined thickness of the clay componenl
of the
composite liner and the attenuation layer may be critical
in terms of controlling impact on groundwater quality in
any underlying aquifer for these contaminants.
Although data is limited and there is a need for more
research, it appears that an HDPE geomembrane may
provide a low permeability barrier to contaminants that
are relatively soluble in water. For these conhminan@
the diffusive transport across an intact geomembrane is
low relative to that of the volatile organic compounds
with low volubility and a low dipole moment (less than 1
debye). For the relatively soluble organic and inorganic
contaminants, the number of holes and, in particular, the
holes in contact with wrinkles may control the impact for
the service life of the geomembrane.
Once the primary
geomembrane
reaches its service life, many of the
contaminants remaining in the leachate at this time will
be readily transported across the clay component of the
liner and the attenuation layer and impact may be largely
controlled by dilution in the aquifer or by a secondary
liner and collection system (if present).
Thus for these
contaminants the potential for concentration decrease
with time in the landfill, the number of wrinkles and
holes in the geomembrane, the service life of the prima~
geomembrane,
the potential
for dilution, and the
presence of any secondary composite liner and (operation
of any seconda~ collection system will control the impact
on groundwater beneath the site.
Finally, it is noted that it is possible that the

construction
of a landfill may cause a change in
groundwater quality even if there is no contaminant
escape from the landfill! This may arise in situations
where the construction of the landfill causes a reduction
in recharge to an underlying aquifer (the “shadow effect”)
and/or a change in groundwater direction in the underlying aquifer as discussed by Rowe et aL (1995b). Likewise, construction of a landfill may cause a drop in
groundwater levels below the landfill under some circumstances (Rowe et al. 1995b).
Using the modelling techniques adopted in Section
10.3, it is possible to assess equivalency of liner systems
with respect to contaminant transport. For the specific
cases considered in Section 10.3, it was shown that the
composite liner with a GCL gave rise to less impact than
a composite liner with a CCL even allowing for an
increase in hydraulic conductivity of the GCL to 2x10-10
m/s due to clay-leachate interaction. However, it should
be noted that in this comparison the total thickness of
soil between the primary geomembrane and the receptor
aquifer was held constant.
In order to control the
diffusion flux to a level similar to a CCL, it is necessary
to couple the GCL with a soil layer that, while not having
the hydraulic characteristics of a CCL, still provides
diffusive
(and potentially
sorptive)
resistance
to
contaminant migration.
It should be emphasized that when comparing liner
systems, consideration should be given to factors such as:
(a)The hydraulic resistance over the contaminating lifespan of the landfill including the effects of Ieachate
mounding and clay-leachate interaction for both compacted clays and GCLS. This will typically require
clay-leachate compatibility tests (e.g. see Rowe et al.
1995b, Petrov & Rowe 1997), Consideration should
also be given to the potential for internal erosion
when there may be high gradients.
@)The contact conditions between the geomembrane
and “clay”. The geotextile component of the GCL
may control transmissivity at the interface between the
GCL and geomembrane and any assessment of
leakage using the approach given in Section 9 should
be based on experimental data for the proposed
geomembrane and GCL under anticipated stress
conditions.
(c)The presence of wrinkles maybe a problem with
respect to the long term performance of composite
liner systems in landfills. This maybe particularly true
for composite liners that incorporate a GCL due to
the potential for clay movement in the GCL under
applied pressure (see Section 7.3).
(d)The level of construction CQA/CQC.
The quality of
a compacted clay liner is highly dependent on the
construction control (e.g. compaction equipment,
water content etc.). These CCL liners are also prone
to desiccation cracking as discussed in Section 4.

GCLS are easier to place and their long term performance is less sensitive to desiccation effects however
care is required to ensure that overlapped seams
do not move and open up when overlying layers are
placed.
(c)The stability of the liner system and the potential for
shear failure either at the interface between materials
or within a layer itself both during construction and
during placement of the waste (see Section 11).
(t) The potential for diffusion, sorption and biodegradation. Since compacted clay liners are often not
specified to have a minimum organic carbon content,
sorption can not be relied on without independent
tests. If sorption is required to control impact to a
regulatoV driven level, it is possible to speci@ a minimum organic carbon content and/or use modified clays
in the GCL to achieve the desired level of sorption.
For both compacted clay and GCL liner systems, some
consideration should be given to the migration of
metals, organic compounds and organo-metallic complexes that may be encountered in leachate.
From the discussion presented in this paper it is
evident that there is potential for use of GCLS as part of
composite liner systems in the base liners (base seals) of
landfills provided that factors such as those itemized
above are considered and addressed in the design and
construction.

11

STABILITY

OF BARRIER

SYSTEMS

The preceding sections have focussed on the role of
various geosynthetics
with respect to reducing and
controlling contaminant escape from a landfill. However,
it is essential that in addition to contaminant transport
considerations,
adequate
consideration
be given to
ensuring the stability of the barrier system (a) during
liner construction, (b) during landfilling, and (c) after
landfill completion. Failure in the barrier system prior to
waste placement can occur if insufficient consideration is
given to interface strength and/or the development of
unanticipated seepage forces. Table 34 summarizes four
cases where there were slides on slopes ranging from 4:1
(HV) to 2.5:1. In three of the four cases, the failure
arose due to low permeability of the drainage material.
In one case, the as placed material had too low a
In the other two cases,
hydraulic conductivity.
accumulation of fines gave rise to a build-up in seepage
forces and subsequent failure. These cases illustrate the
need to (a) select suitable materials, (b) have a design
and construction plan that will minimize accumulation of
fines, and (c) consider the potential climatic effect to
impact on performance
(e.g. heavy rainfall, freezing
conditions). The design of landfill final cover (cap)
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Table 34. Case histories involving slides of leachate
(R.M. Koerner, personal communication).

collection

layers before waste placement

due to seepage

No.

Upper
Interface

Lower
Interface

Slope
Inclination
(H:V)

Cover
Sos
Thickness
(mm)

Approx.
Slope
Length
(m)

Approx.
Time
After
Construction (yr)

Cause of
Seepage
Force

1

NW-NP-GT

HDPE-GM

3:1

450

45

1-2

fines in stone

2

Stone

HDPE-GM

3:1

450

30

3-4

fines in stone

3

VFPE-GM

NW-NP-GT

2.5:1

300

20

0.2-0.5

low initial
permeability

4

NW-NP-GT

PVC-GM

4:1

450

90
(3x30m)

1-2

ice wedge at toe
of slope

Notes:

GT = Geotextile
GM = Geomembrane

NW-NP = Nonwoven needle punched
VFPE = Very flexible polyethylene

systems is discussed in detail by Giroud and Beech
(1989), Giroud et al. (1995a, b) and Koerner and Soong
(1998) and the reader is referred to these papers for
more details regarding the stability of covers and barrier
systems on slopes.
Public aversion to the approval of new landfills has led
to a general increase in the size of new landfills being
constructed (since this maximizes the amount of waste
that can be disposed of on a given footprint) and a
tendenq,
when possible, to expand existing landfills
In the construction of new
laterally and/or vertically.
landfills with complex barrier systems (e.g. see Figure 1),
particular attention must be given to the potential for
sliding within the barrier system before, during and after
landfilling.
This is illustrated with reference to the
“Kettleman Hills” and “French” Landfills in the following
subsections. When existing landfills are being expanded,
it is common to include an engineered barrier system in
the expanded portion of the landfill, even though the
original landfill may not have incorporated
any
engineered barrier system. Particular care is required to
integrate the new and old portions of the landfill and, in
particular, to avoid stability problems when excavating at
the toe of the existing landfill. This is illustrated with
respect to the “Maine Landfill” and “Cincinnati Landfill”
discussed subsequently.
11.1

Kettleman
(1992)

Hills Slide as reported by Bryne et al.

The Kettleman Hills Landfill B-19 is a hazardous waste
landfill with an engineered
liner system as shown
schematically in Figure 1. Construction of this phase had
been completed and approximately 490,000 m3 of waste
and other material had been placed with the waste
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forces

HDPE = High density polyethylene
Pvc
= Polyvinyl chloride

reaching its maximum height (27 m) above the base when
the failure occurred. The waste mass moved horizontally
about 11 m and vertical slump of up to 4.3 m was
observed along the sideslopes.
Shortly after the failure,
a study by Mitchell et al. (1990) and Seed et al. (1990)
concluded that the failure was likely related due to failure
in the liner system. Low shear strengths were identified
for both the geomembrane/clay
and geosynthetic/geosynthetic interfaces.
A second study was conducted during the removal of
waste from the failed area and this study (Byrne et al.
(1992) is reported to have established
that failure
involved: “slip along multiple interfaces within the landfill
liner system.
The predominant
surface of sliding
appeared to be the secondary clay/secondary geomembrane interface. In the upper portions of the northwest
and southwest basal sideslopes” (see Figure 32), “the
sliding surface corresponded to the primary geomembrane/secmdary
geotextile interface. In the toe regions
of the northwest and southwest basal sideslopes, where
the waste mass moved either directly or transversely away
from those slopes, the faihre mechanism was more
complex and involved slip on multiple interfaces together
with zones of distortion as a result of kinematic
constraints to sliding on a continuous liner surface in
these areas ....The driving or destabilizing forces for the
failure mechanism observed came from the waste located
above the 2H: lV basal sideslopes located to the northwest and the southwest, and the resisting or stabilizing
forces came from the waste located above both the
essentially flat base of the landfill and the 3H: lV basal
sideslope located to the northeast” (Figure 32). This
complicated failure surface may have been caused by the
stress dependent nature of the interfaces (Stark &
Poeppel 1994).
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4. There was a quite rapid decrease from peak to residual strength on all key interfaces as deformation
occurs.
5. Peak strength may only be mobilized over a portion
of the failure surface and at the onset of failure a
significant portion of the interface may be at or near
residual strength. Thus an evaluation of stability
based solely on peak strengths is inappropriate. Stark
and Poeppel (1994) have suggested that the use of
peak strength may only be appropriate on flat or
slightly inclined portions of the landfilL
6. Although 3D analyses may aid in interpreting stability
of relatively complex geometric configurations (such as
in this case), a conventional two-dimensional stability
analysis along a representative cross-section provides
an indication of potential problems (as in this case).
7. Appropriate laboratory strength tests appear to provide parameters that explain field behaviour provided
they are performed for conditions representative of
actual field conditions.
8. Particular care is required with compaction control of
clay liners below geomembranes.
A water content
that is too low may lead to macrostructures and higher
than specified hydraulic conductivity. A water content
that is too high may give good hydraulic conductivity
but low shear strength that could give rise to failure.
9. The effect of wetting of a clay liner (e.g. due to rainfall) after construction and before geornembrane
placement needs to be considered in developing the
design and construction plan.

Horizontal
Movement
Vertical
Movement

o

100m

+

Figure 32. Displacement vectors for waste blocks during
failure of the Kettleman Hills Landfill (modified from
Byrne et al. 1992).
The failure appears to have been primarily the result
of the low geomembrane/clay
interface shear strength in
the secondary liner system. The undrained behaviour of
the interface about one year after construction is of
particular note and was attributed to the fact that there
was relatively little excess pore pressure dissipation near
or within the geomembrane/clay
interface due to the low
hydraulic conductivity and coefficient of consolidation,
and the length of the drainage path (since the
geomembrane prevented drainage).
The drainage path
may, in part, explain why the secondary liner was more
critical than the primary liner. Other interfaces also had
low strength including the geomembrane/geonetinterface
(11° peak 8° residual) and geomembrane/geotextile
(14°
pealq 8° residual).
This failure, and the subsequentinvestigations
reported
by Mitchell et al. (1990), Seed et al. (1990), Byrne et aL
(1992) and Stark and Poeppel
(1994) highlighted a
number of important lessons to be considered in the
design of barrier systems for landfills, including
1. The interface behaviour between a geomembrane and
compacted clay may be essentially undrained during
landfiig
and is quite sensitive to the as placed
moisture content and dry unit weight of the clay. In
this case, the undrained strength ranged froms. = 2658 kpa over the range of water content examined with
a value of 45 kPa at the mean secondary liner water
content.
shear strength
2. The mean residual geomembrane/clay
may be considerably lower than peak strength and is
a function of the normal stress.
3. The geosynthetic/geosynthetic
residual interface
strength with conventional (smooth) HDPE geomembranes is quite low (8° in this case).

11.2

French Slide as Reported

by Ouwy et al. (1995)

A second example of the need to carefully design for
barrier stability has been described by Ouvry et al.
(1995). This municipal solid waste landfill had a barrier
system consisting of at least 3 m of compacted clay (k <
1 x10-9 m/s) and 2 mm thick smooth HDPE geomembrane. At the base of the landfill a 190 g/m2 spunbonded
nonwoven geotextile was placed behveen the smooth
geomembrane and the compacted clay (see Figure 33).
The leachate collection system included a sand drainage
blanket on the base, and sand and tyres (the tyres being
to protect the geomembrane during compaction) on the
21 sideslope.
After compaction
of the liner for Cell 1, the
geomembrane was installed (December 1993) during a
very wet period (234 mm of rain during the month of
installation).
Waste was then placed in the cell (see
Figure 34) to an average thickness of 12-15 m (maximum
20 m) at the time of the waste slide.
The waste slide occurred in July 1994 and was reported
to have occurred along the geomembrane/clay
interface
along the sideslopes
and along the geotextile/clay
interface at the base. The geomembrane was pulled out
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Figure 33. Schematic showing base and sideslope barrier
systems for the French landfill (adapted from Ouvry et al.
1995).
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Figure 34. Schematic showing geometq of the base and
waste at failure for the French slide (adapted from Ouvry
et al. 1995).
of the anchor trench over a length of 60 m.
The
displacement at the top of the waste slide was 5-6.7 m.
The moisture content of the clay from beneath the
geomembrane was found to be 5-97. higher than it had
been after compaction.
This case highlights a number of points made in the
previous subsection, namely
1. the importance of considering potential waste sliding
when designing the landfill and developing its operations plan,
2. the critical nature of the geosynthetic/clay interface
and the important role played by water content with
respect to the shear strength developed at the interface;
3. the potential for a decrease in design interface
strength due to events occurring during construction
(heavy rainfall during placing of the geomembrane on
the clay in this case).
11.3

Maine Slide as Reported

by Reynolds

This landfill was initially developed
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landfill on a soft marine clay with a soil profile consisting
of a 3 m thick crust over 12 to 18 m of soft clay (vane
strength 10-30 kPa). Stability calculations performed in
1986, assuming a waste density of 600 kglm3, indicated
that the maximum safe height of waste was 17 m. By
1989, the landfill had reached 22 m and it had been
determined that the MSW density was about 1250 kglm3
(i.e. more than twice that assumed in the stability
calculations). The increased density was attributed to the
use of (a) more compactive effort, and (b) more daily
and intermediate
cover to control odour, birds and
windblown waste.
As part of a 1989 landfill expansion, work started on
constructing a liner system consisting of two layers of
HDPE geomembrane over 0.6 m of recompacted clay
over the marine clay in the expansion area (see Figure
35). The use of hvo layers of geomembrane
is itself
unusual and the rationale for this is not provided by
Reynolds (1991). Trees were removed and 1-3 m of the
stiff crust was removed to (a) remove some sand seams
and (b) increase air space.
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Figure 35. Schematic showing plan view of Maine slide
(modified from Reynolds 1991).
Since the original landfill had no leachate collection
system or engineered
liner, a trench was excavated
through the stiff clay at the western toe of the old landfill
to allow interception of subsurface leachate flow from the
This combined with the
landfill (see Figure 35).
stockpiling of cover soil over the westerly crest of the old
landfill further reduced stability (see Figure 35) and
following 10 days of rain (0.3 m) a landslide occurred
involving some 500,000 m3 of material (see Figure 35).
The movement was reported to have lasted about 15
seconds. Figure 36 shows scale sketches for an east-west
section both before and after the slide (Reynolds 1991).
The slide was reported (Reynolds 1991) to have begun
with a rotational failure under the original landfill slope
(see Figure 36) and then retrogressed beneath the entire
landfill, exiting at the eastern crest of the old landfill.
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Figure 36. Schematic showing cross-section through the
Maine slide (modified from Reynolds 1991).
During the slide the waste broke into large blocks which
moved to the southwest, west and northwest on the
remolded soft clay which had lost up to 8096 of its
original strength (Figure 36).
The block moved
horizontally up to 50 m and at about 60 m from the
original toe, the remolded soft clay began to flow over
the undisturbed surficial soil and extended up to 120 m
from the original toe. Vertical walled crevasses up to 10
m deep were left between the blocks of waste when
movement
ceased
(Figure
36).
The post-failure
investigation revealed that the average waste density
(including daily and intermediate cover) was 1520 kg/m3
(range 800-2000 kg/m3 from 10 m’ test pits).
The
average shear strength parameters for the waste were
c=24 kpa, @=27° however large deformations were
needed to mobilize this strength.
The soft clay had a
normalized strength ratio su/av’=0.2.
This case illustrates a number of important points as
follows:
1. as with most failures, there were a number of factors
contributing to the failure;
2. the major cause of instability was the excavation of
the stiff clay crust from the toe of the slope and excavation of the trench at the toe of the old landfill as
part of the activity to construct an engineered barrier
for the expansion portion of the site;
3. failure to recognize the actual waste densities contributed to the problem,
4. placement of a cover stockpile near the crest of the
landfill decreased stability and
5. heavy rains prior to the slide likely increased the
density of the waste providing a trigger for the failure
given the other conditions.

Cincinnati Slide as Reported
(1997)

by Stark and Evans

This landfill experienced a significant waste slope failure
in 1996. As reported by Stark and Evans (1997), the
landfill covers about 93.6 ha and accepts an average of
about 4,500 tonnes of waste per day. Initial development
of the site began in 1945 and consisted of pushing waste
over the edge of existing ravines where it came to rest on
native soils consisting of a poorly sorted mixture of fine
grained soil and angular rock fragments (colluvium). As
a result of a 1994 approval for a 48 ha expansion and the
requirements of US EPA Subtitle D (USEPA 1994), the
operator was required to install a barrier system
consisting of a leachate collection system, 1.5 mm HDPE
geomembrane liner and a 1.5 m thick compacted liner in
the expanded portion of the landfill.
The expansion
involved creating a 40 m deep
excavation at the toe of the existing landfill to allow
installation of the barrier system. As the excavation was
nearing completion
after eighteen months, a major
wasteslide occurred involsing about 1.3x106 m’ of waste.
About 8 ha of waste slid into the 44 ha excavation and
the toe of the slope moved about 250-300 m to the
northern edge of the deep excavation.
At the time of the failure, the slope adjacent to the
excavation was 2.6:1 (HV)
but some portions were
steeper than 1.85:1 (HV) and there was a 4.5-6 m nearly
vertical excavation through the waste and colluvium at
the toe. Stark and Evans report that the translational
failure was thought to be due to mobilizing the post-peak
shear strength (@ - 10-12°, c’ - O) in the colluvium,
overbuilding of the waste above the approved elevation
by about 12 m, excavating the toe that exposed the weak
colluvium, and strain incompatibility between the waste
and colluvium.
This case provides clear evidence that:
1. care is needed in the operational development of a
landfill to avoid situations that could potent.izdly
cause overfilling and instability,
2. the interfaces between the waste and adjacent material (e.g. native or engineered liners) maybe critical to
the stability of waste slopes,
3. it is important to ident@ the geotechnical characteristics (including shear strength) of the native material
on which the landfill is constructed and to calculate
the stability of proposed slopes (it appears that the
operational strength of the colluvium was the postpeak strength, not the peak strength), and
4. excavation of the toe of a slope can substantially
increase the risks of a failure occurring.
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11.5

Summary

Numerous landfills are safely constructed without stability
problems.
However, the four examples cited in this
section illustrate the need for careful consideration to be
given to the potential for sliding (a) during barrier
construction, (b) during expansion of existing landfills and
(c) during landfilling over the barrier system.
Not
illustrated here, but of importance nevertheless, is the
potential for a failure at (or after) closure.
The
likelihood of failure occurring can be minimized by
1. appropriate design and materials selection (including
appropriate laboratory tests and stability analyses);
2. good CQC/CQA to ensure that the barrier system is
installed as designed;
3, development plans for expanded landfills that limit toe
excavation and overfilling and define allowable conditions for construction of the expansion area and a
means of monitoring adherence to the development
plans;
4. operations plans that include consideration of stability
as the waste is placed and means of monitoring adherence to the operations plans;
5. contingency plans in the event of changed conditions
occurring during construction (e.g. excessive rain,
unexpected
foundations conditions etc.); and
6. disposal alternatives so that waste can be diverted if
expansion schedules are not met.
Provided that these issues are addressed, the numerous
successful landfill construction projects not explicitly cited
here illustrate that the well engineered barrier system can
be safely constructed
to provide a high level of
environmental protection.

12

CONCLUSIONS

A number of key factors affecting the long term
performance of landfill barrier systems (base seals) have
been reviewed. It was shown that the temperature at the
base of landfills is particularly sensitive to the type of
waste, rate of landfilling and the saturated thickness of
waste. In particular, leachate mounding on the base of
the landfill (e.g. due to clogging of a leachate collection
system or failure to remove leachate from the collection
system)
may result in a significant
increase
in
This in turn can
temperature at the landfill liner.
increase
both diffusive and advective
contaminant
transport through the liner system and can reduce the
service life of both a geomembrane
and underlying
compacted clay liner.
Geotextile filters in landfill leachate collection systems
do clog and may experience a drop in hydraulic conductivity of 2 to 5 orders of magnitude.
The key issue is
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whether or not they are excessively clogged. Currently,
available evidence would suggest that when appropriately
used in a drainage blanket, suitable geotextiles may
increase the long term performance of the underlying
granular drainage blanket without having any negative
impact on the performance
of the barrier system.
However, geotextiles should be used with caution in areas
of flow localization (e.g. around french drains, wrapping
pipes etc.) in landfill leachate collection systems since
excessive clogging can occur and this may cause leachate
mounding and increased potential for the escape of
contaminants.
Compacted clay liners potentially have a very long
service life provided (a) adequate consideration is given
to clay leachate compatl%ility in the selection of the clay
and (b) there is no significant desiccation of the liner.
Care needs to be given to minimizing/preventing
desiccation both in the short term and the long term.
Minimizing
“short term” desiccation
before
waste
placement can be achieved by appropriate design and
construction.
Minimizing “long term” desiccation after
waste placement will require both appropriate design and
landfill operations that limit the temperature at the base
of the landfill. Particular care is required for thin (e.g.
0.6 m thick) compacted
clay liners and for liners
underlain
by a secondary
leachate
collection/leak
detection system.
The hydraulic conductivity of GCLS is sensitive to the
permeant, the hydrating conditions and the applied stress.
The hydraulic conductivity may increase several orders of
magnitude for some permeating conditions.
Thus the
hydraulic conductivity needs to be assessed on a case by
case basis (examining the proposed GCL permeated with
leachate similar to that anticipated). However, a number
of tests with real leachate and synthetic leachate whose
chemical composition is based on real MSW landfill
leachate have shown only modest increases in hydraulic
conductivity (up to an order of magnitude). Calculations
performed using the hydraulic conductivity of the GCL
after interaction with MSW leachate suggest that a GCL
may still be a ve~ effective component of a composite
liner system when combined with a well designed and
constructed geomembrane liner.
Diffusion may bean important transport mechanism in
well designed and operated landfills. Diffusion through
geomembranes and GCLS has been discussed and parameters given. The rate of diffusive transport may be
both concentration and temperature dependent.
It is
shown that some organic contaminants
(e.g. volatile
organic compounds, VOCS) can readily diffuse through
HDPE geomembranes
and that they may migrate
through thin (-0.6 m) composite liners to detectable
levels within less than a decade. The long term impact
will depend on (a) the level of sorption that occurs in the
clay liner and any attenuation layer above any potential

receptor aquife~ and (b) the level of biodegradation of
organic contaminants that occurs in the waste and barrier
system. Since the geomembrane
is a selective barrier
(providing considerable
resistance
to bacteria
and
primary substrates like volatile fatty acids but relatively
little resistance to VOCS) the biodegradation in the soil
below a geomembrane maybe less than that observed in
liners and aquifers where there is no geomembrane.
More research is required to establish the magnitude of
this effect.
Geomembranes provide an excellent diffusion barrier
to
inorganic
contaminants
and
many
organic
contaminants. For these contaminants, the primary mode
of contaminant transport is through holes in the geomembrane during the service life of the geomembrane.
The
leakage through composite liners has been examined.
Field experience
indicates that the leakage through
composite liners is relatively small after waste placement
and especially after the final cover has been constructed.
However, the leakage is more than one would expect
based on a few isolated holes in geomembranes assuming
“good” construction.
A new analytical solution for
modelling leakage through holes in a geomembrane for
a wide range of leachate heads and clay liner thicknesses
has been presented both for isolated holes and holes in
wrinkles (waves). It is shown that the presence of holes
in wrinkles could explain the magnitude of the leakage
observed in field applications with a leak detection
system when allowance is also made for consolidation
water arising from compacted clay liners.
The service life of GCLS and geomembranes
is
discussed. The service life of the geomembrane will be
related to the type and amount of antioxidant used in the
geomembrane, and the presence of stress concentration
(e.g. at wrinkles, due to indentation by stones, etc.) and
stress crack resistance.
Based on existing data, the
service life of a primary and seconda~
properly
formulated HDPE geomembrane
is projected to be of
the order of 150 and 350 years (or greater) at
temperatures of 250C and 120C respectively and assuming
the conditions stated in Section 7, including (a) good
design and construction
practice; (b) the specified
minimum oxidative induction time (OIT); (c) the
specified minimum stress crack resistance; (d) negligible
tensile stress concentrations in the geomembrane.
It is
noted that an increase in the temperature of the liner
may substantially
reduce
the service
life of the
geomembrane.
Contaminant impact assessment is discussed in the
context of the equivalence of liner systems. The use of
GCI-S as a replacement
for a conventional compacted
clay liner (CCL) has been discussed.
By considering a
specific example, it is shown that even allowing for an
order of magnitude increase in hydraulic conductivity due
to clay-leachate
interaction, a GCL could replace a

conventional 0.6 m thick compacted clay liner and it still
provides acceptably low impacts on an underlying aquifer.
For the example examined, maintaining the same thickness of soil between the geomembrane
and the aquifer
(i.e. using a GCL and 0.6 m “foundation’’layer to replace
the 0.6 m CCL), the calculated impacts were less than for
the CCL. If the CCL was replaced by a GCL alone, the
calculated impacts were greater than for the CCL but
with a 3 m attenuation layer between the GCL and
aquifer were still acceptable during the service life of the
geomembrane.
These findings should not be generalized
and each landfiU should be considered on a case by case
basis. The techniques used in Section 10 can be used to
perform this assessment.
From the results presented in this paper it k evident
that there is the potential for use of GCLS as part of
composite liner systems in the base liners (base seals) of
landfiUs provided that factors such as those itemized in
the paper are considered and addressed in the design and
construction.
It should be emphasized that just as clay
liners should be evaluated on a case by case basis, so
should GCLS. Landfills vary in terms of mass loading
and leachate characteristics and not all clays and GCLS
have the same characteristics; even for a given GCL
manufacturer there may be a range of products some of
which are better suited than others for use in base liners.
It is shown that without stabilization of the waste there
is the potential for significant impacts on groundwater
due to recalcitrant contaminants
once the primary
geomembrane reaches its service life. These impacts can
be minimized using a double composite liner. However,
for large landfills
the period
of operation
and
maintenance of the Ieachate collection system maybe of
the order of hundreds of years.
Although the inclusion of various geosynthetics (e.g.
geomembranes,
geotextiles
and geonets), clay liners,
geosynthetic clay liners, and granular drainage layers may
improve a landfill’s performance by reducing contaminant
escape, the implications of each layer and the potential
interaction between layers (especially at interfaces) with
respect to stability must be considered on a case by case
basis. Potential failures may include sliding within the
barrier system or general shear failures (landslide/waste
slide) through the waste and underlying geological deposit
(a) during liner construction, (b) during landfilling, or (c)
after landfill completion. The need to carefully assess the
stability of landfills is discussed and the lessons learned
from four failures have been highlighted.
It is concluded that over the past decade veg substantial advances have been made in understandingthe behaviour of geosynthetics in barrier systems for landfills and
that with appropriate design and construction, geosynthetics can be used to design a system that will provide
excellent long term environmental protection.
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Attenuation Layer
apparent opening size (mm)
area perpendicular to flow and/or diffusion
area of hole in a geomembrane (cm2; m2)
half width of a wrinkle (see Figure 27) (m)
H~ + Hf -h. (m)
Compacted Clay Liner
Chlorosulphenated
Polyethylene
contaminant concentration (mgfL, @L)
contaminant concentration at time t (mg/L,
Pm)
contaminant concentration in a geomembrane (mm,
IAg/L)
contaminant concentration in solution (mg/14
Pm)
final equilibrium concentration in fluid
(m@, @L)
initial concentration in fluid (mu
@L)
initial concentration (mg/L, @L)
effective diffusion coefficient in soil (m2/s;
m2/a)
diffusion coefficient in a geomembrane
(m2/s; m2/a)
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D~

=

DIO

=

eB
f
GCL
GM
GN

=
=
=
=

g
HDPE =

diffusion coefficient of temperature T (m2/s;
m2/a)
diffusion coefficient of temperature T=1OOC
(m2/s; m2/a)
bulk GCL void ratio (-)
mass flux of contaminant (g/m2/a)
Geosynthetic Clay Liner
Geomembrane
Geonet
gravitational acceleration (m/s2)
High Density Polyethylene
hydraulic head (m)
potentiometric head in an aquifer (m)
thickness of an aquifer (m)
leachate head acting on top of a
geomembrane (m)
thickness of an attenuation (foundation)
layer (m)
thickness of a liner (CCL or GCEj (m)
mean gradient across the liner and
attenuation layer (see Eq. 29) (-)
partitioning or distribution coefficient (mL/g)
linear sorption coefficient for geomembrane

(-)
coefficient of earth pressure at rest (-)
hydraulic conductivity (m/s)
hydraulic conductivity of a foundation/
attenuation layer (m/s)
hydraulic conductivity of clay liner (m/s)
geotextile normal hydraulic conductivity
(m/s)
hydraulic conductivity of leachate collection
layer (m/s)
harmonic mean hydraulic conductivity of clay
liner and attenuation layer (see Eq. 29)
(m/s)
hydraulic conductivity at temperature T (m/s)
hydraulic conductivity at temperature
T=1OOC (m/s)
length of a wrinkle (m)
Leachate Collection System
Leak Detection System (also called a SeconLDS =
dary Leachate Collection System)
mass per unit area (g/m2)
MA
=
MSW =
Municipal Solid Waste
M.
=
mass of waste per unit area (t/m2j
=
porosity (-)
n
porosity in aquifer
nb
=
n.
=
effective porosity (-)
“permeability” of a polymer to a given
Pg
=
contaminant (P~=S@D~) (m2/s; m2/a)
Primary Leachate Collection System
PLCS =
percentage open area (-)
POA
=
=
proportion
of contaminant in waste (mgfkg)
P

Q
%)

R
rO

s
Sg
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SDR
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=
=

v~

=

v,

=
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v
P

=
=
=
=
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=

PGM=
=
e
1

=
=

flow through a hole in a geomembrane
(m’/s)
permeation through landfill cover reaching
the Ieachate collection system per unit area
(m/s; m/a)
wetted radius (m)
radius of a hole in a geomembrane
(m)
soil suction (kPa)
sorbed mass per unit volume of geomembrane (ins/L)
partitioning (volubility, Henry) coefficient (-)
Standard Dimension Ratio for pipes (-)
Secondary Leachate Collection System (also
called a Leak Detection System)
spacing between geomembrane and clay
liner (m)
undrained shear strength (kPa)
time at which maintenance of landfill lid
cover (cap) and operation of the leachate
collection system is terminated in example
in Section 10.
time at which equi.liirium leachate mound is
reached for an unmaintained landfill assuming no leachate collection from the underdrains but a fully functioning liner system
in example in Section 10.
time at which the geomembrane component
of the primary composite liner is assumed to
fail in the example in Section 10.
time (s,a)
half-life (unless othenvise noted) (a)
thickness of a geomembrane
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ABSTRACT
It is shown that there exists a big gap between the currently used design seismic coefficients (~Ww for
retaining walls (RWs) and the ratio of the highest peak ground accelerations to the gravitational acceleration expemenced
It is argued that some factors for the above include; a) the use of
during the 1995 Hyogo-ken-nambu Earthquake.
conservative soil strength in the design; b) positive aspects of dynamic effects arising horn ductility and flexibility of RW
that are not considered in the pseudo-static approaches; and c) the use of a global safety factor larger than unity. It is
suggested, at the same time, that the currently used (k~~=i~ values should be increased appropriately to avoid such collapse
of RWS as observed during the earthquake to a larger extent in the order of a) gravity type RWS, b) cantilever reinforced
concrete RWS and c) geosynthetic-reinforced
soil RWS having a full-height rigid facing. To evaluate dynamic earth
pressure and failure zone size in unreinforced and reinforced backfill at high seismic loads more properly than the
conventional pseudo-static methods, a modified pseudo-static approach is proposed, which takes into account the
progressive process of the active failure in the bac~lll associated with shear banding and strain softening.
KEYWORDS:
1.

Seismic stability, Retaining walls, Pseudo-static analysis, Case histories, Model tests, Progressive failure

INTRODUCTION

It has been accepted that under stati~ conditions, properly
designed permanent geosynthetic-reinforced
soil retaining
walls (GRS-RWS) can be more cost-effective than, and can
function equivalently to or even better than, conventional
type retaining walls (RWS).
Good performance of a
number of GRS-RWS observed during a couple of recent
very severe earthquakes in USA and Japan has shown that
it is also the case under seismic conditions (e.g., Collin et
al., 1992; White and Holtz, 1996; and Tatsuoka et al.,
Results obtained from recent theoretical and
1996).
experimental works are consistent with the above (e.g.,
Bathurst and Alfalo, 1996). In this report, fmt some
lessons horn the seismic performance of representative
types of RWS including GRS-RWS during the 1995
Hyogo-ken-nambu Earthquake will be summarized.
In the current aseismic design, RWS are designed to
resist dynamic earth pressure, which is usually obtained by
limit equilibrium-based
pseudo-static stability analysis,
mostly by the Mononobe-Okabe method (the original M-O
method; Okabe, 1924; Mononobe and Matsuoj 1929). In
such current aseismic design, conservative soil strength is

used (Table 1.1); for example, angles of internal tiiction,
typically 35°, are assigned for cohesionless soils.
These
values are definitely lower than the actual peak friction
angles O ~ for such densely compacted cohesionless
backfill as realized in most permanent GRS-RWS. Rather,
these values are similar to the residual frictional angles b ~
for usual cohesionless soils. The use of such low design
Table 1.1 Typical soil strength values recommended for
aseismic design of soil structures (Railway Technical
Research Institute, 1997)

IType

of backllll

soil

IAngle of internal I
friction, O

1) Well graded sand, gravel
and m-uck from hard rock

40”

2) Ordinary sand and gravel

35”

3)

Poorly graded sand

4)

Cohesive

30”
30”

soil*

* For retaining walls not higher than 6 m and
embankments
not higher than 10m; cohesion is
empirically replaced by shear resistance angle.
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friction angles as above have been recommended for a
reasonable conservatism, covering possible effects of
progressive failure in the backfill and uncertainties of
compaction
level in each project (e.g., Bolton and
Steedman, 1985; Jewel], 1991).
In the pseud&tatic “aseisrnic design methods that are
employed in many countries including Japan, the design
horizontal seismic coefficient (k&.tiw for RWS is usually as
low as 0.1 - 0.2.
On the other han~ after having
experienced very serious damage to a great number of civfi
engineering structures during the 1995 Hyogo-ken-nambu
Earthquake, a double-level aseismic design methodology
has been proposed and accepted by Japanese civil
engineers (JSCE, 1996). In this method, permanent civil
engineering structures we fwst to be designed so as to
maintain their serviceability against the specified lower
level seismic load (Level 1). Level 1 seismic load is
equivalent to the conventional seismic design load as
described above, which is considered to be equivalent to
the order of 200-300 gals in terms of the peak (horizontal)
ground acceleration (PGA).
At the same time, each
structure should be designed against the higher Level 2
seismic load in such that although they are allowed to
exhibit some plastic deformation, they should not collapse
totally and can be remedied within a short period. Level
2 seismic load is considered to be equivalent to a PGA of
the order of 600 - 800 gals.
Following
this
recommendation, a number of Japanese aseismic design
specifications and codes for reinforced concrete (RC) and
steel civil engineering structures have been revised. Now,
RWS cannot be an exception, and it is now required to
develop a rational aseismic design method t& RWS
including GRS-RWS to survive such very high seismic
load.
When a value of (k~~rnm equal to as high as 0.5 is
employed, however, the seismic active earth pressure for
cohesionless backfill obtained by the conventional pseudostatic approaches using the above-mentioned conservative
friction angle becomes very high and the failure zone in
the backfill becomes unrealistically very large and deep as
shown later.
Then, conventional type RWS as well as
GRS-RWS are very difficult to be designed to have
reasonable dimensions when they are to survive Level 2
seismic load. Yet, k~ = 0.5 is still lower than PGA/g= 0.6
- 0.8, which was experienced by many collapsed and
uncollapsed RWS during the 1995 Hyogo-ken-nambu
Earthquake
(n. b., the response maximum horizontal
acceleration in the RWS should have been even higher).
In the second part of the paper, reasons other than the use
of conservative soil strength for inconsistencies between
the conventional (k~~,,iq values and the observed high
PGWg values will be discussed based on field and
The reasons will include
laboratory
observations.
positive net dynamic effects and the use of a global safety
factor larger than unity.
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In addition, the postulates used in the original M-O
method will be examined based on field and laboratory
observations and some theoretical considerations.
Then,
a modified pseudo-static approach to obtain reasonable
design seismic active earth pressure and failure zone size
for unreinforced and reinforced backfll] subjected to very
high seismic loads will be proposed.
Then, based on the information presented in this report,
the values of (k~bi~m for Level 2 seismic load will be
tentatively suggested as a fiction
of analysis meth~
design soil strength amd RW type.
2.

SOME LESSONS FROM THE
KEN-NAMBU EARTHQUAKE

1995 HYOGO-

The major lessons obtained from the performance of RWS
including GRS-RWS during the 1995 Hyogo-ken-nambu
Earthquake could be summarized as follows (Tatsuoka et
aL, 1996). Fig. 2.1 shows the locations of the RWS
referred to below.
The damaged RWS could be categorized into the
following three groups;
slightly damaged; the RW deformed and/or displaced
a)
slightly, and its reuse was soon started after some
remedy work
b) moderately damaged; the RW deformed andor
displaced noticeably, but did not totally collapse, and
was demolished to be re-constructed,
or was
substantially repaired before reuse; and
c)
severely damaged; the RW totally collapsed to the
ground, and was demolished to be re-constructed.
Tanata site
Sumiyoddsite
fshiyagawasite
Rokko-michisite

..z_

.;> @ ~J] ‘:-.-<-~”(, ‘-”18$...,,.,
{’”- ,. ‘., “.. 0 (
b

.=:;-:
#

:Arem of Japanese seismicintensityscaleof seven
(Accordingto Japan MeteorologicalAgency)

Fig. 2.1 Locations of typical soil retaining walls in
Hyogo-ken-nambu referred to in the paper and Kobe
Marine Meteorological Observation Station.
1) The GRS-RWS having a full-height rigid (FHR) facing
at Tanata was slightly damaged; the wall deformed and
displaced to some extent by sliding out at its base and
overturning about its base (Fig. 2.2a), but it did not show a
sign of ultimate failure, despite extremely high seismic
loads at the site (the estimated PGA of about 800 gals or
more) and use of reinforcement layers truncated tc}a same
short length of L/H equal to 0.56. A recently constructed
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Fig. 2.2 Cross-sections before and after the earthquake of slightly damaged RWS at Tanata; a) a GRS-RW having a FHR
facing (n. b., effects of the H-piles on the wall stability are considered to be very small ); and b) a RC RW supported with a
row of bored piles.
cantilever reinforced concrete (RC) RW supported with a
row of bored piles(Fig. 2.2 b), located adjacent to the
Tanata GRS-RW, was also slightly damaged.
Although
the seismic load was less severe with an estimated PGA/g
of the order of 0.5, similar GRS-RWS having a FHR facing
located
at Tarumi exhibited
a limited amount of
deformation
and displacement
(thus very slightly
damaged).
Cantilever RC RWS supported with a pile
foundation
constructed
adjacent to these GRS-RWS
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Fig. 2.3 Cross-sections before and after the earthquake
of moderately damaged RWS; a) a RC retaining wall
located at Rokko-michi; b) a cantilever RC RW at
Ishiyagawa Station; and c) cantilever RC RW at Shioya
Station
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(c)

Fig. 2.4 Cross-sections before and after the earthquake of seriously damaged or totally collapsed RWS; a) a masonry
RW between Setsu-motoyama and Sumiyoshi Stations; b) a leaning-type RW between Setsu-motoyama and Sumiyoshi
Stations; c) a gravity-type RW at [shiyagawa Station; and d) a poorly designed old cantilever RC RW at Shin-nagata
Station
displaced similarly to the GRS-RWS.
Subjected to the
seismic loads similar to the Tanata GRS-RW, a reversed Tshaped cantilever RC RW at Rokko-michi (Fig. 2.3a) and
those at Ishiyagawa (Fig. 2.3b) were moderately damaged.
Although the seismic load was less severe, a cantilever RC
RW at Shioya (Fig. 2.3c) was also moderately damaged.
In comparison, a number of conventional gravity type RWS
(masomy RWS and leaning type and gravity type
unreinforced concrete RWS) and poorly designed old
cantilever RC RWS such as that at Shin-Nagata which were
located in the similarly very severely shaken areas were
seriously damaged (Figs. 2.4a-d).
In summary, the
performance of the GRS-RWS with a FHR facing located
in the severely shaken areas, particularly the one at Tanata,
was satisfactory and equivalent to, or even better than, that
of the recently constructed RC RWS. Reasons for these
different performances should be understood.
2) The most dangerous failure mode of RW is over-turning
about its bottom, because it is abrupt in a brittle and
uncontrollable reamer, which may result into very serious
damage to structures and human beings located on the
backfill and in front of the wall. A number of conventional
106-1998
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leaning and gravity type RWS collapsed in the overturning
failure mode, triggered by large inertia force of RW and
bearing capacity failure in the sub-soil below near the toe
of RW, as typically seen in Figs. 2.4c and d. Sliding out
of wall at the wall base is not preferable, but some amount
should be admitted when subjected to very high seismic
loads, because this failure mode is usually in a ductile
reamer, being not so abrupt as, and more stable than, the
overturning failure mode. We need a relevant seismic
design method for overturning at high seismic loads.
3) Fig. 2.5 shows the relationships between the safety
factor and the kfi value for the Tanata GRS-RW and the RC
RW at Rokko-michi obtained by the above-mentioned
conventional pseudo-static design method using a design 0
value equal to 35° for the backfill.
When based on this
result, the Tanata GRS-RW should have failed by base
sliding at k~= 0.36.
Despite its good seismic behaviour,
k~ = 0.36 is noticeably below the estimated values of
PGA/g at the site (i.e., 0.8 or larger).
We need an
explanation for this large gap. There is a gap also for the
The gap is, however,
cantilever RC RW at Rokko-michi.
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Fig. 2.5 Relationships between the safety factor and
the k~ value for a) the GRS-RW having a FHR facing at
Tanatrq and b) the cantilever RC RW at Rokko-michi,
obtained using soil strength and simplification methods
following the conventional design procedures (see Table
3.1 for calculation details).
smaller than that for the Tanata wall; the calculated critical
k~ for bearing capacity failure in the sub-soil below the
RW, leading to the overturning failure of RW, is higher
(0.45), while the damage was severer.
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4) The failure planes observed in the backfill of failed
RWS, such as the gravity type unreinforced concrete RW at
Ishiyagawa (Fig. 2.6a) and the leaning type umeinforced
concrete RW along JR railway embankment between
Setsu-motoyama and Sumiyoshi stations (Fig. 2.6b), were
~Sumiyoshi
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Fig. 2.6 Observed failure planes in the backfill; a) the
gravity-type unreinforced concrete RW at Ishiyagawa
Station; and b) the leaning-type RW along JR railway
embankments between Setsu-motoyama and Sumiyoshi
Stations.
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much steeper than those predicted by the original M-O
method using a conservative value @= 35° and based on a
tentative value of k~ equal to 0,65” PGA/g= 0.65 x 0.7=
0.45. If the reinforcement layers should be extended well
back the failure zone predicted for a high design k~ value
by the original M-O method using a low design soil
strength, we should use extremely long reinforcement
layers.

1998, Atlanta

In the original M-O method, the load equilibrium at the
limit state (i.e., failure state) is examined for an assumed
failure mechanism, and the maximum earth pressure is
seeked by trial and error changing the location and size of
failure plane (Fig. 3.1). Fig. 3.2 shows the seismic active
earth pressure coefficient (KJWi,~iC,plotted against ~, for
:2.0

I

!

Q; ] .g – M-O method
Effects of facing type on the deformation of reinforced
soil RW were observed; subjected to seismic loads which
were less severe than that for the Tanata GRS-RW,
discrete panel facings of several Terre Armee RWS
exhibited relatively large deformation.
Due to excessive
wall deformation, the upper half of one major Terre Armee
wall was rebuilt after the earthquake (Tatsuoka et al.,
1996).
5)
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APPROACHES

In most of the aseismic design specifications, codes and
guidelines used in Japan for relatively important RWS,
seismic active earth pressure is evaluated by the original
M-O method together with the assumption of hydrostatic
distribution
of dynamic earth pressures (static plus
dynamic components).
Alternatively, the trial wedge
method, which is equivalent to the original M-O method
for plane backslopes, is used for backfill having an
irregular backs lope. As mentioned earlier, conservative
soil strength is used in these aseismic design procedures, as
typically listed in Table 1.1. These design soil strength
values are usually not a fimction of the degree of
compaction, resulting in no differences in calculated
stability between loosely and densely compacted backfills.
Rather, the required degree of compaction is specified
separately, not dwectly linked to static and seismic stability
analyses.
Note again that the use of conservative soil
strength does not necessarily mean that the conventional
aseismic design is conservative, because of the use of
conservative (kh)deti~n
values.

Backtll
soil -..

.

of the original
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Fig. 3.3 Relationships between the size of failure zone
in the backfill and the horizontal seismic coefficient k~
obtained by the M-O method ford =30, 35, 40 degrees,
corresponding to Fig. 3.2.
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the simplest wall and backfill configurations as shown in
the figure, obtained by the original M-O method using d
=30°, 350, 400 and 450, while Fig. 3.3 shows the size of
the failure zone in the backfill. It may be seen that at a
high lq (about 0.5 or more), the use of conservative 0
values such as 30” results into very high (K~=i,miC values
with very deep and long failure planes.

We should note, however, that these postulates are not
relevant, as examined later in this paper in the light of the
recent experimental results. For example, the postulate 3
is not relevant particularly for ductile RWS such as GRSRWS, which can survive seismic loads largely exceeding
the value at which the first active failure takes place in the
backfill.

The original M-O method is based on several postulates
as summarized below
1) The maximum earth pressure is obtained by changing
the angle ~ of the straight failure plane starting from
the heel of the wall. Therefore, the angle L ~for the
critical failure plane is a function of lq (and kJ, and
becomes smaller as the value of & increases.
2)
The seismic coefficients ~ and ~ are usually applied
uniformly in both vertical and lateral directions in the
baclctll]
(vertically
or
laterally
non-uniform
distributions of ~ (and IQ are used in some modified
methods as discussed below).

Several modifications have been proposed to alleviate
some limitations of the original M-O method. The results
of the previous model tests on conventional type RWS,
including those by Ichihara and Matsuzawa (1973),
revealed that the hydrostatic distribution assumption may
be less conservative by itself. To apply to segmental
GRS-RWS, Bathurst and Cai (1995) introduced a more
realistic vertically mm-uniform distribution of ~ (Fig. 3.4).
In their method, however, a single straight failure plane
starting from the heel of facing is assumed (as the original
M-O method),
irrespectively
of the presence
of
reinforcement, and the reinforcement is considered to resist
the seismic earth pressure obtained as above.

3)

The friction angle r#Jis constant along the critical
failure plane in homogeneous backfill.
That is, the
backfill soil is an isotropic and perfectly-plastic
material, and the @value mobilized in the failure zone
is independent of the previous wall movement which
has occurred before the ultimate failure of RW.
This is equivalent to not considering the progressive
process of active failure associated with shear
banding and strain softening in the backfill.
As a result of postulates 1, 2 and 3, the distribution of
dynamic earth pressure is hydrostatic with the center
of gravity at one third of the wall height (H/3) when
the backslope is level without surcharge.

4)

o.aA~#f

+*

The two-wedge method (TW method; e.g., Jewell et al.,
1984) has been used to design many GRS-RWS. This
approach is particularly relevant for GRS-RWS having a
FHR facing and short reinforcement (Horii et al., 1994; Fig.
3.5), since for such GRS-RWS, the failure zone consists of
WO wedges as obsemed in many model tests (Fig. 3.6a).
Furthermore, the TW method can simulate single straight
failure planes, thus covering the original M-O method. In
the TW method, the pattern and location of failure plane is
controlled by the presence of reinforcement.
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Modified M-O method for GRS-RWS
introducing a more realistic non-uniform vertical
distribution of k~ (Bathurst and Cai, 1995); a) static
component,; b) dynamic increment; and c) dynamic
(total) pressure distribution.
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3.4

(b)
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Fig. 3.5 The two-wedge method (Horii et al., 1994); a)
cross-section; and b) force diagram.
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Fig. 3.6 a) Two-wedge failure mode observed in a model shaking test of GRS-RW having short reinforcements (see Fig.
4.6b and Fig. 4.7b for “Reinforced type l“); and b) multiple failure planes observed in a model tilting test of GRS-RW
having longer top reinforcement (see Fig. 4.6a and Fig. 4.7a for “Reinforced type 2“) (Koseki et al., 1997).
The design procedure proposed by Leshchinsky et al.
(1995) for geosynthetic-reinforced
slopes and segmental
walls under static loads assumes a log-spiral failure plane
in the backfill.
Extending the above, Ling et al. (1997)
considered seismic effects by introducing a uniformlydistributed horizontal seismic coefficient C, for the whole
backfill above and below the failure plane for the tieback
failure analysis (Fig. 3.7). Log-spiral failure planes cover
planar failure planes as assumed in the original M-O
method by setting the pole of the log spiral at infinity, but
may not sufficiently model such a two-wedge failure
mechanism as shown in Fig. 3.6a.
SlEe4

backfill is evaluated by the trial wedge method or its
equivalent (i.e., the original M-O method).
They reported
that when based on the external stability analysis described
above, the safety factor of the wall against direct sliding
along the wall base during the earthquake was 0.!J3, which
They
is not consistent
with the actual behavior.
considered that in the above method, no phase lag is
introduced between the horizontal inertia force of the
(a)
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Fig. 3.7 Tie back failure analysis employing log-spiral
failure plane and horizontal seismic inertia force (Ling et
al., 1997).
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Fukuda et al. (1994) analyzed the performance
of a
geogrid-reinforced
slope of road embankment
which
survived the 1993 Kushiro-Oki
Earthquake without any
In the aseisimic
design method
noticeable
damage.
proposed by Public Works Research Institute (1992) (Fig.
3.8a), the entire reinforced zone is regarded as a rigid body
and seismic earth pressure acting from the unreinforced
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tan @‘(W,+PV)
Fig. 3.8 Concept of horizontal inertia force and seismic
earth pressure acting on the reinforced zone (Fukuda et al.,
1994); a) when they are in the same phase; ancl b) when
they have a phase-lag and increment of the earth pressure
is zero at the maximum inertia force.
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reinforced zone and the dynamic component of earth
pressure acting on the back of the reinforced zone, as in
many other design specifications.
In order to explain this
discrepancy, they assumed that the horizontal inertia force
of the reinforced zone and the earth pressure acting on the
back of the reinforced zone should have been out of phase.
This assumption is consistent with observations in the
small-scale model shaking table tests shown later. As an
extreme case, they assumed that there was no dynamic
component in the earth pressure when the inertia force was
at its maximum, as schematically shown in Fig. 3.8b.
The obtained safety factor was 1.23, which is more
consistent with the actual behavior.
In the design guidelines of FHWA (1990), the value of
v~ue
assigned
to fie
reinforced pm of backfill is a
half of that to be applied in evaluating the seismic thrust of
the earth pressure acting from the unreinforced part of
backfill by considering that these two forces are unlikely to
simultaneously.
For
geosynthetic-reinforced
peak
segmental RWS, Bathurst and Cai (1995) proposed a factor
of O.6, instead of O.5.
(~d.asiga
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displacing without exhibiting ultimate failure against
dynamic loads exceeding the yield strength of the
structure); and b) dynamic flexibility (the property which
causes phase a lag in a RW reducing earth pressure on the
RW in a positive way while it may increase the response
acceleration in a negative way). In fact, among RWS
having similar seismic safety factors evaluated by the
pseudo-static approach, those having a higher dynamic
ductility and larger positive effects of flexibility performed
better during the Hyogo-ken-nambu Earthquake (Koseki et
al., 1996). Fig. 3.9 shows the (k&tti values at which the
safety factor becomes unity for the several types of
conventional type RWS (Figs. 2.2b, 2.3 and 2.4) and the
Tanata GRS-RW (Fig. 2.2a) evaluated by the conventional
pseudo-static approaches (i.e., the original M-O method
and the conventional TW method) under the following two
conditions;
A)
soil strength values and wall configurations are
determined following the current design procedures;
the 0 values are conservative, similar to the residual
values, and passive pressure on part of the front face
of underground part of RW is ignored (see Table

3.1); and
The major limitations inherent to the pseudo-static
approaches as summarized above include the following:
1) Deformation and displacement of RW cannot be
evaluated.
2) The effects of dynamic effects cannot be fully nor
properly accounted for, as discussed by Tatsuoka et al.
(1996). The major factors of the dynamic effects include;
a) dynamic ductility (the capability of deforming ardor
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peak soil strength values are used; for cohesionless
soils, basically the peak friction angles estimated by
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underground part of RW is evaluated as it was at the
time of the earthquake (see Table 3.2).
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Condition of analysis (soil strength values and wall configurations)
A : condition A (following the current design procedures)

<U 0.8 s
z
“$
~
g

B)

: condition B (as close as possible to actual condition at each site)

● Cantilever RW with counterforts
RW with piles
** Cati]ever

0.6 -

:

:

O**V
BC Y

0.5 -;

Critical failure mode for external stabili

~BC

0.0

f:;

[

‘r~:

~

Shin-nagata

Ishiyagawa Sumiyoshi Ishiyagawa

Rokko-michi

Tanata

Tanata

(Cantilever)

(Gravity)

(Cantilever)

(GRS)

(Cantilever)

(Leanirrg) (Cantilever)

I

(~~

Seriously damaged

Moderately damaged

Only slightti damaged

Fig. 3.9 (k~),,(cal) values for a safety factor equal to unity for ultimate failure of several conventional type RWS and the
Tanata GRS-RW, evaluated by the current design methods (i.e., the original M-O method and the conventional twowedge method) using two different soil strength values and wall configurations listed in Tables 3.1 and 3.2.
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Table 3.1

for the 6’h Int. Conf. on Geosynthetics,

1998, Atlanta

Detailed calculation conditions used to obtain the (lQ&(cal) values shown in Fig. 3.9

(using soil streng h values and Simt)iification methods follovvin~ the current des m uroceduresl
Site
Ishiyagawa
Sumiyoshi
Shin-nagata
Twe
. . of RW

For external
stability
[condition A]

y.?.
*>:
T

Cantilever RC
/

Eddomlt
Z$=ll

Soil
property

;:.
>...
:.+
..

An

Active earth
pressure at
the back face*

Passive earth
pressure at
the front face
Frictional
resistance angle
at bottom face
Bearing
capacity
of subsoil
*

Leaning

Gravity**

0.0
30.0

30.0
[backfWl 30.0 (subsoil)
17:7

‘

. .
30.0
15.0

4(” )
cs(” )
6(” )

‘

0.0

0.0

35.0
0.0 (bactilll), 17.5 (subsoil)
19.6

35.0
0.0

=

(backfdl), 17.5(subsoil)
2.0

0.0

0.0

35.0

35.0
17.5

17.7

y (kN/m3)
)

49.1

0.0

0.0

35,8

41.8

Surcharge was treated as e LivalentbaclctW.
For internaI stability
[condition A]

Concrete

Steel bar

k+

24.5
11.8
29.9
0.130
265
19.355

Y (kN/m3)
u c (h-lN/mz)
Ec (GN/m2)
Poisson’s ratio
u s (MN/m2)
As (cm2/ml
,
.
t
EsfEc

15

23.1 (24.5)
7.7(11.8)

**
**

28.3 (28.3)**
0.147 (0.147)

**

23.1
77
28.1
0.177

- (265) **
- (77.6) **
-(15) **

For cantilever RC RW at Ishiyagawa, the same soil properties as shown for the gravity type RW at Ishiyagawa were employed
except for the fictional angle at the virtual vertical backface for external stability, which was set equal to #. The properties
of the concrete and the steel bar employed for tie internal stability analysis of the cantilever RC RW at Ishiyagawa are
indicated in the parentheses at the corresponding columns for the gravity type RW at Ishiyagawa.
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35.0

C (kNlm2)
4(0

19.6

19.6

y (kN/m3)
C(kN/m2)

4(0 )
5(” )
y (kN/m3)
C(kN/m*)

subsoil
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for the 6“ Int. Conf. on Geosynthetics,
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Detailed calculation conditions used to obtain the (kIJW(Cal)values shown in Fig. 3.9

(using soil strength values and simdification
Site
Rokko-michi
Cantilever
Type of w

methods followk

the current dt
Tanata
Reinforced soil with FHR

Tanata
Pile-suppa tied cantilever RC

Asslmed faihmplax for

For external
stability
[condition A]

hw3-w*e fiik nmde

Soil
property

‘&df2

Note, PM: seismic
active earth
pressure,
Active earth
pressure at
the back face*

Frictioml
resistance angle

*

Y &N/m31
C(kN/m*)
4(”
3(”

)
)

19.6
0.0
35.0
35.0 (backfill), 35.0
(subsoil)
19.6
0.0
35.0

33.0 (0.0 for the tlont face
of shear key attached to the
bottom of wall)
17,7
0.0
33,0
Surcharge was treated as e tivalent bacldl.
3(” )

For intemat stability
[condition A]

active earth pm~e.
P~: pa&e

PA :

earth pressure

19.6

19.6

0.0

0.0

I

35.0
35.0 (backtill), 35.0
(subsoil)
2.0
0.0
35.0
35.0
35.0

35.0
0.0

I

16.7
0.0
33.4

19.6

19.6

17.4

18.9

0.0

0.0

0.0

0.0

0.0

35.0
0.0
(Bb)

35.0
0.0
(F)

27.0
0.0
(Asl )

37.0
0.0
(Tsl)

44.0
0.0
(Ts2)

I

I
I
l-l

19.7

I
-

I

-

I

-

..
q qe=J ,=*

3

Concrete

I y (kN/m3)

tH%k
Steel bar

Poisson’s ratio
u s (MN/m*)
As (cm*/m)
Es/Et

I
I

24.5
11.8
82.0

24.5
20.6
24.5

77.42
15

481
4.22
15
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Detailed calculation conditions used to obtain the (k&(cal)

(using soil stre @ values and wall cmfigurations
Site
Tvoe of RW

For external
stability
[condition B]

Soil
property

Active earth
pressure at
the back face*

y (kN/m’)

Passive earth
pressure at
the front face
Frictional
;esistance angle
at bottom face
Bearing
capacity
of subsoil
*

1998, Atlanta

C(kN/mz)
4(”

)

(5(”

)

(kN/m3)
C (kN/mz)
y

4(0 )
6(” )
.3(” )

16.1
0.0
36.0
36.0 (baclctll), 36.0 (subsoil)
16.1
0,0
36.0
18.0
36.0

17.3
y (kN/m3)
49.1
C (kN/m*)
0.0
h(” )
Surcharge was treated as e ivalent bacldll.

1

values shown in Fig. 3.9

as close as possible to those at each site )

17.5
0.0
42.0
0.0 (back.till), 21.0 (subsoil)
17.5
0.0
42.0
21.0
42.0

18.1
0.0
45.0
0.0 (backfill), 22.5 (subsoil)
18.1
0,0
45.0
22.5
45.0

18,9
0.0
35,8

19.7
0.0
41.8

,6
.,
~

For internal stability
[condition B]

i
Concrete

Steel bar

23.2
25.8
29.9
o.130

Y (kN/m3)
cr c (MN/m2)
Ec (GN/m2)
Poisson’s ratio
cr s @4
N/m2)
As (cmZ/m)
Es/Et

481

19.355
15

22.7 (22.51 **

23.2

18.8 (30.5) **

18.6

28.3 (28.3)**

28.1

0.147 (0.147)

**

0.177

-(481)
- (77.6)

A k For cantileverRC RW at Ishiyagawa,the same soil propertiesas shown forthe gravitytype RW at Ishiyagawawere employed
except for the frictional angle at the virtual vertical backface for external stability, which was set equal to 1#1.The properties
of the concrete and the steel bar employed for the internal stability analysis of the cantilever RC RW at Ishiyagawa are
indicated in the parentheses at the corresponding columns for tAe gravity type RW at Ishiyagawa.
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Detailed calculation conditions used to obtain the (k&(cal)

values shown in Fig. 3.9

nossible
(using soil strength v Iues and wall configuration ~as close as
——
r-—–.
- to those at each site ). [continued
.
—,
Tanata
Site
Rokko-michi
Tanata
Pile-supported cantilever RC
Type of w
Cantilever
Reinforced soil with FHR

For extend
stability
[condition B]

,.:
~ Mttld
g Wticd

Soil
property

Assumed failure plane

for two-wedge faihre

m

m&ianfBb

—7
--4

..;.;.
...

Ffl(F)
—

&=l) ,’
,

suk30ilz (’4s1)

Subsd3
(Tsl
Sutaow

Ppa 8=+
(assumed
againstsliding)

Passive earth
pressure at
the tlont face
Frictional
resistance angle
at bottom face
Bearing
capacity
of subsoil
*

y (kN/m3)
C(kN/m2)
4(” )
d(” )
y (kN/m3)
C(kN/m2)
+(0 )
6(0 )
6(” )

18.1
0.0
45.0
45.o(backtNl), 45.O(subsoil)
18.1
0.0
45.0
--l c
LA. >
33.0 (16.5 for the tiont face
of shear key attached to the
17.9
0.0

S-

(kN/m3)
cr c (MN/m2)
Ec GN/m2
L Poisson’s ratio

P*

(n

!

(.4s1)

P*

—

(Tsl)

‘p

Note,

Pm:

salve

WUI pressure,

(TS2)

sctive earth p-e,
Pp: psivc

ch

PA :

pressure

16.7

0.0
41.0
41.O(backfM),41.O(subsoil)
167
---0.0
41.0
41.0
41.0

17.7
0.0
30.0
0.0
(Bb)

0.0
. .
0.0
17.4
0.0
27.0
0.0
(Asl )

16.7
0.0
32.0
0.0
(F)

I

18.9
0.0
37.0
0.0
(Tsl)

I

19.7
0.0
44.0
0.0
(Ts2)

I

I
0.0
33.4

I

I

I

31!T

For internal stability
[condition B]

Y

(TSz)

bottom of wall)

y (kN/m3)
C (kN/m2)

33.0
4(” )
Surcharge was treated as e uivalent baclctill.

Concrete

)

—

CT+2

Active eath
pressure at
the back face*

::
.>
IB

Z<ff”r
IliPr
C%%2%A
CT=(I

Backfill (B)

...
.
,,.:.
\

COnsi&rmg

24.5
11.8
82.0

24.5
20.6
24,5

265

481
4.22
1<

77.42
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List of the (k~),,(cal) values obtained following the calculation conditions listed in Tables 3.1 and 3.2.

Type of RW and
Site

(k&@) for external
stabifity

conditionof analysis

over-

A:

Cantilever

SUmiyodd

Roldco-

Performanceduringthe 1995Hyogoken-

0.12

Tensile

shear
faifure

cnpacity

failure

failure

*

*

0.14

0.04

-

–

Oaabuearthquake
severely damaged;verylargetiltingaad
sfirfin&crackingat middlebdgI@large
settlementof backslopecmbasdcmeot
Severelydamaged;very fargetiftii
totsl or partkt breakageat coastmctton
joints aodtotafor very large overtmning,
Moderatelydsmaged;largetiftio~
craetdogat middk height

B:

0.24

0.16

0.01

0.40

0.23

A:

o.2s

0.64

0.10

1.97

0.47

-

B:

0.63

0.78

0.34

5.20

1.14

-

Caatikver

A:

0.44

0,80

0.36

0.20

0.34

-

B:

0.89

1.23

0.44

0.80

0.78

Cantikverwith

A:

0.56

0.63

0.40

0.s1

0.19

-

counterforts

B:

0.91

1.14

0.48

1.17

0.71

-

Leaning

A:

0.09

0.53

0.16

1.16

0.16

-

B:

0.4s

1.06

0.49

2.23

0.77

A:

0.72

0.73

0.45

0.52

0.68

-

B:

2.01

0.95

0.59

0.69

0.89

–

A:

0.41

0.36

-

1.29

1.22

-

Slightlydamaged;sfigbttittiag and
sliding,partial misrorcrddag at middfe

B:

0.60

0.50

-

1.74

1.69

-

tceight

Cmtilever

A:

0.56

-

–

0.66/ o.7s

>1.0/>1.0 0,99/ 0.82

with pile@s

B:

0.65

-

-

0.77 / 0.80

>1.0 I >1.0 >1.0 10.%t

Gravity
Ishiyagawa

(fk)dcaf) forinternalstabifity

SIidiag Bearing Compressive

turning
Shin-nagata

1998, Atlanta

Cantikver

micbi
GRS
Tanata

A’:1

o,loj–]–

B’:

0.29

0.51/036
--

I 0.66I0.38

I >1.0/>1.0

0.82/0.24

>1.0/>1.0

0.9610.32

Moderatdy dsmage~ large titting
Scverdy damaged;compktc overtumiag,

partialbreakageat grormdsurfacekvd
Moderatelydama~

Slightlydamaged; alight

krge tifting

tittiag

and didiog

design procedures
(refir to Table3.1)
ComditiouB (lowerline): msiagsoil strengthvakccsandwaflconfigurationsas closeas possibleto those at eachsite (referto Table 3.2)

Condition

A (upper

line):

using soil strength

values

andsimplijication

methoak followtng

the current

●At
●●

Sbk-nagata site safetyfactorsagainstdiding andloss of beuing capacity even at +(I 00 condition A weresmrdkrthan1.
For cm~er
RW ~~ pil~ at T~ata site, internal stability aoalyseswere conductedon both the faCiog~d tfscPih md th~r
resufts are listed io the tabk ccs“(lcIJ&cal)for facingfaifure/ (II&(cal) for pile faifure.”Furthermore,anotherset of analyseswas conducted
by neglectingtbe presenceof a temporary coffer dam in front ofthe RW, as denotedby conditionsA‘and B’.

Table 3.3 lists the summary of the results of the analysis
with a global safety factor equal to unhy. Here, the
overturning failure of RW as a rigid body is assumed to
occur about its toe. In actuality, overturning failure of
RW may have resulted from bearing capacity failure in the
subsoil below around the toe of RW, as observed with
some RWS in the field (and in the laboratory as discussed
later). It may be seen that when based on condition A,
using conservative soil strength values, the calculated
values (k~)c,(cal) of the two conventional gravity type
(leaning and gravity types) RWS (Figs. 2.4b and 2.4c) are
particularly
low when compared
with the others.
However, for the purpose of evaluating different dynamic
effects among these different RWS, the (k&,(cal) values
obtained based on condition B, using more realistic soil
Then, it may be
strength values, are more informative.
seen that except for the cantilever RC RW at Shin-nagata,
these (k&,(cal) values are rather similar, despite their very
different levels of damage.
It is considered that positive
net dynamic effects on the ultimate failure of RW may be
one of the major reasons for their different seismic
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behaviors.
Note also that for many of the RWS (except
for three cases), the (k~),,(cal) based on condition A is
much higher than 0.2, which is currently used for these
types of RW. This difference is largely due to the use of
a global safety factor, which is typically 1.5 for these types
of RW.
When based on Table 3.3, the seismic stability of the
pile-supported cantilever RC RW at Tanata (Fig. 2.2b) had
increased largely by the presence of a temporary coffer
dam in front of the RW, which was existing at the moment
of the earthquake (cases A and B in Table 3.3); seemingly,
the weight of the coffer dam have largely increased the
overburden pressure in the sub-soil, thus have largely
increased the passive earth pressure in the ground.
Without these effects (cases A’ and B’), the (k,)c,(cal)
values of the RW becomes much lower, suggesting that the
wall would have been damaged much more seriously than
On the other hand, the
the GRS-RW at Tanata.
construction cost per wall length for the RC RW is about 2
-3 times as high as that for the GRS-RW.
These facts

Keynote

Lecture

for the 6* Int. Conf.

on Geosynthetics,

indicate that the GRS-RW having a FHR facing could be
much more cost-effective also fi-om a viewpoint of seismic
stability.

(4.1)
where R is the principal stress ratio o ,/ o ~, and ~~ and
~= are the peak and residual values of R. ~ is equal to
1.0 and 0.0 at the peak and residual states. The following
important trends of behaviour have been found tlom Fig.
4.1 and related observations:
a) In the post-peak strain sofiening regime, the stress
level drops associated with yielding in a shear band
and elastic rebound outside the shear band.
b) The increment AU, by which the stress ratio drops
from the peak value to the residual value is only about
5-10 times D50 for most of the granular materials (or
This amount of shear
less for Isomi gravel).
deformation is very small when compared with the
dimensions of usual full-scale RWS; for example,
when the wall height H is 5 m and D~Ois 0.2 mm, A
U,= (10 - 20) times Dn is only 0.4- 0.8 ‘Mo
of H. This
small figure suggests that the stress state in the shear
band can become the residual state very rapidly after it
develops associated with the active failure in the
backfill.
c) In PSC tests on sufficiently large specimens having
height/width ratios larger than about 2.5 with well
lubricated top and bottom ends, due to the weakening
process inside the shear band, the fwst developed shear
band fkrther deforms without developing the second
shear band(s).
It would be also the case with the
backfill of RW unless increasing seismic loads or
bactilll deformations or both change largely the
principal stress directions in the backfill.

Note also that the value of (k~=(cal) for internal stability
under condition B are similar to, or larger than, the
estimated (PGA/g) values, except for an unusual case of
the RC RW at Shin-nagata (see Table 3.3).
Therefore,
internal stability will not be discussed herein.

4.

4.1

ACTIVE
FAILURE
BACKFILL

PROCESS

IN

1998, Atlanta

THE

Shear banding in PSC tests on sands and gravels

To examine the postulates with respect to soil properties
used in the original M-O method, shear banding in
granular materials will fmt be discussed.
Densely
compacted sand and gravel fails always associated with
strain localization into a shear band (or shear bands)
exhibiting strain softening.
Therefore, the ultimate failure
of the RW-backfN system is usually preceded by the
active failure in the backfill associated with shear banding.
Fig. 4.1 shows relationships between the shear stress level
& and the shear deformation U, of shear band for a variety
of granular materials having a large range of particle size.
These results were obtained from detailed observations of
local deformation on the specimen’s boundary u, surface
in a series of plane strain compression (PSC) tests. R is
defined as:

I

I

I

DW(mm)@P,(deg.)@m,(deg.)
--&
--X-,,

1,

$

- Ottawa sand (0.1 74143.4134.0)
Wakasa

sand (0.197155.5/41.7)

--v

- Toyoura

sand (0.206/45.3136.9)

--&

- Hostun sand (0.408/47.6135,9)

- U-

Karlsruhe

sand (0.460143.8/33.0)

- ~-

Monterey

sand (0.484/47.7/34.4)

-----

- -8

--+

11

Glass ballotini (0.499135.7/26.5)
- Ticino sand (0.527148.1/34,8)

- -C- - S.L.B. sand (0.681144.7132.7)
- U
\

--9--

- Hime gravel (1 .62/48 .1-49.9136.540.2
Isomi gravel (6.80/54.7146.

!

R
al

5 0.0
5.0

0.0
Normalized

shear

10.0
displacement,

20.0

15.0
AU~D50=(U~-(U,)peak)/~50

Fig. 4.1 Relationships between the shear stress level & and the shear deformation U, of shear band from plane strain
compression tests on a variety of granular materials with a large range of particle size (Yoshida et al., 1994; Yoshida
and Tatsuoka, 1997).
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These three features are relevant particularly for densely
compacted backfill as that of reinforced soil RWS.
4.2

Active failure in PSE tests on sand

Yamada and Masuda (1997) performed a series of special
plane strain tests in which specimens of Toyoura sand were
rotated 90° afler specimen preparation by air-piuviation so
that the horizontal and vertical stresses o ~ and I-J, during
the specimen preparation become, respectively, the axial
(a)

0 ‘
II

1998, Atlanta

and the constant lateral stress u, during the
plane strain tests (Fig. 4.2). The plane strain compression
and extension tests were performed on specimens
anisotropically consolidated at ff ~ ff. (= u ~ u ,)= 0.375,
which simulated, respectively, the passive and active
failures from the & condition in the backfill behind a
smooth vertical RW. In the active failure test (i.e., the
plane strain extension test, PSE test; Figs.4.2c and d), the
minimum earth pressure ( u ,)~,n with d ~
being
mobilized (i.e., the active earth pressure ( u J) was
stress o,

0.4

(c)

(field horizontal
direction)

5“
b“
o
$
el
el
~

—...—
02

ffddhorizontal
direction)

77

z“

plane strain extension test (PSE]
~a=29,d~pa ~,=78.~~pa

rJ3

e=O.659

0.2
0,

The dacmase
s affected

.
.
.
Axial strain e, (7.)

direction of sand pouring
(Md vetlical direction)

o

la
(b)

Plane strain compression
o 11.11

0 a=29.4kPa

,

(d)

test (PSCJ

~

IJ c=78.5kPa

.

1.0

‘2”0Plane strain extension test (PSE
= .,.5 u,=29.4kPa

u-

.Oaluc

in C@C

~
by necking.

N:
o.?5~

,%

\

aC=78.5kPa
r,

L_ e=O.659

I

II

-10
-.?o
-1.0
ao

oh

20

4.0

6.0

do

o.s&____u
-4.0

-3.0

-2.0

-1.0

0.0

1.0

Axial strain E. (%)
Axial strain E, (’%0)
Fig. 4.2 a) Specimen configuration; and b) to d) relationships between the axial stress O, and the axial strain ~, from
m&otonic active and passiv~ tests on saturated Toyoura sand at an axial strain rate of 0.125 ‘/o/rein (Yamada et al.,
1996).
attained at a very small axial strain of about –1.0 O/O. The

~-------------------!
u

i-

w ,,”

I
!

Active earth pressure
coefficient,

K
. kh=@J, at

~

ir:

residual state

1“
1

‘==sJ
L--------

.- .-.-.-.-.1

+-, ----

--

“k~=(k~~at

active failure

-. R

‘.

Wall ~esistance ( WR)

“~kh=O

‘ ..
1

~,

+

Outward displacement
at wall top, u

‘tate

(.: equilibrium
point)

t
At rest condition (u=O)

Fig. 4.3 Schematic diagram showing the active failure
in the backfill and the ultimate failure of the RW.
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minimum earth pressure state was followed by shear
banding with the axial stress u, (i.e., the earth pressure u J
increasing towards a larger value at the residual state and
The basically same
@~0~ decreasing fi-om @~,a~to 0,.,.
process occurred in the passive failure in the PSC test
(Fig.4.2b).
It may also be inferred from Fig. 4.2c that for actual
backfill soil, under static conditions or a certain seismic
condition with a constant positive k~, the pre-peak
relationship between K (Kq,,,c or &=i,~lC)and u is nonlinear having a negative slope dK/du, while the post-peak
relationship is also non-linear but having a positive slope
(see Fig. 4.3). On the other hand, at a constant u (i.e., at a
constant 0 ~0~),the relationship between K,.;,~,cand k~ has a
..
The existence of such
posmve slope dK=i$~icIdkh.
opposite signs as shown above makes the seismic earth
pressure properties very complicated and confusing.
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Active failure in the backtlll in model tests

Static model test:
Tateyama ( 1997) measured by using
ten load cells the earth pressure acting on the back face of
a 50 cm-high model of rough vertical rigid RW with the
backtlll of air-dried Toyoura sand (Fig. 4.4). The model
RW was rotated about its base at a controlled displacement
rate.
Similar to the above-mentioned PSE test, the
minimum earth pressure was attained at a very small wall
rotation (about 1.OO),which was equivalent to about -0,6 0/0
lateral strain in the uniformly deforming active zone with
O= 55”. Atter this active failure stste, at the lower part
of the wall (i.e., load cell Nos. 1 to 6), the earth pressure
increased associated with shear band development in the
backfill.
Measurements of strain field in the backfW
showed that within the limit of wall rotation examined
(about 2.20), the first developed shear band tlu-ther
deformed without developing the second failure plane,
likely due to essentially constant directions of the principal
stresses in the backfill.

Shaking table tests in a centrifuge:

(c)

1

I

01

{:)

TEST

@-@

NRHE:

U-B

AT

THE

BO~OM

~OAD CELLS NUMBERS

I

I

I

OF

WALL

Bolton and
Steedman (1985) performed small-scale shaking tests of a
135 mm-high box RW model with the backtll of air-dried
SLB sand (D~O= 0.225 mm) in a centrifuge (Fig. 4.5a).
The initial centrifuging to 80 g (g denotes the gravitational
acceleration) and the first earthquake loading using
roughly sinusoidal cycles having the maximum amplitude
of21 0/0of 80 g, which was equivalent to lq= 0.21, caused
a total rotation of 0.57° and a total base slip of 0.39 mm of
the model RW. These wall displacements were seemingly
enough to initiate the active failure in the backfill. The
second earthquake loading having &= 0.33 caused the
ultimate failure of the RW with about a fiuther 11 mm base
slip and a visible failure plane developed in the backfill
from the heel of theRWatanangleof(900
-25.5 0)= 64.5
0 relative to the lateral direction. It is likely that the RW
exhibited ductile behaviour, surviving higher seismic loads
exceeding the value that caused the active failure in the
backfill. The observed angle L ~ of the failure plane is
slightly larger than the Coulomb failure angle equal to
58.4° at ~= 0.21 with @~= 50° and the wall friction
angle d = 2/3(@ ~~ obtained by;

p I

AT THE TOP OF WALL

I

1

{I!72}

{2*29}

where
{0257)

(1415)

HORIZONTAL DLSPIACEMENT OF WALL TOP (mm)
{ ANGLE OF WALL ROTATION (DEGREE)}

Fig. 4.4 a) Model configuration; b) details of model
facing; and c) earth pressure acting on the back face of a
50 cm-high rough vertical retaining wall with backfHl of
air-dried Toyoura in a static model test controlling the
rotation of the wall about its base (Tateyama, 1997).

6 =tan-’(k~.

By using the ultimate failure seismic load ~= 0.33, the
failure plane angles predicted by the original M-O method
using b ~.&= 50° and 4 ~$= 34° are, respectively, 520 and
36”, which are much smaller than the observed one. In a
broad sense, this observation is consistent with the field
behaviour (Fig. 2.6).
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test results shown in Fig. 4.1. It was then concluded that
“10 particle diameters is such a small relative slippage in
a typical situation that it might alternatively be accepted
thai fully softened soil strengths d ~~ be invariably used on
sIip surfaces in sand irrespective of soil density.” This
recommendation has actually been adopted in practice as
discussed in INTRODUCTION.
The present authors
considers that this conclusion cannot be directly applied to
the conventional
pseudo-static
approaches (e.g., the
original M-O method and the conventional TW method),
whereas this observation is essential for understanding and
predicting better the behaviour of RWS at high seismic
loads and for modi~ing
properly the pseudo-static
approaches, as discussed below.
“The seismic active failure in the backfill” and “the
seismic ultimate failure of a RW’ are different processes
(Fig. 4.3). The seismic active failure could be defined as
the mobilization of d ~~ and associated start of shear
banding under seismic loading conditions, while the
seismic ultimate failure of a RW occurs when the seismic
earth pressure exceeds the ultimate strength of the RW,
usually occurring at a wall displacement larger than that at
the active failure in the backfill. Therefore, it would be
appropriate
to assume that 0 ,= is predominantly
mobilized along the failure plane at the moment of the
ultimate failure of RW, but not outside the failure plane (as
suggested by Bolton and Steedman, 1985). This would
be particularly relevant with ductile RWS, such as GRSRWS, for which differences between the wall deformation
at the seismic active failure in the backfill and that at the
seismic ultimate failure of RW would be relatively large.

:
“301__lild
.3

0246s’0

12

14

displacement along sliP plane (_mm)
Fig. 4.5

Centrifugal shaking table tests on seismic
of a box RW model with the backfill of airdried SLB sand; a) test configuration (dimensions in
mm); and b) relationships between the mobilized fiction
angle along the failure plane and the shear displacement
across the shear band (Bolton and Steedman, 1985).
stability

From the measured accelerations and displacements, the
shear displacement increment across the shear band (or
failure plane) AU, by which the stress changed from the
peak value to the residual value was obtained to be about
10- D,, (Fig. 4.5b), which is very consistent with the PSC

Tilting and shaking table model tests:

Munafet al.
(1997) and Koseki et al. (1997) performed a series of
small-scale static tilting tests, in which 50 cm-high models
of several conventional
types of RW and GRS-RWS
having a FHR facing were brought to failure (Fig. 4.6a).
The backfill was air-pluviated dense Toyoura sand, and
each model RW was constructed on a 20 cm-thick sand
layer. A model grid made ofphosphor-bronze
strips was
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Fig. 4.6 a) Tilting tests and b) shaking table tests of
cantilever-type RW model (Munaf et al., 1997).

Keynote

Lecture

for the 6th Int. Conf. on Geosynthetics,

1.0 kPa

lLUL1lU LILULll UUIULtlULli

0

UUll

r-

1998, Atlanta

1.0kPa
L.

0

I.-J

In

J
JIJ..ld

(a) Reinforced type2

(b) Reinforced type I

:

(c) Reinforced type3

l.O kPa

L!MJ

w

(d) Cantilever type

(e) Gravity type

(~ Leaning type

unit in mm

Fig. 4.7 Models of retaining walls showing their initial and displaced locations and obsemed failure planes; a) GRSRW having a couple of extended top reinforcement layers, denoted as “Reinforced type 2“ in Figs 4.8 and 6.2; b)
GRS-RW having short reinforcement layers, denoted as “Reinforced type l“; c) GRS-RW having moderately long
reinforcement layers, denoted as “Reinforced type
. . 3“; d) cantilever-type RW; e) gravity-type RW; and f) leaning-type
RW (Koseki et al., 1997).
used to reinforce the backfill. A surcharge of 1.0 IcE%
except for one test with 3.1 kP~ was applied on the
backffll so as to increase the accuracy in the earth pressure
measurements by increasing the pressure level in the
backfill.
Such static tilting model tests can simulate
rather closely the stress conditions assumed in the original
M-O method, except that the “vertical” stress (in the
original vertical direction) decreases with tilting.
In
parallel, a series of shaking table tests were performed
using the same RW models (Fig. 4.6b), in which the
amplitude of sinusoidal waves at a frequency of 5 Hz used
as input table acceleration was increased stepwise with an
increment of 50 gals until the ultimate failure of RW was
observed.
The number of cycles at each step was about
50.

Fig. 4.7 shows the deformation of the models observed
after failure in the shaking table tests. Commonly in the
two series of model tests, only a single straight failure
plane developed in the unreinforced baclc.illl in back of the
conventional type RWS, while a two-wedge mechanism
was observed in the reinforced backfill (except for
Reinforced type 2, in which multiple failure planes were
observed as shown in Fig. 3 .6b and 4.7a).
This fact
suggests that the pseudo-static approach for reinforced
backfill should be different from that for unreinforced
bachfill such as the original M-O method. The seismic
load k~ (i.e., the tilting angle or the amplitude of shaking

acceleration/g) could be increased fhrther after the active
failure plane started developing in the backfill, in particular
with the reinforced soil models in the shaking table tests.
However, in each test (except for Reinforced type 2),
another deeper failure plane (or failure planes), which was
(were) deeper than the fmt one, did not develop. Rather,
as the k~ value increased, shear displacement was
concentrated to the first developed failure plane.

Fig. 4.8 shows the relationship between the observed
failure plane angle C ~and the observed values of k~ at
ultimate failure (k~)Cr(obs). For the GRS-RWS, the angle
L ~was defined for the failure plane of the back wedge
developing
in the unreinforced
backfill behind the
reinforced zone (except for Reinforced type 2). These C
~ values have been corrected
for the initial wall
Each value of
configurations
before deformations.
(k,)c,(obs)
was defined
as the table horizontal
acceleratiordg
or the tilting angle when a failure plane
became clearly visible in the backfill and the wall
displacement
started increasing in an uncontrollable
manner, when horizontal displacement at a wall top was
about 5 % of the wall height. Note that single amplitude
of the table horizontal acceleration at the active state was
used to evaluate (k~.f(obs).
Left-directed arrows next to
some symbols mean that the respective failure plane
started developing at a k~ below the (k5)C,(obs). In Fig.
4.8, the theoretical relationships obtained by the original
1998
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Fig. 4.8 Relationships between angle of failure plane and seismic coeftlcient at ultimate failure obtained from tiltirw
an~ shaking table test; of model RW~ (Koseki et al, 1997).
M-O method using

C#I
~

in particular

of the backfill equal to 51° ws

shown. This @P4 value was determined based on results
horn PSC tests of the air-pluviated Toyoura sand used for
the model tests prepared at the same density (e= 0.644 to
0.654) as the model tests, performed at low confining
pressure (= 9.8 kpa) with the u , direction being vertical.
The frictional angle d at the interface between the wall
back face and the backfill was assumed equal to 3/4 dI~
(= 380). The ratio of 3/4 is equal to the ratio of the angle
of friction@ ss= arctan( r / u )~~ on the horizontal failure

b)

plane horn simple shear tests to the angle of friction d
p~c= arcsin{(u ,— cr~) /(u, + 03) } - tiom PSC tests
having the vertical 0, directio~ both obtained for airpluviated Toyoura sand (Tatsuoka et al., 1991).
The
broken curve is for the leaning type RW having an inclined
back face and the solid curve is for the other conventional
type RWS having a vertical back face and the GRS-RWS
(except for Reinforced type 2).
The following trends of behaviour can be observed horn
Fig. 4.8:
a) In the tilting tests, the observed relationship between
L r Md (k&(obs) is generally close to the respective
theoretical relationship, irrespective of RW type. It
was observed that the increase in ~ which could be
made after the active failure plane started developing
until the ultimate failure of RW was generally small,
122-1998
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with the leaning type RW.

For each type of RW, the failure plane angle L ~ is
generally similar between the tilting and shaking table
tests, while the (k&(obs) value is Iarger in the shaking
table test than in the tilting test. The difference
depends on RW type, generally larger with the GRSRWS than the three conventional types of RWS.
Furthermore, it was observed thatinthe shaking table
tests, the k~ value could be increased from the value
where the active failure plane started developing
without the ultimate failure of RW to a much larger
extent than in the respective tilting test, in particular
with the GRS-RWS. Therefore, in the shaking table
tests on these GRS-RW models, there is no clear
correlation between the failure plane angle L ~and the
(lq)m(obs) value. This result indicates that in the
shaking table tests, the failure plane angle C ~ is not
totally controlled by (kh)qni~, and the difference in the
~ , value between the observation and the original M0 method should be explained by dynamic effects, as
discussed later.
Cyclic changes

in earth

pressure

under dynamic

loading conditions
Dynamic earth pressure with an elastic backfdl: Only
the simplest RW configuration illustrated in Fig. 4.9 will
The seismic earth pressure
herein be discussed.
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coefficient K,,itiC is defined as “the total earth pressure
P“/( 7 “H2/2). In general terms, the seismic earth pressure
at a given moment is obtained from the equilibrium
between the following two quantities;
a) the earth press~e (h- terms of coefficient Kti$~iC)
acting on the back face of RW, which is a fiction of
wall displacement u, being affected by seismic loads;
the lateral seismic coetllcient k~ is assumed to be
uniformly distributed in the backfill and its positive
sign is defined for the inertia force acting towards the
RW; and
b) the resistance against the earth pressure (in terms of
b.i~
of the RW SuppOtid by the subsoil, which is a
function of u, being affected by the inertia force of the
RW caused by the seismic coefficient (QW; (lq)Wmay
be different from k, for the backfill.
level

1998, Atlanta

(QW (i.e., with the increase in u) becomes larger, or the
positive slope 0 becomes larger, as;
a) the backfill becomes sofle~ i.e., the absolute value of
negative a decreases;
the subsoil becomes stiffer and the RW becomes more
rigi~ i.e., the slope/3 increases; and
c) the wall mass Mw decreases.
In this case, the active seismic earth pressure is the largest
value during each cycle of dynamic loading. On the other
han~ the rate of increase in the seismic earth pressure with
the increase in kq and (k& (i.e., with the increase in u)
becomes smaller, or the positive slope 0 becomes smaller,
as;
a) the backfill becomes more rigid ; i.e., the absolute of
negative value of rl increases:
b) the subsoil becomes softer and the RW becomes more
flexible; i.e., the slope B decreases; and
c) the wall mass Mw increases.
b)

(a)

. ‘d’
*-—
(k,). - Mw
7
Mv/
----

_L ---

b
Fig. 4.9

Simple RW configuration.

Wall resistance

wall

L\

Suppose that the backfill soil is a linear-elastic medium,
and a rigid RW is supported linear-elastically with the
subsoil (Fig. 4.10a). Suppose further that;
a) the relationship between “&ic
as the load applied to
the RW” and u is linear with a negative slope a under
static conditions or under a certain seismic condition
with a constant k~, and at a given u, the value of ~mic
increases proportionally with ~; and
b) the relationship between “K=iWicas the resistance of
the wall” and u is also linear with a positive slope b
under static conditions or under a certain seismic
loading condition with a constant (k&, and at a given
with
u, the value of KMmiC decreases proportionally
(k&.
Equilibrium state is obtained at the intersect of the two
relationships for given values of Iq and (k& such as point
S under the static condition and point at A at a seismic
condition, Fig. 4.10a.
With the values of & and (k&
cyclically changing proportionally to each other and
ignoring any phase difference between them, a linear
relationship between K,,,m,C and u at equilibrium is then
Similar
such as ASB in Fig. 4.10a.
obtained,
relationships under different conditions are obtained as
schematically shown in Fig. 4. 10b. The slope O of the
relationship is controlled by the values of a, /3 and the
wall mass Mw among others. That is, the rate of increase
in the seismic earth pressure with the increase in k~ and

8>0

larger MW

-(9<0

smaller MW

larger I a I

1

1

smaller I a I
(~

1

larger B

u<

smaller ~

I

o
Fig. 4. IO Schematic figures showing the relationships
between the dynamic earth pressure coeftlcient &wiC
and the wall displacement u with the elastic backfill and
subsoil as a) the load and resistance; and b) that at the
equilibrium.
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In extreme cases, with the increase in ~ and (kJW (i.e.,
with the increase in u), the seismic earth pressure
decreases, or the value of O becomes negative.

Cyclic plane strain tests:
Actual backfill soil and
subsoil are not linear elastic.
Typical hysteretic
relationships between “earth pressure
a ,= o ~“ and
“lateral strain E,= E/’ obtained from a cyclic plane strain
test on isotropically consolidated
Toyoura sand are
presented in Fig. 4.11 (n.b., this behaviour is close to that
of a I& consolidated specimen under otherwise the same
condhions,
and see Fig. 4.2a for the specimen
configuration).
The results from two monotonic loading
PSC and PSE tests are also plotted in Fig. 4.11 for
comparison.
The relationship after reversing the loading
direction from a given stress state can be inferred from this
result, which is essential information when interpreting the
cyclically changing earth pressure acting in the backfill in
shaking table tests.

1998, Atlanta

b)

With the decrease in ~ from point 2, &tic changes
to a value at the seismic passive earth pressure state
(point 3), but the change may be small due to a
decrease in the earth pressure caused by the decrease
in k~.
With the increase in ~ from point 3, &i~i~ fmt
decreases as the earth pressure decreases at a high
rate with the increase in u under the passive earth
condition (see Fig. 4.11). Then, &imk exhibits a
relatively small change due to an increase in the
earth pressure caused by the increase in ~.

c)

On the other hand when the wall mass Mw is relatively
large and the wall resistance ((3 ) is relatively small,
another relationship may be obtained (FIE. 4.12 b);
With the inc&se in k~ from poin-l, I&changes
a)
to a value at the seismic active earth pressure state
(point 2), but the rate of increase is smaller than it is
in the case illustrated in Fig. 4.12a.
With the decrease in & ffom point 2, &,.,C first
b)
decreases or does not change largely due to dominant
(a)

K,,,mw

&
2

8
Axial strain E, (%)

Fig. 4.11
Relationships between the axial stress u, and
the axial strain E, from cyclic active and passive plane
strain tests on Toyoura sand (Yamada et al., 1996).

Based on those shown in Fig. 4. 10b and referring to the o ~
and E ~ relationships shown in Fig. 4.11, the relationship
between &,niC and u in one loading cycle when the RW
reaction is still linear elastic can be inferred as below.
When the wall mass Mw is relatively small and the wall
resistance ( 6 ) is relatively large, such a relationship as
shown in Fig. 4.12a may result
a)
With the increase in k~ from the static equilibrium
state (point 1), KXi,~iCchanges to a value at the
seismic active earth pressure state (point 2). Under
the pre-peak condition (i.e., before the active failure
in the backfill), the rate of increase in &i,~iC is
decelerated by the effects of increasing d ~ot,with U,
and &,~,C exhibits a relatively small change
between points 1 and 2.
Under the post-peak
condition, on the other hand, the rate of increase in
K,e,~,Cis accelerated by the effects of decreasing @
~0~with u, and &S~iC exhibits a larger increase.
At
the residual condition, where O ~~ is independent of
increases due solely to the increase in ~.
u, K,C,,~iC
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Schematic
diagrams
showing
the
Fig. 4.12
relationships between the dynamic earth pressure
coefficient KXiniC and the wall displacement u at the
dynamic equilibrium; a) when the wall mass Mw is
relatively small and the subsoil resistance is relatively
large; and b) when the wall mass M-v is relatively large
and the subsoil resistance is relatively small.
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effects of decreasing k~, but soon increases at an
increasing rate of increase to the seismic passive
earth pressure value (point 3) as the effects of
decreasing u on the increase in K,ei,~iCunder the
passive earth condition becomes larger than those of
decreasing k~ on the decrease in K,ci,~iC.
With the increase in kh from point 3, K,~i,~iCfust
decreases at a very large rate under the passive earth
condition, accelerated by large outward inertia of the
wall, and then increases at a smaller rate under the
active earth condition.

c)

The above consideration suggests that the peak active
earth pressure is not necessarily the largest earth pressure
in each cycle; even two peaks may appear iu one cycle.
Matsuo et al. (1997) measured the earth pressures acting
near the back face of the facing and the back face of the
geogrid-reinforced Toyoura sand backfill in a shaking table
test on a 140 cm-high GRS-RW model (EH3 and EH4 in
(a)

1998, Atlanta

Fig. 4.13a). As seen from Fig. 4.13b, the earth pressure
EH4 has two peaks in each cycle of shaking.
The
relationship between the earth pressure EH4 and the table
acceleration in a representative cycle is shown in Fig.
4.13c; the numbers 1 to 3 attached to the relationship
correspond to those shown in Fig. 4. 13b. The largest
etih pressure is attained at point 3 at the passive state
where the facing is moving inwards and the wall never
collapses.
The second largest peak, much smaller than
the largest one, is attained at point 2 at the active state with
the facing moving outwards.
The ultimate collapse of the
wall may be caused by this type of active earth pressure.
The pseudo-static stability analysis for RWS deals with this

Dvl

gskc dud]

~Bd3vsR1.celcma.lla

10.0

4

175

(tini

t: CD)

(c)

EH3

—

EH3

---------

EH4

I

1‘2’””””

-200
Acceleration,

0

d

%

400

.-c
g
a

0, 05

~

~

~

‘

JVl ~
1

0.00
0.0

Al(cm/s*)

VVVVV ~

S13

I

200

m

I

—s13
—S16

t _ Estcrmon sham

~
/, ,.’
,, .’
I
I, ~m.-’““.,. ~“
.:;
+

*?=:..,:. ..>_

-300

,

1)

7~
6 -2

I I
—EH3
— E214

I

I
8-

1- ‘~’_ .
_

1.0

3.0

2.0
Tie

4.0

5.0

(s)

Fig. 4.13 Shaking table tests of GRS-RW model by Matsuo et al. (1997); a) test configuration for case 3; b) time
histories at input acceleration of 320 gal; and c) representative hysteretic relationships between the earth pressure and
the table acceleration. (A 1: input acceleration; EH3 and EH4: earth pressures acting on the facing wall and the back of
the reinforced soil ;DH2: horizontal displacement; S 13 and S 16: tensile strain close to the free end and the connected
end of the middle-height reinforcement.)
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active earth pressure.
This result shows that we should be
very careful when interpreting earth pressure data from
shaking table tests. In some previous cases, it seems that
the largest earth pressure in one cycle was incorrectly
considered as the dynamic active earth pressure.
The seismic earth pressure acting on the back face of the
reinforced zone (EH4) is of the type illustrated in Fig.
4. 12b for the case where the wall mass Mw is relatively
large and the wall resistance is relatively low (low b ).
These features result from the Iarge mass and flexibility of
the massive reinforced backfill zone in the model test.
On the other han~ the earth pressure EH3 shows a very
small change in each cycle, having one peak at a moment
when the state was changing from passive to active (see
Fig. 4. 13c). It seems that due to a smaller value of ~,
despite a smaller value of Mw of the facing, the behaviour
of EH3 became somehow different from the type
illustrated in Figs. 4.12a.
There
is a noticeable time lag between the moments of
peak earth pressure in EH3 and EH4. This phase lag in
the reinforced zone helps in increasing the seismic stability
of a reinforced soil RW (i.e., part of the dynamic effects).
That is, the reinforced and unreinforced zones did not act
as a rigid body, and therefore, as seen horn Fig. 4. 13b, the
active
earth
pressure acting on the facing could be
effectively
resisted by tensile forces acting in the
reinforcement
layers.
Fukuda et al. (1994) took
advantage of this feature in the seismic stability analysis of
a GRS-RW (see Fig. 3.8).
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3) Stage 3: With a further increase in ~ from (~~ to
(k&, the backfill is subjected to strain sofiening associated
with shear banding, approaching the residual earth pressure
state R. As discussed before, only a very small wall
displacement increment A u is needed to reach the residual
state. Tbe O.* values in the zones outside the shear band
also decrease horn 0 ~ to some values, but it is by elastic
rebound. The possible maximum value of 0 ~~ outside
the shear band is still dr~
So, unless the seismic active
earth pressure arising from the second new failure plane
having d ~ becomes larger than the earth pressure
arising from the first failure plane with @,~d, the second
failure plane does not develop and the earth pressure is
controlled by the fmt failure plane (see Fig. 5.2).

,-.-.-.- .-.- .-.-.-.-., Activeearthpressure
1
u

~r;

coefficient,

,,” \

w

L._.

~=@R
i.,.-

K

forultimate
wallfailure

*JI
-b___

.-.

-.-.-.J

---->Ultimatefailure T ------of retainingwall !

‘””
kh=@JA
forinitialactive
failurein backfill
-. k,=O
............

~.. ...
.
(o: equilibriumpoint)
Wallresistance(W)7) I

Outwarddisplacement
at wall top, u

t

At rest condition(u=O)

Fig. 5.1 Progressive process of mobilization of active
earth pressure.
(a)
First failure pl~e (formed at k~=fkJA)
Potential second failure plane

5.1 Seismic active failure process in unreinforced
bactill
The progressive process of the seismic active failure in the
backfill followed by the ultimate failure of RW discussed
in Chapter 4 could be summarized as shown in Fig. 5.1;
1) Stage 1: The initial static equilibrium state I is
attained, controlled by many factors such as those
indicated in Fig. 4.10a and other construction details such
as compaction procedure of backfill. We assume that the
state I is attained before reaching the active failure state A
in the backfill.
2) Stage 2: With an increase in ~ from zero to (k~A,
the backfill is subjected to the process of strain hardening,
approaching the active failure state A in the backfill with
the minimum earth pressure (i.e., the seismic active earth
pressure).
The angle C ~of the failure plane that develops
by the active failure is equal to “45° + @~4/2 - A C , where
the fraction A L increases with the increase in (k~., while
it is equal to zero when (k~)~= 0.0.
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Fig. 5.2 Formation of failure planes considered in the
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5.2 Modified M-O method for unreinforced backtlll
(Koseki et al., 1997)
, 2.0,,
Usually, only a very small wall displacement u is needed
for the active failure to take place in the backfill (about
0.002-0.003.
H). Based on this fact, it is assumed in the
modified method that except for the case of a rigid RW
structure supported by perfectly rigid subsoil, the seismic
active failure occurs in the backfill well before the seismic
ultimate failure of the RW. In the conventional pseudostatic approaches including the original M-O method, the
direction of failure plane is a function of ~ for which
seismic earth pressure is to be obtained with @ ~
mobilized along the failure plane. Unlike the above, it is
assumed that the failure plane is fixed to the fwstdeveloped
active failure plane, which is basically
independent of ~, and both 0 ~ and f#I~iw are used in the
analysis. As a result, the fixed failure plane angle L ~ is
generally smaller than the one predicted by the original M0 metho~ the difference decreasing with the increase in lq
= (QA at which the active failure plane first develops in
the backfill.
Then, the very cumbersome procedure needed in the
original M-O method to obtain the maximum earth
pressure becomes unnecess~.
In the modified method
the value of (KJ,ti,.iC is obtained by a very simple
equation;
(K~seimi.

‘{

[~(
~ f @ residual)+@
~ l/M ~ f] “
( Cos( ~ r- @wti~~)j(Cos( ~ f - @residual-

~ ) }

(5.1)

where

CF450+b~A Z;
d = the wall fiction angle; and
tan e =&.

Basically, the value of (k~. should be determined by
considering the deformability of RW system and other
relevant factors, but it would not be simple. For practical
purposes, the value of (k~A and the corresponding failure
plane angle L ~ may be obtained by the original M-O
method using @~~
Then, the value of L f decreases as
the safety factor (FJwti, for the static condition increases,
since the first active failure occurs at a higher (&)A as
(F~,@,kincreases.
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Horizontal seismic coefficient k,
Fig. 5.3 Comparison of active earth pressure coefficient
between the original and modified M-O methods for O
~=500,
o,==300 and d=00 (Koseki et al., 1997a).
increases linearly with the increase in kh. When the &
value becomes a certain value %*, tbe value of (K~W&ti=
obtained by the modified M-O method becomes the same
with the value obtained the original M-O method using @
~.
Then, at the %* value, the second deeper active
failure plane is considered to develop as shown in Fig. 5.2b.
The values of (K~Atic at k~ values higher than k~” should
be obtained for the second fixed active failure plane, which
becomes larger than the respective value obtained for the
For this reason, each
fmt active failure plane.
relationship between (KA)~,m,. and ~ consists of linem
segments with discontinuities at the values of &*.
[n
actuality, the transition fi-om the first active failure plane to
the second one (and so on) would be somehow smooth.

The value of (K~ti,ti= at a given ~ obtained by the
modified M-O method is always equal to, or larger than,
the value obtained by the original M-O method Using ffI~ti,
while always smaller than the value obtained by the
original M-O method using 0,,,.
Therefore, the value of
Fig. 5.3 compares the relationships between (K.4)scIsmi. (KA)W,S.IC
by the modified M-O method does not become
and k~ for a vertical fiictionless RW with level backslope
very large even at relatively high values of k~ where the
(without lq) obtained by the following three methods;
values of (K~W,~,Gby the original M-O method using @,=
1.
the original M-O method using@ ,4=500;
become very large, or even infinitive, or not possible to
obtain.
2.
the original M-O method usingO,,ri~d=300; ~d
Fig. 5.4 shows the relationships between the size of
3.
the modified M-O method when (k~). is equal to zero
active failure zone, represented by L/H= cot Lf, and k~,
and 0.2.
where L is the size of the failure zone on the crest of
In the modified M-O method, as long as using a fwed
value of c ~ irrespective of k,, the value of (K~)S~S~iC
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Comparison of the ratio of failure zone length
in backfill soil to wall height between the original and
modified M-O methods for @~~= 50 0, @,==30 0 and
6=0 0(Koseki et al., 1997a).
Fig. 5.4

backfill, obtained by the above-mentioned three methods.
The size of the active failure zone in the backfill by the
modified M-O method is always equal to or smaller than
those by the original M-O method using r#I~ and always
considerably smaller than those by the original M-O
method using @,=. The failure zone size by the original
M-O method becomes very deep and long at very high
values of kti, particularly when using d ~,, and therefore,
the relevant evaluation of the seismic stability of GRSRWS having short reinforcement becomes very difficult.
By the modified M-O metho~ on the other hand, realistic
smaller and shallower failure planes, as observed in the
Hyogo-ken-nambu
Earthquake (see Fig. 2.6) and in the
model tests (Fig. 4.7), are obtained.
As the modified M-O method uses both @~A and @,,$,
it can take into account the effects of initial density of the
backfill.
On the other hand, in practice, their accurate
In addition, in this
evaluation would be not simple.
method, the seismic active earth pressure is a fimction of
which makes this method somewhat
more
(F,)s,w
complicated.
5.3

Modified

two-wedge method

for

reinforced

bacl@l
A modified two-wedge (TW) method is introduced below,
in which the failure mechanism is represented by two
wedges as in the conventional TW method to better
simulate the seismic active failure in reinforced soil RWS,
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particularly those of GRS-RWS having relatively short
reinforcement.
In the same way as the modified M-O
method, the failure plane is basically not ~-dependen~ the
fwst set of active failure planes with d ~ develops at (k~w
and the seismic earth pressures at ~ higher than (k~A are
controlled by this fust set of active failure plane with ~,=
until the seismic earth pressure controlled by the second set
of failure plane with d _ becomes larger.
The seismic active earth pressure coefficient (K~=imic
(for the earth pressure acting on the back face of FHR
facing) was evaluated by the conventional TW method
using either @~ (= 45°) or @,M(= 30”) and the modified
TW method using both @ ~
and O ~ for a typical
configuration of GRS-RW (Fig. 5.5a), which was
examined by Horii et al. (1994). The values of dJused in
the three analysis methods are shown in Fig. 5.5b. Ftg.
5.5c compares (K,&tic values when the safety factor for
either overturning or sliding failure becomes the minimum.
In this case, the fmt set of active failure plane is assumed
to develop at (k~A= 0.2.
Note that this (lq)A value was
selected rather arbitrarily.
Similar to those shown in Fig.
5.3, the modified method yields reasonable earth pressure,
which is between those obtained by the conventional TW
method using @~ and d ~,. According to the modified
TW method, even the use of short reinforcement layers can
increase substantially the seismic stability of GRS-RW at
high kh values. This feature results from the intersection
of many short reinforcement layers with the potential
failure planes (Fig. 5.5a).
Fig. 5.5a compares the failure planes evaluated by the
different methods when k~= 0.5, in which those for
unreinforced backfill obtained by the original M-O method
using @~~ or d., are also shown for comparison.
It may
be seen that those for the reinforced wall evaluated by the
conventional TW method using @~ and@,., are similar
to the respective one obtained for unreinforced backtl]l by
the original M-O method using @,=. On the other hand,
the failure zone evaluated by the modified TW method is
much smaller, being largely modified by the effects of
reinforcement, despite that the reinforcement is generally
short. Fig. 5.5d compares the size of the failure zone,
where L“ is the total Iemzth of the two wedges on the
It may ~e seen that the failure zone
backfill
crest.
evaluated by the modified TW method is considerably
smaller, but more realistic, than those obtained by the
conventional TW method.
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critical failure planes; b) values of @ used in the analysis (the dimensions are not to scale); c) the coefficient (K~,cl~~iCof
active earth pressure acting on the facing; and d) ratio of failure zone length in backfill soil to wall height.
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Table 5.1

Influencing factors included in different analysis and model testing methods.

[Failurepkmefor ultimatefailureof RW
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any
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the first

Conven- Ye9for any k
No
tionat
Modified Yes for the first yes

1

forced
back6il
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g
~
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Yes

Moditied Yea for
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Fixed
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$$
Nom’
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waves
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waves
1
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Dynamicforce

1
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Shape

kk-dependent
with a
constant 4
M-O for
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Twowedge
for rein-
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Ampli- Non-

Phase lag Cyclic

failure
Perhaps yes for
the first failure
Perhaps yes for
the first failure
Perhaps yes for
the first failure
Perhaps yes for
the first failure

Perhaps
yes
Perhaps
yes
Perhapa
yes
Perhaps
yes

1’

Note: “Yes” does not mean that the behaviour is exactly the same with that in each specitic seismic event.

5.4
Discussions
approach

on

the

modified

pseudo-static

Among a number of the influencing factors for the seismic
behaviour of GRS-RWS, Table 5.1 summarized the three
major influencing factors; a) failure plane; b) soil strength;
and c) dynamic force. It may be noted horn Table 5.1
how better or poorly each analysis or model test method
can simulate the actual seismic behaviour of GRS-RW.
Shaking table tests using random loads could be better than
those using uniform cyclic loads, and the latter could be
better than pseudo-static analyses and tilting tests.
It
should be noted, however, that even ‘yes’ in this table does
not necessarily mean that that patiicular analysis or model
test method can simulate satisfactorily that factor involved
in the actual behaviour of each specific GRS-RW
subjected to specific seismic loads. The use in design of
very sophisticated numerical analyses and model tests can
be justified when nearly all the influencing factors are
properly and sufficiently considered.
In other words,
simplified pseudo-static approaches could be still a useful
engineering tool if they can reflect as better as possible the
actual behaviour (such as the failure mode) and they use
proper design soil strength values and seismic loads in a
balanced way while taking into account the dynamic
effects on the RW behaviour.
The modified TW method proposed
seismic earth pressure in reinforced
130-1998

Sixth International

Conference

above to evaluate
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simulate many dynamic aspects involved in the acl al
seismic behav~ou~ of GRS-RWS.
In particular, it is the
case when it is assumed that k~ is uniformly distributed in
the backfill without amplification and phase difference.
Yet, the modified TW method can simulate the failure
mode and earth pressure in the reinforced backfill
subjected to high k~ values much better than the
conventional
TW method,
particularly
that using
conservative soil strength.
Similarly, the modified M-O
method is more suitable for unreinforced backfill than the
original M-O method.
At present, the field cases and the model tests which
have been presented in this report have not been analyzed
by the modified pseudo-static approach proposed above.
This study is now being under way, and the results will be
reported by the authors in the near timrre.

6.
6.1

ULTIMATE FAILURE OF GRS-RWS
Ultimate

failure observed in the field and model

tests
Before considering a relevant aseismic design method for
GRS-RWS to survive high seismic loads, observed ultimate
failure of GRS-RWS will be reviewed.

Fig. 6.1 shows the relationships between the observed
seismic coefficient (k~)C,(obs) and the calculated values
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Fig. 6.1 Comparison of observed critical seismic coefficients (k&(obs) to calculated values (lq)d(cal) obtained
following the conditions listed in Table 3.2 for RWS that experienced extra-ordinary high seismic loads during the 1995
Kobe Earthquake (Koseki et al., 1997).
O@.(cai) obttied by following the condition B shown in
Table 3.2 (see also Table 3.3). Each (lqJa(obs) value was
plotted against a common PGA/g value, which was
assumed to be equal to 0.7 and the same for these RWS.
The upward arrows mean that the RWS were slightly
damaged, thus the actual (&)=(obs) values for ultimate
failure should be larger than the PGA/g value. The data
points without arrows mean that the RWS were moderately
damaged (albeit some deformation and displacement
occurred), while the downward arrows mean that the RWS
totally collapsed, implying that the actual (k&.(ohs) values
should be smaller than the PGA/g value.
This result
suggests that the ratios (k&(obs)/(l@m(ca[) is not the same
among these RWS, which is likely to be larger in the order
ofi 1) the GRS-RW having a FHR facing at Tanata; 2) the
cantilever RC RWS at Rokko-michi and Ishiyagawa; and
3) the gravity-type RWS at Ishiyagwa and the leaning-type
RW at Surniyoshi @rticular the latter) (n.b., the cantilever
RC RW at Tanata is not discussed herein, because this is
not a usual case; the RW was supported by a temporary
cofferdam in front of the wall at the time of the
earthquake)
This result suggests that the design value
@h)design Should
be different
among
different types of RW;
under otherwise the same conditions, the vaiue of (lq)~,,iw
could be smaller for the GRS-RW.
As the amount of the field data is not sufficient the data
horn the tilting and shaking table model tests, described in
Figs. 4.6, 4.7 and 4.8, were analyzed.
As the failure
mode observed in all the tests was overturning, the results
were first analyzed for this failure mode. Fig. 6.2a shows
relationships
between the critical seismic coefficients
(k,),,(cal) yielding a safety factor of unity against
overturning obtained by the original M-O method and the

conventional TW method (Horii et al., 1994) and the
observed seismic coefficients (l&(obs).
For the
pseudo-static analyses, o ~= 51 0 was used, obtained
from PSC tests at d = 90° at low confining pressures using
the backfill of air-dried Toyoura sand. The wall friction
angel d at the interface between the rough back face of
the wall and the backfill was set 3/4 @ (= 38 O). For the
cantilever type RW, the angle of fiction was set equal to
d ~ along the vertical failure plane starting fkom the heel
of the base part of the RW. For the GRS-RWS, the
bearing capacity was evaluated for the facing base having a
width of 3 cm, ignoring the surcharge effects of the
backfill. The allowable vertical load at the facing base was
set to the bearing capacity as obtained above, then the limit
equilibrium for overturning was seeked. As seen from
Fig. 6.2A for many of the data points, horn the tilting tests,
(k~m (ohs) is much smaller than (k&, (cal). This is likely
due to;
a) the effects of progressive active failure in the baclctlll
were not considered by using @~= 51 0 ; and
b) the overturning failure could have been triggered by
bearing capacity failure in the subsoil, which should
have taken place before the safety factor for
overturning
failure obtained not considering the
bearing capacity failure became unity. This infer is
supported by the measured earth pressure on the base
of the model.
Fig. 6.2b shows relationships between whichever the
smaller value of (k~c,(cal) yielding a safety factor of unity,
against either overturning or bearing capacity failure,
obtained by the original M-O method and the conventional
TW method using b ~.d~ and the observed
seismic
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Fig. 6.2 Comparison of observed critical seismic coefficients(k&(obs)
shaking table tests of model RWS (Koseki et al., 1997).
coeftlcients (k~)c,(obs). For the GRS-RWS, the bearing
capacity at the facing base has been taken into account for
the data shown in Figs.6.2a and 6.2b. In so doing, the
ultimate failure of RW due to the bearing capacity failure
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horn tilting and

has not been considered, since the wall can maintain its
stability even when the load acting at the bottom of the
facing reaches the bearing capacity of the subsoil, as
demonstrated by a large-scale shaking test on a model of
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GRS-RW (Murata et al., 1994). Lower (~)=(cal) values
were obtained for bearing capacity failure with the
cantilever and gravity-type RWS. The bearing capacity was
evaluated assuming the subsoil thickness be sufficient to
cause boundary-tie
subsoil failure despite that the actual
thickness of the Toyoura sand layer was only 20 cm.
Therefore, the safety factors against bearing capacity
failure may have been somehow under-estimated.
In Fig.
6.3b, this infer is indicated by arrows directing right shown
next the data points for the cantilever and gravity-we
RWS. The following trends maybe seen from Fig. 6.2b:

between the measured value of L ~and that predicted by the
original M-O method using @~ti (shown in Fig. 4.8). The
shaking table test results shown in Fig. 6.2 are, in a broad
sense, consistent with the field full-scale behaviour of
several representative types of RW which experienced
extra-ordinary high seismic loads during the Hyogo-kennambu Earthquake (see Fig. 6.1). These results also
suggest that the design values (k~~aiw to be used in the
pseudo-static analysis should be different, being smaller in
the order of i) GRS-RWS having a FHR facing, ii) RC
RWS, and iii) leaning and gravity-type RWS.

1) The base width is the same, equal to 23 cm, among
the gravity-type and cantilever RWS and the GRS-RW type
1 (see Fig. 4.7). The base width is 18 cm with the
leaning-type RW, whereas the width between the top of the
back face and the toe of the base is wider, equal to 33 cm.
Despite the above, in the tilting tests, the GRS-RW type 1
and the cantilever RW have larger values of (lqJC,(obs) than
the leaning-type and gravity-type RWS. In the shaking
table tests, the GRS-RW type 1 is noticeably more stable
than the others.
This results are in a broad sense
consistent with the fill-scale field behaviour as shown in
Fig. 6.1, suggesting a relatively high seismic stability of
GRS-RWS having a FHR facing.

5) In the shaking table tests, the value of ~m(obs)
is
largest for the GRS-RW type 2 having a couple of long
reinforcement layers at high levels in the backfill.
As
seen from Fig. 4.7a, in this model, multiple failure planes
developed; the one numbered 1, which was steepest,
developed fmt from the heel of the backfill zone
reinforced with short reinforcement layers and stopped
somewhere below the lowest longer reinforcement layers:
them the other two numbered 2 and 3 developed, which
were inclined much more horizontally, and developed up
to the crest of the backfill. On the other hand, the value
of (kh)m(obs) is marginally smaller for the GRS-RW type 3
having the moderately long same-length reinforcement
layers than Reinforced type 2, while the total amount of
reinforcement was similar. When reconstructing existing
slopes to vertical GRS-RWS, the use of relatively short
reinforcements is preferred, because the amount of slope
excavation can be minimized.
Based on the test resuft
described above, using several long reinforcement layers at
high levels as the model Reinforced type 2 can be
recommended to effectively increase the seismic stability
of GRS-RWS having a FHR facing, compared with the
GRS-RW typel.

2) In the tilting tests, the ratio (k~C,(obs)l(k~W(cal) is
generally lower than unity (except for the cantilever RW).
This result suggests that the conventional pseudo-static
approaches using peak plane strain soil strength obtained
when the 0, dmection is normal to the bedding plane
direction over-estimate the stability of RW.
3) In the shaking table tests; the ratios (~) ~ (ohs)/(w ~
(cal) are generally larger than unity, except for the leaning
we RW, and different among the different RWS. This
fact corresponds to; a) the observation in Fig 4.8 that in the
shaking table tests, at the same (k~,n the failure plane
angles L ~ observed in the unreinforced backfill are
generally larger than those predicted by the original M-O
method using @~a~; and b) that in the shaking table tests,
the ultimate failure of RW took place at k noticeably larger
than the value where the active failure started in the
backfill, and the difference depended on the RW type.
The difference can be considered to be due to the dynamic
effects.
It is to be noted that (k~C,(cal) values that are
smaller than those shown in Fig. 6.2a are obtained when
evaluated by the modified pseudo-static methods proposed
in this report, giving hrger ratios (kti)c,(obs)/(&)=(cal).
~
that case, larger dynamic effects are evaluated.
4) In the shaking table test results, the ratios
(kh)m(Obs)/(kh)c,(Cal)(shown in Fig. 6.2b) for the GRS-RW
type 1 is similar to that for the cantilever RW, marginally
larger than that for the gravity-type RW, and noticeably
]mger than that for the leaning-type RW. This trend is
similar to that of the difference at a given (kh)C,(obs) value

6) In the shaking table tests, after the fust active failure
occurred in the backfill, the kh value could increase to a
higher level until the ultimate failure of RW took place,
exhibiting larger positive net dynamic effects, in the order
i), ii) and iii) listed in the term 4). It seems that the
modified M-O method and the modified TW method are
more relevant for aseismic design of RWS exhibiting larger
positive net dynamic effects when subjected to high
seismic loads.
6.2 Dynamic effects
Different ratios of “design k~’/(PGA/g) have been
proposed for different types of foundation structures and
RWS, which include the following
1) By comparing the seismic behaviour of port and
harbor gravity-type caissons placed on underwater
mounds with their k~ values calculated following the
design specification, Noda et al. (1975) obtained the
following relationship;
(PGA< = 200 gals) (6. la)
(k,)ait,,,,= PGMg
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(1/3)(pG~g)”3(pGA>=200 gals) (6- lb)
When following this relationship, (k~eri,i~= 0.2,0.246,
0.281.0.309 and 0.333 are obtained when PGAlg= 0.2,
0.4,0.6,0.8 and 1.0.
2) Seed and Whitman (1970) proposed a value of 0.85
for retaining walls and bridge abutments against
significant wall displacements.
3) The design manual guidelines for Terre Armee RWS
of FH WA (FHWA 1990) employs the following
to
evaluate
the
maximum
wall
relationship
acceleration coefficient a. based on the maximum
ground acceleration coet%cient aO;
am=( 1.45- ao) a.
(6.2)
Note that the horizontal inertia force of the reinforced
backfill is reduced by half to consider the effects of
phase lag as mentioned in 3. When following this
relationship, (k~)ti,i~= 0.25, 0.42, 0.51.0.52 ad 0.45
are obtained when PGA/~ 0.2, 0.4, 0.6,0.8 and 1.0.
(k)~icai=

These ratios @~ti~i=J@GMg) are much lower than unity
at high kb values, which is seemingly due largely to the
following three factors;
a) underestimation of the soil strength used in evaluating
the seismic stability of structure in terms of ~ to be
compared with PGA/g (as in ordinary design
procedures);
b) simplifications in the design procedure leading to a
safe side result such as that the passive pressure on the
front face of the underground part of RW is ignored
(but this could actually
largely
contribute to the
seismic stability of actual RWS); and
c) factors related to the so-called dynamic effects.
As seen horn Figs. 4.8 and 6.2b, for the relatively
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ductile RWS (i.e., the GRS-RWS), the value of (lQ=(obs) is
larger than the corresponding value in the tilting test.
This feature is likely due to that the net dynamic effects
were positive.
The following factors are important for the
so-called dynamic effects on the seismic behaviour of
RWS;
1)
dynamic ductility of RW, which is the capability of
the RW to survive “accelerations/g” exceeding the
pseudo-static ultimate strength (~,ri,i~ by deforming
without exhibiting seismic ultimate failure; this
factor makes the structure more stable;
2)
flexibility (or rigidity) of RW, resulting into the
following three sub-factors;
a) phase difference in the lateral direction in the
backfill, which usually increases with the RW
flexibility, making also the RW more stable;
b) the coefficient/3 irt Fig. Fig. 4. 10W for example,
cantilever RC RWS, particularly those supported
pile foundations, are rigid having a high value of
/3, resulting into higher seismic active pressure,
while GRS-RWS are flexible having a low value
of~, resulting into lower seismic active pressure;
and
c) dynamic response of the structure, usually giving
larger accelerations in the backfill than at the
ground surface; this factor makes the RW less
stable.
Related to the above factors 2a, 2b and 2c, in any shaking
or dynamic
table test, the response acceleration,
amplification, is not uniform in both vertical and lateral
directions, as typically seen horn Fig. 6.3.
The difference in the (k~~~d value between shaking
table and tilting tests using the same model should become
(b)

(a)
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Fig. 6.3 Typical shaking table test of GRS-RW model (“Reinforced type 3“) performed by the authors; a) comparison of
response horizontal accelerations in the vertical (A2, A6, Al 1 and A 13); and b) lateral (A 1 to A5) directions, at input
acceleration of about 600 gal.
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larger when the shaking table test uses random cyclic loads
with the value of (k~)Ctiti~being defined as “the maximum
table horizontal acceleration”/g at ultimate failure. For
example, in the shaking table tests on the same type GRSRW model having a discrete panel facing reported by
Matsuo et al. (1997), the model wall failed by excessive
outward deformation at a peak acceleration equal to 464
gals when the N-S component recorded at the Kobe
Maritime Observato~ during the 1995 Hyogo-ken-nambu
Earthquake was used as the input random loads and at a
single amplitude acceleration equal to 370 gals when
twenty uniform sinusoidal waves were used as the input
cyclic loads.
By using the cumulative damage theory, Murata et al.
(1990) estimated the deformation of the GRS-RW having a
FHR facing when subjected to a random cyclic loading
based on the behaviour of the wall when subjected to
uniform cyclic loadings at different acceleration levels.
The procedure is similar to the one used for estimating the
liquefaction strength of saturated sand when subjected to
random seismic cyclic stresses based on the results
obtained when subjected to uniform cyclic stresses (e.g.,
Tatsuoka et al., 1986). It was suggested by Murata et al.
(1990) that for a given maximum input acceleration, the
deformation of the model wall becomes much smaller
when subjected to an irregular input motion than when
subjected to an uniform motiom and the difference
becomes huger as the number of cycles in the uniform
motion increases, as the irregular motion becomes of more
shock-type and as the RW becomes more dynamically
ductile (i.e., factor 1 above).
6.3

Design ~ values
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5)

6)

the seismic flexibility or rigidity of RW, which also
depends on structure type and affects the dynamic
response of RW; and
the global safety factor used in the aseismic design,
which is usually 1.5 for RWS in Japan.

In the following, only design methods for Level 2 design
seismic loads will be considered.
Fig. 3.9 shows the
values of (lq)m(cal) giving the safety factor equal to unity
for several RWS which experienced extra-high seismic
loads doring the 1995 Hyogo-ken-nambu
Earthquake.
These (l@C,(cal) values were obtained by the conventional
pseudo-static analyses (i.e., the original M-O method for
the conventional type RWS and the conventional TW
method for the GRS-RW) under the following two
different conditions (see Table 3.3);
the
A)
conventional
design
conditions
using
conservative soil strength (condition A; Table 3.1 );
and
B)
the conditions as close as the respective actual
condition, while using peak soil strength (condition
B; Table 3.2).
For all the data points, the estimated value of PGA/g is
assumed to be 0.6 - 0.8 with an average of 0.7. As
discussed before, to attain reasonable seismic stability,
with a global safety factor equal to unity, the design value
(h)design
should
be larger
~an
the
value
of (~~(cal) for the
collapsed types of RW, could be similar to the values of
d%).(cal) for the moderately damaged but uncollapsed
types of RW, and could be smaller than the values of
(kJJcal) for the slightly damaged types of RW (note; for
the cantilever RC RW at Tanata, this notion is valid only
under the condition of the presence of the coffer dam in
bout of the wall, but it is not usual case and will not be
discussed herein).

The design value of k~, (k~~=b, to be used in any pseudostatic analysis should reflect the fact that effects of the
influencing factors, as listed in Table 6.1, are not perfectly,
or are only poorly, reflected in the analysis. Therefore,
the proper ratio of (w~tiiw to the PGNg of the desi~
seismic load should depend on, at least, the following six
factors;
1) the analysis method (e.g., the original M-O method
and the conventional TW method using either peak or
residual soil strength, or the modified M-O method
and modified TW method using both peak and
residual soil strengths);
2)
the ratio of the design soil strength to the true
operating soil strength;
3) positive effects of simplification used in the design
(eg., no consideration of passive pressure on the front
face of the underground part of facing);
4)
the seismic ductility of RW, which depends on
structure type (e.g., masonry, gravity, leantig,
cantilever, or reinforced soil);- this factor is linked to
the objective of aseismic design, which is different for
Levels 1 and 2 seismic loads, as discussed before;

The following remarks are important:
a) When based on the conventional pseudo-static analyses
(i.e., the original M-O method for the conventional types
of RW and the conventional TW method for GRS-RWS,
both using conservative soil strength), the value of
(1%).(cal) wss 0.10 for bearing capacity failure leading to
overturning failure with the gravity type unreinforced
concrete RW at Ishiyagawa and 0.09 for overturning
failure with the leaning type unreinforced concrete RW at
Sumiyoshi, both of which totally collapsed.
These results
suggest that for masonry RWS and leaning and gravity
types unreinforced concrete RWS, even when based on the
conventional pseudo-static analyses using conservative soil
strength, the use of k~ equal to 0.1 -0.2 is unconservative
for Level 2 design seismic load. Obviously, the design
vah.se (~)~,,iw should be increased to a level much ~gher
than 0.1-0.2, whereas it would be lower than, but a large
fkaction of, PGA/g of Level 2 seismic load (about 0.7- 0.8).
b) When based on the conventional pseudo-static analyses
using peak soil strength, the value of (k~)C,(cal) was 0.34
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with the gravity type RW at Ishiyagawa and 0.48 for
overturning failure with the leaning type RW at Sumiyoshi.
Therefore, the use of (kJ~.ti@= 0.1 -0.2 in the conventional
pseudo-static analyses using peak soil strength is more
unconservative than the cument design method using
conservative
soil strength and therefore
never be
acceptable.
c) It is to be noted again that these values of (k~.,(cal)
were back-calculated with an operating safety factor equal
to unity. On the other hand, the allowable safety fictor
employed in the current aseismic design in Japan is
typically 1.5. Part of the fraction 1.5 is considered to be
assigned to uncertainties of loa~ and a lower allowance for
uncertainties in the load is acceptable considering that the
Level 2 seismic load is nearly the possible upper-bound
design seismic load.
Then, the suitable design value
(kh)ti= can be set to be, say, 0.9 times the value of
~W(cal)
by which a given type of RW is moderately
damaged but does not collapse with an operating safety
factor equal to unity.
d) For the cantilever RC RWS, which were moderately
damaged, when based on the conventional pseudo-static
analyses using conservative soil strength, the values of
(l@~cal) was 0.36 and 0.40 for bearing capacity failure
with the two cantilever RC RWS at Ishiyagawa and 0.45
for bearing capacity failure with the cantilever RC RW at
Rokko-michi.
This result suggests that the use of
0.2 in the conventional pseudo-static
(hhesign=
0.1
using conservative
soil strength
is also
analyses
rmconservative.
However, the appropriate design value
(kJ&sign
should
be
smaller
th~
that
for masonry RWS and
leaning type and gravity me unreinforced concrete RWS.
A value between 0.35 X 0.9+ 0.3 and 0.45X 0.9= 0.4
would be appropriate.
Perhaps, this value is appropriate
also for modem RC RWS supported by a pile foundation.
e) For the cantilever RC RWS, when based on the (k~m(ob)
values = 0.45 – 0.60 that were obtained by using peak soil
strength, a value of (l@hiw is around (0.45 – 0.60)X 0.9=
0.5 would be appreciate.
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type and gravity type RWS, b) properly designed and
constructed RC cantilever RWS and c) GRS-RWS having a
FHR facing. This proposed classification is supported by
the shaking table model test results shown in Figs. 4.8 and
6.2b.
h) If the conventional pseudo-static analyses using peak
soil strength is employed, the design value (l@~tiw should
be larger than those shown above; ~~=m
=0.55, 0.50
and 0.45 would be appropriate for, respectively, a)
masonry, leaning type and gravity type RWS, b) properly
designed and constructed RC cantilever RW and c) GRSRWS having a FHR facing.
i) When based on the modified pseudo-static approach
proposed in this report, the (h~ti~m value wauld become
higher than those used with the conventional pseudo-static
analyses using conservative soil streng@ becoming closer
to the Level 2 PGA/g value (about 0.7). Considering that
the failure mechanism can be better simulated, the use of
the modified pseudo-static approach can be suggested for
the aseismic design of GRS-RWS, particularly those
having a FHR facing with relatively short reinforcement.
Based on the above and others, Fig. 6.4 was prepared.
The design values (~tiiw which are tentatively proposed
for Level 2 seismic loads, are indicated by the three
inclined lines, which are respectively for a) GRS-RWS
having a FHR facing; b) cantilever RC RWS; and c)
masonry, gravity and leaning types of RWS. Along each
line, the value of (kh)fJcd@
becomes smaller in the order OC
a) the original M-O method and the conventional TW
method using conservative soil stren~,
b) the modified
M-O method and TW method using both peak and
conservative soil strengths; and c) the original M-O
method and the conventional TW method using peak soil
strength.
Mb.
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@m
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(original

level

or cOn-
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g) Summarizing
the above, when based on the
conventional pseudo-static analyses using conservative soil
strength, (k~ ~,,~ equal to 0.4, 0.35 and 0.3 would be
appropriate for, respectively, a) masonry RWS and leaning
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f) For the Tanata GRS-RWS having a FHR facing, which
was damaged
only slightly, when based on the
conventional pseudo-static analyses using conservative soil
strength, the values of (kJJcal) was 0.36 for base sliding.
It seems that the use of (k~)~,,,q equal to 0.1 - 0.2 is
unconservative, and a design value around 0.35X 0.94.3
or less would be appropriate.
When based on peak soil
s~ength, a value of (k~)~,,,~nwhich is around 0.5X 0.9=0.45
would be appropriate.
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Other important issues

of the GRS-RW having short reinforcement at lower levels
in the backfill.

Effects of reinforcement length: As discussed before,
in the shaking table model tests described in Figs. 4.8 and
6.2, the GRS-RW having relatively long reinforcement
(Reinforced type 3) was more stable than the GRS-RW
having relatively short reinforcement (Reinforced type 1).
In addition, the failure acceleration of the GRS-RW
increased tiom 530 gals to 650 gals for over-turning failure
by extending only a couple of top reinforcement layers (i.e.,
Reinforced type 2). Also in the shaking table tests on 100
cm-high grid-reinforced sand RW models performed by
Mura@ et al. (1990, 1992)(Fig. 6.5), under otherwise the
same conditions, the GRS-RW model having longer
reinforcement (case 2) was more stable than that having
shorter reinforcement (case 1). This increase in the
stability was attained by preventing the active failure plane
starting from the heel of the reinforced zone to develop up
to the back.fN crest.
These results suggest that a shear band or failure plane is
difficult to develop crossing reinforcement.
Therefore, it
is not relevant to always assume a single wedge to develop
in reinforced backfill as in the unreinforced backfill.
In
particular, when based on the original M-O method using
conservative soil strength assuming a single wedge, a very
deep and largely inclined failure plane is predicted at a
high ~ (see Fig. 5.5a); in that case, only one or two layers
of short reinforcement can intersect with this failure plane,
which may result into a design using long reinforcement
layers horn the bottom level. The modified TW method
can properly evaluate the relatively high seismic stability
case 1

/-\
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On the other hand in the shaking table model tests on
100 cm-high models of vertical GRS-RWS having a
discrete panel facing with reinforcement layers truncated to
the same length petiormed by Matsuo et rd. (1 997) (see Fig.
4.13), the failure acceleration increased horn 370 gals to
575 gals by increasing the length of reinforcement tlom
L/H= 0.4 to 0.7 under otherwise the same testing
conditions.
This test result is consistent with the shakirtg
test results described above.

The foUowing trends of
Effeets of facing rigidity:
behaviour have been observed in the shaking table model
tests of GRS-RWS with sand backfill (described so far in
this report):
a) Wlen the reinforcement was relatively short, such as
L/H= 0.4, with a FHR facing, the predominant failure
mode is overturning (Matsuo et al., 1997; Koseki et al.,
1997).
b) In the tests on a 100 cm-high grid-reinforced sand
model wall performed by Matsuo et al. (1997), under
otherwise the same model configurations, when the facing
was of discrete panels, the predominant failure mode was
sliding with a failure plane passing inside the reinforced
zone, resulting into a bulging deformation of the wall face.
c) In the tests by Matsuo et al. (1997), the effect of facing
rigidity on the failure acceleration was small; the failure
acceleration was 370 gals for a GRS-RW model having a
discrete panel facing and 397 gals for a GRS-RW model
having a FHR facing. It seems that this small difference
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from that the stability
of the GRS-RW having a
FHR facing was relatively low. This was due likely to; a)
small
pull-out
resistance
of the grid
relatively
reinforcements
resulting
from; b) relatively
short
reinforcement length, L= 0.4H, with a relatively large
vertical spacing S. of reinforcement layers, 20 cm or SW=
0.2; and c) a low density of the backfill (D,= 60 Yo). On
the other hand, in the shaking table tests presented in
Fig.6.5, under otherwise the same conditions, the GRS-RW
model having a FHR facing (case l) was much more stable
than that having a discrete panel facing (case 5), despite
that the ratio of the reinforcement length to the wall height
was L/H= 0.4 as the tests by Matsuo et al. (1997). In
these tests, the pull-out strength of grid was sufficiently
large resulting from a small vertical grid spacing of 10 cm
and a high density of the backfill (D,= 94 ‘70). Similar
positive effects of using a FHR facing has been observed
in the model tests reported by Bathurst and Alfaro (1996),
in which the pull-out resistance of geogrid was large
enough.
It is likely, therefore, that the effects of facing
rigidity become more important as the pull-out strength of
reinforcement
becomes larger; a) by preventing the
occurrence of sliding failure having a failure plane passing
inside the reinforced zone and appearing at an intermediate
height at the wall face; and b) by confining better the
backfill adjacent to the facing.
resulted
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differences in results between the pseudo-static analyses of
reinforced soil structure having a cohesionless soil backfill
with and without considering the effects of vertical seismic
load components are usually very small.
A similar
conclusion has been obtained by Bathurst and Alfaro
(1996).
Therefore, when considering a high degree of
uncertainty in other factors, it is not unreasonable not to
use vertical component of seismic load in routine aseismic
design of reinforced soil structures including GRS-RWS
having a FHR facing.

Evaluation of seismic ductility of RW: This could be
made in a very approximated way by the method
introduced in Tatsuoka et al. (1996). In this method, the
ductility is evaluated by the area between the curve
showing the relationship between the safety factor F, and
the tilting angle of RW and the horizontal axis implying
F,4.O.
However, the ductility could be better evaluated
by estimating the deformation and displacement of RW by
the method proposed by Newmark (1965) or its
modifications, or the equivalent energy method described
below, or the cumulative damage method.
—

Effects of vertical acceleration (or IQ): Fig. 6.6 shows
the plot of the combination of peak horizontal and vertical
components of acceleration obtained from the time
histories of acceleration recorded on the ground surface at
Kobe Marine Meteorological Observation Station during
Table 6.2
the 1995 Hyogo-ken-nambu
Earthquake.
shows the results of stability analysis of a typical GRS-RW
having a FHR facing (see Fig. 2.2a) obtained by the
conventional TW method using O= 41” for the backfill.
It may be seen that the safety factor for the worst
combination
with the largest ratio of the outward
horizontal acceleration to the upward vertical acceleration
along the envelop of the data points is lower by only 1 ’70
than that
obtained using only the peak horizontal
It can be concluded, therefore, that
acceleration.
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Table 6.2 Comparison of calculated critical seismic coefficients (k~m(cal) following the conditions listed in Table
3.2 for GRS-RW at Tanata with or without considering the effects of vertical acceleration.

Calculated
critical seismic
coefficients
(kll)cr(c~)
Overturning

Sliding
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In the Newrnark method, the displacement of a monolith
during a seismic event is obtained as follows (Fig. 6.7):
1. The critical acceleration beyond which the monolith
starts to slide is evaluated by a proper method such as
pseudo-static analyses.
2. When the ground acceleration is in excess of the
critical acceleration, the monolith is assumed to
respond at a constant acceleration equal to the critical
acceleration.
3. The residual displacement of the monolith relative to
the ground is obtained by simply double-integrating
difference between the accelerations of the monolith
and the ground until the relative velocity of the
monolith becomes zero upon the reversal of the
ground acceleration direction.

1998, Atlanta

detailed discussion is beyond the scope of this short report.

FEM analyses:

Even the failure of densely compacted
unreinforced soil subjected to static loads is very difficult
to be simulated by FEM, due mainly to the fact that proper
simulation of strain localization into a shear band (or shear
bands) and associated strain soflening is an extremely
complicated
task (e.g.,
Tatsuoka
et al.,
1991).
Complicated interaction between shear band deformation
and reinforcement makes the failure analysis of reinforced
soil more difficult (Kotake et al., 1997). Therefore, FEM
analysis of the seismic failure of reinforced soil structure is
still not a practical tool, and will not be discussed more.

Rupture strength of reinforcement for seismic loads;
Recent

Cai and Bathurst (1996A b) and Ling et al. (1997) used
this method to evaluate seismic residual lateral outward
displacements of GRS-RW.
On the other hand, only
limited literature can be found on the method to evaluate
the seismic overturning of retaining wall. Steedman and
Zeng (1996) proposed a method to evaluate seismic
rotation by rocking motion of large gravity walls placed on
rigid foundations.
Siddharthan et al. (1992) proposed a
simple rigid plastic model for seismic tilting of rigid walls.
Both methods consider both translation and tilting of the
wall, and contact pressure on the bottom of the RW is
evaluated by the method similar to the one used by the
Japanese Railway Company (Haya et al., 1995 and RTRI,
1997). If the center of rotation of RW is assumed to be
located near the toe of the wall, only a sliding mode of
deformation is likely to occur, while when the center of
rotation is located back the toe of the RW, a coupled
(sliding and tilting) mode of displacement may result. It
was also shown that the effects of the wall-soil fiction
angle 6, on the wall base be very large on the sliding
displacement, while the effects of the wall-soil tiiction
angle 6 ~ on the wall back face be significant on the
rotational displacement of the wall; a higher d *results in a
smaller rotational displacement.
The equivalent
energy
method
(Fig. 6.8) has heen
proposed also by Newmark (1965) to estimate the seismic
plastic deformation of a structure.
Here, rY and I+ are
the yielding stress and displacement, and ~, and u, are
the elastic stress and displacement obtained without
considering
the effects of yielding.
The total
displacement u~ , which includes both the elastic and
plastic components, is computed so that the elasto-plastic
energy denoted by the total of the areas 1, 2 and 4 becomes
equal to the elastic energy denoted by the total of the areas
1, 2 and 3. This method is popular in Seismic Structural
Engineering to accommodate very high design seismic
loads, such as Level 2, by allowing some plastic
deformation of RC and steel structures.
It is not certain
whether this method is relevant also for soil structures,
since they do not have an obvious yielding point. More
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geosynthetics showed that under the same strain rate, the
strength after long-term creep is not smaller than that
before creep (Bemardi and Paulson, 1997). This point is
also discussed by Greenwood (1997).
Therefore, no
reduction factor is needed for the tensile strength of
geosynthetic reinforcement to be used in seismic design
compared with short-term design strength for static loads.

7.

SUMMARY

AND CONCLUSIONS

From the observations in the field, the model test results
and the theoretical considerations summarized in this
report, the following conclusions can be derived:
l.- There exists a big gap between the design horizontal
coefficients (k~)tiw used in the current pseudo-static
aseismic design approaches for retaining walls (RWS)
and the peak ground accelerations (PGA) divided by
the gravitational acceleration (g) experienced by a
number of RWS during the 1995 Hyogo-ken-nambu
Earthquake.
This gap is due partly to; a) the use of
conservative design soil strength; b) positive net
dynamic effects that are not considered in the pseudostatic analyses; and c) the use of global safety factor
larger than unity. At the same time, serious darnage to
a number of RWS during the earthquake shows that
the current (k~~=iw values should be increased
appropriately to avoid such damage.
In both the field behavioor and the laboratory model
2.
tests, for the same safety factor evaluated by the
pseudo-static approach, the seismic stability of GRSRW having a FHR facing was marginally higher than
that of cantilever RC RWS not supported by a pile
foundation, and noticeably higher than that of leaning
and gravity-type RWS not supported by a pile
foundation.
3.
The observations in both the field and the laboratory
revealed that large apparent inconsistencies exist in
the size of failure zone between the conventional
pseudo-static analyses and the actual observations.
4.
In the Iaboratosy static tilting model tests, irrespective
of RW type, a failure plane or a set of failure-planes
developed in the backfill associated with the active
failure in the backfill, followed by the ultimate failure
or collapse of RW only at a slightly larger tilting angle.
On the other hand, in the laboratory shaking table
model tests, the ultimate failure or collapse of RW
occurred at a later stage associated with relative large
deformations and displacements of RW occurring after
the fust active failure plane developed in the backfill.
The difference was due to positive net dynamic effects,
which were different among the different types of RW.
Yet, it is likely that the first developed active failure
mechanism controlled the ultimate failure of the RW
(except for the GRS-RW having several top or all long
reinforcement layers).
Therefore, similarly to the
pseudo-static approaches, the static tiking tests are not
140-1998

Sixth International

Conference

on Geosynthetics

1998, Atlanta

appropriate to evaluate such seismic stability of RW as
observed in the field and the shaking table tests.
5. The soil strength along the failure plane can drop very
rapidly with very small shear deformation from the
peak value to the residual value. It is very likely,
therefore, that the peak strength along the failure plane
has dropped to the residual value at the moment of the
ultimate failure or collapse of RW.
6. Based on the above observations 1z5, a modified
pseudo-static approach can be proposed to evaluate
the dynamic active earth pressure acting on; a) the
back face of RW with unreinforced backfill; and b) the
back face of the fill-height rigid facing of GRS-RW.
The modified approach predicts smaller dynamic earth
pressure and smaller failure zones in the backllll than
those predicted by the conventional pseudo-static
approaches using conservative soil strength, which is
usually similar to the residual strength. According to
the modified pseudo-static approach, the use of short
reinforcement layers can increase largely the seismic
stability of GRS-RW, particularly at high seismic
loads. This estimation is consistent with the field and
laborato~ observations.
The design horizontal seismic coefllcient (k~~da
7.
depends not only the PGA value of design seismic
load, but also many other factors, among which; a)
stability analysis method; b) design soil strength; c)
simplification of wall configurations employed in the
desigv d) dynamic effects, among which the ductility
and rigidity of RW and the ffequency properties and
randomness of seismic loads are important; and d) the
global safety factor.
8.
It is suggested that under othenvise the same
conditions, the design value (~~~gn for well-designed
and constructed GRS-RW having a FHR facing could
be marginally smaller than that for cantilever RWS and
noticeably smaller than that for masonry RWS and
leaning and gravity types RWS. When RWS are
designed against Level 2 seismic loads by the
conventional pseudo-static analysis using conservative
soil strength, while using an allowable global safety
factor equal to 1.5;
a)
for masonry RWS and leaning and gravity types
RWS; the use of (k~)~,,,w=
0.1 - 0.2 is
unconservative, and (kh)d$slgfi = 0.40 could be
tentatively suggested;
for cantilever RC RWS; the use of (kJ~,i~m = 0.1
b)
-0.2 is UnCOSISerVatjVe,
and (kh)&,$n= O.ss could
be tentatively suggested; and
for GRS-RWS having a FHR facing; the use of
c)
(kh)~,,iw= 0.1 -0.2 may be unconservative, and
(k~~e,i~.= 0.30 could be tentatively suggested.
9. The use of several long reinforcement layers at high
levels is effective to increase seismic stability of GRSRWS.
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ABSTRACT: The governing principles of Limit Equilibrium Methods and the Limit State Approach for the design of
reinforced soil structures are presented. The components, construction and behaviour of geosynthetic reinforced soil
structures are described, including a discussion of their internal force equilibrium and strain compatibility. The Limit State
Approach to design is strictly applied to geosynthetic reinforced walls, steep slopes and embankments with suggestions
given for the selection of properties of materials, actions, geometrical data and behavioral mechanisms.
The Partial
Factors to be applied
to these are indicated.
Lastly, the development of a computer-aided
Limit State Approach
design
..
..
method for geosynthetic reinforced soil structures is described and outcome designs are given.

KEYWORDS: Design, Partial Factors, Geosynthetic Reinforcement, Retaining Walls, Steep Slopes, Embankments.

1 INTRODUCTION
Geosynthetic reinforced soil structures were progressively
introduced into modem civil engineering practice during
The earliest applications were in road
the 1970’s.
pavements, and embankment slopes, although there were
some notable steep slopes and walls constructed, McGown
and Ozelton (1973), Holtz and Massarsch (1976), Bell and
Steward (1977) and Jarrett et al (1977). In most cases, a
Limit Equilibrium Method was used to design these
In these designs, the soils were uniquely
structures.
represented by their peak strengths and the geosynthetics
by their short term strength, (the latter determined from
constant rate of deformation tensile test data).
Little or no account was taken of the deformation
characteristics of the soil, the geosynthetics or their
interaction behaviors.
Large global Factors ofSafe& were
applied which were intended to ensure explicitly
that
collapse did not occur and to ensure implicitly
that
deformations under working conditions were not excessive.
As implemented, many of these design methods were semiempirical and they proved to be generally acceptable and
economic compared to other technical solutions available at
that date. As a result they allowed the rapid acceptance of
geosynthetics.

At the same time as geosynthetics were being introduced, a
fundamental change- in ‘the design of civil engineering
This involved the introduction
structures was underway.
of deformations and strains as design criteria to be assessed
and controlled in an explicit manner.
These were
incorporated into what is now known as the Limit State
Approach, in which both collapse conditions, Ultimate
Limit States, and operational conditions, Serviceability
Limit States, are analysed. Another feature of this approach
is the introduction of risk factors, Partiaf
Factors,
to
replace the use of global Factors of Safety.
The Limit State Approach was rapidly adopted in structural
engineering in the 1980’s and it has been gaining
acceptance in geotechnical engineering in the 1990’s. A
number of the latest codes of practice relating to
geosynthetic reinforced structures in various countries now
take account of Limit State principles (e.g. BS 8006, 1995),
however in most cases, these include partial factors that
ensure that the outcome designs are close to those based on
the preceding semi-empirica~ Limit Equilibrium Methods.
This paper comprises four main parts together with an
Part A describes the governing
overall discussion.
principles of the Limit Equilibrium Methods and the Limit
Part B describes the components and
State Approach.
construction methods used to form reinforced soil
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structures and identifies the factors influencing their
internal force equilibrium and strains. In Part C the Limit
State Approach to design is strictly applied to geosynthetic
reinforced walls, steep slopes and embankments. The soil
and material parameters, loads and Partial Factors to be
used in Ultimate and Serviceability Limit State analyses are
set out and discussed. Part D describes the development of
a computer-aided
Limit State Approach design
for
geosynthetic reinforced soil structures and examples of
outcome designs are given.

PART A - THE GOVERNING PRINCIPLES OF
LIMIT EQUILIBRIUM METHODS AND THE LIMIT
STATE APPROACH
2

strain, which is known as Strain Hardening.
In dense
sands, this is followed by plastic failure, which is associated
with a drop in shear strength and is known as Strain
Sojlening, Fig 1(b). Thus given that real soils are
compressible and may be subject to Strain Soflening, it
may be suggested that there are situations where the peak
strength of a soil cannot be mobilised over the entire shear
surface at any one time. Roscoe ( 1970) confined this and
showed from the results of triaxial tests that soils can reach
the same shear strength by lateral expansion (,4c~ive Case)
and by lateral compression (Passive Case), but at very
different strain levels.

LIMIT EQUILIBRIUM METHODS

1,

Historically the main objective of employing Limit
Equilibrium Methods to analyse soil structures, was to
establish the load combinations that soil masses could
support against ultimate failure/collapse with a suitable
Such loadings were termed Design
Factor of Safety.
Loads. It was generally assumed that the soil structures
requirements under
would meet their serviceability
Working Loads, which were equal to or less than the
In some cases, quite separate volume
Design Loads.
change/settlement analyses were undertaken using Working
Loads.
The Limit Equilibrium Methods dealt with the various
conditions of ultimate failure of a soil mass, including
problems such as earth pressures, bearing capacity, and
slope stability. Solutions were often obtained by simple
statics, assuming failure surfaces of various shapes, such as
planar, circular, or log-spiral, and by using simple failure
criteria. In addition, all the soil elements along the failure
surface were assumed to have reached their peak strength.

(a)
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One of the earliest contributions to the use of Limit
Equilibrium Methods in soil mechanics was that of
Coulomb in 1773. He proposed a simple failure criterion
for soils and established the important geotechnical design
concept of treating the soil mass as a continuum which he
applied to the determination of the action of fills on
retaining walls, Chen and Liu (1990) and Clayton et al
(1993). Later, in 1857, Rankine similarly represented an
infinite body of a granular fill as a continuum and
developed his Limit Equilibrium Method for earth
pressures. Only much later was it suggested that real soils
do not behave as rigid plastic materials, that is they do not
act in the simple continuum manner proposed by Coulomb
Terzaghi
and Rankine, Terzaghi (1936), Fig. l(a).
indicated that the peak strength of the soil was mobilised
only after significant displacement of the soil mass and
pointed out that most soils exhibit increase in strength with
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(b)

Fig, 1. Idealised and observed stress/strain behaviour of
soil: (a) idealised and (b) observed (after Clayton, 1993)
As stated earlier, in some cases volume change/ settlement
analyses were carried out to deal with the deformation of
the soil at stress levels developed by the working loads,
when no failure of the soil is usually involved. Solutions
to this problem are obtained either by using the theory of
elasticity or by a theory of consolidation, such as Terzaghi
(1923) or Biot (1941). The elasticity approach is rational
for problems involving short-term loads, however, it is
obviously wrong to analyse i~ll soil deformations using as a
basis Hooke’s law which is time-independent.
In many
cases the design must consider the influence of time on the
Such behaviour may be modelled by
deformations.

adopting the theory of viscoelasticity. However, in soil
mechanics the complex multi-phase nature of the soils
often requires a more complex approach.
3

THE LIMIT STATE APPROACH

3.1 General Principles
The introduction to soil mechanics of design methods
based on the Limit State Approach allows the following
factors to be taken into consideration:
(i)

The nature and size of the soil structure, including any
for the structure or its
special requirements
surroundings.

(ii)

The nature of the existing ground and groundwater
conditions.

(iii) The nature of the operational environment, including
any seismicity.
To set the design requirements various Geotechnical
categories are introduced.
In Eurocode 7 (1995), three
categories are identified:
Geotechnical Catego~ 1- Small or relatively simple soil
structures, which may be designed using experience and
qualitative geotechnical data and analysis.
Geotechnical Category 2 - Conventional types of soil
structures with no abnormal risks nor any exceptional
ground or loading conditions, which may be designed using
routine quantitative geotechnical data and analysis.
Geotechnical Catego~ 3 - Soil structures or parts of
structures involving abnormal risks or difficult ground or
loading conditions, which require to be designed using
specialised non-routine quantitative geotechnical data and
analysis.
For each geotechnical design problem, performance criteria
during the period of construction and over the design life
are set. Whenever a structure or a part of a structure
operates at a level equal to any of the performance criteria,
it is said to have reached a Limit State, Limit States are
divided into two categories; Ultimate Limit States (ULS)
and Serviceability Limit State (SLS):
Ultimate Limit States are concerned with the safety, loss of
static equilibrium or rupture of either a critical component
or the entire structure,
In brief, they set performance
criteria such that no catastrophic damage can occur to a
structure.

Serviceability Limit States are conditions, or performance
criteria, beyond which the t%nctional or aesthetic utility of a
component or the entire structure are lost. The loss of
serviceability may be due to deformation in the ground or
deformation in the structure itself. For example, if a
retaining wall supporting a bridge abutment deforms
excessively, the serviceability of the bridge might be lost.
Alternatively, due to a wall deformation there may be
noticeable subsidence of a road subgrade which may cause
discomfort to the users of that road or put the road out of
service until proper maintenance is undertaken.
Two aspects of the Limit State Approach are of particular
significance to geosynthetic reinforced soil structures.
These are the considerations
given to the Strain
Compatibili~ of materials involved at the various Limit
State conditions, and the assessment of the significance of
internal and external environmental conditions on the
durability of the materials used.
Designs based on the Limit State Approach require the
identification of suitable Calculation A40de[s, Properties of
~aterials, Actions, Geometrical Data and Limiting Values
of Deformations etc.
The Calculation Models should consist of appropriate
methods of analysis, based on valid Behaviour-al
A4echanisms.
Design values of the Properties of Materials should be
assessed directly for particular site conditions or derived
from Characteristic Values based on field and laboratory
test data.
Actions should include all loads, forces and displacements
identified to be contributing to any specific Limit State
condition. However, not all loads, forces or displacements
will be treated as Actions in all Limit State analyses.
Further the Duration of Actions needs to be considered,
including changes in Actions resulting from changes in the
Properties of Materials with time.
Geometrical Data should include all level, slope and other
dimensional data important to the design and allowances
made for variations in these.
Limiting Values should be chosen for each of the Limit
States conditions.
The Limit State Approach does not use global Factors of
Safety, instead Partial Factors are applied in the
calculations where the uncertainties lie. The use of Partial
Factors aims to distribute margins of safety to the places in
the calculation where there are uncertainties. Also Partial
Factors have the advantage that “margins of safety” can be
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shared appropriately among the main parameters employed
in the design. For example, a structure may be subjected to
two actions, one adverse and the other beneficial, so that
the nominal value of each cancels the other. Hence the
resistance required for the structure will be very small or
zero, on the basis of the nominal action. However, if in
reality one of the actions is different from the expected
value, the required resistance may be very high. This
possible situation can be anticipated using Partial Factors,
but could be missed in the global Factor of Safety
approach.
Partial Factors relevant to soil structures have been
suggested in Eurocode 7 (1995). Significantly, this suggests
that different Partial Factors should be applied in the cases
of favorable and unfavorable
actions, Table 1. In the
calculation of Serviceability Limit States, Eurocode 7
(1995) suggests the use of Partial Factors of unity.

Table 1 Partial Safety Factors
- Ultimate Limit States (Eurocode 7, 1995)
Case

Actions

Situations
Persistent
-transient

Accidental

Permanent actions caused by structural and nonstructural corn] ments, .-ground and groundwater
- Loss of
equilibrium:
strength of
structural
materials or
ground

unfavourable

1.10

1.00

favorable

0.90

1.00

unfavorable

1,35

1.00

favorable

1.00

1.00

unfavorable

1.00(’)

1.00(”

favorable

1.00(’)

1.00(’)

unfavorable

1.50(2)

1.00

3.2 Design Criteria
Design criteria are based on equating the effects of the destabilizing actions and the stabilizing actions. These are
given in general terms by Eurocode 1 (1996) for both
Ultimate and Serviceability Limit States as follows:
3.2.1 Ultimate Limit States
For Ultimate Limit State analysis, static equilibrium and
strength have to be verified so that the possible Ultimate
Limit States are not exceeded.

(i) External Stability
When considering external Ultimate Limit States,
the
equilibrium or gross displacement of a structure are
considered assuming the structure to be a rigid body. It
must be verified that:
E~,~,,< E~,,,~
where, Ed~,t = Design value for the effect of the
destabilisirig actions (direct, overturning or sliding), and
E ,,,,~ = Design value for the effect of the stabilizing
actions (resisting).
(ii) Internal

- Failure of
structures or
structural
elements
governed by
the strength
of materials

- Failure of
structures or
structural
elements
governed by
the strength
of the ground
Variable
actions

Accidental
actions

1.00

Stability
(1)

When considering internal Ultimate Limit States, rupture or
excessive
deformation
of sections,
members
and
connections, it must be verified that:
E~<&

In design calculations of lateral earth pressures,
partial ~actors are used for the ground properties and
for surface loads. Design earth pressures are not
derived by multiplying characteristic earth pressures
by partial factors.

where, Ed = Design value of the effect of actions (internal
forces, moments or vectors of several internal forces or
moments), and
R, = Design value of the corresponding resistance
(obtained from the design values of properties).

(2) Unfavorable Variable Actions related to the failure
of a structure or structural element governed by the
strength of the ground should use a Partial Factor of
1,5/1,35 equal to 1.11.
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3.2.2 Serviceability Limit States
It must be verified that no Serviceability Limit State is
exceeded, using the following equation:
Ed< cd
where, Ed = Design value of the effect of actions,
(displacements, accelerations), and
Cd = A nominal value or a fimction of certain
design properties of materials related to the design effects
of actions considered.

In conventional geotechnical engineering practice the
problems of progressive failure are avoided by geotechnical
engineers neglecting the ultimate shear strength of soils in
favour of the use of the peak shear strength of soils.
However, peak shear strength is a transient value which is
greatly dependent on the state of compaction of the soil and
much less reliable than the ultimate shear strength.
Additionally, the possibility of progressive failure is
avoided, by the widespread use of large global Factors of
Safety within analyses involving the peak shear strength of
soils.

3.3 Material Properties for Ultimate Limit States
In geosynthetic reinforced soil structures the following four
groups of material properties require to be identified for
Ultimate Limit State analysis.
3.3.1 Soils
In structural analysis, the ultimate tensile strength of lowcarbon steels is usually ignored, and designs are based on
the lower yield stress, Fig. 2(a). Thus it may be stated that
structural engineers have decided not to utilise the strainhardening which develops beyond the yield stress and in so
doing they have decided to avoid the problems associated
with progressive failure.

uLTrMATE
TENSILE
STRENGTE

Ultimate Limit State analysis is concerned with collapse
conditions, thus the ultimate large strain constant volume
strength, Fig 2(b), (the large strain Constant Volume Angle
of Friction, &v) should always be employed.
Further
given that at large strain, the constant volume shear
strength is the lowest value achievable, at least in granular
soils, then no Partial Factor is required for this parameter
when it is used in designs.
Unfortunately, at the time of design the source of the soil to
be used in the construction works may not be known and
the quality of the compaction control may not be
guaranteed. In such cases an appropriate design value for
the angle of friction must be assumed based on the
presumed
nature of the soil and the compaction
methodology most likely to be used. This assumed design
value should be that for the large strain constant volume
angle of friction of the soil presumed to be used. A small
Partial Factor is appropriate in such cases.
3.3.2 Geosynthetics

YrELD
STRESS

t

1
vl

r

/

I

choice of the design parameters for geosynthetic soil
The
reinforcements to be used in Ultimate Limit State analysis
has not yet been widely agreed. Some codesldesign guides
presently recommend the use of factored short term
constant rate of deformation tensile test data, whilst others
recommend the use of factored sustained load, (creep), test
data. This matter will therefore be given detailed
consideration in a later section.
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3.3.3 Soil Reinforcement Interaction
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The choice of the design parameters for soil reinforcement
interaction in Ultimate Limit State analysis has not yet been
Some codes/design guides presently
widely agreed.
recommend the use of shear box test data and others pullout test data. This matter will therefore be given detailed
consideration in a later section.

(b)

Fig. 2. Choice of steel and soil parameters for Ultimate
Limit States (after Bolton, 1993)

1998 Sixth International

Conference

on Geosynthetics

-147

3.3.4 Other Materials
For the Ultimate Limit State design of facings, in concrete,
metal or other materials,
connections
and other
components, relevant Limit State codes of practice may be
followed, e.g. Eurocode 1 (1996).
3.4 Material Properties for Serviceability Limit States
As with Ultimate Limit State analysis, the following four
groups of material properties require to be identified for
Serviceability Limit State analysis.
3.4.1 Soils
At working conditions, i.e., with actual working loads, the
mobilised strains in and around soil structures can be
relatively small. In such cases, the strains in the soil are
likely to mobilise a friction angle between the at rest
condition and peak strength, (i.e. between the At Rest Angle
Of Friction, (~~, and the Peak Angle of Friction, (~~)).
Hence, for Serviceability Limit States, no fixed value for
the angle of friction can be suggested rather various values
must be used, depending on the Serviceability Limit State
being analysed.
3.4.2 Geosynthetics
As for Ultimate Limit State analyses, there is no general
agreement to date on the choice of the design parameters
for Serviceability Limit State analyses. This matter will be
dealt with in a later section.

Direct Actions - which are loads or forces applied to the
soil structure, and
Indirect Actions - which are imposed or constrained
deformations.
Within these two categories there are marry Types Of
Actions, including Permanent Actions, (likeIy to act
throughout a given design situation); Variable Actions,
(likely to vary but with a mean value of significance);
Accidental Actions, (likely to be of short duration and
unexpected but of sufficient magnitude to cause severe
consequences); Fixed Actions, (likely to be of known
magnitude and direction with a fixed distribution over the
structure); Free Actions, (likely to be of known magnitude
and direction but a variable distribution over the structure);
Static Actions, (likely to be stable and not cause significant
acceleration

of the structure

or any

of its components);

Dynamic Actions (likely to cause acceleration of the
structure or of its components), and Quasi-static Actions,
(likely to be essentially static but have some dynamic
effects).
Within design calculations it is necessary to identify
Representative
Values of the Actions known
as
Characteristic VaIues, in order to verify the Limit State
These values should be established on a
conditions.
statistical basis to correspond to a prescribed probability of
not being exceeded on the unfavorable
side during the
period taken into account in the design. Combinations of
these are chosen to take account of the probability of
simultaneous occurrence of the most unfavorable
values
of the independent Actions. This requires the identification
of Frequent and Quasi-permanent values of Actions.

3.4.3 Soil Reinforcement Interaction
As for Ultimate Limit State analyses, there is no general
agreement to date on the choice of the design parameters
for Soil Reinforcement Interaction for Serviceability Limit
State analyses. Thus this matter will be dealt with in a later
section.
3.4.4 Other Materials
For the Serviceability Limit State design of facings, in
concrete, metal or other materials, connections and other
components, relevant Limit State codes of practice may be
followed, e.g. Eurocode I (1996).
3.5 Actions to be used in Designs
For any calculation the values of all the Actions must be
known. Two categories of Actions have been defined in
Eurocode I (1996):
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Frequent values are determined so that, (a) the total time
during which the value of an Action is exceeded is only a
small part of the chosen period of design life, or (b) the
frequency of the exceedance of the values of Actions is
limited.
Quasi-permanent Values are determined so that the total
time during which the values of Actions are applied is a
considerable part of the design life. Generally this means
the Actions are applied for more than half of the design life.
Eurocode 1 (1996) generally requires that for Limit States
with severe consequences, (generally Ultimate Limit
States), design values shall represent the most unfavorable
values which may occur in extreme circumstances and for
Limit States with less severe consequences, (generally
Serviceability Limit States), design value shall be the most
unfavorable
values which may occur in normal
circumstances.

3.6 Partial Factors
Partial Factors need to be applied to the properties of
materials, actions, geometrical data and behaviourial
models.
3.6.1 Soils
The classical geotechnical Limit Equilibrium Methods were
developed in the first half of this century following the
pioneering work ofTerzaghi(1925),
but it was Krey (1926)
who introduced the concept of global Factors of Safety
with different values for slopes, retaining walls and
foundations. Similar global Factors of Safety became
customary for geotechnical design in Europe, North
America and elsewhere during the first half of this century.
The ranges for these global Factors of Safety are given in
Table 2, Terzaghi and Peck, (1948).
Taylor (1948)
introduced separate Factors of Safety for the cohesive and
tlictional components of soil strength, (c and tan $) in the
analysis of the stability of slopes. This approach was
generalised by Brinch Hansen (1953 and 1956) when he
proposed “Partial Factors” on different types of loads and
the shear strength parameters of the soils used in the design
of earth retaining structures and foundations. The principal
numerical values of these “Partial Factors” related to soil
structures are summarised in Table 3. The “Partial Factors”
were chosen to give about the same estimates as
conventional global Factors of Safety and have been used
in the Danish Code since 1965, (Meyerhof, 1993).
The magnitudes of Partial Factors applied to the soil
parameters in the modem Limit State Approach are
governed by the reliability of the geotechnical information.
The values of Partial Factors related to soils suggested in
Eurocode 7 (1995) are given in Table 4.
3.6.2 Geosynthetics

Table 2. Values of Global Factors of Safety

==1==1=
I
Seepage

Earth retaining
structures and
excavations

1.5t02

I

Uplift, heave

1.5t02

Exit gradient,

2t03

piping
Table 3. Values of Partial Factors in Various Codes
Brinch Hansen
Item

Denmark
DS415

(1953)

(1956)

(1965)

Dead loads,
soil weight

1.0

1.0

1.0

Live loads

1.5

1.5

1.5

Environmental loads

1.5

1.5

1.5

1.0

1.0

1.0

1.0

1.0

1.25

1.2

1.2-1.25

1.5

1.5

1.5

Loads

Water
pressure
Accidental
loads
Shear
strength
Friction
(tan $)
Cohesion (c)

There is no general agreement to date on the choice of the
Partial Factors for either Ultimate or Serviceability Limit
State analyses involving geosynthetics.
Thus this matter
will be dealt with in a later section.
3.6.3 Soil Reinforcement Interaction
There is no general agreement to date on the choice of the
Partial Factors for either Ultimate or Serviceability Limit
State analyses involving soil reinforcement interaction.
Thus this matter will be dealt with in a later section.

(slopes, earth
pressures)

Table 4 Partial factors on ground properties for
conventional design situations for ultimate limit states
(Eurocode7,(1995)

m
Ground Property
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3.6.4 Other Materials

4.1 Reinforced Soil Walls and Steep Slopes

For the Partial Factors to be used in Ultimate or
Serviceability Limit State designs of facings, in concrete,
metal or other materials,
connections
and other
components, relevant Limit State codes of practice maybe
followed, e.g. Eurocode 7 (1995).

Reinforced slopes and walls are typically constructed with
alternating horizontal layers of compacted soil and
reinforcement. With walls and very steep slopes, a facing is
necessary to prevent localised surface erosion along the
exposed side of the reinforced soil mass, which may lead to
a progressive overall failure.

3.6.5 Other Partial Factors
For any calculations the design values of the effects of
Actions (Ed) are determined from the design values of the
Actions and Geometrical Data as well as the Properties of
Materials. In some cases, the effects of the uncertainties in
the Behaviourial Model used in the calculations need to be
considered explicitly and this may lead to the application of
a Coefficient of Behavioral
Alodel Uncertain~ applied
either to the Actions or to the internal forces and moments,
whichever is the more conservative. For situations where
deviations in the Geometrical Data will have a significant
effect on the reliability of the structure, nominal
geometrical design values may be modified to take account
of the possibility of unfavorable deviations.

PART B - REINFORCED SOIL STRUCTURES:
CONSTRUCTION AND
THEIR COMPONENTS
BEHAVIOUR
4

TYPES OF REINFORCED SOIL STRUCTURES

The principal types of reinforced soil structures have been
They subdivided
classified by Bonaparte et al ( 1985).
these structures into two broad categories, Earth Structures
and Load Supporting Structures.”
Earth Structures include walls, slopes, embankments, low
permeability
soil layers used in dams and waste
containment facilities etc. Earth structures are not stable
under their own weight and may or may not require to
support significant external loads. The primary design
criterion is the stability of the structure under its own
weight and possibly external loads.
Load Supporting Structures include flexible pavements,
unpaved roads, railroad track structures, and load
supporting pads such as drilling pads, fabrication yards, and
construction staging areas. These structures are usually
stable under their own weight, and the primary design
consideration is the ability of the structure to support the
applied loads with limited deformations.
This paper is concerned only with the first category, the socalled Earth Structures, which may be sub-divided as
follows:
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In these applications, the reinforcements strengthen the
structure by adding tensile strength to the soil mass and by
increasing soil strength as a result of increased soil
confinement, Jewell (1980). This strengthening permits the
construction of stable soil structures at angles steeper than
the mobilised angle of friction of the soil. Examples of
such soil structures include:
(i)

Vertical or near vertical soil walls
facings such as fidl height panels,
segmental concrete facings, “wrap
other facings such as timber, brick,

with various types of
sectional panels and
around” facings and
or gabions, Fig. 3.

(ii)

Reinforced slopes used for embankment construction,
natural slope stabilisation and excavations, Fig. 4,

The performance criteria for reinforced soil walls and steep
slopes may be grouped into two categories.
The first
grouping is related to adequate stability against various
internal and external collapse modes, McGown et al
(1993a), Fig. 5. The second grouping is related to limits on
deformations. These deformation limits are selected on the
basis of architectural considerations regarding facing units,
visual impact or on serviceability criteria imposed by
supported structures, such as pavements and bridges.

-----------

~
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(a)

(c)

(b)

(d)

Fig. 3. Some examples of reinforced soil walls: (a)
concrete faced retaining walls (b) “wrap-around” faced
retaining wall (c) bridge abutment and (d) dam
(after Bonaparte et al, 1985)

COMPONENTS
5
STRUCTURES

(a)

‘—.

.

(b)

Reinforced slopes: (a) embankment and (b)
landslide repair (Bonaparte et al, 1985)

Fig. 4.

4.2 Reinforced Embankments
Reinforced
constructed
number of
to produce
constructed

embankments on weak foundations are usually
by placing a layer of reinforcement, or a small
soil and reinforcement Iayers, on the natural soil
a thin working pad on which the embankment is
in the conventional manner, Fig. 6.

There are at least two categories of weak foundations. If
construction is to take place on a site underlain by a
unifotmly weak soil deposit such as soft clay, peat, or
muskeg layers, the roles of the reinforcement are to
increase the “margin of safety” against a slip-surface failure
of the embankment and foundation soil, and to reduce
lateral spreading and cracking of the embankment. If the
foundation soil is locally weak, e.g. due to the presence of
lenses of soft soil or sinkholes, the role of the reinforcement
is to bridge the weak areas, (by the so called tension
membrane effect), in order to reduce the risk of localised
failure and to reduce differential settlements.
The two performance criteria usually considered for
embankments are adequate external and occasionally
internal stability, together with acceptable total and
differential settlements, Fig. 5. Reinforcement placed at the
embankmentifoundation
interface enhances stability and
reduces embankment spreading. It should be noted that
such reinforcements have little influence on the total timedependent settlement of the embankment or the foundation
soil, however, for non-uniform conditions, reinforcements
at the embankment/foundation
interface may reduce
differential settlements, Bonaparte et al (1985).

OF

REINFORCED

SOIL

Reinforced soil structures consist of a number of
components, including reinforced till; retained till; sub-soil;
in-situ soil behind the reinforced fill; reinforcements; facing
units and connections. The nature and important properties
of these components are discussed in the following
sections.

5.1 Reinforced Fill
The type of reinforced fill used in reinforced soil structures
is dependent on the technical requirements of the structure
and the basic economics associated with it. The main load
transfer mechanism in reinforced soil structures is
dependent on the shear forces developed at the soilreinforcement
interface. This major requirement
of
frictional forces has led to the use of cohesionless or
slightly cohesive soil backfills with high friction angles,
Yogarajah (1993). Most codes of practice and most design
methods are based on the use of a suitable frictional
backfill. For example, BS8006, (1995) requires a
cohesionless fill with an effective angle of friction greater
than 25° and with no more than 150/. of the material less
than 63~m to be present. Generally, it has been suggested
that granular materials should not contain more than ls~o
finer than 0.08mm, Lee (1978). Further, the reinforced fill
is usually required to conform to certain electro-chemical
and other conditions to reduce the corrosion/degradation of
reinforcements.
From the point of view of operational performance the
most important property of granular material is the
relationship between the mobilised angle of friction and the
tensile strains in the soil under plane strain conditions, Fig.
7, The plane strain apparatus should be used to determine
this relationship but this is rarely the case. More usually
the triaxial or shear box apparatuses are used to determine
the peak angle of friction, ($’P), and constant volume angle
of friction, (@’CV).However, various researchers have
carried out experiments to find out the relationship between
the mobilised angle of friction, ($’~), and the lateral tensile
strain in the soil, (cJ, Comforth (1964), Barden et al
(1969), A1-Hasani (1978) and Bolton (1986). According to
their tindings, the peak angle of friction, (+’P), of granular
soils occurs at lateral tensile strains in the range 3 to 60/0
and the constant volume angle of friction, ($’~~), occurs at
tensile strains in the range 6 to 12°/0, McGown et al
(1993a),
Fig. 7.
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Fig. 5 Suggested Limit States for Walls, Steep Slopes and Embankments (McGown et al, 1993)
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Fig. 6. Embankments on weak foundations: (a)
embankment on uniform soft soil and (b) embankment on
locally weak foundations (Bonaparte et al, 1985)

(cl
1

$’,

Fig. 8. Different sections of reinforced soil structures: (a)
with retained fill (b) and (c) without reinforced fill
(Pradhan, 1996)
5.2 Retained Fill

4’.
0

%

S-12

LATERAL
TENSILE
STRAIN
(“/+)
Fig. 7. Relationsionship between the mobilised angle of
friction and tensile strain in cohesionless soil (after
McGown et al, 1993)
In practice the maximum strain measured in reinforcing
elements in walls is usually much less than 2°/0,
Yogarajah
(1993).
At working conditions in walls, a
mobilised angle of friction numerically
equal to the
value of the constant volume angle of tliction, (0’.,),
would appear to be the most appropriate value, Fig. 7.
A number of experiments and full-scale trials have been
carried out to assess the use of cohesive backfills in
reirrforced soil structures , Murray and Boden (1979),
[ngold (198 1), Bonaparte et al (1989), Fourie and Fabian
(1989) and Wu (1991). These show that cohesive soils
may require a large amount of reinforcement with good
adhesion and possibly good drainage qualities. Cohesive
reinforced soil structures are presently being constructed
in some countries on an increasing scale especially in
Japan , Kasahara et al (1992), but these soils are not dealt
with in this paper.

Fill behind the reinforced soil section may or may not be
present depending on the site conditions, Fig. 8.
Structures built to reinstate existing slopes or to widen an
Existing road will not contain the retain fill, Fig. 8(b) and
(c), instead they will have the in-situ soil behind the
reinforced fill. Otherwise retained fills will be the same
soil as that of the reinforced fill. The properties of the
retained fill can govern the external stability of the
reinforced soil structures. Hence, good quality retained
fill should be used and its constant volume angle of
t?iction (~’Cv)needs to be appropriately determined.
5.3 Sub-Soil and In-Situ

Soil Behind

Reinforced

Fill

The shear strength, (possibly, consolidated undrained,
and drained parameters), and compressibility properties
of the subsoil and the in-situ soils behind reinforced fills
are important design parameters in reinforced soil
structures.
Most of the design methods assume a competent
foundation in the design of reinforced soil walls and
steep slopes. In the case of embankments over a soft soil
foundation, the properties of embankment materials
themselves may not be critical rather the properties and
changes in properties of the sub-soils with time may be
the dominant influences. In-situ soil behind reinforced
soil walls and steep slopes may have a significant effect
on the length of the reinforcing elements required in the
till, hence the properties of these soils should be carefully
determined, Pradhan (1996).

1998 Sixth International

Conference

on Geasynthetics

-153

5.4 Reinforcing

Elements

The type of materials used at the present time as
reinforcing elements include steel, fibreglass and
polymer synthetics in the forms of sheets, strips or grids.
Some of the forms of polymer synthetic products, (so
called Geosyntke~ics), are shown in Fig. 9. The choice of
material and the form in which it is used (i.e., sheet, strip
or grid) generally dictates the load transfer mechanism
fi-om the soil to the reinforcement. In the case of strips,
sheets and grids with melded junctions, the load transfer
mechanism
at the soilheinforcement
interface is
principally surface friction, while for grid with integral
junctions, stress transfer is a combination of surface
friction and bearing stresses developed at the junctions or
protrusions, Fig. 10.

(b)

Fig. 10. Load transfer between soil and grid
reinforcements (a) surface friction (b) bearing stress

Two types of reinforcements have been identified by
McGown et al (1978), Relative~ Inextensible and
Relatively Extensible reinforcements.

temperature, in which case their stress-strain behaviour
can be determined from short term, constant rate of
deformation tensile tests.

Relatively Inextensible reinforcements are defined as
those which have rupture strains less than the maximum
tensile strain in the soil without reinforcement, under the
same operational conditions. The properties of this type
of reinforcement are often independent of time and

Relatively Extensible reinforcements, which includes
almost all geosynthetic strips, sheets or grids, are defined
as those which have rupture strains larger than the
maximum tensile strain in the soil without reinforcement,
under the same operational stress conditions. The
properties of this type of reinforcement are usually time
and temperature dependent. For this reason, it has been
suggested that long term, sustained load, (creep), tests at
the appropriate temperature are required to determine
their load-strain- time-temperature
behaviour, Kabir
(1984), McGown et al (1984a), Murray and McGown
(1987), Andrawes et al (1986) and many others. Where
the materials are highly compressible or change shape
during straining, it has been fhrther suggested that ‘lnsoil” testing at appropriate confining stresses in the
confining soil is required to determine representative
load-strain-time-temperature
behaviour, McGown et al
(1982).

(b)

(9)

R%

(d)

Embedding Relatively Inextensible reinforcements in
soil, in the direction of the principal tensile strain, results
in a net increase in the load carrying capacity of the soil
and a reduction of soil boundary movements when
compared to the soil alone under the same operational
conditions. However, when rupture of the reinforcement
occurs, the composite behaviour reverts back to the
behaviour of the soil alone.

(c)

(e)
#

(fl

Fig. 9. Forms of geotextiles and related products: (a)
wovens (b) non-wovens (c) nets and grids with melded
junctions (d) straps (e) uniaxial grids with integral
junctions and (Q biaxial grids with integral junctions
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Embedding Relatively Extensible reinforcements in soil
again results in a net increase in the load carrying
capacity of the soil and a reduction of soil boundary
movements when compared to the soil alone under the
same operational conditions. The difference is that the
extensibility of the reinforcements allows larger strains to
occur without the reinforcements rupturing than for

low cost per unit area of exposed surface, Jones et al
(1987).
son. Wrrn ExTENsmll!
REINFORCEMENTS
$
?
n
Sam ALONE

STRArN

Fig. 11. Stress-strain behaviour of relatively extensible
and inextensible reinforcements
In these
Relatively Inextensible
reinforcements.
circumstances, the benefit of the mobilised tensile
strength of the reinforcement exists even after the peak
strength of the soil has been reached, Fig. 11, McGown et
al (1978).
Relatively inextensible metallic reinforcement strips were
the first type of reinforcing elements widely used in
reinforced walls and steep slopes, Vidal (1969). These
reinforcements have stiffiesses which do not allow the
development of large enough soil boundary movements
to mobilise Active earth pressures, McGown et al (1988
and 1992), Jones (199 1), and Yogarajah et al (1993).
reinforcements,
such
as
Relatively
Extensible
geosynthetics, have stiffnesses which can allow the
development
of sufficiently
large soil boundary
movements to fully mobilise Active earth pressures.
They are therefore potentially much more efficient than
Relatively Inextensible reinforcements, in so far as they
utilise the strength of the soil more effectively. However,
they have to be carefully designed into structures in order
to take account of possible long term creep (or stress
relaxation) and degradation by UV exposure, thermal
cycling and physical, chemical or biological attack.
Nevertheless, because of the economic advantages they
provide, they have become more and more widely
accepted.
5.5 Facing Units
As stated earlier, reinforced soil walls and very steep
reinforced slopes may require a facing to prevent
localised surface erosion. Many types of facings can be
used. Two of the most common are concrete panels,
(incremental, full height and segmental) and “wrap
around” facings, (the facing is provided by wrapping the
reinforcement around the outside of the compacted soil
layer), Fig. 3. Facings can be designed to be relatively
rigid or flexible and lightweight, the latter when they are
required to resist low pressures only, Jones (1993),
Tatsuoka (1993). They generally represent a relatively

Unfaced slopes and embankments represent the condition
of no restraint on the lateral soil boundary. Steep slopes
and walls with facings represent various levels of lateral
restraint conditions. The actual lateral soil boundary
conditions depend upon four factors imposed by the
nature of the facing employed, McGown et al (1993),
Fig. 12:
i) Axial compressibility
ii) Lateral compressibility
iii) Flexural rigidity, and
iv) Frictional characteristics
facing.

of the rear surface of the

The effect of facing type on reinforced soil structures has
been studied by various researchers, Fahirn (1983),
Ahmad (1989), Andrawes et al (1990), Loke (1991) and
Saad (1993). Where a compressible boundary layer is
present, the lateral earth pressure has been shown to
greatly reduce during construction, Andrawes et al
(1990), Yeo et al (1992) and Saad (1993).
5.6 Connections
Connections are important in walls and steep slopes
which are faced. The connections between
the
reinforcement and the facings must be capable of
transmitting the stress from the ends of reinforcement to
the facing. The tensile load-deformation behaviour and
flexural properties of the connections are important.
Various forms of connections are possible such as,
vertically sliding comections, loose fitting connections,
rigid connections and connections tightened up during or
after placement of the fill, McGown et al (1993).
Results from large scale model tests carried out on 2m
high reinforced soil walls with different connection types
have been reported by Andrawes and Yogarajah (1994).
They showed that when the reinforcing elements were
Locked-on to facing units, (with no horizontal or vertical
movement allowed), the maximum tensile strain occurred
close to the facing and thereafter was essentially linear
In contrast, for loose fitting
away from the facing.
connections, the maximum tensile strain occurred away
from the facing. For the latter case, larger shear
resistance was mobilised in the soil and this resulted in
reduced lateral earth pressures on the facing units.
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Fig 12. Factors relevant to the nature of the facings: (a) without and (b) with a compressible layer (McGown et al, 1993)

6
INTERNAL FORCE EQUILIBRIUM AND
STRAIN COMPATIBILITY
OF GEOSYNTHETIC
REINFORCED SOIL STRUCTURES
The external force equilibrium and deformations of
geosynthetic reinforced soil structures are treated in the
same manner as for conventional soil structures. The
main analytical difference for geosynthetic reinforced
soil structures lies with the need to analyse the internal
force equilibrium and strain conditions.
6.1 The Internal Role of Reinforcements

Soil deforms when it is loaded or allowed to deform
under self-weight. In addition to any elastic distortion of
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the soil particles themselves, shear deformation occurs as
soil particle contacts realign.
In so doing the soil
mobilises shearing resistance. Deformations result in the
development of a strain field in the soil, with both
compressive and tensile strains developing as the soil
shears, Fahim (1983).
When reinforcements which can develop bond, (either
through frictional contact between the soil particles and
planar surface areas or from soil bearing stresses on
transverse surfaces), are placed in soil, any deformations
in the soil will develop forces in the reinforcements.
Whether or not tensile or compressive forces develop in
the reinforcements, depends on whether they lie in the
direction of tensile or compressive strains in the soil.

The mobilised reinforcement forces, ultimately limited
by the available bond, act to alter the force equilibrium in
the soil and so modify the strain field developed in the
soil.
Studies have shown that reinforcements
are most
effective when aligned in the directions of principal
strains in the soil, McGown et al (1978). If
reinforcements are placed in or close to the direction of
principal tensile strain in the soil, a tensile force develops
which directly supports some of the applied loading and
on potential rupture
increases the normal stresses
surfaces. This increased normal stress in turn develops
This may be
greater b-ictional shearing resistance.
examined for the simple case of a singly reinforced wall,
shown in Fig. 13. The self-weight loading of the soil
causes a disturbing shear force, (P,), to act on the section
of the shear surface shown in Fig. 13(a). The force
polygon for an unreinforced wall is shown in Fig. 13 (b).
This indicates that the earth pressure, (P, ), on the wall
would decrease with the increase of shearing resistance
in the soil, (F), (i.e. increase in the mobilised angle of
friction, $~).

In practice, multiple layers of reinforcement are used and
with
a high
Concentration
of Reinforcements,
theoretically no lateral earth pressure will be transferred
to the wall. In fact, a high Concentration
of
Reinforcements in a granular soil would give the whole
soil mass a “pseudo-cohesion” which would enable the
granular soil mass to wholly or partly stand against its
self weight and any imposed loads.
6.2 Internal Force Equilibrium
Equilibrium is considered in terms of Required Forces
and Available Forces. The geometry of the structure
(wall height etc.), loadings (external, self-weight,
porewater pressures) and mobilised soil shearing
resistance (friction) determine the Required Forces. The
aim is to calculate both the magnitude and the
distribution of the reinforcement forces needed to
maintain equilibrium everywhere in the soil.
Possible reinforcement
layouts (reinforcement type,
spacing length) are then considered. A satisfactory
reinforcement layout is one in which the Available
Forces from the reinforcements exceed or equal the
Required Forces everywhere in the soil. The calculation
of the Available Forces involves consideration of the
reinforcement material properties (strength and stiffiess)
and the available bond between the reinforcement and the
soil. Clearly the Available Force in the reinforcement
cannot exceed the strength of the material, and the
magnitude of force selected governs the corresponding
tensile strain in the reinforcement, Jewell ( 1988).

( ‘“’f
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i/&
P,

P,

Pa

mobilises additional shearing resistance, (T~ cos 13
tan $’~). The net increase in shear resistance due to the
reinforcement is then, API = T~(sin 6 + cos (3tan ~’~).
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6.3 Internal Strain Compatibility
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Fig. 13. Role of reinforcement: (a) forces on
conventional retaining wall (b) force polygon and (c)
components of reinforcement
Deformations in the soil will cause a tensile force to be
mobilised in the reinforcement, (T~), and provide two
additional components of resistance in the slope, Fig. 13
(c). The tangential component of the reinforcement force,
(T, sin (3),directly resists the disturbing shear force in the
soil, while the normal component of the force, (T~ cos 8),

The link which determines whether a pair of Required
and Available Force distributions are indeed balanced is
the mobilised strains in the soil and the reinforcements. A
made
for
geosynthetic
assumption
common
reinforcements, due to their high level of bond, is that the
tensile strains in the soil and the reinforcements are equal
in the direction of the reinforcement.
This concept is
known as Strain Compatibility.
The Strain Compatibility of a reinforced soil structure is
most conveniently represented in terms of the overall
Required and Available Forces in the soil and the
reinforcements respectively, plotted against the tensile
strain in the soil and the tensile strain in the
reinforcement, Jewell (1985).
The resulting Strain Compatibility Curve is most simply
drawn for a propped wall construction. Initially both the
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soil and the reinforcement have zero tensile strain, with
the soil in the At Rest condition, i.e., the Required Forces
for equilibrium taken by props are due to At Rest earth
pressures, shown as point A in Fig. 14(c). Releasing the
props disturbs the initial equilibrium, consequently
tensile strains develop in the soil and in the
reinforcement. This strain allows another equilibrium
condition to be established, shown as the intersection of
the Required and Available Forces, point B, in Fig. 14(c).

LATERAL

b

TENSILE
STRAIN

to be carried by the reinforcement up to the strain
required to mobilise the peak angle of hiction of the soil.
This suggests that if creep occurs in the reinforcement
under working conditions, then a constant load is not
applied to the reinforcements. Only if the change of load
carried by the reinforcements under working conditions
is not very significant, can this be overlooked.
It should be noted that Relatively
Extensible
reinforcements may have to strain quite considerably in
order to mobilise significant forces and to contribute to
the equilibrium
of the structure. By definition,
equilibrium calculations only examine stresses and forces
and pay no attention to the strains in the soil mass as
failure is approached. The generation of reinforcement
forces depends on the reinforcement straining with the
adjacent soil, thus when performing such calculations it
is necessary to determine if the reinforcement forces can
occur without exceeding tolerable deformations at the
lateral soil boundary. An outcome of this is that a
geosynthetic reinforced soil structure may have a
reinforcement layout safe against Ultimate Limit States
but it may excessively deform under self-weight and
imposed loads.

(1)

Deformations developing in a reinforced soil structure
depend on the Concentration of Reinforcements.
This
may be represented in terms of the stiffness of the
structure. Thus if one reinforcement layout is found to
the
Concentration
of
unacceptably,
deform
Reinforcements, and so the stiffness of the system, can
be increased in order to reduce the deformation of the
lateral soil boundary. These additional reinforcements
are not required ffom a force equilibrium point of view
rather for deformation limitation. This concept is no
different to that used by structural engineers to control
excessive deflections in reinforced concrete beams.
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All these concepts are included in the Limit State
Approach, in which reinforcement layouts are determined
both by Ultimate Limit State analysis, and by
Serviceability Limit State Analysis.

CONSTRUCTION EFFECTS ON INTERNAL
STRESSES AND STRAINS IN GEOSYNTHETIC
REINFORCED SOIL STRUCTURES

7

(c)

Fig, 14. The compatibility curve for determining the
equilibrium of reinforced soil: (a) mobilised angle of
friction - lateral tensile strain (b) tensile force in
reinforcement – tensile strain and (c) strain compatibility
curve (after Jewell, 1985)

7.1 Compaction and the Development of Interlock
Broms (1971), Aggour and Brown (1974) and Ingold
(1979, 1980, 198 1) investigated the effects of compaction
on soil backfill behind rigid retaining walls. Based on
empirical

formulations,

Broms (1971)

An important feature of the Strain Compatibility Curve
not always recognised, is that if creep strain occurs with
time in the reinforcement, a decreasing load will require
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and Ingold

(1979,

due to compaction stresses the
assumption of At Rest lateral earth pressures at the
back of rigid retaining walls, may be an underestimation
of the horizontal stresses within the soil mass.
1980, 198 1) suggest that
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\
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Fig. 15. Broms simplified compaction pressure theory
(after Broms, 1971). where ~’~i~~ G’n are initial
horizontal and vertical pressures before the application of
compaction stress at KOcondition, a’~ and cr’m are
increased horizontal and vertical pressure due to
compaction stress at KOcondition and &hf is “locked-in”
horizontal pressure after removal of compaction stress.

These

larger stresses were attributed to Locked-in
within the soil mass. Broms (1971) suggested a
simplified model of the development of these Locked in
Stresses, Fig. 15. Ingold (1979), developed an analytical
model, Fig. 16, to calculate the stresses generated due to
compaction.
He suggested
that the horizontal earth
pressures, (~hcomp ), caused by compaction can be

Stresses

calculated by:

~hcomp

=

d(2py/7K)

where p is the weight per unit width of the compaction
machine and y is the unit weight of the soil backfill.

Fig. 16. Horizontal earth pressure due to compaction
(Ingold, 1979) where q =-critical depth below- which
there will be no reduction in the horizontal pressure. h= =
critical depth below which the active earth pressure
exceeds the compaction induced presssure, p = weight
per unit width of the compaction machine, y = unit
weight of soil, K, = Rankine’s coefficient of active earth

Broms (1971) and Ingold (1979) also compared roller
and vibrator compaction machines of similar weights and
suggested that the weight of a vibrator machine should be
doubled to account for vibratory effects as these lead to
increased locked-in stresses. Using this analogy and
applying the above equation, the ratio of horizontal earth
pressures from a vibrator and rolIer compaction machine
of similar weights would be 1.4:1.
The effects of compaction on geosynthetic reinforced soil
masses was carried out by Yogarajah (1993). McGown
et al (1990 and 1994) suggested that when geogrids with
integral junctions were used as reinforcements
a
mechanism developed which was additional to the
interlock concept initially introduced by Mercer ( 1986).
He identified the presence of Static Interlock mechanism
based on the soil particles being locked into grids due to
static loads. McGown et al (1990 and 1994) showed that
an additional mechanism called Qmumic Interlock, was
avaiIabIe and could be developed by repeated loading in
soil masses containing geogrid reinforcements with
integral junctions.
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This Dynamic Interlock mechanism may be explained as
follows:
(i) During compaction of a soil backfill containing a
geogrid with integral junctions, the compaction loads
force soil particles into the apertures of the grids.
(ii) When the compaction load is released, the grid
attempts to return to its initial condition, but it is resisted
from doing so by the particles within the apertures. This
results in the development of Locked-in Strains within
the geogrid, Fig. 17.
(iii) The Locked-in Strains have a similar effect to a
confining stress on the soil, therefore they increase the
This reduces the lateral earth
strength of the soil.
pressures from the level that would be expected from the
model given by Broms (1971) under At Rest conditions.
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Fig. 17. Build-up of the dynamic interlock mechanism
(Yogarajah, 1993)

The effectiveness of the Dynamic Interlock mechanism is
dependent on the resilient nature of the polymeric
material in the strands of the grid and the integrity of the
junctions between the strands in the grid.
7.2 Horizontal Earth Pressures from Compaction
against Rigid and Yielding Walls
Two limiting

cases must be considered.

Firstly,

if the

not allowed to yield, the resulting
pressures will be equal to or greater than those obtained
under At Rest conditions. This case produces the upper
lateral

boundary
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limit of the lateral pressure acting on the wall. Secondly,
if the lateral boundary is allowed to yield sufficiently to
mobilise large tensile resistance in the reinforcements
and if the Required Forces and the Available Forces
balance, theoretically there will be no horizontal pressure
acting on the wall. This provides the lower limit case.
However, even for this lower limit case the soil masses
between the reinforcing layers may have a tendency to
produce localised stresses near the facing. This develops
because each soil layer between the reinforcement tends
to act separately, causing the wall to be subjected to
Active horizontal pressures over the depth of that layer.
Yogarajah (1993) carried out full scale tests on three fill
height panel walls. Walls 1 and 2 were compacted using
a vibratory method, the props were released from bottom
to top and top to bottom respectively. For Wall 3 a roller
method of compaction was used for compaction and
props were released from bottom to top in the same way
as Wall 1. Figures 18, 19 and 20 show the horizontal
earth pressure distributions on the facing of Walls 1, 2
and 3 respectively for two conditions; (i) fill height fill
before the reinforcements were attached and before prop
removal, and (ii) full height till after the reinforcements
were attached then all the props removed.
Before prop removal, the horizontal earth pressures
recorded at the rear of the facing panels, following
vibratory compaction (Walls 1 and 2), were higher than
the pressures recorded due to the roller compaction (Wall
3). The ratio of the pressures were approximately 1.8:1.
Employing the Ingold ( 1979) mathematical model, a ratio
of 1.96:1 is obtained for the two compaction machines
used. The total force on the facing panels was carried by
the props at this stage of construction. The horizontal
earth pressures acting on the lower half of the full-height
propped panel walls were less than the theoretical earth
pressure At-Rest. This was caused by the Locked-in
Strains developed within the geogrid reinforcement
during compaction.
After attachment of the reinforcements to the facing
panels and removal of the props, the walls started
yielding outwards and tensile strains were developed in
both the reinforcements and in the adjacent soils.
According to the mechanism previously described the
prop load was carried partly by the increasing stress in
the reinforcements and partly by the adjacent soils.
However, small pressures were recorded on the facings
because of the tendency of the soil masses near the facing
between the reinforcing layers to deform. These small
pressures on the facings are evident in Fig. 18, 19 and 20,
shown as horizontal pressures 7 days after prop removal.
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Saad ( 1993) carried out tests on reinforced soil walls with
compressible boundary. Figure 21 shows the distribution
of horizontal earth pressure on the facing panels before
prop removal and after 1 day and 6 months fkom prop
removal. The results show that the horizontal pressure on
the facing was much less than the Active earth pressure
during construction. The reason may be attributed to the
deformation of the compressible layer, and thereby that
of the soil boundary. The induced deformation of the soil
boundary due to the deformation of the compressible
layer strains both the reinforcements and the adjacent
soils and reduces the horizontal pressure on the facing
panel. This is the same mechanism that operates for a
rigid boundary aller prop removal. The introduction of
the compressible boundary thus allows the design of less
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Fig. 19. Horizontal earth pressure distribution on 1.8m
high Wall 2: (a) backfill height 1.8m and (b) 7 days after
prop removal (after Yogarajah, 1993), where
K = Coulomb’s coefficient of active earth pressure,
K.= Rankine’s coefficient of active earth pressure,
K,= Jaky’s coefficient of earth pressure-at rest.
K = Jaky’s coefficient of earth pressure at rest.
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robust props than for a wall with a rigid boundary. It may
also be noted that most of the deformations occurred
during construction hence the horizontal earth pressure
on the facing remained almost unchanged after prop
removal, This is highly significant, in that it shows that
the compressible boundary helps not only in reducing the
loads on the props during construction, but that it helps to
reduce the post construction displacement of the wall.
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Fig. 18. Horizontal earth pressure distribution on 1.8m
high Wall 1: (a) backfill height 1.8m and (b) 7 days afler
prop removal (after Yogarajah, 1993), where
K = Coulomb’s coefficient of active earth pressure,
K== Rankine’s coefficient of active earth pressure and
KO= Jaky’s coefficient of earth pressure at rest.
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Fig. 20. Horizontal earth pressure distribution on 1.8m
high Wall 3: (a) backfill height 1.8m and (b) 7 days after
prop removal (after Yogarajah, 1993), where
& = Coulomb’s coefficient of active earth pressure
K,= Rankine’s coefficient of active earth pressure and

7.3
Strain
Distributions
Along Geosynthetic
Reinforcements due to Compaction and Connecting
Reinforcements to Facings
During construction of the three walls tested by
Yogarajah (1993), the geosynthetic reinforcements were
not attached to the facing panel, At the end of
construction, strains in the range of 0.05 to O.10/0were
recorded along the reinforcements layers in the three
walls, Fig. 22. The strains can be attributed to the
Dynamic Interlock due to placing and compaction of the
reinforced backfill on the geogrids
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Fig. 21. Distribution of horizontal earth pressure: (a) wall movement, (b) deformation of geomattress, and (c) lateral earth
pressure distribution after the end of construction on 2.Om high wall W6 (after Saad, 1993)

It was anticipated that the strains recorded along the
reinforcement for the roller compaction method (Wall 3)
would be higher than the vibrator compaction (Wall 1)
and 2). In the roller compaction method, the rolling
motion on the reinforced soil mass would have stretched
the reinforcement. This additional stretching allowed
larger amounts of soil particles to be embedded within
the aperture of the geogrid used. Larger resistance to the
contraction of the reinforcement would therefore have
developed causing larger interlock forces and reduced
horizontal earth pressures on the wall. The difference in
behaviour, however, was not found to be significant.
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Fig. 22. Comparison of strain distribution along
reinforcements at the end of construction on 1.8m high
Walls (after Yogarajah 1993)

Afier the ‘hand tightening’ of the reinforcements to the
facing and removal of the props in Walls 1, 2 and 3,
Yogarzjah (1993) found that strains with similar
distributions were recorded at all the reinforcement
levels, Fig. 23. The strain distribution was not uniform,
with small strains occurring at the tkont end of the
reinforcements and increasing to a peak value along the
reinforcement, before reducing to zero strains at the rear
of the reinforcement. The positions of peak strains when
joined together followed a straight line approximately
O.18H away from the face of the wall. Obviously, if no
slippage occurs between the reinforcement and the soil,
the total displacement of the wall at the level of a
particular reinforcement should be equal to the area of
the strain diagram at the level of that reinforcement. This
was confined by Yogarajah (1993).
A simiIar strain distribution was found by Saad (1993)
for the geogrid reinforced walls with compressible
boundary. Figure 24 shows the strain distribution along
the reinforcements
before prop removal with the
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reinforcements unattached to the facing, with zero strain
at the front end of the reinforcement and the locus of the
peak tensions following a log-spiral line having its peak
at a distance of 0.3H from the facing at the top of the
wall. The strain then drops back to zero at the rear end of
the reinforcement.

❑

reinforced soil structures. Particularly important are the
compaction procedures, imposed restrictions to lateral
soil boundaty movements and the nature and formation
of connections between reinforcements and facings.
Clearly construction procedures must be taken into
account in design approaches and in particular in the
Limit State Approach which involves assessment of the
stress-strain behaviour of structures.
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reinforcements 7 days afier prop removal in 1.8m high
Walls 1,2 and 3 (atler Yogarajah, 1993).

month,

After the attachment of the reinforcements to the facings
and removal of the props, the peak strain did not change
significantly because almost all the movements of the
compressible boundary had already occurred during
construction. An appreciable change of strain, however,
may be noted at the front end of the reinforcements, Fig.
25. This change of strain may be attributed to the ‘hand
tightening’ of the reinforcements to the facings.
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The above sections are highly significant in terms of the
approach to be taken to the design of geosynthetic
They emphasise the
reinforced
soil structures.
importance of the construction procedures in determining
the internal stress-strain behaviour of geosynthetic

Fig. 25. Strain distributions along the geogrid
reinforcements after the end of construction wall W6
(after Saad, 1993)
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PART C - THE LIMIT STATE APPROACH
APPLIED TO GEOSYNTHETIC REINFORCED
SOIL STRUCTURES
8 LIMIT STATE MECHANISMS APPLICABLE
REINFORCED
SOIL
TO
GEOSYNTHETIC
STRUCTURES
The mechanisms related to the external stability and
operational performance of geosynthetic reinforced soil
structures is taken to be the same as for conventional soil
structures. The main differences between conventional
reinforced soil structures and geosynthetic reinforced soil
structures are the mechanisms related to internal stability
and operational performance.

8.1 A Model for the Internal Ultimate Limit State
Mechanism
The behaviour of geosynthetics is time, temperature and
The
load-strain
behaviour
of
load
dependent.
geosynthetics may be determined either from constant
rate of deformation tensile tests or long term sustained
load (creep) tests, but the relationship between constant
rate of deformation tensile test data and the long term
load carrying capacity of geosynthetics has been shown
to be highly product specific and test condition specific,
Yeo (1985). In addition constant rate of deformation
tensile test data do not provide the necessary stressstrain-time-temperature
relationships needed for Limit
State analyses. Thus constant rate of deformation tensile
test data are not appropriate for use in the Limit State
Approach. Long term, sustained load, (creep), test data
should be used.
To simulate the long term, sustained load (creep) test
conditions and to facilitate the direct application of the
test data to the design of a prototype structure, a constant
Out of Balance Force (OBF) must be applied to the
reinforcements
from the End of Construction (EOC) to
the f?nd of Design L$e (EDL). Such a situation can be
achieved only if the tensile strain in the soil is large
enough to mobilise the large strain constant volume angle
of friction, (~ ,,), at the End of Construction. Thereafter,
until the End of Design Life, the soil may strain tirther
but the mobilised shear strength of the soil will remain
constant, i.e. the constant volume angle of friction, (+’,,),
will continue to be mobilised.
For the above condition, a Model Limit State Mechanism
for g,eosynthetic reinforced soil structures can be
identified.
In this model it is assumed such that a
constant load is applied to the reinforcements tlom the
time of Switckon
of Gravi&
(tsoG)
to the End of Design
Life, (t~~~), Fig.26.

164-1998

Sixth International

Conference

on Geosynthetics

Now in practice all the loads are not applied
instantaneously, although it is generally assumed that
they are applied simultaneously at some point during the
Construction Period, (~p). An important point to realise
is that the Construction Period may be much longer than
the Reinforcement Loading period (tRL.),
depending on
the construction procedures adopted. For example a wall
may be fully propped until the fill is placed to full height,
during which time the reinforcements will not be loaded.
Only on removal of the props will the reinforcements be
loaded. Thus great care must be taken when selecting the
Reinforcement Loading Period, (tW).
When the loads are “switched-on”, at say two thirds the
Reinforcement Loading Period, (2/3 tw), they will
develop a strain in the soil, (&sc)G),
sufficient to mobilise
the large strain constant volume angle of friction of the
soil, (@’CV).If such a situation is achieved, there will be
no change in the Out of Balance Force from the time of
Switch-on of Gravity to the End of the Design Life and
the geosynthetic reinforcements will always carry the
same load. Long term, sustained load, (creep), test data
thus directly apply and the Model Limit State Mechanism
applies.

A Model for the Internal Serviceability Limit
State Mechanism

8.2

As stated above, in practice all loads are not applied
As for the Ultimate Limit State
instantaneously.
condition, it can be assumed that all the Serviceability
Limit loads are applied at say two-thirds
of
Reinforcement Loading Period (2/3 tw), although this
depends on the construction procedures.
Normally, these loads mobilise an angle of friction in the
soil, (@~U) less than the peak angle of friction (@’P),Fig.
27, With time, the soil and the reinforcement strain and
at the End of Design Life, the mobilised angle of friction
is likely
to remain
less than the peak a@e
of
friction but higher than the mobilised angle of friction at
the End of Construction Loading. As the mobilised shear
strength of the soil increases with time, the force required
to be carried by the reinforcements will gradually
become less, which means that the applied force on the
reinforcements will change with time. If the change is
approach
to the
then
an iterative
significant,
determination of the deformations in the soil and the
reinforcements must be undertaken.
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MATERIAL PARAMETERS TO BE USED
IN LIMIT STATE APPROACH DESIGNS OF
REINFORCED
SOIL
GEOSYNTHETIC
STRUCTURES
9.

Geosynthetic reinforced soil structures act externally in the
same manner as conventional soil structures, hence the
choice ofmaterial design parameters isthesameas
for the
Limit State analyses of conventional soil structures, which
are covered by existing Limit State codes. The difference,
once again, is related to internal behaviour.
9.1 Soil Properties

the End of Design Life rupture tensile strain
and is designated ~ ~me EDL.

termed

The Ultimate Limit State design strength of the
reinforcing element at the end of design life, (T~ “~s
EDL),may be derived in one of three ways, Fig. 28.
Figure 28 (a) shows that the rupture load may be
factored and the rupture strain kept constant, whereas
Fig.28 (b) shows that the rupture load can be kept
constant and the rupture strain factored. However, both
the rupture load the rupture strain may be factored, as
shown in Fig.28 (c). To date it would appear that the
last case is being adopted and this is certainly the most
conservative approach.

geosynthetic
As stated previously,
the collapse
of
reinforced soil structures will occur at relatively large
deformations, hence the soil will have strained suftlciently
to develop the large strain constant volume angle of
friction, (+’,,). Therefore this value should betaken in all
Ultimate Limit State analyses of geosynthetic reinforced
soil structures.

To account for Serviceability Limit States, limiting strains
have to be imposed. Depending on these limiting strains,
an appropriate mobilised angle of fi-iction requires to be
selected. In general, it is likely that this value will be in the
numerical range of at rest angle of friction (+’.) to ~eak
angle of tiiction
($’p).
~us
for Serviceability Limit State
analyses values must be chosen from the relationship
between mobilised angle of friction and strain (+’~ - @ for
the soil used, the choice of value will depend on the
mobilised strain levels.
Bolton (1986), found that for many granular soils the
constant volume angle of friction was in the numerical
range of 32 to 37°. Further he suggested that the peak
angle of friction is related to the constant volume angle of
friction by the equation:

T&~*W=
T&-

, ..

/

A
\
t = EDL

r

(+’p= $)’,, + 0.8 y)
where v is the Angle of Dilation.
Thus a reasonably close approximation of the shape of the
(0’m - Et) relationship for a dense granular soil may be
postulated, as previously indicated in Fig.7 and a
this
mathematical model may be used to represent
relationship, Pradhan (1996).
9.2 Geosynthetic Reinforcement Properties
Because of their tendancy to creep or suffer stress
relaxation, the properties of geosynthtic reinforcements
should be determined from long term sustained load
(creep) test data. As they are temperature dependent, the
sustained
load, at which
a synthetic
polymeric
reinforcementelement ruptures, must be determined for the
operational temperature.
The long term load to cause
rupture at the End of the Design Life may be designated
T ~ rupture EDL. The tensile strain at which this occurs is
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Fig. 28. Three ways of factoring the rupture
strengthhmpture strain of geosynthetics

For Serviceability Limit State analysis, the mobilised
tensile strength of the reinforcement (Ts ~oB) should be

derived from Isochronous
Stlfiess
data using the
mobilised tensile strain data. The isochronous stiffiess
data should be appropriate to the operational temperature
and other factors which will influence the stiffness of the
geosynthetic over the strain range appropriate to the
Serviceability Limit State. Thus great care must be taken
when choosing appropriate Isochronous Stifiess data.

9.3 Soil Reinforcement Interaction Properties
There are two limiting modes of soil reinforcement
interaction, Direct Sliding, in which a block of soil slides
over a layer of reinforcement, and Pull-out in which a
layer of reinforcement pulls out from the soil after it has
mobilised the maximum available bond stresses.

,,
.,,
.,,*
,.,:
B
,-,:,<:
(b)

(a)

Fig. 29. Determination of friction coefficient between soil
and reinforcement: (a) direct shear test; (b) pull-out test
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Fig. 30. Mechanisms of interaction in reinforced soil
structures
The two tests commonly used to measure soil and
reinforcement interaction are the Direct Shear Test and the
Pull-out Test, Fig. 29. In typical reinforced soil structures,
the mechanism represented by Direct Sliding is likely to
occur in region A and Pull-out in region B in Fig. 30.
Each of these tests has limitations in the modelling of the
real problem, including differences in boundary conditions
and in scaling.
The shortcomings of Direct Shear test are the small area of
reinforcement,
the
contact between the soil and
development of tliction between the sides of the upper part
of the box and the soil together with the development of
friction at the edges of the top box due to the soil particles
being wedged into the clearance space. However, the
errors produced from the development of these t?ictions at
the boundary and the interface usually have a negligible
effect on the results as they would be of opposite sign,
Butterfield and Andrawes ( 1972).

A considerable amount of research has been carried out
on the Pull-out behaviour of soil reinforcements,
including Schlosser and Vidal (1969), Bacot et al.
(1978), Chang et al (1977), Schlosser and Elias ( 1978)
and Schlosser and Guillox (1979).
Such tests were
originally considered to be a usefid means of obtaining
data for reinforced earth structures. However, their
value for design purposes later became somewhat
discredited when the measured interface ti-iction
coefficient was often found to be several times larger
than that of the soil friction, Murray (1983). The
interpretation of the Pull-out test results was realised to
be complex when pronounced boundary condition
effects were identified, Alirni et al (1977) and Schwab
et al (1977). Later, Bacot et al. (1978) identified the
influence of the length of reinforcement on the
apparent coefficient
of friction. More recently
investigations have shown that test data are highly
sensitive to boundary conditions, wall roughness,
length of the reinforcement and the scale of the test,
Pahneira and Milligan (1989).
Because of the
complex nature of the test, carefid interpretation is
required before it is used in the design of reinforced
soil structures.
The Direct Shear test can be applied to the
determination of the soil reinforcement interaction
coefficient for sheet and strip reinforcements, the
interaction mechanisms of these types of reinforcement
being very similar, Jewell (1996). For geogrid
reinforcements, however, the mode of interaction
during Pull-out is quite different. Dyer (1985) and
Milligan et al. (1990) showed that it is partly developed
through the concentration of bearing stresses against
the transverse members of the grid and partly
developed by Direct Sliding. Thus the Bond Coefficient
of grids can only be measured by Pull-out testing,
Jewell ( 1996).
McGown et al (1984b) suggested the possibility of
applying a Partial Factor to soil-reinforcement
interaction coeftlcients. At present no Limit State code
or design method specitles any such Partial Factor.
However, it may be suggested that although only a
small Partial Factor, equal to or slightly greater than
unity, is required for cases where the Direct Shear test
results would be applicable,
where interaction
coefficients are obtained using Pull-out test results a
higher Partial factor will be required. Further, since the
Coej?cient of Direct Sliding and the Coefficient of
Bond are both functions of soil angle of friction, care
should be taken when applying such Partial Factors. If
in the calculation of the coefficients, a factored soil
angle of friction has been used, application of a tirther
Partial Factor on the soil reinforcements interaction
coefficients would give an extremely conservative
value for use in design.
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9.4 Other Material Properties
For other materials
relevant Limit

(concrete,

steel connections

State code may be followed.

etc.),

Normally

a

this

exists for use in the design of reinforced concrete and
steel structures
and material
properties
can be
appropriately selected.

10 ACTIONS TO BE USED IN LIMIT STATE
APPROACH
DESIGNS
OF
GEOSYNTHETIC
REINFORCED SOIL STRUCTURES
To date no benefits related to the short duration of some
Actions are taken. All self weight and externally applied
Actions are considered to be long term, sustained Actions
for the purposes of design.
Some of the externally
applied loads are not sustained over long periods, for
example traffic loads. It has been considered that this
assumption represents a conservative basis for estimating
the long term rupture and operational strength of
geosynthetics and is therefore an acceptable practice.
However, it has yet to be determined just how
conservative is this assumption. Further investigation of
the behaviour of geosynthetics subject to combined
sustained and transient loading will require to be
undertaken before this can be determined.
11 PARTIAL FACTORS TO BE USED IN LIMIT
DESIGNS
OF
APPROACH
STATE
REINFORCED
SOIL
GEOSYNTHETIC
STRUCTURES
Partial Factors require to be applied to the Properties of
Materials, Actions Geometrical Data and Behavioral
Models. Existing Limit State codes deal with all these,
but are not always in agreement, particularly relating to
the Partial Factors to be applied to determine the design
strength of geosynthetics and their interaction with soil
either for Ultimate or Serviceability Limit State analyses.
The Partial Factor for soil-reinforcement interaction has
been discussed in Section 9.3, thus in the following
section, the Partial Factor related to geosynthetics will be
discussed.

Four Partial Factors of major concern have been
identified, Voskamp and Risseeuw (1987), Jewell and
Greenwood (1988), Greenwood and Jewell (1989) and
Troost and Ploeg ( 1990). These are:
(a) Damage Factor; to allow for the mechanical damage
during construction.
(b) Environmental Factor; to allow for the chemical
environment and microbiological exposure in the ground.
(c) Material Factor; to allow for the uncertainty inherent
in the extrapolation of test data, and
(d) tierall
Factor: to allow for the properties of materials
not meeting the manufacturers specification.
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Bush (1988), Billing et al (1990), Watts and Brady (1990)
and Koemer and Koemer (1990) have carried out tests to
identify damage effects on geosynthetics on the basis of
constant rate of deformation tensile tests. They defined
the maximum load at rupture of the control materials
under constant rate of deformation tensile testing as the
Reference Strength. However, as stated previously,
constant rate of deformation tensile test data depend on
many factors such as rate of strain, temperature, etc., and
in any case are not suitable for defining geosynthetic
properties in Limit State Analysis.
Troost and Ploeg (1990), Viezee et al (1990) and
Voskamp (1989) carried out long term sustained load
(creep ) tests to identi@ the darnage effects on a range of
geosynthetics. They defined the Reference Strength as the
load to cause rupture of a control specimen at the End of
Design Life, Fig. 31. Jewell (1996) has supported this
definition but it should be noted that many geosynthetics
show a wide range of scatter of their rupture strains at
different load levels, Fig. 32. Hence the Reference
Strength, defined on the basis of load at rupture for a
specific design life time can be very difficult to identifi,
i.e. it can be difficult to select specific values of loads and
strains at rupture for geosynthetics.

Load for
RuPlurc
P,
’11
\.,
Pm{

l-i

*

I
TimetoRupture,
T,

T&,m

*

Fig. 31. Reference strength of geosynthetics (after
Voskamp, 1990)

11.1 Partial Factors for Geosynthetics
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Partial Factors are applied to some value of the strength of
the geosynthetic reinforcement. Thus the fmt stage must
be to agree the Reference Strength to which Partial
Factors need to be applied.

on Geosynthetics

A number of manufacturers, for example NetIon (1997),
define the Reference Strength as the load, obtained from
the load-isochronous creep curves, corresponding to a
Performance Limit Strain. Figure 33 shows a typical
Sherby-Dom plot for a geogrid and identifies the
In.stabili& Strain Limit. A lesser value is then adopted as
the Performance Limit Strain for use in Limit Equilibrium
Method designs, McGown et al (1984a). This is a very

STRNN (%)
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LSM17
STRAIN

~ RuYfURE

Fig, 33. Sherby Dom plots for a geogrid at 20”C
‘ypical Sherby Dom Plot

conservative approach. It is suggested that it would be
more appropriate to suggest that the load to develop the
Instability Strain, or a lesser defined Limiting Strain at the
End of Design Life, should be used to define the
Reference Strength for Limit State analyses.
Partial
Factors for use in Ultimate Limit State analyses should
then be obtained by comparing the load carrying capacity
of the geosynthetics corresponding to Instability Strain
Limit, or to a lesser defined Limiting Strain at the End of
Design Life, before and afier damage and environmental
attacks or due to manufacturing
problems.
For
Serviceability Limit State analysis, the required Partial
Factors can be suggested by comparing the loadisochronous curves (before and after damage) at strain
levels appropriate to the Serviceability Limit conditions
being analysed.

0.98 ~
1

lLW
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lWOS
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Fig. 34. Variation of damage Partial Factor for a geogrid
with time at 10VOstrain (atler Esteves, 1996)
1.M

It should be noted that Partial Factors to be used with
geosynthetics may be time dependant. Esteves (1996)
carried out tests to identi@ damage effects on
geosynthetics using long term sustained load (creep) tests.
Figures 34 and 35 show the variation of the Partial Factor
for a geogrid with time at large strain (1O%) and at a
relatively small strain (20/0). It can be seen from these
data that Partial Factors will vary with time and are
therefore dependent on the Design Life of the reinforced
soil structure.

I

J______
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Fig. 35. Variation of damage Partial Factor with time for
a geogrid at 2°/0 strain (after Esteves, 1996).
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PART D - THE DEVELOPMENT
OF AN
INTEGRATED COMPUTER-AIDED LIMIT STATE
APPROACH DESIGN METHOD FOR CATEGORY
2
GEOSYNTHETIC
REINFORCED
SOIL
STRUCTURES
12 THE BASIS OF THE LIMIT STATE DESIGN
PROGRAM
Recently a computer program has been developed for the
design of Categow 2 geosynthetic reinforced soil
structures using the Model Limit State Mechanism
outlined previously and assuming the principles of
internal force equilibrium and strain compatibility,
Pradhan (1996). The integrated program is capable of
designing reinforced soil walls, steep slopes and
embankments on soft soils, for both Ultimate Limit States
and the Serviceability Limit States. Within the program
two approaches are adopted:
i) Design based on Ultimate Limit States with a check of
Serviceability Limit States (ULS-SLS Approach).
ii) Design based on Serviceability Limit States with a
check of Ultimate Limit States (S LS-ULS Approach).
In the ULS-SLS Approach, the structure is first designed
to satisfi the Ultimate Limit State external and internal
criteria and then the Serviceability Limit States are
checked for the given reinforcement layout. In the SLSULS approach, the structure is first designed to the
Serviceability Limit State Criteria and then the external
and internal Ultimate Limit States are checked.

13
INPUTS FOR THE ULS - SLS DESIGN
APPROACH
The Input parameters are chosen from a pre-selected
range, e.g.7 loads, soils, reinforcements, temperature,
facings and construction methods. Some of the properties
are interrelated and values are assigned as default values,
e.g., once the soil type is chosen, the default values and a
suggested range of properties are displayed. The default
value can be changed within the suggested range but if a
value out of this range is chosen then a warning is given,
suggesting that the value is “out of range”. Some of the
Inputs are restricted to default parameters which are
dependent on other Inputs, e.g., for a sloped facing, a
structure cannot have full height panels. Similarly
segmental wall facings can only have either a vertical face
or a specific inclination to the horizontal, which is
dependent on the facing unit type.

13.1 Inputs for Walls
13.1.1 Load Types
The walls can be designed for one of the following
loadings situations:
i) No external loading
ii) Surcharge load only
iii) Bankseat load only
iv) Surcharge and Bankseat load
v) Sloped retained fill above the wall

For ULS analyses, the large strain constant volume angle
of friction, (~’,v), of the soil is used and for the SLS
analyses, the relationship between the mobilised angle of
friction, (@’,m),and lateral strain in the soil, (q), is used. In
all cases, a Partial Factor of unity is applied.
H
The design strength of the reinforcements for ULS
analysis has been adopted using the method described in
Fig. 28(c). As a basis, the load to develop the Instability
Strain Limit at the End of Design Life has been chosen
and Partial Factors adopted in the program, covering the
damage, environmental, material and overall effects, as
prescribed by the manufacturer of the products. For SLS
analysis, appropriate Isochronous Stiffness data and
mobilised strains have been used to obtain the mobilised
tensile strength of the reinforcement.

k,
L
D~‘‘

+
I

Fig. 36. Basic inputs for geometry of structure

13.1.2 Basic Input
A Partial Factor of unity has been adopted for the soilreinforcement interaction for both ULS and SLS analysis.
All loads have been taken to be long term, sustained
loads. The combinations of loads for ULS and SLS
analysis have been chosen according to BS8006 (1995).
Partial Factors applied to the Actions for ULS analysis
have been chosen from Eurocode I (1996). For SLS
analysis, a Partial Factor of unity has been applied to the
Actions.
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The

basic inputs required for the analysis are:
i) Design life of the structure (yrs)
ii) Construction time (hrs)
iii) Height of the structure above ground level,
H (m)
iv) Slope angle of the face of the structure, ~f (0)
v) Height of sloped retained fill, h, (m)
vi) Depth of embedment below ground level,
D. (m)

The parameters for defining the geometry of the structure
are shown in Fig. 36.
13.1.3 Length of the Reinforcements
The option is given to define the minimum length of the
reinforcements. The default value is 0.6 times the height
of the structure. He user may define any other minimum
length of the reinforcement.

13.1.9 Reinforcement Spacings
The maximum allowable spacing between the
reinforcements may be restricted by the facing type and
the minimum allowable spacing by the compaction layer
thickness in the specification. In the program, the default
values of maximum and minimum spacing are
automatically chosen depending upon the type of facing.
13.1.10 Water Table

13.1.4

Reinforced

Fill,

Retained

Fill and Sloped

Retained Fill Types
The following soil types are built into the program for the
Reinforced,
i)
ii)
iii)
iv)

Retained and Sloped Retained fills:
Well graded crushed rock.
Well graded sand and gravel.
Well graded sand.
Uniformly graded fine/medium sand.

13.1.5 Foundation

The water table can be entered as depth of water above or
below the original ground level and it can be different
within and outside the structure. A positive value
represents the water table above the original ground level
and a negative value represents the water table below the
original ground level. A zero value represents the
condition of no water table. The input data required for
the depth of water are:
i) Depth within the structure, hwl (m).
ii) Depth outside the structure, hwz (m).

Soil Types
13.1.11 Construction

Methods

The following soil types built in for the Foundation Soil
The construction method is important in the case of the

are:
i)
ii)
iii)
iv)
v)
vi)
vii)
viii)
ix)
x)

Well graded crushed rock.
Well graded sand and gravel.
Well graded sand.
Uniformly graded free/medium sand.
Stiff clay.
Medium soft clay.
Soft clay.
Very soft clay.
Peat.
Pulverised fhel ash.

13.1.6 Reinforcement

Types

To date, the program is product specific.
13.1.7 Operational

Temperature

The in-soil operational temperature in the structure has to
be specified. The range of values included are between
5°C and 40”C, in increments of 5°C.
13.1.8 Facing Types
A range of Facing Types are available in the program and
include:
Full height panels.
i)
Incremental panels.
ii)
External shutter wraparound.
iii)
Segmental facings.
iv)
In the program, if an out of range angle for the wall facing
chosen, information is given on alternative types of
facings which are valid for the chosen facing angle
is

Serviceability Limit State as it dictates the mode of
boundary deformation at the Serviceability Limit State
condition.
The incremental construction method is applicable to all
forms of facing except the full height panel wall
construction. The full height panel has a series of separate
construction methods, so that the range of methods is as
follows:
i) Incremental.
ii) Full height panel: props released ffom Top to
Toe.
iii) Full height panel: props released from Toe to
Top.
iv) Full height panel: restrained at Toe during
and after construction and props released at Top
afler construction.
v) Full height panel: restrained at Top during
and after construction and props released at Toe
after construction.
To date compaction effects have not been included but
this is now being introduced as it is known to be a very
significant factor..
13.1.12 Mode of Boundary Deformation
The following ranges of modes of boundary deformation
are given for the Serviceability Limit State condition:
i) Rotation about Top.
ii) Rotation about Toe.
iii) Rotation about ‘Top and Translation.
iv) Rotation about ‘roe and Translation.
v) Translation.
vi) Others
The modes of boundary deformation are shown in Fig. 37.
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13.1.13 Amount of Boundary Deformation
In the case of the modes of deformation (i) to (v), the
slope of the boundary deformation at the Serviceability
Limit State condition is defined in the form of
deformations (mm) at the Top and the Toe of the facing.
For the mode of deformation (vi), the shape of the
deformations is entered by defining deformations (mm) at
different depths. It may be noted that in the ULS-SLS
approach the deformations given for the Top and Toe are
only used to define the slope of the boundary, the output
deformations of the boundary, (which can be different
fi-om these initial inputs), are calculated by an iteration
process.

Change condition is chosen, the program does not change
the slope of the embankment to be safe against all the
external stabilities, however, it gives a warning that the
Foundation Soil is not strong enough.
The program performs the Overall Stability Analysis for
embankments using either a Total Stress Approach or an
Effective Stress Approach. For the Total Stress Approach,
the undrained shear strength, (Cu), of the Foundation Soil
at the surface has to be entered. The value of this
undrained shear strength is programmed to change with
time. It is also possible to vary the undrained shear
strength linearly with depth, using the slope of the change
in undrained strength versus depth relationship (mC).
For Effective Stress Analysis, Skempton’s pore water
pressure parameter ‘A’ at different times has to be
entered.

lruuIIII
(e)

(0

w)

No input for Serviceability Limit State Analysis is
required to be entered for embankments having slope
angle less than or equal to the large strain Constant
Volume Angle of Friction of the embankment soil.
(h)

14 INPUTS
APPROACH

Fig. 37. Different modes of boundary deformation for
retaining walls: (a) rotation about top, (b) rotation about
toe, (c) translation, (d) rotation about top with translation,
(e) rotation about toe with translation, (~, (g) and (h)
others.
13.2 Inputs for Steep Slopes
input parameters for Steep Slopes are no different
fkom those of Walls except that the slope of the face of
the structure has to be defined and full height panel
facings cannot be chosen. The most common types of
mode of deformation for Steep Slopes is Rotation about
Top and Translation.
The

13.3 Inputs for Embankments
In the program, the embankments are assumed to have a
slope angle less than or equal to the large strain constant
volume angle of friction of the backfill material and they
are resting on a weak Foundation Soil. Hence, a slope
angle less than or equal to the large strain constant
volume angle of friction of the backfill material has to be
entered . The appropriate Foundation Soil type can be
selected as one from (vi) to (x) mentioned previously in
Section.
The program checks the external stabilities but does not
need to check for internal stabilities. In the design, Slope
Change or No Slope Change conditions can be chosen. If
the Slope Change condition is chosen the slope of the
embankment is changed until the most critical external
stability is greater or equal to unity. If the No Slope
172-1998
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FOR

THE

SLS-ULS

DESIGN

The input parameters in this approach are essentially the
ULS-SLS approach.
The
same as those for the
exceptions are that this approach is not appropriate for
embankments and that the inputted lateral boundary
deformations at the Top and Toe should represent the
Serviceability Limit State values. These will determine
the distribution of the reinforcements, which will then be
checked for the Ultimate Limit State conditions.
15 OUTPUTS FROM THE
APPROACH

ULS - SLS DESIGN

The program checks the external and internal stabilities
using the appropriate material properties and loadings and
determines the deformations at force equilibrium at the
End of Construction and at the End of Design Life.

15.1 Outputs for Walls and Steep Slopes
External Stability:
- Sliding Ratio
- Overturning Ratio
- Bearing Pressure
- Bearing Resistance
Internal Stability:
- Reinforcement Rupture Ratio
- Pull-out Ratio
- Sliding Ratio through reinforcements
- Sliding Ratio through reinforced till layers.
Reinforcement Layout:
- Theoretical Layout
- Practical Layout

240

Boundary Deformations:
- At the End of Construction
- At the End of Design Life

.—
‘Fi2LLH22mr PANEL FACING
1
200
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g

Force at Equilibrium:
- Out of Balance Forces
- Available Forces
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15.2 Outputs for Embankments
External Stability:
- Sliding Ratio
- Overturning Ratio
- Bearing Pressure
- Bearing Resistance
- Foundation Instability Ratio
Reinforcement Layout for Slope Stability
- Practical Layout

o

5

a

TOP

Height

TOE

of Wall (m)

Fig. 38. Effect of mode of boundary deformation on the
amount of boundary deformation at the end of design life.
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The outputs from the SLS-ULS approach are similar to
the outputs of the ULS-SLS approach with the difference
that the calculated boundary deformations at the End of
Construction and End of Design Life will be less than or
equal to the Serviceability Limit State limiting values.
17

SOME DESIGN EXAMPLES AND RESULTS

17.1 Walls
A 5.Om high wall with flat top surface resting on a
competent foundation has been designed
Well graded
sand and gravel (+rP= 40° and ~’c, = 32°) was chosen as
the Reinforced, Retained and Foundation Soils. Geogrids
working at 10“C operational temperature were chosen.
The mode of boundary deformation, the slope of
boundary deformation and types of facings were varied to
identify their effects on the amount of boundary
deformation at the End of Design Life. Additionally, the
design life of the structure was varied and its effect on the
number of reinforcements and amount of boundary
deformations at the End of Construction. The results of
these analyses are shown in Figs. 38 to 42 and confirm the
influence of the factors varied.

o
5

0

TOP

Heightof Wall(m)

TOE

Fig. 39. Effect of the slope of the boundary deformation
on the amount of boundary deformation at the end of
design life.
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Fig. 40. Effect of facing type on the amount of boundary
deformation at the end of design life.
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17.2 Steep Slopes

yiigmy
A 5.Om high Steep Slope with a flat top surface resting on
a competent foundation has been designed. Well graded
sand and gravel ($’P= 40° and +’Cv= 32°) was chosen as
the Reinforced, Retained and Foundation Soils. Geogrids
working at 10°C operational temperature were chosen.
‘I%e angle of the slope was varied to identifi its effect on
number of reinforcements and deformation at the End of
Design Life. The results are shown in Fig. 43 and 44 and
confirm the influence of the factors varied.

p
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15

10,

—. ..-. —?–=DESIGN LIFE
+T-IYR.

5
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I

‘+

T- 120 Yss.

o~
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17.3 Embankments

5

TM

TOP
Height

A 5.Om high embankment with a flat top surface and a
slope angle of 30° has been designed resting on a weak
Foundation Soil. Medium soft clay was chosen as the
Foundation Soil. Well graded sand and gravel (~’P = 40°
and ~’Cv= 32°) was chosen as the Reinforced and
Retained Soils. Geogrids working at 10°C operational
temperature was chosen and both the Slope Change and
the No Slope Change conditions were adopted. The Total
Stress Approach was used and the undrained shear
strength at the surface and the rate of change of undrained
shear strength with depth were varied to identifi their
effects on number of reinforcements for both the Slope
Change and the No Slope Change conditions. The results
are presented in Figs. 45, 46 and 47 and confm the
influence of the factors varied.

of Wail (m)

Effect of design life on the amount of boundary
deformation at the end of construction.
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Fig. 43. Effect of angle of steep slope on the number of
reinforcements.
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Fig. 41. Effect of design life on the number of
reinforcements.
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Fig. 44. Effect of slope of the structure on the amount of
boundary deformation at the end of design life.
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18 DISCUSSION AND CONCLUSIONS
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The aim of this paper has been to demonstrate the
methodology required in order to strictly apply the Limit
State Approach to the design of geosynthetic reinforced
soil structures.
In the process of demonstrating the
application of the Limit State Approach, the general
principles of the Limit Equilibrium Methods, to date the
most widely used design methods, were set out and the
explicit and implicit assumptions involved have been
highlighted.
From the detailed consideration of the Limit
Approach, it maybe concluded that:

State

( IifWm’)

Fig. 45. Variation of number of reinforcements with
undrained shear strength and with the rate of change of
shear strength with depth for “no slope change” condition

..

14

INITIAL SLOPE ANGLE = S@ I
“SLOPE CHANGE ALLOVVEO’ I
.~

12

(ii) Two aspects of the Limit State Approach are of
particular significance to geosynthetic reinforced soil
structures, viz., the consideration given to the Strain
Compatibility of the various materials within the soil
structure and the assessment of the significance of internal
and external environmental conditions on the durability of
materials.
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Fig. 46. Variation of number of reinforcements in an
embankment slope with different undrained shear
strengths for “slope change” condition.
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(iii) Designs based on the Limit State Approach required
the identification of appropriate Calculation Models,
Properties of Materials, Actions, Geometrical Data and
Limiting Values. Design Values of the Properties of
Materials are based on Characteristic Values determined
The values to be used for
on a statistical basis.
collapse/failure and for serviceability conditions may well
be very different.
(iv) Design criteria are based on equating the effects of
the de-stabilizing Actions and the stabilizing Actions.

25 *

20

(i) The Limit State Approach allows consideration of the
nature and size of soil structures, the nature of existing
ground and groundwater conditions and the nature of the
operational environment. It also allows the introduction
of the concept of Geotechnical Categories to take account
of the degree of complexity and/or importance of soil
structures.

(v) Global Factors of Safety are not used in analyses,
rather Partial Factors require to be applied to the
Properties of Material, Actions, Geotechnical Data and
Behavioral Models.
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Fig. 47. Effect of undrained shear strength on the final
slope angle for “slope change” condition.

(vi) Particular attention requires to be given to the internal
force equilibrium and strain behaviour of geosynthetic
reinforced soil structures and to the effects of construction
methods on these.
(vii) Detailed consideration requires to be given to the
identification of model mechanisms applicable to the
Ultimate and Serviceability Limit States.
The development of an integrated computer-aided Limit
State Approach design for Category 2 geosynthetic
reinforced walls, steep slopes and embankments has been
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presented. Details of the inputs required for the Ultimate
and Serviceability Limit State analyses have been given
and the form of the outputs ffom the analyses set out.
Some design examples have been included which indicate
the significance of the various conditions and inputs
included in the design program.
Overall, it has been shown that the Limit State Approach
is ideally suited to the design of geosynthetic reinforced
structures, taking into account many factors not included,
nor possible to include, in Limit Equilibrium Methods of
design. The computer-aided design package described
showed that it is practically possible to apply the Limit
State Approach to geosynthetic reinforced soil structures
and to account for a wide range of the factors that
influence their behaviour.
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ABSTRACT:
Geosynthetic leachate collection layers used in landfills (e.g. geonet drainage layers overlain by geotextile
filters) are often covered with a sand protective layer. If the sand contains tine particles and if the leachate infiltrating
through the sand causes some of the fine particles to migrate, then the migrating fine particles may clog the geotextile filter
or, if they pass through the filter, may clog the geosynthetic leachate collection layer. This paper presents an evaluation of
the effect of migrating fine particles on the performance of the filter and the leachate collection layer. It is shown that a
relatively small amount of migrating particles may clog geotextile filters and geonet leachate collection layers. It is
unlikely that leachate flow will cause the migration of all of the fines contained in the sand protective laye~ however, this
paper indicates the importance of assessing the potential for fines migration and the consequences of this phenomenon.
KEY WORDS:

Geosynthetic,

Leachate collection layer, Geotextile, Filter, Clogging.

1

INTRODUCTION

1.1

Geosynthetics and the Need for Protection

mechanical damage provided to the geosynthetics is a
fimction of, among other factors, the thickness of the soil
protective layer. The thickness of soil protective layers
typically ranges from 0.3 to 1 m.

Geosynthetic leachate collection layers used in landfills
typically consist of a geonet.
Geosynthetic leachate
collection layers and the associated geosynthetics (i.e. the
overlying geotextile filter and the underlying geomembrane
liner) need to be protected tlom mechanical damage that
may result from waste placement operations, and the
geotextile filter needs to be protected from deterioration
caused by sunlight. The required protection for these
geosynthetics is typically provided by a soil protective
The degree of protection against
layer (Figure 1).

~

Waste

Soil protective
,., ,,.

.

.. . . ... .. ,,
. ..

. . .,.

Geotextile

layer

filter

,
Geosynthetic

-----

Ieacflate

collection

layer

~~>

Geotextile

\

cushion

(if needed)

Geomembrane

Figure 1. Soil protective layer overlying geosynthetics in a
landfill liner system.

1.2

Sand Protective Layers Containing Fines

At many landfill sites, the material available for the soil
protective layer is a sand containing fines. Fines are
generally defined as particles smaller than a certain size
(e.g. 75 ~ in the United States). Sometimes, a maximum
fines content is specified, e.g. 5’?40. The maximum fines
content specification is often treated by design engineers as
a secondary consideration to which not much attention is
paid, perhaps because no analytical approach has been
available
to rationally
select
the specified
value.
Furthermore, during construction, the specification may not
be met, andlor conformance
tests to check that the
specification is met may not be performed.
Based on the
authors’ experience, the specification regarding the fines
content of a sand protective layer is not often well thought
out, properly implemented, or seriously enforced.
As shown in this paper, the specification regarding the
fines content of a sand protective layer is an important
design consideration
that must be carefully addressed
because clogging of the leachate collection layer and/or its
filter may result from the presence of fines in sand
protective layers.
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1.3

Potential Effects of Fines

(a)

If fines are ‘hashed” by leachate flow (i.e. if fines migrate
as leachate infiltrates through the sand protective layer),
then the frees may accumulate on, or in, the geotextile
filter, which impedes the flow of leachate toward the
leachate collection Iayeq this problem is addressed in
Section 4.2. If some of the migrating fines pass through the
geotextile filter, they may accumulate in the leachate
collection layer, thereby reducing its hydraulic conductivity
and, consequently, its hydraulic transmissivity; this
problem is addressed in Section 4.3.
Prior to evaluating the detrimental consequences of the
migrating fines (Section 4), it is necessary to quantifi the
amount of fines contained in the soil protective layer
(Section 2) and analyze the conditions that govern the
mobility of these tines (Section 3).

2

DESCRIPTION OF SAND CONTAINING FINES

2.1

Particle Size Distribution of Sand Containing Fines

So

n

7).601
(b)

~
~

0:01

,m

I

----.

I

the effects of migrating soil particles, the particle size
distribution curve can be truncated to eliminate the very
coarse fraction (Figure 2b); this type of particle size
distribution curve is used in the remainder of this paper.
The soil represented by the particle size distribution
curve shown in Figure 2b comprises two distinct fractions:
a fine fraction, characterized by the relatively flat curve
AB, and a coarse fraction, characterized by the steep curve
BC. The limit between the fine fraction and the coarse
ii-action, Point B in Figure 2, was selected, as indicated
above, as the location of maximal curvature of the particle
size distribution curve. In Figure 2, the abscissa of Point B
is 0.12 mm (120 pm), and, in Figure 2b, the fine fraction
In this paper, the term “fine
proportion, fM, is 6~0.
particles” is used to designate the particles of the fine
fraction, i.e. the particles smaller than the abscissa of
Point B, whereas the traditional term “fines” is used to
designate particles smaller than 75 pm.
The particle size distribution curve shown in Figure 2 is
that of a gap-graded soil if the AB portion of the curve
Sixth International
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1

10

c

I 1111

0
O.oul

particle size distribution
curve of a sand
containing fines is presented in Figure 2a. This curve can
be broken down into three segments: AB, representing the
fine fraction; BC, representing the coarse fraction; and CD,
representing the very coarse fraction. Points B and C are
the points of maximal curvature (i.e. minimal radius of
curvature) of the particle size distribution curve.
As
indicated by Giroud (1996), the very coarse fraction, when
it is a small portion of the total mass of soil particles (as is
the case in Figure 2a where the very coarse fraction is less
than 15% of the total mass), does not affect the mobility of
the fine particles. Therefore, for the purpose of analyzing

0.1
Particle size (mm)

80

fu

A typical
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Figure 2. Typical particle size distribution curve of a sand
containing fines: (a) fine fraction (AB), coarse fraction
(BC) and very coarse fraction (CD), where B and C are
points of maximal curvature; (b) particle size distribution
curve afler removal of the very coarse fraction.
includes, on the left of Point B, a plateau, which indicates a
gap between the fine fraction and the coarse fraction.
Filtration problems associated with gap-graded soils have
been known for a long time (Giroud 1982). Herein, it is
not assumed that the particle size distribution curve
includes a plateau, but the problems discussed are similar to
those of gap-graded soils.
As discussed in Section 3, the extent to which the fine
fraction “fills” the pore space of the coarse fraction is an
important factor governing the mobility of the fine
particles. This is addressed in Section 2.2.
2.2

Critical Value of the Fine Fraction Proportion

The critical value of the fine fkaction

PrOPOrtiOII,
fM .ril, iS
defined as the value of the fine fraction proportion, f~, for
which the fine fraction exactly fills the pore space of the
The value of fM.ti, (for which the
coarse fraction.
derivation is not shown here) is:

fMti,=

nC(l– n,)
l–n,

n,

(1)

where: nf = porosity of the fine fraction of the soil when
the fine particles fill the pore space of the coarse fraction;
and nC= porosity of the coarse fraction, which can be
expressed as follows:
nC=n+f~(l–n)

curve of the soil; fM is the ordinate of the point of
maximal curvature that separates the portion of the
curve representing the coarse fraction from the portion
of the curve representing the fine fraction (Figure 2b).
The porosity of the soil, n, is obtained experimentally.
The porosity of the coarse fraction, nC, is then
calculated using Equation 2.

(2)

An assumption is then made regarding the value of the
porosity of the fine fraction, n~. Typical values are
assumed to range between 0.3 and 0.5.
The value of fM.ri, is then calculated using Equation 1
or 3, and f~ is compared to fM.ritto evaluate the degree
of filling of the pore space of the coarse fraction by the
fine ii-action and to check if the condition expressed by
Equation 4 is satisfied.

where n is the porosity of the entire soil comprising the fine
and the coarse fraction; n is obtained experimentally from
simple volume measurements.
Equation 2 makes it
possible to eliminate the unknown parameter n. from
Equation 1. Combining Equations 1 and 2 gives:
fMm,=

(1-n,
l-n,

)[n+f~

(l-n)]

(3)

[n+ f~(l-n)]

The only unknown parameter in Equation 3 is the
porosity of the fine fraction, nf. Values of the order of 0.3
to 0.5 are typically assumed.
Table 1 (which was
established using Equation 1) shows that f~ ~,itdoes not
depend much of the assumption made on nf and is typically
of the order of 20 to 40°/0. As a result, the fine fraction
proportions of 5V0or less used in typical specifications for
sand protective layers are much smaller than fM.ri,. In this
paper, only cases where fM is much smaller than fM~[i~are
considered, i.e., approximately:
(4)

fM/fMcm(< 1/3

where fM/ fM.nt is the degree of filling.
Table 1. Values of fM.ti, (%).
Porosity of
the
fine
fiction,
nf

0.3

0.4

0.5

0.3

23

32

41

0.4

20

29

38

0.5

18

25

33

Porosity of the coarse fraction
n=

2.3 Methodology for Evaluating the Degree of Filling
Based on the discussions presented in Sections 2.1 and 2.2,
the methodology for evaluating the degree of filling of the
pore space of the coarse fraction by the fine fraction of a
soil composed of a coarse and a tine fraction can be
summarized as follows:
●

The proportion by mass of the fine fraction, fM, is
obtained from the truncated particle size distribution

MOBILITY OF THE FINE PARTICLES
3.1

Mechanisms Governing the Mobility of Fine Particles

In a soil comprising two fractions (i.e. a coarse fraction and
a fine fraction), the fine particles are located within the
matrix formed by the coarse particles. All of the particles
(coarse and fine) are subjected to drag forces from the
downward flow of leachate. However, it is assumed herein
that the matrix formed by the coarse particles is stable,
implying that the drag forces do not dislodge the coarse
particles. Therefore, only the mobility of the fine particles
is considered. (Mobility is defined herein as the tendency
of particles to migrate.) The drag forces tend to cause the
fine particles to migrate through the matrix formed by the
coarse particles. In other words, the drag forces tend to
“wash” the fine particles through the matrix formed by the
coarse particles.
The mobility of the fine particles
increases as the drag forces increase and the fine particles’
resistance to the drag forces decreases.
The drag forces applied to the fine particles increase if
the flow velocity increases. If the degree of filling of the
pore space of the coarse fraction is small, i.e. if the
condition expressed by Equation 4 is satisfied, the
hydraulic conductivity of the soil is anticipated to be high
and, consequently, the flow velocity is anticipated to be
high. Therefore, in this case, the drag forces applied to the
fine particles should be large, and the fine particles are
likely to be mobile, thus the consideration in this paper of
small degrees of filling.
A fine particle resists drag forces as a result of (i)
cohesive forces that attract the considered particle to other
fine or coarse particles; (ii) physical interlocking of the fine
particle within other fine particles; and (iii) entrapment of
the fine particles within the matrix formed by the coarse
particles. The first two mechanisms are discussed below,
and the third one is discussed in Section 3.2.
Cohesive forces are difficult to quantifi.
Cohesive
forces are conservatively neglected in the analyses
1998
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presented herein. As a result, the mobility of the fine
particles predicted by the analysis presented herein is
greater than the mobility that would be calculated if
cohesion was taken into account.
Interlocking of the fine particles with other fine particles
requires that fine particles be in contact with each other.
Therefore, the portion, resulting fi-om interlocking, of the
resistance to drag forces increases as the amount of fine
particles in the pore space of the coarse fraction increases.
Only cases where the amount of fine particles is small are
considered in this paper (see Equation 4 in Section 2.2). As
a result, in the cases considered in this paper, the fine
particles are not strongly interlocked.
If cohesion is negligible and interlocking is weak, as
assumed in this paper, a significant number of fine particles
are likely to migrate individually. In this case, the main
factor that governs the ability of the fine particles to
migrate is their size.
3.2

Influence of Particle Size on Particle Mobility

As indicated

in Section 3.1, the mobility of the fine
particles of a soil comprising a fine and a coarse fraction
depends on their ability to pass betsveen the coarse
particles. In other words, the coarse fraction is acting as a
filter with respect to the fine particles. Therefore, for the
purpose of this analysis, the coarse fraction must be
characterized by its filtration opening size. As shown by
Kenney et al. (1985) and discussed by Giroud (1996), the
filtration opening size of a granular material, such as the
coarse fraction considered herein, is given approximately
by the following equation:

(5)

0, = D,, /5

where: OF = filtration opening size of the coarse fraction;
and D1~= particle size of the coarse fraction such that 150/0
by weight of the particles of the coarse ii-action are smaller
than D]~. (Herein, D is used for the particles of the coarse
fraction and d for the particles of the fine fraction.)
When fine particles migrate individually, they pass
through the filter formed by the coarse fraction if they are
smaller than the filtration opening size of the coarse
fraction, i.e. if
d<()

(6)

F

Combining Equations 5 and 6 gives the following
condition for fine particles to migrate individually through
the coarse fraction:
d s D,, /5
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However, if several particles smaller than OF migrate at
the same time toward the same area of the coarse fraction
pore space, these particles may locally interlock and bridge
the filter openings. If this mechanism takes place at many
locations, it may gradually prevent many fine particles
horn migrating. For example, experience from grouting
indicates that grout flows freely through a soil if the d~~of
the grout particles meets the following requirement with
respect to the Dl~ of the soil (Mitchell 1970):
(8)
Grouting is an extreme case where many particles are
likely to migrate at the same time into a given volume,
whereas, in the case discussed in this paper (i.e. the case
where the fine fraction proportion is small), only a small
number of fine particles are likely to migrate at the same
time. Nonetheless, Equation 8 provides a usefid boundary

for the case discussed in this paper, as shown below.
In conclusion all the particles that meet the condition
expressed by Equation 8 should migrate through the coarse
fraction: (i) if the amount of fme particles is small enough
that particles are not interlocked (Equation 4); (ii) if
leachate flow is able to overcome the cohesion between
fine and coarse particles; and (iii) if the cohesion between
tine particles is small enough that it will not prevent fine
particles from migrating individually. (It is realized that
restrictions of particle migration due to cohesion may be
significant. For example, even gravel considered clean
afier thorough washing with water contains some fines.)
Additionally, the particles that do not meet the condition
expressed by Equation 7 cannot migrate through the coarse
fraction, because they are entrapped due to their size.
Therefore, the proportion by mass of the particles likely to
migrate, f~~, is between a lower boundary, f& ~i”, and an
upper boundary, fM~~=:
f ~.mi.

<

‘Mm

<

‘Mmmax

(9)

Figure 3 shows how to obtain f~~ ~a from the value of d
defined by Equation 7 and f~~ ~i~ from the value of d
defined by Equation 8 (with d used instead of d~J. Figure 3
shows that there is not a large difference between fM~ ~in
and f~~ ~= if the particle size distribution curve of the fine

fraction is relatively flat in the relevant region.
Often, the particle size distribution curve is known only
for particles greater than, or equal to, 75 Pm. If the point of
maximum curvature of the particle size distribution curve is
close to 0.1 mm (100 Pm), then only a small portion of the
particle size distribution curve of the fine fraction is known
and the method presented in Figure 3 can only be used if

the particle size distribution curve is extrapolated.
Alternatively, based on Figure 3, it may be assumed that
fM~is approximately between fMand fJ2 or fM13.

Table 2. Thickness of the low-permeability layer formed
by tine particles accumulated on the geotextile filter in the
case of a 0.6 m thick soil protective layer.
Proportion by mass
of particles accumulated
on the filter, f~F

0.5

1

2

5

28

57

147

(’%0)

Thickness, t ~ (mm)
fMm w
f ~*

-----------------

I

1

>D

D,,

1

I
~D
25

5

Figure 3. Determination of the amount of fine particles
likely to migrate.

4 EFFECTS OF MIGRATING FINE PARTICLES
4.1

Overview

As indicated in Section 3.2, in a soil comprising two
fractions, some fine particles can migrate through the
coarse fraction. Depending on the opening size of the
geotextile filter and other factors, these fine particles may
pass through andlor accumulate in, or on, the geotextile
filter. The effect of fine particles that accumulate on the
geotextile filter is addressed in Section 4.2 and the effect of
the fine particles that pass through the geotextile filter and
may accumulate in the leachate collection layer is discussed
in Section 4.3. A numerical example is presented in
Section 4.4.
4.2

Effect of Fine Particles on Filter

The fine particles that accumulate on, or in, the geotextile
filter create a low-permeability layer that reduces the rate
of leachate flow toward the leachate collection layer. The
case where the particles accumulate on the filter is
considered herein. Calculations (not presented here, but to
be published elsewhere) show that the thickness of the lowpermeability layer formed by fine particles accumulated on
the geotextile filter is given by the following equation:

(lo)

where: t = thickness of the soil protective laye~ n~ =
porosity of the fine fraction formed in the low-permeability
layer by fine particles accumulated on the geotextile fihe~
and fMF= proportion by mass of particles accumulated on
the geotextile fiber. Note that f& < fM, the proportion by
mass of the particles likely to migrate.

14

Values oft ~ calculated using Equation 10 fort= 0.6 m,
n== 0.3 and n; = 0.5 are presented in Table 2. It appears
from Table 2 that the calculated thickness of the lowpermeability layer formed by the fine particles accumulated
on the filter may be significant, even when the proportion
by mass of accumulated particles is relatively small (e.g.
fM~< 2~0).
The effect of the low-permeability layer formed by fine
particles accumulated on the geotextile filter on the flow of
leachate toward the leachate collection layer can be
evaluated by comparing the permittivity of this layer to that
of the soil protective layer. According to Table 2, the
thickness of the low-permeability layer formed by fine
particles accumulated on the geotextile filter is of the order
of 10 mm if the proportion by mass of the accumulated
If the hydraulic
particles is of the order of 0.5V0.
conductivity of this layer is 1 x 10-7 rnls, then the
permittivity of this layer is 1 x 105 s-l. This value is
approximately 20 times less than the permittivity of a 0.5 m
thick sand protective layer with a hydraulic conductivity of
1 x 104 m/s (a hydraulic conductivity that corresponds to a
sand containing approximately 1 fines). Clearly, a
significant reduction of the leachate flow toward the
leachate collection layer may be caused by the
accumulation on the filter of as few as 0.5°/0of the particles
(i.e. one tenth of the fines if the fines content is 5%).
‘Yo

4.3

Effect of Fine Particles on Leachate Collection Layer

The fme particles that pass through the geotextile filter
migrate into the leachate collection layer, where a
significant fraction of the fine particles may tend to
accumulate in areas where the leachate collection layer
slope is gentle (e.g. 20/0), as shown by sedimentation
calculations. It is, therefore, important to evaluate if the
leachate collection layer can accommodate these fine
particles without becoming clogged. Calculations (not
presented here, but to be published elsewhere) show that
the thickness of Ieachate collection layer occupied by the
accumulated fine particles is given by the following
equation:

(11)

1998

Sixth International

Conference

on Geosynthetics

-189

where n~c~= porosity of the Ieachate collection layer; nficL
= porosity of the soil formed by the fine particles
accumulated in the leachate collection layeL and fMLcL=
proportion by mass of particles accumulated in the leachate
collection layer. Note that f~L~L< fM , the proportion by
mass of the particles likely to migrate.
Values of tLcLcalculated using Equation 11 fort = 0.6
m, ~ = 0.3, n~ L~L= ().5, nL~L= 0.3 (granular leachate
collection layer) and nLcL = 0.8 (geosynthetic leachate
collection layer) are presented in Table 3. Table 3 shows
that a typical 5 to 10 mm thick geosynthetic leachate
collection layer is filled with fine particles, even if the
amount of particles accumulated in the leachate collection
layer is as low as 0.5 to l% of the soil protective layer
mass. In contrast, a 300 mm thick granular Ieachate
collection layer is filled by fine particles only if the amount
of particles accumulated in the Ieachate collection layer is
approximately 10°/0of the soil protective layer mass.
Table 3. Thickness of leachate collection layer occupied
by fine particles, k LCL(mm), in the case of a 0.6 m thick
soil protective layer.
Porosity of the
leachate collection layer
without fine particles,

Proportion by mass of
particles accumulated in the
leachate collection layer,
‘MLCL ~~)

nL~~

0.5

1

2

10

0.3

14

28

57

311

Geosynthetic laye~ 0.8

6

11

21

117

Granular laye~

particles due to cohesion; however, if only one quarter of
these fines, i.e. 0.5Y0,do migrate, the consequences may be
significant; (iv) if the migrating fines accumulate on the
geotextile filter, they can be expected to form a lowpermeability layer at least 10 mm thick (according to Table
2), which may significantly reduce the rate of leachate flow
toward the leachate collection layer; and (v) if, instead, the
migrating fines pass through the filter, a portion of them
may accumulate in the leachate collection layer, which
would decrease the geonet hydraulic transmissivity
(whereas the hydraulic performance of a typical 0.3 m thick
granular leachate collection layer would not be
significantly affected, according to Table 3).

5 CONCLUSION
The theoretical analysis presented in this paper shows that a
small amount of fine particles, migrating under the action
of leachate flow from a soil protective layer used in a
landfill liner system, may clog the underlying geosynthetic
Ieachate collection layer or its geotextile filter. The analysis
presented herein does not take into account the cohesion
that may retain fine particles on the coarse (i.e. sand)
particles and, therefore, overestimates the amount of fine
particles that may migrate. It is, therefore, recommended
that, in specific cases where the above analysis indicates a
risk of clogging, tests be conducted to determine the
amount of fine particles that actually migrate in order to
prepare adequate specifications.
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Numerical Example

Based on data presented in this paper, the following maybe
said about a 0.6 m thick sand protective layer containing
5% fines (a fines content generally considered acceptable):
(i) the 5% fines content is small compared to the critical
fine fraction proportion (which is of the order of 20 to 40%,
according to Table 1) and, therefore, the condition
expressed by Equation 4 is satisfied; consequently, the
fines fill only a small portion of the pore space of the
coarse fraction; as a result, the leachate flow velocity may
be high and there is likely no interlocking between fine
particles; thus, the fines are likely to be mobile unless they
are retained on the coarse (i.e. sand) particles due to
cohesion; (ii) more than one third or one half of these fines
(i.e. approximately 2% by mass of the total soil) may pass
through the coarse fraction (according to the comment at
the end of Section 3.2), on the basis of their particle size
with respect to the particle size of the coarse fraction, (iii)
the 2% fines which are most mobile are the finest of the
fines and many of them may be retained on the coarse
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ABSTRACT:Laboratory test results conducted on a leachate collection pipe under simulated service conditions are presented for
the pdicular case ofa 320 mm outaide diameter, 32 mm thick, HDPE drainage pipe surrounded by 50 mm crushed stone backfill.
The testingfdty and lahatory procdum are discussed. Pipe deformations were found to vary widely along the pipe axis. These
meawred variations are attributed to the discontinuous backfill support provided to the pipe by the coarse stone. Comparisons of
deflectionscalculatediiorn current design procedures indicates that the Modified Iowa equation overestimates pipe deformations.
Equations based on the theory of elasticity applied to thick tubes provide good agreement with the measured deflections.
KEY WORDS: landfill, leachate collection Systm laboratory tests, plastic pipe.
1

INTRODUCTION

LeacMc collectionsystemsare intended to control the hydraulic
head acting on the barrier and therefore are an important
Ofrnti
waste disposal ikcilities. It is known that
~
both geosynthetic and geologic materials of granular leachate
collection systems (eg. geotextiles, pipes and atone, Figure 1)
can experience clogging because of particulate, chemical and
biologicaleffects(see Rowe et al. 1995). Clogging reduces the
effectivenessof leachate collection and may lead to en increase
in hydraulic head acting on the landfill liner system.
Design measures intended to minimize the potential of
clogging of the leachate collection system can lead to adverse
service conditions for the pipe that are not experienced in
typical buried pipe applications. For example, large particle
size drainage stone is now commonly specified to minimize
clogging(50 mm stone is desirable). The datively large open
void space and small surface area per unit volume provided by
coarse stone help to minimize biologically induced clogging.
However, there is a paucity of data that can be used to assess
whether coarse stone has a detrimental efl’ect on pipe
performance. Because the stone particles are relatively large,
coarse stone loads the pipe at discrete points around the outside
surface rather than providing the more continuous support of
other, traditional backfill materials (eg. sand, well graded
gravel). The magnitudeof the stress concentrations from coarse
stone backtill, and their tiect on the performance of the
drainage pipes is presently unknown. Thicker polyethylene
pipes ate typically speciiied for use in landfill applications as a
result of this uncertainty.

Previoustesting conducted by various researchers has shown
that plastic pipes can sustain large applied pressures. For
example, Watkins (1987), Sargand (1993) and Zanzinger and
Gartung (1995) have tested thickj small diameter plastic pipe
for use in landfills. These tests did not involve the coarse
drainage stone that is desirable to minimize clogging (gravel
passingthe 19mmsieve,25 mmcrushedstone, and8to 16mm
stone, respectively, were tested). Also, the loading conditions
imposedby Watkinsditl’erfrom those expected to prevail under
fieldconditions. Further,Brachman et al. (1996a) demonstrated
that the boundary conditions of the test reported by Sargand
were complexand had a significant effect on the pipe response.
Laboratory tests reported by Brachman (1997) conducted
under tisymmetxic loadingconditions showed that coarse stone
had an effect on the structural performance of 320 mm outside
diameter(32 mm thick) polyethylene pipes, manifested by non-
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unitbrmpipe defamations and large variations in surface strain
when backfilled with 50 mm (nominal size) crushed stone.
Laboratmytesting of thick high density polyethylene pipes is
needed to assess the et%ct of coarse stone backfill on the
structural perhnance
of these pipes when buried below
significant amounts of waste. The ability of design methods to
calculate pipe deformations when used with coarse stone
backfill must also be considered.
Testremdtsfm a 320 mm outside diameter, 32 mm thiclq high
density polyethylene pipe under simulated field conditions are
presented. The nature of the loading applied to the pipe and the
testingfacilityare briefly discussed. Pipe deflections measured
at the crown, invert and springline, as well as vertical and
horizontal diameter changes are presented to examine the
~
of the pipe to the applied load. Measured dtiections
are then compared
procedures.

2

to those obtained using current design

DESCRIPTION OF LABORATORY TESTS

Deep burial leadsto large vertical and horizontal stresses in the
drainage blanket containing the pipe. These conditions are
closely simulated in the laboratcny using the test facility
described byBrachmauetal.(1996b).
A transverse section of
the test cell is shown in Figure 2. The pipe specimen is
centrally placed within a prism of soil that is 2 m wide x 2 m
long x 1,6 m high. The soil is contained within a stilTsteel
structure. Lid and base units are connected with tie rods

capable of resisting large vertical pressures (1 MPa). The
sidewalls consist of thick steel plates that are stitlkned by four
support flames. Vertical load is applied by a pressurized air
bladder, providing a uniform vertical pressure across the top
surface. Horizontal stresses develop in the soil by limiting the
deflection of the sidewalls.
The sidewalls of the test cell were treated to reduce the
_
~~ts ibmfiction. The interfaceconsisted of a tick
nonwoven geotextile (430 ghf) and thin (O.1 mm) polyethylene
sheet. This arrangement yielded a fiction angle of 240,
determined tlom direct shear tests conducted over appropriate
stress levels (25 to 150 ld?a) and strain rate (0.41 mmhnin). It
is estimated that this level of fi-iction reduces the vertical
stressesreaching the pipe by roughly 15% and has only a small
eiTecton the pipe diameter change (Brachman et. al 1996b).
Tests were conducted with 50 mm (nominal size) crushed
dolomitic limestone as the backtll material. This material is a
poorly-gradedcoarse gravel (GP) and consists of large angular
particles with 70% fnwr than 50.8 mm sieve size and only 8%
finer than 38.1 mm. The crushed stone was uncompacted and
placed at an average density of 1520 kglm3.
The tests were conducted on specimens of high density
polyethylene(PE 3408) pipe with an average outside diameter
of 320 mm and an average wall thickness of 32 mm (300 mm
OD,DR11 nominal pipe size, where DR is the ratio of outside
diameter OD to the minimum wall thickness). The 2 m long
specimencontainedthree butt-fhsionjoints, located at the centre
and 400 mm from each end.
Memurementsof deformationwere made at various locations
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Figure 2. Transverse section tbmugh laboratory testing facility.
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Sidewall
Treatment

Downward vertical movements are shown as negative values
while outward movements of the springline are taken to be
positive.
The magnitude of the deflections increase linearly with an
increase in bladder pressure apart from early data. The
measured crown deflection was -9.3 mm at a pressure of 250
lcp% Figure 3. At this load level the mean of 17 crown
deflectionreadingsrecmkxl at different locations along the pipe
axis was -9.1 mm, with a standard deviation of 0.45 mm. The
pipe did not remain level once load was appli@ as the crown
atone end of the pipe detlected 1.3mm more than the other end.
All intermediate measurements of crown deflection were
between the values measured at the ends. No noticeable
boundary effects from the sidewalls were observed. Also, the
Pmsenceof the butt fusionjoints caused no discernible effect on
crown deflections.
Themagnitudeofthe invertdeflection measured at 2=880 mm
was -5.7 mm at 250 lcpa ( Figure 3). At other locations along
the pipe, the mean invert deflection was -6.2 mm with a
standarddeviationof 0.5 mm. Unlike the crown deflections, the
maximum and minimum values were not measured at the ends
of the pipe, but rather varied along the pipe with no apparent
trend. This implies that the variation arises from the 50 mm
coarse stone bedding upon which the pipe rests.
Lateralmovementsat the springline are also plotted in Figure
3. These values increase with pressure to 1.1 mm and 2.1 mm
at the east and west springline, respectively. These values are
small relative to the crown and invert deflections. The
observationthat west springlinedeflections are larger than those

alongthe pipe using a laser analog sensor capable of translating
and rotating to any position within the pipe. The tolerance
associatedto the deflectionreadings is estimated to be +0. 1 mm.
Pressure in the bladder was rapidly increased by 50 lcpa every
50 minutes and held constant until the next increment was
applied. The maximum applied pressure was 250 kpa. Further
testing has since been conducted using 1000 kpa pressure.
Note that an overburden pressure of 250 IcPa in the field
mmespondsto roughly 19 to 25 metres of waste, assuming that
the unit weight of waste is between 13 to IOkN/m3.

3

LABORATORY RESULTS

The pipe deformations measured in the laboratory are now
presented. First, the measured deflections at the pipe crown,
invert and springline are used to show the mode of pipe
defbnnation. %con~ the variation of diameter change along the
pipe is considered to illustrate the effect of coarse stone backfill
on the pipe response.

3.1 Measured Pipe Deflections
Measunxl values of vertical deflections at the crown and invert
(bC, and b~ and horizontal deflections at the east and west
springline (5WBand 6WW)of the pipe are plotted versus the
applied bladder pressure in Figure 3. These values were
measured near the centre of the pipe (z=880 mm) and are
typicalof the results recorded for other locations along the pipe.
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Figure 4. Variation of vertical (ADv)and horizontal (Q
at a bladder pressure of 250 kpa.

at the east springline was consistent along the length of the pipe.
This suggests a lateral shift in the pipe. Lateral springline
movements varied more than vertical movements of either the
crown or invext The mean defection at the east springline was
0.7 mm (std. dev. 0.34), and 1.6 mm (std. dev. 0.46) at the west
springline.
The relatively large variations in springline
deflection are probably a direct result of the discontinuous
backfill support provided to the pipe by the coarse stone.

3.2 Measured Diameter Changes
The vertical (ADV)and horizontal (ADJ diameter changes are
plotted in Figure 4 for various axial positions along the pipe at
a bladder pressure of 250 ld?a. Figure 4 shows a decrease in
vertical diameter (ADV=8=- Q and an increase in horizontal

diameter (ADh=6q ~ + i5q~). There is a 70% diflience in
vertical diameter change varying ffom -2.2 mm near the end at
=1900 mm, to -3.7 mm closer to the centre at 1156 mm. The
mean vertical diameter change at this load level was -2.9 mm
(std. dev. 0.71 mm). The magnitude of these values represent
deflections of roughly lVOof the average pipe diameter at 250
EPa.
The small ADVvalue at z=l 900 mm results from a relatively
small measured crown deflection and a relatively large invert
deflection. This may have resulted from a boundmy effect.
However, similar vertical diameter changes were recorded at
another location (2=398 mm) implying that the variations in
vertical diameter change are largely from the nature of the
coarse stone backfill rather than a boundary effect.
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diamter change along the pipe axis

The horizontal diameter change of the pipe also varies along
the pipe axis. The mean AD, value is 2.2 mm (std. dev. 1.1
mm) with maximum value of 3.1 mm at 2=880 mm, and
minimum value of 0.9 mm recorded at Z=l 900 mm. Both east
and west lateral springline deflections were small at z=l 900
mm, leading to the low value of ADk This may possibly be a
result of some boundary effect associated with the pipe in
contact with the steel sidewall.
Overalljthere is consistencybetween variations in vertical and
horizontaldiameter change with the maximum of the measured
values occurring near the middle, and the minimum near the
ends of the pipe.
This test shows that the coarse stone backfill does influence
the deformation behaviour of the pipe. This is not surprising
given the large particle size of the stone relative to the pipe.
Thesemeasumdvariations do not however, preclude the use of
coarse 50 mm stone in direct contact with Ieachate collection
pipes. Further study is required to ascertain the effect of the
non-uniform deformations on the stresses within the pipe.

4

COMPARISON

WITH DESIGN PROCEDURES

Limiting deflection is one structural performance criteria otlen
consideredwhen speci$ing leachate collection pipes. Various
methods are available to estimate the pipe deflection for a
Proposedtign. CalcLdationsof deflections are now presented
for the present pipe (320 mm OD, DR 11) baclclllled with
uncompac@ crushed stone, subject to an overburden pressure

of 250 I&a. These calculations are intended to provide a
comparison of diameter changes betx.veendesign values and
those measured in the laboratmy tests. Deflections are
calculatedusing semi-empiricaland theoretical based equations.
For all cases, key parameters related to the stiilhess of the soil
are obtained from recommended values published in the
literature. Calculations were performed with the AASHTO
(19%) values fmpolyethykme pipe moduhts of 758 MPa (short
term) and 152MPa (long term). The results are summarized in
Table 1.
4.1 Modified Iowa Equation
One commonly used method to estimate pipe deflections is the
Modified Iowa equation (eg. see Howard 1977). This serniempirical equation was originally developed to predict the
horizontal diameter change of flexible metal pipes. Estimates
of pipe deflection are a function of soil support (characterised
by the modulus of soil reaction, E’), pipe stifhess, and
empirical deflection lag (D) and bedding constant (k)
parametem. Calculateddeflections are largely dependent on the
empiricalparameter E’,which is a fhnction of soil modulus, pipe
size,type of material, and ratio of horizontal to vertical stresses
(Gumbel 1983).
Diameter changes calculated using the Modified Iowa
equation are presented in Table 1 for a range of E values that
Howand(1977) recommendsfor use with crushed rock material
(7 MPa for uncompacted, to 20 MPa for compacted
conditions). The diameter change calculated with the lower E’
value (to represent materialdumped in place) and the short term
pipe modulus, is larger than the measured vertical diameter
changeby a factor of two. The Iowa equation assumes that the
Ml prism load acts on the pipe. This neglects the redistribution
of stresses (ie. arching) which may occur because of the
ditlkmncein st.ifhessbetween the pipe and the backfill material.
Also, the Iowa equation is generally used under the
assumptionthat vertical and horizontal diameter changes are of
equal magnitudeand opposite sign. For polyethylene pipes this
is not necessarily the case, as the pipe experiences some
circumferential shortening. As a result the estimate of AD~
using the Iowa equation (EP=758 MPa, E’=7 MPa) is nearly
three times the measured value.
Increasing E’ from 7 MPa to 20 MPa (with EP=758 MPa)
decreases the pipe deflection by 42Y0. Using the long term
polyethylene modulus yields larger deflections, particularly for
the case with the lower value of E’. Conceivably, a better
intimateof E fbr use in the Iowa equation could be made based
on the measured deflections, or even from empirical
relationships with the elastic soil modulus (Selig, 1990).
However, csrEis required because of the empirical nature of the
Iowa equation.
4.2 Elastic Continuum Approach - Thin Tube TheoW

Calculationsof pipe deflection based on the theoretical solution
of H6eg (1968) are also included in Table 1. This solution

considers the plane strain response of a thiIL elastic, circular
tube buried within an ehstic, isotropic, homogeneous medium
subject to biaxial stresses applied distant from the pipe. This
approach explicitly ccmsidersthe stiflhess of the soil (Young’s
modulus E, and Poisson’s ratio v,) and the pipe (EPand VP)as
well as the loadingconditionssimilar to those under deep burial
in a landfill.
Wtimatm of elasticsoilmodulus can be made from the data of
Selig (1990). For appropriate levels of confining stress, E,
varies between 20 to 40 MPa, for 85°/0and 95°/0of maximum
&y density compaction levels (ASTM D698 test).
Calculations using the short term pipe modulus and E,=20
MPa are larger than the measured results by a factor of 1.55.
The calculated vertical diameter changes are larger than the
horizontaldiameter changes by a factor ranging from 1.3 to 1.5
(for EP=758 MPa), depending on the soil modulus. This is
consistent with the measured laboratmy results, where AD. is
1.3 times larger than ADh The elastic continuum approach
estimates the mode of deformation similar to that measured in
the laboratory tests.
The sensitivityof calculatedvalues to changes in soil and pipe
modulusare also shown in Table 1. Decreasing the modulus of
the polyethylene to the AASHTO long term value of 152 MPa
resultsin largervalues of vertical diameter change, whereas the
horizontaldiametercalculated may be smaller depending on the
soil stiihess relative to that of the pipe.

Table 1. Comparison of measured and calculated diameter
change at a vertical pressure of 250 kpa.
Method

Pipe Deformation (mm)
R=758 MPa’

E.=l 52 MPa 2

AD,

AD,

AD,

AD,

Measured
Mean
Standard Deviation

-2.9
0.7

2.2
1.1

Moditled Iowa 3
E’= 7 MPa
E=20 MPa

-6.0
-3.5

6.0
3.5

-12
-4.9

12
4.9

Elastic Continuum 4
Thin Tube Theory
E,=20 MPa
E,=40 MPa

-4.5
-2.9

3.4
1.9

-7.6
-4.6

3.5
1.4

Elastic Continuum 4
Thick Tube Theory
-4.8
1.9
-2.8
2.1
E.=20 MPa
-3.0
0.7
-1.8
1.1
E~=40MPa
Notes: 1Short term AASHTO modulus; 2Long term AASHTO
modulu$ 3E km Howard ( 1977), D=l, k=.083; 4E, estimated
from Selig (1990), v,=O.2, K=0.25, VP=0.4.
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4.3 Elastic Continuum Approach - Thick Tube Theory
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Thinring themy, as assumed by HOeg, is typically satisfactmy
for pipes with DR>50. However leachate collection pipes
typically are much thicker than this limit. Thin tube theory
assumesthere is no radial variation of hoop stresses through the
pipe wall and negligible radial stresses compared to the hoop
stresses. The assumption of thin pipe response for use with
thick leachate collection pipes is now assessed by presenting
calculateddeformationsfor thick elastic tubes using the method
of Moore (1990).
The results from the thick tube analysis are also presented in
Table 1,using the same values considered for the thin tube case.
For soil modulus of 20 MPa and the short term AASHTO pipe
modulus,the thin solution overestimates the pipe deflections by
40?? when comparedto valuesli-ornthick theory. There is good
agreement between calculations using thick theory and the
measured values in the laborato~.
Increasing the soil modulus reduces pipe deflections.
Decreasing the pipe modulus increases the vertical diameter
change,while the horizontal diameter change decreases. These
calculationsshow the importance of circumferential shortening
when examining pipe deflection.
Although the calculation may be more tedious, the use of the
thick elastic solution is recommended to estimate the
deformation of leachate collection pipes. This method of
analysis also allows calculation of stresses within the pipe.
Additionalstudyon the stiihss of coarse stone materials would
be useful in characterizing the response of these pipes.

Thisresearchis part of a collaborative project investigating the
clogging of leachate collection systems funded by the Natural
Sciences and Engineering Research Council of Canada.

5

suMMARY

Measured deflections of a 320 mm outside diameter, 32 mm
thick high density polyethylene leachate collection pipe
backfilled in 50 mm crushed stone have been presented. The
average vertical and horizontal diameter changes were
approximately - 10/0 and O.8°/0, respectively, of the mean
diameter at an applied pressure of 250 kPa. Circumferential
shortening of the pipe was observed as the decrease in vertical
diameter was larger than the increase in horizontal diameter of
the pipe. Variations in diameter change associated with
discontinuities in support from the coarse stone backfill were
noted.
Publishedvalues of modulusof soil reaction (E’)for use in the
Modified Iowa equation yielded large values of pipe diameter
change. Analysis based on thick elastic tubes provided
reasonable values of pipe deflection when compared with
measured laboratory remdts.
Further testing and analysis is required to cob
these
observations and to examine the effect of coarse stone on the
stress distributions within the pipe.
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HDPE-Geopipes, Soil-Structure Interaction
H. Zanzinger
LGA, Geotechnical Institute, Nuremberg, Germany
E. Gartung
LGA, Geotechnical Institute, Nuremberg, Germany
ABSTR4CT: Perforated geopipes are part of the leachate collection system at the base of solid waste lan&llls. Their
structural performance depends on the embedment which is formed by a compacted clay layer, a geomembrane and a
sand-bentonite cushion below and coarse gravel above the pipe. Two large scale model tests were earned out. A, big
geopipe-basal liner model was submitted to uniformly spread static loads up to 1200 IcPa. The deformations of the 300 mm
diameter pipes were measured by a mobile laser device and by strain gauges applied at the surfaces of the pipes. Earth
pressure cells and extensometers
recorded the deformation pattern and the load distribution within the soil Iayers
surrounding the pipes. The evaluation of the data reveals a clear picture of the soil-structure interaction of the HDPEgeopipes at the base of high landtills. The test results facilitate the calibration of analytical and numerical methods of
structural analysis.
KEYWORDS:
1

Leachate Collection System, LancMlls, Model Tests, Geopipes

INTRODUCTION

Leachate collection pipes at the base of solid waste landfills are submitted to high loads under as much as 50 to
70 m of waste material, or more. The pipes, typically 250
to 300 mm in diameter, consist of HDPE. They are
embedded in coarse grained drainage gravel or crushed
rock material and rest on the compacted clay liner (CCL)
or on a special bedding of sand-bentonite above a
geomembrane (GM). The structural performance of HDPEgeopipes (GPI) for leachate collection at the base of
landfills is not well understood.
Zanzinger et al. (1992) reviewed the currently applied
design methods and the influence of the range of typical
soil parameters involved. The study comes to the conclusion that analytical models which are applied as a routine
to the design of embedded flexible pipes under shallow soil
cover do not describe the soil-stmcture interaction of heavily loaded flexible GPIs at the base of Iancitills with
sti]cient accuracy. Example calculations showed that
numerical procedures based on the finite element technique
facilitate the variation of material parameters
and the
mechanical behavior of ground conditions in a wide range.

However, to properly apply them to design calculations,
they ought to be calibrated by measured data obtained
under field conditions. Since field measurements in the
leachate collection system at the base of an operating
landtll would require many years to obtain data under
high cover of waste, and since the adverse conditions
would strongly impede accurate measurements, large scale
model tests were undertaken at the LGA Geotechnical
Institute to determine the performance of drainage GPIs
under heaw load.

2

TEST SETUP AND INSTRUMENTATION

The large scale of the model required very careful preparations. Designing the overall concept, selecting and acquiring the measuring instruments, developing the software
for data recording and processing took much time.
AGPIof315 mm nominal e.xtemal diameter, with a wall
thickness 28.7 mm, was selected for the large scale tests.
The upper 2/3 of the GPI circumference were provided
with slits, 7 mm wide and 132 mm long for the entry of
Ieachate. The test setup accurately modeled field conditions
at 1:1 scale with a CCL at the bottom, drainage gravel surrounding the GPI, and a layer of compressible material to
simulate the mechanical properties of waste. The required
dimensions of the physical model, width of the entire setup, thickness of the CCL and thickness of the waste-substitute were determined on the basis of finite element analyses to make sure that the measurements of the significant
data would not be influenced by the boundaries. The dimensions are given in the cross section (Figure 1). The
length of the model was 5.4 m. The model was contlned by
reinforced concrete elements which were braced against
the walls of the test bin in one direction and tied together
by steel rods in the other two orthogonal directions.
The load was applied by means of hydraulic flat jacks below the upper concrete beam. It was not easy to find a manufacturer for suitable rubber flat jacks which can reliably
be pressurized to more than 1000 kpa. The first set of flat
jacks failed during the suitability tests and the research
project was delayed by one year. The lesson learned was,
that sufficient time has to be allocated to manufacturing,
testing and repair of the loading equipment.
The applied vertical load was measured and controlled by
pressure gauges in the hydraulic system. In addition, the
forces of the tie rods were monitored by force transducers.
In total 59 earth pressure cells were installed in the clay
layer, in the drainage gravel and in the waste-substitute
material for the determinantion of the magnitude and the
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betsveen the concrete side walls and the model to reduce
wall friction. The installation of all loading and measuring
devices, transmission cables and water pressure hoses was
carried out with great care. Their proper functioning was
verified before the start of the loading test.

.,

[ /

/Lmmo&rrnr&

The relevant soil proper-ties were controlled throughout the
installation process and during dismantling of the model.
An important observation was that the CCL did not
experience substantial changes in water content over the
long duration of the model tests.
Plastic sheets and lubricants were placed at the interface

it+w/////,

//1

o.

4.40

!J@3

Figure 1. Cross section of the large scale model

distribution of vertical and horizontal stress components in
the soil materials surrounding the GPI. The vertical deformation of the soil body was measured by 22 glass fiber rod
extensometers, 16 extensometers were installed for the
measurement of the horizontal deformation.
The GPI was equipped with 48 electrical resistance strain
gauges at the external and 10 at the internal surface. The
shape of the GPI was monitored by a mobile laser device,
specially developed for this purpose. The laser traveled to 6
sections inside the GPI and took readings there of the
distance behVeeII the center of the GPI and the wall by
revolving around a horizontal axis. The interval of
measurements was 0.25°, the precision of deformation
measurements by laser technique was 0.1 mm. In order to
evaluate the temperature influence on the measurements,
thermocouples were installed near the upper and lower
surfaces within the clay layer and attached to the GPI.
All measured data were recorded by computer. A special
software was developed for data recording and processing.
It was very important to have a certain redundancy in data
acquisition. Since the great number of measuring
instruments proved to be necessary, it was found useful to
have different measuring systems for plausibility checks
e.g. strain gauges and laser measurements of the GPI.

Two slightly diiXering test setups were examined. Figure 1 shows the cross section of the leachate collection
GPI above a standard composite liner, consisting of a CCL
and a 2.5 mm thick HDPE GM with smooth surfaces. This
section was to be tested second. The first test was carried
out on a model with the CCL only, so in test no. 1, the
cross section looked like Figure 1, but without the GM and
the sand-bentonite bedding behveen GM and GPI.
For test no. 1, the load was applied in 9 steps from 50 to
1200 IcPa pressure in the flat jacks, for test no. 2 in 13
steps from 50 to 1300 kpa. The duration of the loading
processes was governed by the response of the model to
some extent, and by time required for maintenance and
repair of some devices such as the mobile laser. The
loading process of test no. 1 took 120 days, in case of test
no. 2 it took 270 days in total.
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EXECUTION OF TESTS

The precast members of the concrete containment had to
be placed by crane. The weight of single concrete members
was up to 10 t, the entire weight of the contlning concrete
structure amounted to 235 t. The placement of approximately 16 m’ of clay and compaction by small vibratory roller
in the Laboratory was a challenge. 19.3 t of drainage gravel
and about 30 m3 of waste substitute material consisting of a
mixture of sand and saw dust, had to be handled, All soil
materials used for the model test had undergone extensive
standard soil mechanics suitability testing before selection.

Measuring level (clay)

level (waa!e

O(
-2.0

3

✍✍✍

,

0.0
1,0
Distance to pipe axis [m]

I

2.0

Vertical stress distribution, example for 700 kpa

loading

4

RESULTS

4.1

Behavior of the Soils

The stress measurements in the soil indicate that an interaction between the soil and the GPI takes place. The load
applied at the surface of the model is carried by the soil

and the GPI. Stresses in the soil are redistributed in such a
way, that a load carrying arch is formed in the gravel
around the GPI. Figure 2 shows an example of the stress
distribution in the soil measured in three horizontal planes.
In the horizontal plane immediately above the GPI inside
the gravel drainage layer, the vertical stresses besides the
GPI are increasing and reach maximum values, above the
crown they are decreasing and show a minimum. The
vertical stresses in the CCL below the GPI qualitatively
exhibit the same shape of the stress distribution curve, but
less pronounced.
The vertical stresses in the wastesubstitute material appear to be unaffected by the stress
concentration. Measurements of all loading steps reveal
that the shape of the arch and the location of maximum
stress concentrations
in the drainage
gravel
are
independent of the magnitude of the load. The vertical
stresses are increasing linearly with increasing load.
The horizontal earth pressures in the midplane of the
GPI are variable. They reach a maximum next to the GPI.
Their minimum is located about three times the GPI
diameter from the center of the GP1. The lateral
deformations of the soil are almost zero at about 0.5 m
from the center of the GPI. They occur near the maximum
of vertical stresses.

the normal forces and to the bending moments as well. The

normal forces and the bending moments can be deduced
from the measured strains.
Maximum stresses occur at OO;90°; 180” (crown); 270°.
In between there are locations of zero strains at 50°; 130°;
230” and 310°. These locations of zero strains are
independent of the magnitude of loading. Once established,
they remain geometrically stable during the entire loading
sequence for all load steps.
In addition to the bending strains, the GPI experiences
compressive strain due to the normal forces which reached
the magnitude of 1 ‘Yoat elevated loads during the tests.
This means that the deformed shape of the GPI is not
exactly an ellipse. The lateral displacement & of the side
walls is smaller than the vertical displacement (deflection)
& of the crown. The relationship between these two
displacements can be described by the simple formula
&
= -(1.2+1 .3)&+ This result is interesting with respect to
deformation measurements in the field. Since the GPIs at
the base of an operating Iandfdl will cany leachate and
often also be covered by incrustations at the bottom, it is
almost impossible to get correct measurements of the
deformed shape of the leachate collection GPIs as
expressed by a reduction of the vertical distance between
crown and invert. It is much easier to measure the increase
of the lateral distance between the side walls and deduce
the vertical deformation from there.
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Structural Behavior of the Geopipe

Precise measurements indicate that the GPIs are not exactly circular before they are loaded, but show a considerable
deviation from the theoretical geometry of the cross section. Once the GPI is undergoing deformations under load,
the mode of the deformation is kept, the magnitude of the
deformations increases linearly with the applied load.
The strain and accordingly also the stress at the surface
of the GPI is distributed in a sinusoidal pattern as shown
for an example measurement on Figure 3. This applies to

---

---450

Figure 4. Example for the deformed shape of the GPI

The GPIs showed considerable deformations in the tests,
an example is presented on Figure 4. The measured maximum values of clearance decrease amounted to 19 0/0
deflection under maximum vertical loads representative of
about 65 m of waste material. There were no indications of
an approach to structural failure under the applied loads.
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At the interface between clay and gravel where the stiiTness of the embedment conditions of the GPI change, finite
element analyses indicate discontinuities in the distribution
of stresses due to bending moments. The actual measurements taken at the large scale model however, do not reveal any irregularities in the shape of the stress distribution
curve.
Under the test conditions, that is temperatures between
20° and 25 C and vertical loads up to about 800 kpa acting
upon the drainage gravel surrounding the GPI for a
maximum duration of the test of 270 days, no substantial
creep was observed. Since essentially a linear structural
response of the embedded GPI was observed, and no
relevant creep effects occurred, it seems to be justified to
use linearly elastic constitutive models for design analyses.
4.3

Infiuence of the Geomembrane

The results of test no. 2, where the GPI was instailed on a
sand-bentonite bedding above the GM do not differ substantially from those of test no. 1, where the GPI rested
directly on the CCL. A direct comparison of the stresses in
the soils surrounding the GPI under equivalent vertical
loads shows slightly smaller stress concentrations in the
test with the GM and a comparison of the GPI deformations yields slightly larger deformations of the GPI
under equivalent loads in the setup with the GM. These
differences are marginal and do not call for special design
rules for the GPIs above GMs although they indicate that
the smooth surface of the GM has some affect on the
structural performance of the GPI-soil system.

scale model tests, reported in this paper. Current design
analyses may underestimate the magnitude of the expected
deformations. When methods are applied which predict the
deformations reliably, greater maximum deformations may
be able to be tolerated than according to currently practiced
spectications.
For the evaluation of the pefiormance of GPI it is useful
to determine the deformed shape of the GPI by the measurement of the lateral deformation. With the experience
gained in the large scale model tests, it is possible to
deduce the state of stress within the GPI from deformation
measurements.
Not all problems concerning the behavior of embedded
GPIs have been solved. To mention some open questions,
the behavior of ve~ thin walled GPIs or profiled GPIs
cannot be judged on the basis of the present study on thick
walled GPIs. Research on thin walled GPIs seems to be of
primary interest with respect to economy. Another question
that should be addressed is the influence of higher temperatures, and the performance of GPI junctions.

ACKNOWLEDGMENTS
The research on the structural behavior of HDPE GPIs at
the base of solid waste landtllls was financially supported
by the authorities of the State of Bavaria.

REFERENCES
Hoch, A., Zanzinger, H. and Gartung, E. (1990) “Design
of Drainage Pipes below Landtllls”, lnternationa/ Confe-

5

CONCLUSIONS

The large scale model tests show that at the base of
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appears to be the controlling criterion. It is necessary to adjust analytical methods for the determination of GPI deformations according to the experience gained by the large
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Effect of The Temperature on TensiIe Behavior of Geomembranes
Masayuki TSUBOI
Doctoral Student, Department of Civil Engineering ,Utsunomiya University, Utsunomiya City, Japan
Shigeyoshi IMAIZUMI
Department of Civil Engineering ,Utsunomiya University, Utsunomiya City, Japan
Hideki MIYAJI
R&P Technical Division of Toyo Tire & Rubber Co., Ltd., Inami-Town, Hyougo-Ken,Japan

ABSTRACT: Geomembranes have been used as a landfill liner to remove the Ieachate, which is generated horn ash
waste to prevent it infiltrating into the surrounding ground and groundwater. At the bottom of the landfill, the
geomembrane is covered w“th protective soil but in many cases, the geomembrane on the slope is laid without
protective soil or geotextile. Consequently, the geomcmbrane must be exposed for a long time. In this situation, there
exkts
anchoring problems such as pull out of the anchorage when the temperature of a geomembrane decreases. This
behavior is caused by thermal stress induced w“thin a geomembrane. In this paper, tensile stress tests for four different
geomembranes were conducted at temperatures ranging from -20 to WC. Thermal stress tests were also conducted by
decreasing the temperatures from 80 to -25”C. The test results show that the relation between temperature and tensile
strength are linear, and that the relation between temperature and Young’s modulus is exponential. They also show that
the results of co-energy evaluation which is the factor of safety of geomembrane for differential settlement.

KEYWORDS: Geomembrane, Thermal Stress, Young’s Modulus ,Tensile Behavior
1. PROPERTIES OF THE GEOMEMBRANES TESTED
Four kinds of geomembrane with smooth surfaces and
1.5mm thickness were selected among geomembranes
popularly used for a liner of a landfill in Japan. These are

High Density Polypropylene(HDPE) ,Ethylene Propylene
Diene Methylene Rubber (EPDM) ,Thermo Plastic Olefin
(TPO) and Poly Vinyl Chloride(PVC).

88

2. TESTING METHOD
Two shapes of the specimen were tested. One was the #3
dumbbell shape with 100mm length and 5mm width at
the neck indicated by the Japanese Industrial Standard.
The other was an original square shape with 200mm
length and 60mm width. The specimens were set in the
jaws in the oven and tested afier heating or cooling at a
constant temperature for thirty minutes as shown in
Figure 1. Elongation was estimated by measuring the
distance between the two jaws.
The jaw separation speed was 50mm/min for
dumbbell shaped specimens and lmm/min for square
shaped specimens. The siow(lmm/min)
speed was
selected ,because forces such as a downdrag force or a
thermal stress increases slowly. In the case of the thermal
stress test, the force was adjusted to zero at 80°C degree
by moving the jaw separation slowly. Then, the
temperature of the oven was decreased to –25 “C by
decrements of 10”C ‘in 30 minutes

Figure l. Setting of Specimens
3. TEST RESULTS AND DISCUSSIONS
3.1 Temperature effect on tensile strength
The tensile test were conducted by using dumbbdl
shaped specimens at a temperature of -25,0,20,40,60%.
The test results was shown in Figure 2. Among the four
kind of geomembrane, the values for HDPE indicated the
yielding strength, while the others indicated peaking
strength.
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HDPE E = 794.10-00’02’

(1)

(4)

3.2 Temperature effecl on Young’s modulus

Young’s modulus of geomembranes was investigated
The tests were
using square shaped specimens.
conducted in the oven in which temperature was set at
-25”C, O“C, 2U’C, 40”C, 60°C and the jaw was moving at
the rate of lmm/min. The secant modulus at 1% strain
was calculated as the slope of the line connecting the
origin to a point correspondirrg to 170 strain on the stress
strain curves. The secant modulus at 1% for the
geomembranes are shown in Figmre 3.
Conference

20

Temperatrrre(°C)

For all geomembrarws tested, the tensile strength
increases as the temperature decreases. The relationship
between the temperature and the tensile strength is linear.
The slope of tire line ,which indicates the ratio. of tensile
strength to temperature, is similar for all the lines,
though PVC shows that the temperature affects tensile
strength more severely than the other geomembrane types
tested.
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MN/m’

(s)

EPDM

E = 17.6. 10-O’OIOzrMN/mf

(6)

TPO

E = 274.10-00128’

MN/m’

(~

Wc

E = 43.1.10-0”030’

MN/mf

(8)

There is large a difference in 1% secant modulus
between the t~s
of geomembrane. The modulus of
HDPE at 2@C is the largest and is about fifty times that
of PVC. The secant modulus of all geomembranes tested
increases siguiticantly with a decrease in temperature.
According to Figure 3, the relationship between the
secant modulus and temperature is exponential, resulting
in equations (5) to (8). Among the four geomembranes,
the modulus of PVC is most sensitive to temperature. The
other geomembrane types have similar slopes on a
.wmilog plot, but the value of secant modulus are very
different from each other .

3.3

Thermal Stress

Thermal stress was measured by square shaped
specimens in the oven in which the temperature
decreased slowly from 8W’C to -25”C. The results are
shown in Figure 4 and Figure 5,
The figures show that thermal stress occurred in all the
membranes
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Figure 5. Thermal Stress

Tablel. Comparison
of Thermal Stress (MN/m? at WC
.
II Results
It Calculated

HDPE
HPDM

5.442
0.099

7.002
0.119

TPo

1.628

Pvc

0.109

1.347

I

0.102

The thermal stress of HDPE was the largest. From Figure
5, the relation between the thermal stress and
temperature is exponential
The authors presented the evaluation method by
leading equation as (9)and (10) .
The coellicient of thermal expansion D used for
calculation is 0.00019 for HDPE, 0.00016 for EPDM,
0.00016 for TPO, and 0.00018 for PVC. The calculated
thermal stress and test results at O°C is shown in Table 1.
The calculated thermal stress of EPDM and PVC from
theoretical equation (10) was almost same as the test
results, but that of HDPE and TPO, which indicated large
values of thermal stress, were smaller than test results.
The differences are assumed to depend on experimental
errors at the setting specimens in jaws.
The tension of a membrane with 1.5mm thickness
can be calculated from the thermal stress results. If the
membrane is installed in the field during the day time
when the surface temperature is 80”C, the tension that
will occurr at night time when the surface temperature is
O°C is 10.5kN/m for HDpE, 0. 175kN/m for EpDMt 2+$4
kN/m for TPO, and O.164kN/m for PVC. The thermal
stress of EPDM and PVC should be negligible ,but that of
HDPE and TPO would bc significant.

3.4 Evaluation of Co-Energy

A

Co Energy
Ten sion

Strain
The concept of Co-Energy
presented by Giroud .
s.

P . tan

1$

and the equation (11) was
(11)

+JT
0

S;The total elongation of the geomembrane (equal to the
settlement), P;Presure,T;Tension, E ;Strain, ~ ;Frictiou
angle. The integral of the equation (11) is equal to the
area between the geomembrane tention-strain curve and
tention axis up to the maxmurt teution vahre,which is
shown co-ener~v
-. area in the figure above. If P and ti
is the same, the maximun differential settlement S can be
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evaluated by co-energy. So,the amount of the co-energy
area from the test results can estimate the ability to
withstand differential settlement. The results are shown
in Figure 6.
The co-energy is di!ferent between the kinds of
geomembrane. As the amount of HDPE was measured at
yield point and that of the others were measured at break
point, they should not be compared directly. The coenergy of EPDM,TPO and PVC is greater than HDPE.
They present their peak at temperature of O“C and
decrease at lower and higher temperature than @C.
4. CONCLUSION
(1) Temperature effect on tensile strength; The tensile
strength at break of EPDM, TPO, and tensile strength
at yield of HDPE, increases lineally with decreasing
temperature. PVC appears to be the most sensitive of
the material tested.
(2) Temperature effect on Young modulus: Young’s
the types of
between
modulus
is different
geomembrane tested and Young’s modulus of HDPE

is fifiy times as large as PVC at 2@C. The modulus of
all samples tested indicate an exponential increase
with decreasing temperature.
(3) Thermal stress: Thermal stress was measured in all
cases. The thermal stress of HDPE and TPO is much
larger than EPDM and PVC. The calculated thermal
stress by theoretical equations was close to the test
results for EPDM and PVC was significantly less than
the test results for HDPE and TPO.
(4) Temperature effect on co-energy The value of coenergy shows changing according to the temperature
of the testing and ditierences between the kinds of
geomembrarws. In case of HDPE, the value of the coenergy is the lowest and indicates a very small
decreasing with increasing temperature.
In case of
EPDM, the value of the co-energy is the highest at the
temperature from –25°C 60”C and indicate the peak
a little smaller
at 20°C. In case of TPO, the value is
than EPDM and indicates the almost same shape of
the curves. In case of PVC, the incline of the curve
indicate increasing the co-energy with temperature.
The thermal stress of EPDM and PVC would generally be
negligible in the case of an exposed Iandtill liner. The
thermal stress of HDPE and TPO may be significant .
Since, thermal stress occurs only when the temperature
changes, the temperature of the membrane under the
thick protective soil may not be great concern because the
temperature would be relatively stable. However, an
exposed geomembrane on a steep side slope may result in
large temperature changes. Thermal stress may be
exposed
and installating
important
for desiguin~
geomembranes on the steep side slope and the desinger
may mxd to account t’orthese when designing anchorage
for the geomembranc.
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Measuring the In-situ Moisture Content of Geosynthetic Clay Liners (GCLS)
Using Time Domain Reflectometry (TDR).
.

Matthew A. Eberle
Geofabrics A ustraiasia Pty Ltd, Austra[ia.
Kent P, von Maubeuge
Naue Fasertechnik GmbH & Co. KG, Germany.

ABSTR4CT: A method that enables accurate in-situ measurement of moistmre content in thin clay layers wouId advance
performance monitoring of geosynthetic clay liners (GCLS) in many applications. The ability of a-GC-L to act as a gas or
vapour barrier, or the friction/shear resistance of a GCL can be significantly affected by the degree of hydration of the
bentonite within the geocomposite. Time domain reflectometry (TDR) emerged as a new technique to monitor soil-water
content during the early 1980s. Advances in theoretical understanding and TDR equipment allows the technology to be
used to continuously monitor in-situ moisture contents in a GCL at multiple locations, and remotely, if so desired. This
paper will focus on the practical aspects of applying TDR technology to GCL testing and monitoring. These aspects
include; obtaining relationships between gravimetric moisture content (w) and apparent dielectric constant (K,), factors
influencing the accuracy of measurements, and the effect of probe geometxy and orientation on the GCL/soil influence
zone. The results of some preliminary tests on a GCL under simulated prolonged evapotranspiration conditions are
presented which indicate the potential of the technique.
KEYWORDS: Time domain refleetometry (TDR), Geosynthetic clay liners (GCL), Moisture content measurement, Insitu monitoring, Desiccation.
1.

INTRODUCTION.

The moisture content or degree of hydration within a GCL
will have an effect on many physical and chemical
properties. Some of these properties include; the ability to
act as a barrier to gases, vapours, and contaminants in
lantilll liners and secondary containment facilities, and the
internal (mid-plane) shear strength and interface friction
values (particularly in non-reinforced GCLS).
Removing GCL samples for oven drying is a direct and
reliable method of measuring moisture content, however
the technique is destructive, time consuming and highly
impractical. There are a number of non-destmctive options
that can be employed to measure in-situ moisture content in
a GCL that have evolved primarily out of the agriculture
and forestry sectors.

2.

ELECTRICAL RESISTANCE BLOCKS.

Electrical resistance blocks made from porous gypsum or
fibreglass can be used as an indirect method of determining
soil-water content. The technique relies on the equilibrium
of soil-water potential in the block with that of the
surrounding soil (White and Zegelin, 1995). Gypsum from
the block dissolves in the pore water to provide electrolyte.
Changes in electrical resistance in the embedded electrodes

within the block can be monitored with an AC or pulsed
DC bridge. Fibreglass blocks rely on the electrolytes in the
soil-water solution itself to provide conduction.
The electrical resistance in the blocks is sensitive to
changes in electrolyte concentrations and electrical
conductivity. Resistance blocks also tend to respond to soil
matrix potential, not soil moisture, which leads to a
hysteresis response between wetting and drying cycles
(which subsequently require separate calibrations). The
change in resistance of a block over the typical moisture
content range in most granular soils is small, which limits
the precision of the technique (Gardner, 1986). However,
the fluctuation in gravimetnc moisture content (w) in a
GCL can be ve~ large in some cases, (up to 400Yo).
Gypsum blocks are not particularly suited to long-term
monitoring of moisture content in soils as their pores
become clogged with deposited material, and they gradually
dissolve over time. This causes continual change in the
relationship between electrical resistance and moisture
content, leading to errors when using the original
calibration (White and Zegelin, 1995).
In addition to the above mentioned
disadvantages
of
resistance blocks, there are some practical diftlcr.dties
embedding
them within a GCL due to dimensional

constraints. The advantages are that they are cheap and
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many blocks can be multiplexed from a single hand-held
meter (bridge) with relative ease. However, in order to use
this technique with any precision, electrical conductivity
and moisture content must be determined independently,
and at regular intervals throughout the monitoring period.

3.

TIME DOMAIN REFLECTOMETRY (TDR).

Time domain reflectometry (TDR) measurements relate
measurements of apparent dielectric constant to volumetric
water content. The application of TDR in soil water
measurements was reported by Topp et al (1980). There are
many potential advantages in using TDR in the
measurement of gravimetric moisture content in GCLS over
the electrical resistance (conductance) technique. These
include:
.
●

●

.
●

●

●

relatively high equipment costs,
possible limited applicability under highly saline
conditions due to signal attenuation,
soil-specflc calibrations are required for soils having
large amounts of bound water (eg. clays).

Signal attenuation can be a problem under saline conditions
and in dense clays, but can be minimised by a combination
of careful probe geometry selection and techniques
involving
insulation.

coating the waveguides with some form of
The inconvenience of having to perform soil-

specific calibrations when dealing with some clays is
minimised when applying the technology to GCLS as they
contain relatively homogeneous bentonite clay.
3,1 Theory.
pulse
generated from the TDR cable tester/processor down a
parallel transmission line of known length L embedded in
the soil. The pulse propagates down the line and is reflected
back from the end of the transmission line. It is possible to
isolate the portion of the pulse representing the transit time,
r(s), in the buried waveguide/probe. The propagation
velocity (v=2L/t) is a function of the soil bulk dielectric
constant, K, , of the surrounding medium, which can be
estimated from Eq.[ 1] (Topp et al, 1980),
The TDR technique
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[1]

where c is the velocity of light in a vacuum (3x108 m/s).
The bulk dielectric constant of the soil is governed by the
dielectric of liquid water, KW,~, + 80.36 (20°C), as the
dielectric of other constituents are much smaller, (Kwd + 3
to 5, and K,u + 1). Due to the large difference in dielectric
constants, the electromagnetic pulse propagation time is
very dependent on the water content of the soil (Figure 1)
and relatively insensitive to soil composition and texture.

t

L

a)
~

3
.~
w

flexibility in probe (waveguide) geometry,
insertion of probe into the GCL results in minimal
damage to the GCL (non-destructive),
a high level of accuraq’,
fewer calibration requirements,
able to provide continuous soil water measurements
through automation and multiplexing.

Some of the limitations of the TDR method include:
●

K,= (C/V2) = (cf/!2~)2

EM<ev2 <&3

I

Transit Time
I

I

1

I

I

Time (nanoseconds)

Figure 1: Sample traces measured in bentonite with various
moisture contents (3-pronged waveguide)

3.1.1 Establishing a 6. (Ka) Relationship.
Several relationships between K. and volumetric moisture
content, 0., have been established. The first approach
developed by Topp ef al (1980) utilises an empirically
derived third order polynomial, fitted to observed
relationships between K, and t?,, for multiple soils.
6,=

-5.3x102+

2.92x 10-2K, -5.5x

10-4K2 + 4.3x 10-’K;

[2]

A second approach adopted by Dobson er al (1985) and
Roth ef al (1990) attempts to predict the bulk O,(K,)
relationship based on the individual dielectric constants of
the three soil components (soil particles, air and water). In
this approach K. is given by the mixing model,
K, = [ t9Xw,tera
+ ( 1-f!)

&o,I

a + (@-Ll,)K,u” ]“a [3]

with @the soil porosity, and a a geometric factor relating to

the spatial arrangement of the three phase mixture, Roth et
al (1990) found a best fit a=O.46 for various soils (Zegelin
et al, 1992).
The suitability of both of these approaches is limited when
applied to GCLS due to a number of factors:

●

the Topp calibration Eq. [2] was based upon test results
on soils concentrated in the 6, < 0.5 range, and
subsequently
fails
to adequately
describe the

relationship for water contents exceeding 0.5 and fine
textured, dense, heavy clay soils.
●

predictions based on Eq. [3] require the bentonite
porosity and dielectric constant (dry) to be known or
estimated, which can potentially lead to additional
errors in the methodology.

To avoid the problems associated with these two
approaches, along with need to convert volumetric moisture
contents to gravimetric moisture content (w), it is a
relatively simple task to construct a w(Ka) calibration for
the particular TDR equipment and GCL being used.
Because most TDR equipment can be integrated with
software capable of reporting and logging K, values for data
reduction at a later stage, individual calibrations can be
developed to replace default f?JKJ calibrations such as
Eq. [2], which are not suitable for clays with high moisture
contents.
3.1.2

Probe Geome~

and Influence Zone.

Probably the most critical factor affecting the accuracy of
the TDR technique when applied to measurements in GCLS
lies in the selection of probe type and geomet~. Zegelin et
al (1992) describe a number of different coaxial insertion
probes that have been used in soil water measurements. The
electric field distribution of a 3-rod probe is shown in crosssection (qualitatively) in Figure 2. The sensitivity is highest
within the soil in the immediate vicinity of the probe rods
and falls off rapidly with distance from the conductors.
Knight (199 1) has shown that there is a strong weighting
by the TDR measurement of water content close to the
central rod of a three (or more) rod probe. A 3-rod probe is
relatively easy to insert into a GCL and disturbancejdamage
to the insertion region can be minimised.
/.-,/

91ec??c field tiw~itmtkm

Figure 2: Approximate electric field distribution of 3-rod
probe when inserted into a GCL.

There are limitations on the minimum length of TDR
probes, and the ratio of probe rod-to-rod spacing to rod
diameter. Clearly these limits are critical for measurements

in a thin layer of bentonite (only 6 to 10 mm thick). The
lower limit on probe length is due to the accuracy of timeof-travel measurements of pulse propagation within the
probe, which becomes questionable for probes less than 50
mm length (Zegelin et al, 1992).
3.1.3 Influence of ~emperature (2) on K..
The dielectric constant of free water KW,.,, on which 19~Ka)
calibrations are based, is temperature dependent. In the
field, ground surface temperatures can often exceed 50”C.
In these situations, a temperature correction needs to be
implemented (Eq. [4] + Handbook of Chemistry and
Physics, 1974),
K water = 78.54[1 – 4.579x 10-3(T–25) + 1.19x 10-5(T-25)2 -

2.8x 10-8(T-25)3]

[4]

therefore, accurate measurement of moisture content will
require simultaneous temperature monitoring when
temperature fluctuations are expected.

4.

TEST RESULTS FROM PRELIMINARY
LABORATORY STUDY.

Prior to embarking on a large scale field trial using the
TDR techniques discussed, the suitability for Iong-term insitu monitoring of GCL moisture content was assessed in a
laboratory trial, the results of which warrant further
discussion.
4.1 LaboratoV Test Method.
The laboratory study involved placing a GCL on a bedding
layer of well graded sand (90’Yopassing 4.75 mm sieve) in a
large open box, with a 300 mm cover layer of the same
sand over the GCL. A cross-section of the set-up is shown
in Figure 3.
The sand had an initial gravimetric moisture content of
around 8 to 10?40,and the GCL was installed in a ‘dry’ state
(wm = 9%). A 1000 Watt halogen lamp was placed 250
mm above the sand in order to simulate a relatively hot and
dry environment. A timer automatically cycled the lamp
‘on’ during non-working hours in the lab (15 hours per
day) to limit exposure of the laborato~ staff to glare
resulting from the lamp during this cycle. A temperature
sensor was placed centrally in the box at the surface level to
monitor temperature during both cycles. The average
temperature during the heating cycle was 43”C. The
ambient temperature and humidity in the Iaboratoq
averages 23°C and 20°A respectively.
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Figure 3: Schematic of test set-up and apparatus showing the position of the 2 mini-buriable waveguides (L=60 mm)
within the GCL, and the 6 buriable waveguides (L=200 mm) in the surrounding soil.

4.1.1

Probe Selection and Placement.

Probes (3-rod) were inserted in the GCL and surrounding
material to monitor soil moisture. Two probes were
inserted within the GCL, both had a rod length of 60 mm,
a rod diameter of 1 mm, and the spacing between the two
outside rods was 15 mm. TDR probes (3-rod) with a
larger measurement volume were used in the sand
material surrounding the GCL. These probes had a length
of 200 mm, a rod diameter of 3 mm, and a spacing
between outside rods of 40 mm. The probe locations are
shown in Figure 3.
4.2 Test Results,
The two moisture contents readings at each level in the
soil profile were averaged and plotted against testing
duration (Figure 4). The plot shows the moisture content
within the GCL reached 100°/0 in under 24 hours, and
continued to gradually increase over the duration of
testing to a mmimum of 140°Aat around 1500 hrs. There
is no evidence of significant chying within the GCL since
this time Probes at levels one and two indicate
considerable dVing in the cover soil as a result of the
heating cycles. The water content in the bedding layer
increased from 8*ZOto 10.5°/0, possibly as a result of pore
water movement towards the GCL due to condensation or
suction.
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4.2.1

Discussion of Results.

The ma,,imum moisture content that a GCL will reach is
a function of confhing stress. Previous experimental
work by Petrov er a/ illustrates the relationship between
contlning stress and moisture content for a needlepunched GCL and a ‘13bre-free’ GCL (essentially the
same needle-punched GCL with the needle-punched
fibres cut). The presence of needle-punched fibres limits
the swelIing of the bentonite in the lower confining stress
range, leading to lower fully-hydrated moisture contents,
and subsequently lower hydraulic conductivity in
comparison to a fibre-free sample (in the low confhing
stress range).
The relationship between confhing stress and maximum
hydrated moisture content was developed for the GCL
used in testing (Figure 5). The peak moisture content
reached in the GCL during the trial, as a result of wetting
from the surrounding soil, is within approximately 20%
of the expected maximum under continernent from the
300 mm cover soil.
The moisture content at which desiccation in the
bentonite is expected to commence is typically between 70
and 90% (and is contining stress dependent). Although
desiccation has not occurred to date in the trials, samples
were deliberately dried in an oven to the point of
significant cracking and TDR readings taken.

1000
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Level

3

k

Level

2

~

Level

1

1000

10000

Duration (hours)

Figure 4:

Moisture content within the GCL and throughout the soil profile versus duration of testing
(approximately 2000 hrs to date).

The presence of air voids in the composite (due to
cracking) was evident from the shape of the resulting
TDR trace. Thus, careful monitoring of the waveform
shape can potentially be used to indicate the onset of
desiccation,

level of confinement as the GCL in the trial. The
influence of cotilning stress or GCL bulk density on the
calibration requires further investigation, but was beyond
the scope of these preliminary trials.

Additional tests were carried out in which 21°C air at 40
to 80’% relative humidity was blown directly over the
GCL. The GCL was conthed with 9 kPa pressure over a
drainage net, which allowed the air to pass directly over
the GCL. The onset of desiccation occurred at 3000
hours, roller which the moisture content within the GCL
fell from 110’% to 45°A within two hours. The tests are
ongoing and will be presented at a later date.
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The ability of the GCL used in the trial to resist drying
can, in part, be attributed to the hydrophilic nature of
bentonite and to the moisture trapped beneath the GCL in
the bedding layer, which appears to be continually
hydratinglre-hydrating the GCL.
4.2.2

---------------

a

I
433

1

330

Confining Stress (kPa)

Figure 5: Fully hydrated moisture contents in the GCL
under various contining stresses.

Load Effects on the w(KJ Calibration.

In developing the w(KJ calibration for the mini-buriable
probes placed within the GCL, it became apparent that
load effects were significant. To overcome the potential
for error. the calibration was performed under the same

5.

SUMMARY.

The trials performed illustrate the potential of TDR
methods to monitor hydration levels within a GCL. In the

1998

Sixth Internotionol

Conference

on Geosynthetics

-209

opinion of the authors, the level of accuracy is well within
acceptable limits when appropriate calibrations and

corrections for temperature are applied, and the probe
type and geomet~ are carefidly selected. Developments in
telecommunications and data logging equipment make
continuous remote monitoring of field sites feasible.
As for the test results, it has been shown that GCLS have
the ability to hydrate ffom moisture in surrounding soils
and remain hydrated for considerable periods without
additional water being introduced.
In conclusion, a GCL may be a more appropriate mineral
layer choice (as opposed to a compacted clay) in barrier
applications where vapours and gases need to be
contained, and the potential for desiccation in a
compacted clay liner exists. A GCL will offer superior
resistance to desiccation in the first instance, and if
desiccation occurs, the bentonite has the ability to swell
and heal cracks due to desiccation.
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ABSTRACT: Landfill closure represents a significant cost to owners and operators when the combined costs of cover
system construction, maintenance of the cover system, and maintenance of the storm-water management system are
considered.
Owners and operators may reduce costs by constructing a cover system that consists of an exposed
geomembrane (i.e., a cover system that does not include t he typical drainage, vegetative support, and topsoil layers of the
cover system), thereby eliminating the construction and maintenance costs associated with the portions of the cover
The advantages and disadvantages of the exposed geomembrane cover system,
system overlying the geomembrane.

selection criteria for the exposed geomembrane, and key design considerations for the exposed geomembrane cover
system are discussed in this paper. Two of the key design considerations, for which design approaches have only recently
been developed, are then discussed in detail: (i) damage of the geomembrane by hail stones; and (ii) resistance of the
exposed geomembrane to uplitl forces caused by wind. Lastly, a case history for design is presented. By providing the
necessary tools for selecting a geomembrane that is resistant to environmental factors, this paper can be used by landfill
owners and designers as a basis to consider the exposed geomembrane closure approach for potentially appropriate sites.
KEYWORDS: Exposed geomembrane, Cover system, Landfills, Wind uplift, Hail impact.
1

INTRODUCTION

Solid and hazardous waste landfills are typically required
to be closed with a cover system. The purposes of the

cover system are to prevent direct contact of people and
the environment with the waste, to prevent erosion of the
waste materials, and to minimize infiltration of storm
water (which causes Ieachate) into the landfill. From top
to bottom, the components of a typical final cover system
for a municipal solid waste landfill consist of (i) a
topsoil layer; (ii) a vegetative support soil layer; (iii) a
drainage layer; (iv) a low-permeability layer (i.e.,
compacted clay or geomembrane); and (v) a soil final
grading layer over the existing dailyiintermediate cover
layer and waste (Figure 1). Once constructed, such final
cover systems require inspection and maintenance, such
as mowing of vegetation and repair of eroded areas. In
addition, construction of the typical final cover system
represents a significant cost to owners and operators; this
approach to closure may not be cost-effective, particularly
in the cases where the design life of the cover system is
relatively short (i.e., approximately 5 to 10 years), when
future removal of the cover system maybe required (e.g.,
for landfill reclamation), or when the landfill may be
ovetillled in the future. In these cases, it may be more
cost-effective to construct an exposed geomembrane
cover system. An example of the exposed geomembrane
cover system is presented in Figure 2. As described in
this paper, exposed geomembrane cover systems

represent a new direction in landfill cover system design
that, depending on site-specific requirements, may
represent a more cost-effective method of landfill closure.
~Topsoil layer
-V etative support
soi
7 layer
aocomposite

‘%inage

layer

—- Gaomembmne
Final grading layer

L<
Waste

1
+

“’-Daily/lntarmediate
cover layer

Figure 1. Typical Final Cover System

Exposed geomembrane

\
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Figure 2. Exposed Geomembrane Cover System
In this paper, the applicability and design methods for
an exposed geomembrane cover system are discussed;
this discussion is focused on the design of an exposed
geomembrane cover system for a 17-hectare landfill (Cell
1&2) at the Delaware Solid Waste Authority’s (DSWA’S)
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disposal facility in Sussex County, Delaware.
Based on
experience from numerous designs of typical final cover
systems and the design of this exposed geomembrane

cover system, the advantages and disadvantages of
exposed geomembrane cover systems are presented in
Section 2.
The design considerations required for
selection of the exposed geomembrane component of the
cover system are presented in Section 3. A summary of
the design methods (e.g., geomembrane selection) and
design features (e.g., geomembrane anchors) necessary to
satisfy these considerations are then described in Section
4. The application of these design methods are described
in the case history presented in Section 5. Finally, in the
conclusion of the paper (Section 6), recommendations are
provided regarding the applicability of exposed
geomembrane cover systems to other sites.
2

ADVANTAGES AND DISADVANTAGES

2.1

Introduction

As indicated in Figure 2, the exposed geomembrane cover
system represents a simpler design than the typical cover
system (Figure 1), which results in several advantages.
However, the functions performed by the materials
overlying the geomembrane in the typical final cover
system are not performed in the case of the exposed
geomembrane
cover
system, which
results
in
disadvantages. The advantages and disadvantages for the
exposed geomembrane cover system are presented in the
subsections 2.2 and 2.3 and should be reviewed prior to
proceeding with any design.
2.2

Sixth International

Easier Access to Landfilled Materials for Reclamation.

Elimination of the cover soils allows the owner easier
access to the waste in the event of fhture landfill
reclamation without having to remove the existing cover
soils.
Reduced Post-Construction Waste Settlement. Because
an exposed geomembrane cover system is lighter than an
a typical final cover system, post-construction settlement
of the waste and settlement around landfill structures (i.e.,
landfill gas wells, drainage terraces, etc.) is reduced.
Reduced Hydraulic Head on Cover System Barrier
Layer.
Drainage off an exposed geomembrane cover

system is not restricted by the hydraulic conductivity of
cover drainage materials. Accordingly, the hydraulic
head on the cover system barrier layer is reduced
compared to a typical final cover system.
Enhanced
Visual
Inspection.
Because
the
geomembrane is exposed, it may be easily inspected for
damage; any identified damage may be inexpensively
repaired.
2.3

Advantages

The typical advantages of an exposed geomembrane
cover system are: (i) reduced construction cost; (ii)
reduced soil maintenance requirements, (iii) increased
landfill volume; (iv) easier access to landfilled materials
for reclamation; (v) reduced post-construction waste
settlement; (vi) reduced hydraulic head on the cover
system barrier layer, and (vii) enhanced visual inspection.
These advantages are described below.
Reduced Construction Cost. Elimination of the topsoil
layer, vegetative support soil layer, and drainage layer
components of the typical final cover system may reduce
construction costs by as much as $80,000 to $120,000 per
hectare, depending on site-specific conditions and the
availability of construction materials at the site.
Reduced Soil Maintenance Requirements. The level of
soil maintenance required for the exposed geomembrane
cover system is expected to be much less than that
required for a typical final cover system. Because the
amount of soil on an exposed geomembrane cover system
is limited, repairs to eroded areas would be minimized
212-1998

and mowing of vegetation would be eliminated.
Increased
Landfill
Volume.
Using an exposed
geomembrane adds volume to the landfill if the final
elevation of the geomembrane is set equal to the
permitted tinal grades of the typical final cover system.
For potential lateral landfill expansions, eliminating the
soils overlying the geomembrane also results in added
volume when the lateral landfill expansion is developed.
In addition, because there is no potentially unstable
material on top of the exposed geomembrane, it can be
constructed on a slope that is steeper than a typical final
cover system, thereby increasing landfill volume.
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Disadvantages

Several potential disadvantages
of an exposed
geomembrane cover system must be considered prior to
initiating the design, including: (i) increased vulnerability
to environmental damage; (ii) increased volume and
velocity of storm-water runo~ (iii) susceptibility to uplift
damage by landfill gas; (iv) limited vehicular access; (v)
limited design life; (vi) limited regulatory approval; and
(vii)

aesthetic

are described

Increased

concerns.

These

potential

dkadvantages

below.

Vulnerability

to Environmental

Damage.

Because the geomembrane is not protected by overlying
cover soils, it is susceptible to damage from vandalism,
animals, exposure to sunlight, low temperatures, and
extreme weather (i.e., puncture from hail and damage
from wind uplift). Potential damage to the exposed
geomembrane flom hail and wind is discussed in greater
detail in Section 4 of this paper.
Increased

Volume and Velocity of Storm-Water Runojf

Because there are no soils or vegetation over the exposed
geomembrane, storm-water runoff is conveyed quickly

off of the cover system, resulting in increased peak flow
quantities and increased runoff velocities. The increased
peak flow quantity requires that storm-water drainage
features (i.e., ditches and culverts) be designed for a
greater flow capacity and that the on-site storm-water
management ponds be designed for a significantly greater
storage capacity than for a typical final cover system.
Susceptibility

to

Uplft

Damage

by

Landfill

Gas.

Because there is no overlying cover soil to limit uplift of
the geomembrane by landfill gas, a landfill gas collection
and removal system must be designed to effectively
collect landfill gas that is generated within the landfill.
Limited Vehicular Access. Vehicular access on the
landfill is usually required to perform maintenance and
associated repairs to damaged features on landfill cover
systems. On a typical final cover system, light vehicles
can usually drive on any soil-covered portion of the
landfill cover system; for the exposed geomembrane
cover system, vehicular access must be restricted to only
the landfill cover access road.
Limited
Design
Life.
Because the exposed
geomembrane is not protected from environmental
darnage, it has an expected design life that is shorter than
that of a geomembrane in a typical final cover system.
Limited Regulatory Approval.
Because an exposed
geomembrane cover system is not common, there maybe
concerns among regulators regarding its technical
feasibility. Also because this cover system represents a
departure from typical final cover systems, regulatory
approval may be difficult, or may have strict limitations.
Aesthetic Concerns. A large landfill that is covered by
an exposed geomembrane cover system may be perceived
as less visually appealing than a landfill with a fullyvegetated typical final cover system.
3

DESIGN CRITERIA

To prevent impacts to the environment or excessive
operation and maintenance costs, each of the
disadvantages listed in Section 2.3 must be addressed and
resolved during the cover system design. This paper is
only focused on selection and design of the geomembrane
component of the exposed geomembrane cover system.
Design criteria that are directly related to selection of the
geomembrane are presented in this section. The exposed
geomembrane component of the cover system should be
designed to meet the following criteria: (i) resist damage
caused by exposure to sunlight; (ii) resist damage caused
by low temperatures; (iii) resist damage caused by tensile
strain due to downslope creep; (iv) resist puncture
damage from hail stones; and (v) resist damage from
wind. These criteria are discussed below.
Resistance to Sunlight. The geomembrane must not be
adversely affected by long-term exposure to sunlight,
which generates heat and contains ultra-violet radiation.

Therefore, geomembranes having plasticizers that could
volatilize or geomembranes having components that
could degrade during long-term exposure to ultra-violet
radiation should not be used.
Resistance to Low Temperatures.
The geomembrane
polymer must not become brittle when subjected to low
temperatures.
The effect of low temperatures on the field
performance of geomembranes
is discussed in Giroud
(1994) and Koerner and Koemer (1995).
Resistance to Downslope Creep. The combined action

of gravity and thermal expansion/contraction of the
geomembrane over long periods of time could lead to
downslope creep of the geomembrane, thus creating
additional stresses at the anchors.
Desirable
geomembrane properties are: (i) light color; (ii) low
coefficient of thermal expansion; (iii) high interface
fkiction with the underlying material; (iv) low bending
modulus to minimize the formation of large wrinkles
(Giroud and Morel, 1992); and (v) high tensile modulus
and high activation stress to minimize creep. Only
geomembranes that consist of a flexible polymer and are
reinforced internally with a scrim can meet both the low
bending modulus and high tensile modulus requirements.
Resistance to Puncture ,ji-om Hail Stones. The exposed
geomembrane would be susceptible to damage caused by
extreme weather, including puncture from large-diameter
hail stones. Geomembranes with a low resistance to
puncture should not be used. Resistance to damage
caused by hail stones is addressed in Section 4.2.
Resistance to Wind Damage. The geomembrane must
have sufficient tensile strength and must be sufficiently
anchored to the landfill slope to resist the tensile stresses
caused by wind uplift.
Use of unreinforced
geomembranes, which have a relatively low tensile
strength, would require closely spaced anchor trenches
(i.e., 3-m to 5-m vertical intervals) or closely spaced
surface anchors (such as sandbags, tires, or other ballast
placed every 1 to 3 square meters on the landfill slope) to
prevent wind darnage. The surface anchors would be
effective for short-term conditions; however, over a
period of several years, they would likely move under the
combined effects of wind, storm-water runoff, and
thermal expansion contraction of the geomembrane. In
addition, the surface anchors would require regular
maintenance, which could possibly offset the initial
construction cost savings. A cost-effective design for
providing protection against wind uplift darnage involves
selecting a geomembrane having a high tensile strength
and constructing geomembrane anchors at widely spaced
vertical intervals (i.e., 10 to 12 m). Resistance to damage
caused by wind uplift is addressed in Section 4.3.
There are other site-specific
Other Criteria.
considerations that should be addressed, such as the
potential for darnage caused by vandalism or by animals
(e.g., chewing or hooved animals).
The owner or
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operator should assess the risk and potential for this type
of damage. A solution may be to construct a security
fence to prevent unauthorized landfill access.
4

DESIGN METHODS

4.1

F~= (1/2)

paV2A

Cd

(7)

where: P. = density of air (1,225 kg/m3); cd =
dimensionless drag coefficient (range is typically 0.45 to
0.60); v = velocity of hail stone (m/s); and A = cross
section of hail stone perpendicular to velocity (m*):

Introduction
A=nd214

(8)

In this section, design methods that can be used to address

hail damage and wind uplift are presented. When using
these methods, site-specific conditions must be
considered, as described hereafter.
4.2

Hail Damage

hence,

F~=rrp, v2d2cd/8

As the hail stone accelerates, Fd increases until it
becomes equal to F~:

To calculate the potential for damage to the exposed
geomembrane by hail, a comparison must be made
between the impact energy of a hail stone and the impact
resistance of the exposed geomembrane. The impact
energy of a hail stone is equivalent to its kinetic energy
given by:

Fd =

F~

At this point, the resulting force applied to the hail stone
is zero and the velocity of the hail stone becomes constant
(i.e., v = v,). This constant velocity is calculated by
combining equations 1,2, and, 3 (Straka, 1995):
Vt= [(4/3)( p~/ p~(gd cd)]O“s

where:
mass of
the hail
velocity
the hail

1, = impact energy of the hail stone (N.m); M =
the hail stone (kg); and Vt= terminal velocity of
stone (m/s). Therefore, the mass and terminal
of the hail stone must be calculated. The mass of
stone is a function of the hail stone density, ph
(kg/m3), and volume, V (m3):
(2)

M=p~V
The volume is a fimction of the diameter, d (m):

(3)

V = n d316
hence,

(4)

M = n p~ d316

Now, the velocity of the hail stone is calculated. The
driving force, F~(N), on the hail stone is due to gravity:
(5)

F~=Mg
hence,

(6)

F~ = n p~g d316

This force being constant, the hail stone tends to
accelerate. However, this force is resisted by the drag
force exerted by air, F~ (N), which is proportional to the
square of velocity:
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Finally, the impact energy of the hail stone is calculated
by combining the derived Equations 1,4 and 11;
I.= (X p~2g d4)/(9 p, cd)

(12)

Equation 12 gives the impact energy for the case where
hail falls in a direction perpendicular to the
geomembrane. This is conservative because the impact
energy is less if hail does not fall in a direction
perpendicular to the geomembrane. One may be even
more conservative by calculating the impact energy using
Equation 1 with a value of v, that is greater than that
given by Equation 11 to account for an increase in the
terminal velocity of the hail stone due to wind.
The factor of safety against puncture of the
geomembrane by a hail stone must be greater than a
specified value, e.g., 1.0. This factor of safety is
calculated using the following equation:
Factor of Safety =1, i 1.

(13)

where 1, is the impact resistance of the geomembrane
measured in a test.
Because the hail stone impacts the geomembrane in the
cross-plane direction, standard impact resistance tests that
simulate in-plane impact are not appropriate. Rollin
(1991, 1993) and Kilius (1993) present cross-plane
geomembrane impact resistance data obtained ffom tests
that used a large-scale dynamic testing apparatus. The
apparatus is described as a “modified drop-weight

apparatus” in which the specimen is held taut while a
mass is dropped from a fixed height. Using a different test
method, Koemer et al. (1986) evaluated the cross-plane
impact resistance of geomembranes with a floor-mounted
pendulum device. For either of these test methods, the
shape of the impact apparatus should be spherical in order
to simulate the assumed shape of a hail stone. Impact
resistance of the geomembrane is a function of the
geomembrane material properties and the thickness of the
geomembrane, and is reported in terms of energy.

4.3

geomembrane is characterized by the term S,L, where L
is the length of exposed geomembrane. L is calculated
using Equation 15 as follows:
L = h/sin~

(15)

where: P = slope angle (degree); and h = vertical
distance between geomembrane anchors (m).
+-

Mfmd

Wind Damage

The resistance to wind uplift of the exposed
geomembrane is a function of the tensile characteristics of
the geomembrane, the landfill geometry, and the design
wind velocity. The analyses for geomembrane wind
uplift presented in this paper are based on the procedures
developed by Giroud et al. (1995), extended by Zomberg
and Giroud (1997).
For a detailed design, these
references should be reviewed.
The analyses are
organized into two criteria: (i) resistance of the exposed
geomembrane to tensile failure caused by wind uplift; and
(ii) resistance of the geomembrane anchor to the tensile
forces caused by wind uplift on the geomembrane. The
forces acting on the geomembrane that cause
geomembrane uplift, geomembrane tension, and tensile
forces at the geomembrane anchors are a fi,mction of the
wind velocity and the exposed length of the
geomembrane. The wind velocity may be selected based
on the local building codes or other appropriate
guidelines.
For the selected wind velocity, the wind uplift pressure
(i.e., suction) on the geomembrane at or near sea level is
given by the following equation (Giroud et al., 1995):
s = (0.05) k VW2

(14)

where: S = suction (Pa); A = suction factor
(dimensionless); and VW= design wind speed (kmhr).
The recommended values for suction factor, A, vary
according to the location along the landfill slope, as
indicated in Figure 3. The suction decreases slightly with
increasing elevation above sea level (Giroud et al., 1995);
this effect is conservatively ignored herein. Also, the
suction given by Equation 14 can be slightly decreased to
account for the weight of the geomembrane (Zomberg
and Giroud, 1997); however, this effect is generally not
significant and is also conservatively ignored herein. As a
result, the effective suction, S. (defined by Giroud et al.,
(1995) as the suction corrected for the site elevation and
the geomembrane weight) is considered in this paper as
equal to the suction expressed by Equation 14.
The effect of wind suction on the exposed

Figure 3. Recommended
(Giroud et al., 1995).

Values of the suction factor, k

To evaluate the potential for tensile failure caused by
wind uplift, the suction force acting over the length of
geomembrane (i.e., S.L) is compared to the ability of the
geomembrane to resist this force. The properties of the
geomembrane required for this analysis can be obtained
from the stress-strain curve of the geomembrane, which
may be established by performing American Society for
Testing and Materials (ASTM) test method D 4885 (i.e.,
“Standard Test Method for Determining Performance
Strength of Geomembranes by the Wide Strip Tensile
Method”). The properties to be obtained from the stressstrain relationship are: (i) the allowable tensile strain, E,
(tensile strain at break for the reinforcing component of a
reinforced geomembrane, or tensile strain at yield for
unreinforced geomembranes); and (ii) the tensile stiffness,
J, of the geomembrane.
The first part of the analysis involves calculation of the
factor of safety for the geomembrane to resist rupture
when subjected to the design wind event. Using the
values obtained for S,L and J, the normalized tensile
J/S.L, is calculated.
stiftiess for the geomembrane,
Referring to Table 4 in the paper by Giroud et al. (1995)
and using the calculated value of JL3~L,the geomembrane
strain, EC, can be calculated. The factor of safety against
geomembrane rupture (recommended to be a minimum of
1.5) is calculated by dividing the allowable geomembrane
strain, G., by the strain calculated for the design wind
speed, EC:
FS, = Ea /

(16)

EC

The second part of the analysis involves calculating the
uplift force exerted on the geomembrane anchors. The
required weight (hence the cross-sectional area) of the
geomembrane anchor to resist the calculated uplifi force
can then be calculated. The geomembrane tension, T, is
1998
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calculated using Equation 17:

T= J&C

(17)

where: T = tension in the exposed geomembrane
(kN/m); J = geomembrane tensile stiffness (kN/m); and EC
= calculated strain (%). Using the strain calculated as
indicated, the values for uplift distance, u, uplift angle, e,
and normalized tension, TIS,L, can be found from Table 2
of Giroud et al., (1995). These parameters are identified
in Figure 4. The value of T calculated using Equation 17
may be confirmed by multiplying T/S,L (obtained in
Table 2 of Giroud et al., 1995) by SCLto give T.
Geomembrane

Upliied

anchor I

geomembrane.1
<---’’=’%

“

Assuming a continuous geomembrane anchor, the
calculated anchor weight can be translated into a volume
and a corresponding required area per unit width. For a
geomembrane anchor consisting of soil, the required area
per unit width is a function of the calculated vertical
force, W, and the unit weight of the anchor soil, y, and is
calculated using Equation 19:

‘The

value

for

&equired

is

calculated

a=urniw

that

the

geomembrane is continuous through the cover system
anchor.
The calculation applies to uplift of the
geomembrane anchor and does not apply to pullout of the
geomembrane from the anchor. If the geomembrane is
not continuous through the anchor or if the seam strength
of the geomembrane is less than the geomembrane
strength, then a geomembrane pullout calculation would
be required. For this calculation, the soil/geomembrane
interaction and/or the geomembrrme seam strength would
be required. These calculations are not provided in this
paper.
5

CASE STUDY

Figure 4. Exposed Geomembrane Uplifi

5.1 Introduction

A geomembrane anchor located on a slope between
two portions of exposed geomembrane is subjected to the
forces shown in Figure 5. The vertical component of
these forces is a fimction of the uplift angle, 6 (identified
in Table 2 of Giroud et al., (1995) and Figure 4 of this
paper), the slope angle, ~, and the tension, T, calculated in
Equation 17. The weight of the geomembrane anchor
required to resist the vertical components of the tensile
forces acting on the geomembrane can be calculated using
Equation 18.

Use of the design equations and analyses presented in the
previous sections is illustrated in the following case study,
in which the impact of hail and wind uplitl on an exposed
geomembrane cover system is evaluated. The conditions
presented in the case study are based on the design of an
exposed geomembrane cover system for the DSWA’s
Cell 1&2 landfill. The geomembrane used for the design
is a 0.9-mm thick green polypropylene geomembrane
with a polyester scrim reinforcement. The following data
are used for the analyses: (i) based on discussions with
DSWA, a maximum hail stone diameter of 0.05 m was
selected; and (ii) based on the local building code for
structures in the area, the design wind velocity was 130
km/hr. The landfill has 4H: lV slopes (i.e., slope angle, ~
= 14°) and will have cover benches with corresponding
drainage swales and geomembrane anchors spaced at 12
m vertical intervals (i.e., h = 12 m) (Figure 6).

W = T~sin(ed - ~) + T“ Sill(eu

(18)

+ ~)

where: W = weight per unit length of anchor trench
(kN/m); Td, T“ = tension on geomembrane at the
downslope and upslope side of the geomembrane anchor,
respectively (kN/m); ed, e. = uplift angle on the
downslope and upslope side of the geomembrane anchor,
respectively (degree); and ~ = slope angle (degree).

w

Geomembrane

anchw--i

?U

/
h=12m

w

Figure 5. Tensions Acting on a Geomembrane Anchor
216-1998

Sixth International

Conference

on Geosynthetics

Figure 6. Case Study Landfill Slope Geometry

Using these data, the following
analyses
were
performed: (i) calculation of the impact energy of the hail

stone on the exposed geomembrane; and (ii) calculation
of the total strain and tension in the geomembrane, and
the minimum geomembrane anchor cross section required
to resist the calculated uplift force. The analyses are
described in the following two subsections.

Using Equation 15, the length of exposed geomembrane
between the geomembrane anchors is:
L = 12 /sin(14°)=

50m

The suction force acting on this length is:

S.L = (720)(50) = 36,000 N/m= 36 kN/m
5.2 Hail Impact
And the normalized tensile stiffness is:
The impact energy, 1., for a 0.05 m diameter hail stone
assuming, g = 9.81 m/s2, d = 0.05 m, p~= 900 kg/m3, p.=
1.225 kg/m3, and cd= 0.45 is calculated using Equation 12
as follows:
1, =[(n (900)2 (9.81)(0.05)4]/ [(9)(1 .225)(0 .45)]
=31.4N.m
Therefore, to resist puncture by hail stones, the impact
resistance, 1,, of the geomembrane must be greater than
31.4 N.m. The impact resistance is a fimction of the
geomembrane polymer and thickness. The properties of
the material underlying the geomembrane also affect the
impact resistance (Koemer et al., 1986). The test results
reported by Rollin (1991, 1993), Kilius (1993), and
Koemer et al. (1986) were reviewed during the selection
process of the geomembrane. As indicated from the
published test results, the selected geomembrane has an
impact resistance greater than the calculated impact
energy, such that the factor of safety calculated from
Equation 13 is greater than 1.0.
5.3 Wind Uplifl
5.3.1 Introduction
Several geomembrrmes were considered for the design of
the exposed geomembrane cover system. Calculations for
the selected geomembrane are presented in this section.
A reinforced geomembrane with a linear stress-strain
curve characterized by a tensile stifiess, J= 165 kN/m,
and a strain at break (i.e., of the reinforcement), Eb=27‘A,
was selected for the design.
5.3.2

Analysis for Geomembrane Rupture

First, the factor of safety against tensile failure for the
design wind speed is calculated. From Figure 3, the
suction factor near the top of the slope is, k=O.85.
Ignoring the elevation factor and the mass of the
geomembrane, the effective suction force, Se, for a wind
velocity, VW,of 130 km/hr is calculated using Equation
14, as follows:
S,= (0.05)(0.85)(130)2 = 720 Pa

J/SCL=(165 kN/m) / (36 kN/m) = 4.6
For J/S& = 4.6, Table 4 by Giroud et al. (1995) gives the
calculated strain, &C= 14.1%. Using Equation 16, the
factor of safety against geomembrane tensile failure is
calculated, which is greater than the recommended
minimum value of 1.5:
FS, = (27%) / (14.1%) = 1.9
5.3.3

Geomembrane Anchor Analysis

Next, using the parameters obtained in the previous
subsection, the tension caused by uplift and the required
anchor area per unit width for the geomembrane is
calculated.
First, the uplill of the geomembrane is
calculated. For the calculated strain, c.= 14.10/0(obtained
in subsection 5.3.2), Table 2 by Giroud et al. (1995) gives
6 = 50.3° and u/L= 0.235. For an exposed geomembrane
length, L = 50 m, the total uplift, u, of the geomembrane
is 11.75 m (Figure 4).
The wind generated tension, T, on the geomembrane is
calculated from the normalized tension, T/ScL. From
Table 2 by Giroud et al., (1995), T/S,L = 0.648;
multiplying this value by S.L = 36 kN/m gives T = 23.3
kN/m. To confirm this value, T is also calculated using
Equation 17:
T= JeC=(165)(14.1%) =23.3 kN/m
On either side of the geomembrane anchor it is
assumed that the length of exposed geomembrane, L, and
the suction factor, 1, for the slope are equivalent.
Therefore, T.= T~, and e. = e~ (Figure 5). Fore. = 0~ =
50.3°, Tu = T~ = 23.3 kN/m, and ~ = 14°, the vertical
force, W, required to resist uplift of the geomembrane
anchor is calculated using Equation 18, as follows:
W = (23.3)sin(50,3°-140)+(23 .3)sin(50.3°+140)=35 kN/m
Assuming that the anchor consists of soil with a unit
weight of 18 kN/m3, the required cross-sectional area of
the geomembrane anchor is calculated using Equation 19,
as follows:
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Figure 7. Exposed Geomembrane Anchor at Cover Benches
f&q.ircd=(S5kN/m)/(18

kN/m3) = 1.95 mz

At the case study site, the geomembrane anchors on the
cover system were designed to include a swale that
conveys storm-water runoff from the landfill in a nonerosive manner. As indicated in Figure 7, the soils in the
anchor trench and the soils that form the drainage swale
are covered by a protective geomembrane that is welded
to the exposed geomembrane
in order to eliminate the
potential for soil erosion at these locations.
6

CONCLUSION

exposed geomembrane cover system may be
appropriate at landfill sites when the design life of the
cover system is relatively short or when overfilling or
landfill reclamation are future possibilities. Sites that are
considered for this application should also have adequate
landfill gas collection systems and storm-water
To design an exposed
management controls.
geomembrane cover system, a number of issues must be
addressed. These issues are reviewed in this paper, and
guidance is provided. Furthermore, design methods for
two key issues, hail damage and wind uplift, are described
and are illustrated using a case history. Considering the
available design tools and the example provided by the
case history, it is possible to safely design an exposed
geomembrane cover system that can be constructed at a
lower cost than a typical final cover system.
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Current Issues in Seismic Design of Geosynthetic Cover
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ABSTRACT: Current issues in the seismic design of geosynthetic cover systems for landfills include establishment of a
ratlona] seismic performance standard, determination of the allowable displacement, and evaluation of the seismic coefficient
for use in pseudo-static analyses. Prevention of harmful discharge is a cost effective and environmentally protective alternative
to current performance standards which require landfill covers to withstand the design earthquake without damage. Calculated
seismic displacement is the most commonly used index of seismic performance. The allowable calculated displacement for a
geosynthetic cover system depends upon the ability of the cover to sustain displacement without damage or discharge, the
accuracy with which displacements can be calculated, and the feasibility of repair of damage to the cover. Rational selectlon
ot’ the seismic coefficient for a pseudo-static design analysis implicitly depends upon the allowable displacement. Evaluation
of the seismic coefficient also depends on the potential for amplification and attenuation of ground motions.
KEYWORDS: Landfill, Cover, Geosynthetic, Seismic, Earthquake.
I

INTRODUCTION

Geosynthetic inter-taces of low or reduced strength compared to
soil or solid waste materials combined with the potential for
amplification of free-field ground motions by the waste mass
make seismic performance an important consideration in the
design of geosynthetic cover systems.
Even in areas of
moderate seismicity, amplification of free-field ground motions
and low interface strengths can combine to limit final cover
side slope inclination and, hence, landfill capacity. Current
issues in the seismic design of ,geosynthetic cover systems for
landfills include the establishment of a rational seismic
performance
standard, determination
of the allowable
calculated permanent seismic displacement of cover system
components, and determination of the appropriate seismic
coefficient for pseudo-static design analyses.
In palls of the United States (e.g., California), current
regulations require landfill cover systems to withstand the
design earthquake “without damage.” Experience with the
seismic design of geosynthetic cover systems for landfills has
shown that requiring the cover to unconditionally withstand the
design earthquake without damage can be prohibitive.
A
rational, environmentally sound, and cost-effective alternative
to this burdensome seismic performance standard is to require
that the landfill cover system withstand the design earthquake
without a ciischarge of contaminants that is harmful to human
health or the environment.
The most commonly used index of the seismic performance
of Iandfi II cover systems is the calculated permanent seismic

displacement.
However, little guidance exists as to what
constitutes an allowable value of calculated permanent seismic
displacement. Factors influencing the magnitude of allowable
calculated permanent seismic displacement may include the
seismic performance standard (e.g., without damage or without
harmful discharge), the ability to detect and repair damage,
design details of the cover system (e.g., the presence of
penetrations through the geomernbrane barrier layer), and
the degree of confidence in the calculated displacement,
The seismic coefficient method is the most common
analytical approach used in engineering practice for the seismic
design of geosynthetic cover systems.
In the seismic
coefficient method, pseudo-static limit equilibrium analysis is
used to design the cover system to achieve the required
minimum factor of safety for a specified seismic coefficient,
The seismic coefficient employed in pseudo-static limit
equilibrium analysis is generally specified as a function of the
free-field peak horizontal ground acceleration (PHGA) at the
project site. Rational selection of the seismic coefficient
depends upon allowable displacement considerations.
Due to the need to account for potential amplification of the
free-field PHGA by the waste mass, seismic coefficient values
established solely on the basis of the free-field PHGA generally
incorporate significant conservatism.
Reduction of the
conservatism in seismic coefficient values associated with the
potential for amplification requires relatively sophisticated
project-specific seismic site response analysis. Project-specific
response analyses may yield amplification factors lower than
those based upon design charts.
Project-specific response
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analyses also facilitate averaging
incoherent ground motions over
another mitigating factor with
between peak ground acceleration

2 SEISMIC PERFORMANCE

of spatially and temporally
the potential failure mass,
respect to the relationship
and the seismic coefficient.

STANDARDS

In the United States (U.S.), federal regulations for design of
municipal solid waste landfills require design of containment
systems, including liners, covers, and facilities that control
Ieachate and surface water, to “resist” the design earthquake.
Interpretation of the term “resist” is left to the discretion of state
regulatory agencies. Many state regulators strictly interpret
“resist” (o mean that the Iandtill containment system should
unconditionally survive the design earthquake without damage.
California explicitly requires solid waste landfill containment
systems “withstand without damage” the design earthquake.
Experience with the seismic design of landfill cover
systems shows that requiring a geosynthetic cover system to
unconditionally withstand the design earthquake without
damage is an extremely burdensome standard. Particularly
when coupled with a relatively extreme design event (e.g.,
the prescriptive U.S. federal standard of a PHGA with a
90 percent probability of not being exceeded in 250 years),
seismic performance
without damage”
the “withstand
standard can severely limit cover slope inclinations and,
hence, landfill capacity.
Even in areas of relatively low
seismicity (i.e., areas where the design PHGA equals O.10 g
to 0.20:, where g is the acceleration of gravity), design of a
geosyrlthettc
cover system to unconditionally withstand the
design earthquake without damage can be prohibitive due to
the potential for amplification of ground motions and the low
seismic resistance of many geosynthetic interfaces.

2. I Damage threshold
Permanent seismic displacement is generally assumed to
accu mu late whenever the earthquake-induced
horizontal
acceleration averaged over the potential failure mass (termed
the average acceleration) exceeds the seismic coefficient
resulting in a factor of safety of 1.0 in a pseudo-static limit
equilibrium analysis (termed the yield acceleration). Figure 1
presents yield acceleration values from infinite slope stability
analyses (Matasovic, 199 I) as a function of slope inclination
and friction angle t’or a veneer failure surface with no cohesion.
As many regulators consider permanent seismic displacement
synonymous with damage, the yield acceleration values plotted
in Figure I indicate that, even at slope inclinations as gentle as
4H: IV (LIhorizontal to I vertical), many typical geosynthetic
interfaces may posses insufficient strength to unconditionally
resist even modest seismic loads (e.g., average accelerations
t,re:lter than O.I g) without damage (i.e., with zero permanent
e
seismic displacement).
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Figure 1 Yield Acceleration versus Friction Angle for an
Infinite Slope with Zero Cohesion

2,1. I Mitigation measures for geosynthetic covers
The data in Figure I suggests that, for side slopes steeper than
4H: 1V, use of a geomembrane with texturing on both sides
may be required to satisfy the withstand without damage
seismic performance standard for man y geosynthetic cover
systems. If a geosynthetic drainage element is employed on
top of the geomembrane, it lmay be necessary to use a
geocomposite with non-woven filter geotextiles heat-bonded
on both sides of a drainage net in order to achieve
unconditional stability. If a cohesion component of shear
strength (i.e., interface adhesion) is relied upon to provide a
yield acceleration sufficient to withstand the design earthquake
without damage, it may be necessary to limit protective soil
cover thickness, as the contribution of cohesion to the yield
acceleration decreases with increasing cover soil thickness. In
areas of moderate to high seismicity (i.e., areas where the
design free-field PHGA is greater than 0.2 g), even these
measures may not be sufficient for design of a cover that can
unconditionally resist the design earthquake without damage.

2,2 Seismic performance of landfill cover systems
Observations of the performance of landfills in earthquakes
indicate that solid waste landfi II cover systems can sustain
considerable damage without a discharge of contaminants
harmful to human health or the environment. While there is m)
record of the performance of geosynthetic cover systems
subject to strong shaking in earthquakes, observations of the
performance of landfills with soil cover systems indicates that
cracking and displacement of soil cover is the most common

mode ot damage at landfills subjected to strong shaking in
earthquakes (Anderson and Kavazanj ian, 1995; Matasovic and
Kavazanjian, 1996). In fact, cracking and displacement of
cover soil has been noted in every post-earthquake damage
survey ot’landfill facilities reported in the literature (Johnson, et
al, 1991; Orr and Finch, 1990; Buranek and Prasad, 1991;
Matasowc, etal, 1995). Insomecases, cover soil displacement
in excess of O.5 m has been reported. Despite this prevalence
ofcwvel -soilcracking and displacement and the occurrence of
other modes of damage (e.g., disruption of the gas collection
system), not one incident of a discharge of contaminants
harmful to human health or the environment at a solid waste
landfill facility has been attributed to earthquake ground
motions. This satisfactory record of observed performance
demonstrates clearly that design of landfill cover systems to
unconditionally withstand the design earthquake without
damage is not necessary, at least forshortterrn
protection of
human health and the environment.

with the potential for causing
damage,
considering
amplification due to both foundation soils and the waste itself.
Identification of anticipated actions required for short-term
repair and long-term restoration of the cover should also be
included in a post-earthquake response and recovery plan. For
many landfills, provisions in the post-closure Operation,
Maintenance, and Monitoring Plan for cover damage that
occurs under “normal” operating conditions may implicitly
provide for response to and restoration of earthquake-induced
cover system damage. However, explicit consideration should
be given to response and recovery after a seismic event due to
the potential for earthquake-induced damage to larger areas of
the facility (compare to damage which occurs under “normal”
operating conditions) and due to the potential impact of the
earthquake on the availability of the required resources (e.g.,
materials, equipment, and/or skilled labor) fbr repair and
restoration. Consideration should also be given to stockpiling
special-order materials required for cover repair and to
maintaining lists of approved suppliers and contractors (e.g,.
geomembrane installers) to facilitate cover repair.

2.3 Alternative seismic performance standard
Design of kmdtill cover systems to withstand the design
earthquake without a discharge of contaminants harmful to
human health or the environment (i.e., design to ‘<withstand
without discharge”) provides a rational, cost-effective, and
protective alternative to the “withstand without damage”
seismic performance standard. Design to withstand without
of seismically-induced
discharge requires consideration
discharge under both short-term and long-term conditions.
Shot~-ternl discharge considerations
may include mass
movement of soil or waste and discharge of gas or Ieachate.
For typical solid waste landfills, earthquake-induced damage to
the cover will not result in harmful discharge in the short-term.
However, earthquake-induced damage may result in harmful
discharge in the long term if the integrity of the cover is not
restored after the earthquake.
Long-term discharge from a
landfill due to seismically-induced damage to the cover system
may result from both direct damage (e.g., an earthquakeinduced tear in the geomembrane) and indirect damage (e.g.,
ultr:l-violet radiation-induced damage to the geomembrane
resulting from loss of soil cover).

2.3.1 Mitigation$of potential for harmful discharge
To mitigate

the potential

for

harmful

discharge

from

the

recovery plan is an
essential element of designing to withstand without discharge.
The response and recovery plan should include guidelines for a
comprehensive
post-earthquake
inspection to assess the
The criteria for determining
earthquake-induced damage.
when a post-earthquake inspection is necessary is often based
upon combinations of earthquake magnitude and site-to-source
distance which induce the threshold value of free-tield PHGA
Iandtill,

a post-earthquake

response

and

3

ALLOWABLE

DISPLACEMENTS

Calculated permanent seismic displacement is the most
common measure used in practice for quantifying the seismic
performance of a geosynthetic cover system.
Due to the
difficulty of designing a geosynthetic cover system that is
unconditionally stable, seismic design criteria generally specify
a value for the maximum, or “allowable,” calculated permanent
seismic displacement for the cover system. However, little
guidance exists as to the magnitude of the allowable calculated
permanent seismic displacement for geosynthetic cover
systems. There are some values for the allowable seismic
displacement for geomembranes cited in the literature. These
values tend to be based upon a 1992 survey of values used in
engineering practice in the U.S. for seismic design of
geosynthetic liner systems by Seed and Bonaparte (1992),
However, the values cited by Seed and Bonaparte (1992) are
often incorrectly referred to as “recommendations,” despite
these authors specific caveat that they are mere] y reporting
results of a survey of current practice.
The allowable value for the calculated permanent seismic
displacement of a geosynthetic cover system logically depends
upon the seismic performance standard (e.g., withstand without
damage or withstand without harmful discharge), the level of
contldence in the calculated displacement, and details of the
cover system.
If the seismic performance standard is to
withstand
without
damage,
the allowable
calculated
displacement will be small. For a cover system designed to the
withstand without discharge standard, the allowable calculated
displacement will be larger than for the withstand without
damage standard. The accuracy of the displacement analysis is
an essential consideration in establishing the allowable
calculated displacement value.
1998 Sixth International Conference on Geosynthetics -221

3. I Calculation

Permanent

of permanent

seismic displacement

seismic displacement

is generally

calculated

using

block on a plane” method of
analysis.
In a Newmark analysis, excursions of the timehistory of’ the average acceleration of the potential failure
mass above the yield acceleration of the mass are integrated
to calculate
the accumulated
“permanent”
seismic
displacement.
Theoretically.
this calculated permanent
displacement is a rigid body displacement that accumulates
everywhere along the potential failure surface.
Conventional Newmark analyses generally employ a
series of simplifying assumptions. The yield acceleration in
a conventional analysis is usually calculated using residual
Newmark’s

shear

( 1965)

strengths,

“sliding

Typically,

only

the

horizontal

component

of’

in the analysis.
Computation of the acceleration time-history of the failure
mass is generally based upon a response analysis which
ignores relative displacement along the failure surface (i.e.,
the seismic response analysis is “de-coupled” from the
computation of permanent displacement.). These simplifying
assumpti(ms generally result in a conservative assessment of
the

earthquake

ground

motion

is considered

permanent seismic displacement.
Kavazanjian

( 1995)

state that

In fact, Anderson and
the

permanent

seismic

displacelnent calculated in this conventional

manner may be
tmore appropriately
considered
an index of seismic
performance rather than an engineering estimate of the
anticipated displacement.
These authors suggest that, in a
conventional Newmark analysis, calculated displacement of
300”mm or less should be considered indicative of small
displacement while calculated displacement of 1 m or more
should be considered indicative of large displacement.
Seismic displacement analyses that are more advanced then
the conventional Newmark analysis are available for seismic
design oi”geosynthetic cover systems. These more advanced
analyses include Newmark analyses which consider the
degradation of shear strength from peak to residual conditions
over the course of the earthquake and/or the coupling of
earthquake ground motions and relative displacement. Finite
element seismic deformation analyses with interface elements
in which permanent seismic displacement is directly calculated
are also available. However, these advanced analyses are not
widely used in practice.

3.2 Current standards for cover system design
In current U.S. practice, the 150 to 300 mm of displacement
cited by Seed and Bonaparte ( 1992) as the commonly
employed allowable value for the calculated permanent
seismic displacement
of geosynthetic
liner systems is
sometimes also used as the allowable calculated seismic
displacement for a geosynthetic cover system. However, an
allowance is often made for the presumption that cover
systems can reasonably be designed to sustain larger
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displacements than liner systems because damage to cover
systems is observable and repairable (Richardson, et al,,
1994),
Thus, the 150 to 300 mm allowable calculated
displacement cited by Seed and Bonaparte ( 1992) for
geosynthetic liner systems is often increased to values in the
range of 500 mm to I m for the allowable calculated
permanent seismic displacement of a geosynthetic cover
system. Strictly speaking, because of the presumption that the
cover can sustain some damage in the design event, these
larger values may be applicable only if the withstand without
discharge performance standard is employed.
Allowable
permanent seismic displacement values of 1 m are consistent
with current practice for seismic design of slopes and
embankments (Seed, 1979; ASCE 1983).
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3.3 Recommended

allowable displacement

values

Based upon current standards of practice for the seismic
stability of slopes and embankments, allowable values of
calculated seismic displacement of 1 m, or more, should be
acceptable for geosynthetic cover systems designed to
withstand the design earthquake without discharge. When
designing a cover system to withstand without discharge,
provisions are needed to mitigate potential hazards associated
with discharge of Ieachate and/or gas from disrupted
conveyance systems (e.g., use of automatic shut-off valves,
secondary containment, and/or articulated seismic joints) and
facilitate post-earthquake repair of damage.
Multiple
penetrations
through
geomembrane
cover
elements for gas and Ieachate collection or other purposes may
limit allowable displacement to less than I m on an economic
basis due to the cost of repair. However, if the anticipated
displacement is above the geomembrane,
there are no
penetrations through the geomembrane on slopes, and benches
provide sufficient capacity to retain cover soil that sloughs
from the above, the allowable seismic displacement of a
geosynthetic landfill cover system may be unlimited, provided
the owner is prepared to repair and/or replace the protective
soil cover and drainage layer (if any) on top of the
geomembrane after a severe earthquake.
Based upon current standards of practice for seismic design
of geosynthetic liner systems, 150 to 300 mm appears to be a
reasonable range of values for the allowable calculated
permanent seismic displacement of a geosynthetic cover
system designed to withstand the design earthquake without
damage. The upper end of the range (i.e., 300 mm) is more
appropriate for simplified analyses which use upper bound
displacement curves from generic Newmark displacement
charts (e.g., Hynes and Franklin, 1984), residual shear strength,
and/or simplified seismic response analyses. The lower end of
the range (i.e., 150 mm) is more appropriate for more
sophisticated analyses which strive to accurately calculate the
permanent seismic displacement by using project-specific
seismic response and formal Newmark displacement analyses.

4

SEISMIC COEFFICIENT

Due to its simplicity, the seismic coefficient method remains
the most common method of analysis used in practice for
seismic design of geosynthetic cover systems. In the seismic
coefficient method, the factor of safety for the cover system
calculated in a pseudo-static limit equilibrium analysis using
a specified seismic coeftlcient is compared to the minimum
acceptable fictor of safety to determine the adequacy of the
design.. The seismic coefficient equals the fraction of the
weight ot’ the potential failure mass that is applied as a
horizontal force to the centroid of the mass in a pseudo-static
limit equilibrium stability analysis. The seismic coefficient is
typically specified as a fraction of the free-field PHGA of the
design earthquake divided by the acceleration of gravity.
Unless the criteria for’ seismic design is unconditional
stability (zero seismic displacement),
rational specification
of the appropriate combination of seismic coefficient and
factor
of
implicitly
requires
pseudo-static
safety
consideriltion of the allowable seismic displacement.

4,1

Displacement

basis for seismic coefficient values

Figure 2 presents a chart developed by Hynes and Franklin
( 1984) from the results of Newmark displacement analysis of
354 accelerograms from earthquakes of magnitude 5 to 8+.
This figure presents mean, mean plus one standard deviation,
and upper bound values for the calculated permanent seismic
ciisplacernent from these records as a function of the ratio of
yield acceleration to the peak acceleration of the time history
used in the displacement analysis.
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Figure 2 Calculated Permanent Seismic Displacement
Hynes and Franklin, 1984)

Evaluation of the Hynes and Franklin data and experience
with formal Newmark displacement analysis indicate that the
mean curve in Figure 2 may be considered representative of the
displacement
potential of small magnitude earthquakes
(magnitude less than or equal to 5.5) and of intermediate
magnitude earthquakes (magnitude less than or equal to 6.5) at
relatively short site-to-source distances (less than I(1 km). On
the same basis, the mean plus one standard deviation curve in
Figure 2 may be considered representative of the displacement
potential of intermediate magnitude events at siteto-source
distances in excess of 10 km and larger magnitude events.
Evaluation of the data presented by Hynes and Franklin
indicates that data points between the mean plus one standard
deviation and upper bound lines in Figure 2 correspond either
to very low intensity accelerograms from distant events or to
synthetic accelerograms for very large magnitude (magnitude
8+) events and thus may not be representative of field
conditions, Other important caveats on the applicability the
Hynes and Franklin curves are that experience with seismic
response and displacement analysis indicates that they may not
be applicable to landfills on soft clay foundations, where
amplification of long period motions by the foundation soils
may significantly increase seismic displacement potential, and
that the number of large magnitude events (magnitude greater
than 7.4) in the data base is limited,
The Hynes and Franklin data indicates that when the ratio
of yield acceleration to peak acceleration is greater than 0.4,
calculated permanent seismic displacement will be small
(less than 100 mm) for most situations encountered in
practice. The data from Hynes and Franklin further indicates
that calculated permanent seismic displacement will be less
than 300 mm when the ratio of yield acceleration to peak
acceleration is greater than 0.08 for small magnitude events
and nearby intermediate magnitude events (i.e., for the mean
curve in Figure 2) and O.17 for more distant intermediate
magnitude events and large magnitude events (i.e., for the
mean plus one standard deviation curve), For a calculated
permanent seismic displacement of less than I m, the Hynes
and Franklin data indicates that the ratio of yield acceleration
to the peak average acceleration should be greater than 0.03
for small magnitude
events and nearby intermediate
magnitude events and 0.06 for more distant intermediate
magnitude events and large magnitude events,
Table 2 summarizes
values of’ the ratio of yield
acceleration to peak acceleration for various calculated
permanent seismic displacement
levels from Figure 2.
Values from both the mean curve (i.e., for small magnitude
events and nearby intermediate magnitude events) and the
mean plus one standard deviation curve (i.e., for more distant
intermediate magnitude events and large magnitude events)
of Figure 2 are summarized in Table 2.

(after
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Table 2 Ratio of Yield Acceleration to Peak Acceleration as
a Function

of’ Calculated

(based upon

Permanent

Seismic Displacement

Hynes and Franklin, 1984)

Calculated

Mean

Mean + 1 Std.
Dev.

Displacement
100 mm

0.23

0.35

150 mm

0.17

0.27

300 In m

0.08

0.17

500 mm

0.05

0.11

0.03

0.06

1m

4.2 Amplification of free-field ground motions
The peak acceleration in Figure 2 and Table 2 represents the
peak average acceleration of the potential failure mass, and not
the free-field PHGA. Observations and analyses of the seismic
response of solid waste landfills indicate that the free-field
ground motions can be significantly amplified at the top of a
landfill by the waste mass, This amplification can result in a
landfill cover peak acceleration significantly larger than the
free-field peak acceleration. Figure 3 presents amplification
curves relating tbe free tield PHGA to the peak acceleration at
the top of an embankment or soft soil deposit developed by
Singh and Sun ( 1995) for a 30-m-high Iandtill, by Idriss (1990)
for soft soil sites, and by Harder ( 199 I) for earth dams.

3°”’!F-’ppe7d 1
301n High Waste Fill
(Singh and Sun, 1995)

011 DATA POINTS
Recorded Base PHGA
Deconvolved Base PHGA ~
-1- ~~1
4
0.’1
0.6
PEAK OUTCROP ACCELERATION (g)
❑
❑

0,’0

Figure3

Amplification of Free-Field Ground Motions

Also plotted on Figure 3 aredata points derived from the
recorded motions at the 011 landfill. Each 011 data point is
plotted twice, once using the peak acceleration recorded on
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compacted fill at the base of the Iandtill as the “free-field’
motion (Hushmand Associates, 1996) and once using the freefield PHGA evaluated by deconvolution in back analyses
performed by GeoSyntec (1996). The results of the back
analysis presented in Figure 3 indicate that amplification at the
011 landfill was greater than reported by Kavazanjian and
Matasovic ( 1995) based on the assumption that the motions
recorded at the base of the landfill were free-field motions
The data plotted in Figure 3 indicate that tbe earthquake
motions to which a landfill cover is subjected may be
significantly greater than the free-tield ground motions and that
the Harder “upper bound” amplification curve for dams may
also be appropriate as an upper bound for amplification by
solid waste landfills. In order to account for the potential for
amplification of the earthquake motions by the waste mass, the
peak average acceleration of a potential cover system failure
mass may be estimated from Figure 3 using the frex-tield
PHGA and the Harder earth dam curve.

4.3 Derivation of a displacement-based

seismic coefficient

Table 2 and Figure 3 can be used to derive displacement-based
seismic coefficient values for design of geosynthetic cover
systems. The yield acceleration used to develop Table 2
represents the seismic coefficient for a factor of safety of 1,0.
The peak acceleration used to develop Table 2 represents the
peak average acceleration of the potential failure mass.
Therefore, seismic coefficient values for specified levels of
calculated permanent seismic displacement can be derived by
multiplying the ratios presented in Table 2 by the peak average
acceleration of the potential failure mass derived from the freefield PHGA using the Harder curve in Figure 3.
For
earthquakes of magnitude less than or equal to 6.5 within 10
km of the site and for any earthquake of magnitude less than or
equal to 5.5, the ratios in the “Mean” column of Table 2 should
be used. For earthquakes of magnitude greater than 6.5 and for
earthquakes between magnitude 5.5 and 6.5 that are greater
than 10 km from the site, the ratios in the “Mean + I Std.
Dev,” column of Table 2 should be used.
Seismic coefficients derived from Table 2 shoulcl be used
with a factor of safety of 1.0. Use of higher factors of safety
(e.g., 1.I or 1,15, as used with some methodologies) with a
seismic coefficient derived from the Hynes and Franklin chart
is not recommended, as their use wou Id constitute unnecessary
compounding of factors of safety. Furthermore, the ratios in
Table 2 apply to the peak average horizontal acceleration of the
failure mass and not to the free-tield PHGA. The difference
between these two peak acceleration values may be substantial.
The relationship of the peak average horizontal acceleration of
a potential failure mass to the free-tield PHGA is inthenced by
two primary factors: amplification of the free-field ground
motions by the waste mass (discussed in the previous section)
and averaging

of the earthquake

potential failure mass.

ground

motions

over

the

4.4 Attenuation by averaging of accelerations
A mitigating factor with respect to the seismic displacement
potential of a geosynthetic cover system is the reduction in the
peak average acceleration of a potential failure mass when
compared to the peak acceleration ot’ the mass. This reduction
N due to the incoherence of the earthquake induced motions
(i.e., to the spatial and temporal variability of the ground
motions) of the potential failure mass. The phase difference
(temporal incoherence) between motions at different points of
the failure mass is pm-titularly important in this respect. The
ground motions at two points within the failure mass that are
completely identical in all respects except for phase will cancel
each other out entirely if they are 180 degrees out of phase.
The larger the potential failure mass, the greater the reduction
in the peak average acceleration compared to the peak
acceleration. as incoherence increases with the size of the
potential failure mass. Figure 4 illustrates the relationship
between peak average acceleration and the size of the potential
tiailure mass for a hypothetical landfill cover system.

yield acceleration tends to increase with decreasing size of
veneer failure mass because as the potential failure mass
decreases in size the contribution to the yield acceleration from
the passive “buttressing” of the soil wedge at the bottom of the
failure mass progressively increases the yield acceleration from
the minimum value associated with infinite slope stability. The
impact of the length of a potential veneer failure mass on yield
acceleration is also illustrated in Figure 4.
The inter-relationship among yield acceleration, peak
average acceleration, and the size of the potential failure mass
illustrated in Figure 4 indicates that conventional seismic
design analyses for geosynthetic cover systems which employ
a seismic coefficient based upon the peak acceleration at the
crest of a landfill (Point A in Figure 4) and a yield acceleration
from an infinite slope veneer stability analysis (Point B in
Figure 4) may be extremely conservative.
Despite the
conservatism associated with it, this conventional approach is
commonly used in current practice due to its simplicity,
Relatively sophisticated seismic response and limit equilibrium
analyses are generally required to reduce the level of
conservatism associated with such conventional analysis.

5

CONCLUSIONS

PEAK ACCELERATION
PEAK AVERAGE
ACCELERATION

POTENTIAL
FAILURE -I

L
LENGTH

YIELD
ACCELERATION

OF FAILUJ?E

MASS (L)

Figure 4 Yield Acceleration and Peak Average Acceleration
Versus Size of Failure Mass

The seismic displacement potential of a geosynthetic cover
systems is further mitigated by the inter-relationship between
the size (length) of the potential failure mass and the yield
For veneer stability, shorter potential failure
acceleration.
masses, which tend to have larger peak average accelerations
than longer thilure masses due to relatively small amounts of
tend to have larger yield
incoherence, serendipitously
accelerations then the longer potential failure masses. The

The low shear strength often associated with geosynthetic
interfaces and the potential for amplification of earthquake
ground motions by the waste mass combine to make seismic
design an important consideration for geosynthetic cover
systems for Iandtills, even in areas of low to moderate
seismicity. Due to these factors, design of geosynthetic cover
systems to be unconditionally stable when subjected to the
design earthquake (i.e., so that the yield acceleration exceeds
the peak average acceleration for all potential failure masses) is
frequently burdensome and may be prohibitive.
Design of geosynthetic cover systems to withstand the
design earthquake without a discharge of contaminants harmful
to human health or the environment is a logical, cost effective,
environmentally
protective
alternative
seismic
and
performance standard to design for unconditional stability, A
post-earthquake response and recovery plan is an essential
element of designing a cover system to sustain damage in the
design earthquake without a harmful discharge.
Due to the conservatism
inherent to conventional
Newmark seismic displacement
analyses, wherein the
calculated permanent seismic displacement is based upon
seismic motions calculated in a de-coupled analyses and a
yield acceleration calculated using residual shear strengths,
geosynthetic cover systems may be assumed to be able to
withstand the following calculated seismic displacements:
●
at least I m for covers designed to withstand the design
earthquake without a harmful discharge: and
●
150 to 300 mm for covers designed to withstand the
design earthquake without damage.
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With proper attention to detail, the ability of a geosynthetic
cover

system

to sustain seismically-induced

displacement

of

cover soil may be unlimited.
Generic Newmark seismic displacement analyses indicate
that the seismic coefficient for use in pseudo-static limit
equilibrium design analyses of geosynthetic cover systems
may be a small fraction of’ the peak average acceleration of
However, the potential for
the potential failure mass.
amplification of’ the free-field ground motions must be
considered when evaluating tbe peak average acceleration of
a potential failure mass. Observations and analyses of the
seismic response of landfills indicate that the potential for
amplification of’ earthquake motions at the top of solid waste
landfills may be similar to that of’earth dams.
The amplification potential of a landfill is mitigated by the
reduction in the peak average acceleration of a potential failure
mass due to tbe incoherence of earthquake ground motions and
the increase in the yield acceleration of’ a failure mass of
limited size compared to the yield acceleration calculated in an
Detailed seismic
infinite slope veneer stability analysis.
response and limit equilibrium analyses are required to
accurately account for these factors in Iandti II cover design.
the overlying
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Seismic Response of Landfills with Geosynthetic Liners
M.K. Yegian
Professor and Chairman, Department of Civil and Environmental Engineering, Northeastern University, Boston, MA.
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ABSTRACT: Geosynthetic liners can have important effects on the seismic response of a landfill. Slip deformations
occurring along a geosynthetic interface can limit the earthquake energy transmitted to the overlying waste or soil. A
dynamic response analysis procedure is described in which a geosynthetic liner is replaced by an equivalent soil layer. The
dynamic material properties of the equivalent soil layer were developed such that the response of the layer to earthquake
excitation is similar to that of the geosynthetic liner it replaces. An example landfill cross section is analyzed using
equivalent soil layers representing geosynthetic liners and the earthquake-induced accelerations within the landfill are
calculated. The results obtained from the dynamic response analysis, that included the geosynthetic liners are compared
with those that ignored the liners. It is demonstrated that smooth HDPE geomembrane/geotextile liners significantly reduce
the landfill acceleration, beyond an input base acceleration of 0.2 g. Hence, a dynamic response analysis that assumes a
complete shear transfer through the geosynthetic liners (not allowing slip) can significantly overestimate landfill
accelerations. Such overestimation of landfill accelerations can lead to unrealistic values of landfill side slope
displacements.
KEYWORDS: Friction layer, Geomembranes, Geotextiles, Landfills, Seismic design
1

INTRODUCTION

Earthquake ground motions when propagating through a
landfill can induce permanent deformations of the waste
fill, and slip displacements along geosynthetic liners used
as impervious barriers. Such potential deformations, if
excessive, can compromise the integrity of a landfill. To
safeguard against this environmental hazard, in the U.S.,
federal regulations have been formulated that address the
seismic vulnerability of new landfills.
The calculation of earthquake-induced permanent
deformations of a landfill requires the investigation of the
dynamic response of the landfill. In engineering practice,
wave propagation analysis is performed to estimate the
accelerations and shear stresses within the landfill that is
experiencing a design level earthquake motion. In such an
analysis, the presence of geosynthetic liners within the
landfill cross section poses a significant challenge.
Kavazanjian et al. (1991, 1995), Yegian et al. (1992), and
Zimmi et al. (1994) have demonstrated that under dynamic
excitations geosynthetic interfaces can transmit limited
shear stresses. Stresses larger than this limiting level will
induce slip displacements along the geosynthetic interface.
In current engineering practice, to simplify the dynamic
analysis of a landfill, the presence of geosynthetic liners is
generally ignored. This practice effectively assumes that
there is no slip induced along the liners during a seismic
event. As will be illustrated in this paper, this assumption
can lead to significant overestimation of the earthquakeinduced shear stresses in a landfill, leading to unrealistic
estimates of permanent deformations of the landfill.
This paper presents a brief description of a model that
can be used to represent the dynamic response of

geosynthetic liners in wave propagation analysis of landfill
cross sections. The paper includes an example analysis of a
landfill. A discussion of the results is included to
demonstrate the effect of the geosynthetic liners on the
seismic response of the landfill.
EquivalentSoilLayer

Bottom liner
k

(.’ Earthquake
) motion

EquivalentSoilLayer
t
;,
( Earthquake
j motion
1’

Figure 1. a) Waste fill with cover and bottom liners, b)
Equivalent soil layers that replace the liners in dynamic
response analysis.

2

MODELLING OF GEOSYNTHETIC LINERS

In engineering practice, the dynamic response of a landfill
cross section is investigated, typically by considering a onedimensional column of layered soil/waste fill profile. The
earthquake-induced accelerations and shear stresses in each
layer are computed using the equations that govern wave
propagation through elastic media. The computer program
SHAKE is commonly used for this purpose. In this SHAKE
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Alluvium
Figure 2. A simple landfill cross section analyzed to demonstrate the effect of geosynthetic liners on seismic response

analysis, the shear modulus and damping of each soil or
waste fill layer are used together with the layer thickness
and material unit weight. An earthquake motion is then
specified, typically at the base of the landfill or at a nearby
Shear Wave
Velocity

Thickness
0.3m
HDPE/Geotextile

305mls

20.Om

274mls

290mls

0.3m

HDPE/Geotextile
0.3m

305rn/s
610m/s

outcropping of rock, and the accelerations and the shear
stresses within the landfill profile are calculated.
To allow the performance of dynamic analysis of landfill
cross sections that include geosynthetic liners, a model has
been developed by (Yegian at al. 1996) that can represent
the dynamic response of the liners in the analysis. Figure 1a
shows a schematic diagram of a simple landfill profile
consisting of a layer of waste fill, and cover and bottom
geosynthetic liners. In Figure lb, the same profile is shown
except that the liners are replaced by equivalent soil layers
that have identical dynamic response characteristics as the
liner interfaces as measured in shaking table tests. The use
of equivalent soil layers permits the dynamic response
analysis of a landfill to be performed easily with the
computer program SHAKE.
To illustrate the application of the procedure and to
demonstrate the potential effects of geosynthetic liners on
the dynamic response of landfills, the following example
landfill is investigated using the equivalent soil layer
model.

(a)
Shear Wave
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—

‘\ \
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(b)
Figure 3. a) Soil/waste column analyzed, b) equivalent
soil layers representing geosynthetic liners.
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Figure 5. Peak accelerations with depth of landfill
calculated with and without geosynthetic liners, and base
acceleration of 0.1g.

Figure 6. Peak accelerations with depth of landfil.
calculated with and without geosynthetic iiners, and bas
acceleration of 0.4g,

3

without considering the geosynthetic liners) as a function of
depth when the input earthquake motion had a peak
acceleration of 0.1 g. The results show that the presence of
the geosynthetic bottom and cover liners has no discernible
effect on the acceleration within the landfill. This is not
surprising because shaking table tests by Yegian and Harb
(1995) show that slip deformations along smooth HDPE
geomembrane/geotextile
interfaces
only
at
occur
accelerations larger than about 0.2 g. Hence, if landfill
accelerations are less than 0.2 g, ignoring the presence of
smooth HDPE geomembrane/geotextile liners in the
dynamic analysis of a landfill is reasonable.
Figure 6 shows peak accelerations, with and without
geosynthetic liners, computed using an input motion scaled
to 0.4 g. In this case, the bottom and cover geosynthetic
liners have played an important role in modifying the
earthquake motion propagating through the landfill. For
example, the acceleration at the base of the waste fill is 0.47
g, if the geosynthetic liners are ignored in the analysis.
Including the liner responses by using equivalent soil layers
reduces the acceleration at the base of the waste fill by a
factor of 2, to about 0.21 g. Similarly, if the liners are
ignored the acceleration on top of the landfill is 0.58 g, and
if the liners are included 0.28 g. Clearly, when the base
acceleration is larger than 0.2 g, slip occurs along the
geosynthetic liners thus limiting the accelerations
transmitted through the liner interfaces. Ignoring this can
unreasonably overestimate the landfill response.
Figure 7 summarizes the results of the dynamic analysis
with and without considering the geosynthetic liners. The
average acceleration of the waste fill is a parameter of
importance in the calculation of the permanent
deformations of the waste fill, and in the estimation of slip
displacements along the side slope. In the example where

EXAMPLE ANALYSIS OF A LANDFILL

Figure 2 shows a simple cross section of a landfill with
cover and bottom geosynthetic liners.
The dynamic
response of this landfill profile was investigated by
selecting a one-dimensional column as shown in Figure 2.
The layer thickness and material properties of the landfill
column are shown in Figure 3. In this landfill column, the
geosynthetic
liners (smooth HDPE
geomembrane
/geotextile) are replaced by equivalent soil layers. Figure 4
shows the equivalent shear modulus versus shear strain
curve (of the selected interface) normalized by the shear
modulus at an equivalent shear strain of 0.5%. The basis for
selecting ye=0.5% for normalizing is that this value
corresponds to a slip amplitude of 0.5 cm below which an
HDPE/geotextile interface observed to exhibit almost rigid
behavior and its dynamic response is very difficult to record
accurately based on shaking table tests. Thus, at
displacement amplitudes smaller that 0.5 cm, for practical
purposes an HDPE/geotextile interface can be assumed
infinitely stiff. A hysteretic damping ratio of 0.43 was used
for the equivalent soil layer, This damping, measured from
the shaking table tests did not vary significantly for
different slip amplitudes. In this example analysis the
equivrdent shear modulus at a shear strain of 0.5% were
8622 kN/m2 and 210 kN/m2 for the bottom and cover liners,
respective y.
Using the equivalent shear moduli of the two liners and a
damping ratio of 0.43, as determined from shaking table
tests, the dynamic response of the landfill column was
performed using the SHAKE program. The earthquake
motion from the 1988 Spitak earthquake was normalized to
0.1 g and 0.4 g and used as input at the base of the landfill.
Figure 5 shows the computed peak accelerations (with and
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slip:
53 cm WJOgeosynthetic
<2.5 cm WIgeosynthetic
Permanent

Peak acceleration:
0.58g wlo geosynthetic
0.28g WIgeosynthetic
................................................................................................................................
... ......... .... .
.
.
.
. . .. . .. .

——--––

Average acceleration of waste:

0.21g WIgeosynthetic
Figure 7. Results from seismic analysis of the example landfill showing the effect of geosynthetic liner on the landfill
accelerations and side slope slip deformations.
the base acceleration was 0.4 g, the average acceleration of
the waste fill is about 0.46 g, if the liners are ignored, and
about 0.3 g if the liners are modeled in the dynamic
response analysis of the landfill. These values of the
average accelerations of the waste fill were used to
calculate slip displacements along the side slope of the
example landfill. The procedure of Yegian and Harb (1995)
was used for the calculation of the side slope slip, assuming
that the liner is a textured HDPE geomembrane/geotextile.
The results again indicate that ignoring the dynamic
response of the geosynthetic liners can lead to
unrealistically large slip displacements (53 cm). Whereas,
including the liner response the slip displacement on the
slope is estimated to be less than one inch (< 2.5 cm).

4

CONCLUSIONS

To perform realistic analysis of the seismic response of a
landfill it is very important that geosynthetic liners are
properly modeled, Beyond an acceleration of 0.2 g, slip
displacements may occur along geosynthetic liner
interfaces. This paper presents a model that can be used to
represent the dynamic response of smooth HDPE
geomembrane/geotextile liners in the seismic analysis of
landfills.
Example analysis of a simple landfill profile is
presented. The results demonstrate that smooth HDPE
geomembrane/geotextile liners significantly reduce the
accelerations and shear stresses transmitted through the
landfill profile, especially when the base acceleration
exceeds 0.2 g. Ignoring these effects can result in
unrealistic estimates of seismic accelerations, shear stresses
and permanent deformations in a landfill.
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ABSTRA~
A 1.5 mm thick HDPE geomembrane was exhumed from a landfill leachate lagoon after 14 years of
service. The differences in geomembrane properties that arise from five different exposure conditions are examined.
The paper demonstrates the importance of antioxidant and stress crack resistance towards the longevity of the
geomembrane. Severe cracking was observed in the geomembrane. Although most cracks were above the leachate
level, the few below the level were sufficient to allow leachate to get between the geomembrane and clay liners. The
diffusion profile through the clay implies that leachate has been in contact with the clay for most (if not all) of the
14 years of operation.
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INTRODUCTION

Composite liners (geomembranes
over clay) are now
being widely used as the liner system for landfills and
The understanding of factors
waste water lagoons.
associated
with the design, selection
of materials,
construction quality, and long term protection of the
composite liner has improved considerably over the past
two decades.
The importance of some of these factors
can best be illustrated with reference to case records.
The objective of this paper is to provide one such case
record based on the exhumation
of a 14 year old
geomembrane from a leachate lagoon. This investigation
examines: (a) the difference in geomembrane properties
that can arise from different exposure conditions; (b) the
influence of small cracks on the effectiveness
of the
geomembrane liner in the lagoo~ and (c) the important
role that the compacted
clay can play as both an
advection and diffusion barrier in the event of holes
developing in the geomembrane.

2

FIELD INVESTIGATION
OBSERVATIONS

AND GENERAL

Due to expansion of the East Quarry Municipal Solid

Waste Landfill in the City of Niagara Falls, Ontario,
Canada,
one
of
two
leachate
lagoons
was
decommissioned
in September 1996, after 14 years of
sewice, to be replaced by another lagoon system at a
different position in the landfill.
The lagoons were lined with a 1.5 mm (60 roil) thick
HDPE geomembrane
underlain by a more than 2 m
thick compacted clay liner. There was no protection
layer above the geomembrane
which was directly
exposed to the leachate and, above the leachate leve~ to
the sun and atmosphere.
According
to the operators
of the landfill, the
geomembrane
component of the lagoon liners had a
history of problems. During the lifespan of the lagoons,
the two lagoons alternately had to be drained in order to
clear out sludge from the lagoon and to patch defects
that developed in the geomembrane liner.
When the lagoon was drained, the geomembrane
at
the bottom of the lagoon was like a “waterbed’ with a
significant
amount of liquid trapped between
the
geomembrane
and the clay. Even though the majority
(93%) of cracks and holes were above the leachate level
(see Figure 1), the remaining craclw/holes
in the
geomembrane along the side slopes appear to have been
sufficient
to allow leachate
to get between
the
geomembrane and clay under conditions of zero effective
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Figure 1, Photo of crack in geomembrane.

stress.
There were no cracks or holes found in the
geomembrane at the bottom of the lagoon at the time of
decommissioning
although 6 of the 54 patches were
observed here. Many scratches were obsemed on the
geomembrane from the bottom.
In total, 82 cracks, holes and patches were observed in
the geomembrane over an area of 1352 m2 (about 600
defects per hectare
over the 14 year period of
operation). Of these, 70% were above the leachate level
and 3070 were below the leachate level.
Samples were obtained from the anchor trench
(NSNL no sunlight exposure, no leachate exposure),
above the leachate levels in the lagoon (SNL sunlight
but no leachate exposure), leachate level interface (MSL
sunlight and leachate exposure), and below the leachate
level (NSL. no sunlight but leachate exposure). Selected
samples were also taken from the bottom of the lagoon
(NSLB: no sunlight, leachate/sludge exposure).
When the geomembrane was removed to expose the
underlying clay liner, it was observed that clay liner
sections above the leachate level were desiccated (see
Figure 2).
This phenomenon
has been observed by
others (Corser et al., 1992; Basnett & Brungard, 1992).
The clay on the slopes below the leachate level and at
the bottom was saturated and had an approximate 25225 mm layer of black sludge present on the surface (the
larger thicknesses generally occurred on the bottom of
the liner).
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Figure 2. Photo of clay desiccation
(above leachate level).

3

GEOMEMBRANE

under geomembrane

TEST RESULTS

To assess the properties of the HDPE geomembrane,
samples collected from locations in the five different
exposure conditions were tested for their mechanical and
physical and chemical properties. Unfortunately, due to
the age of the lagoon, it was not possible to obtain the
properties of the original geomembrane.
Table 1 gives
the values obtained on the 14 year old geomembrane
removed from the lagoon. The carbon black content was
within the typical range of 2-39?0 and will not be
discussed further. Other properties are discussed in the
following subsections.

3.1

Density

HDPE geomembrane is a semi-crystalline polymer and
its density is related to the degree of crystallinity. Any
change in the density is regarded as a modification in the
crystallinity.
For example, any decrease in density
implies a decrease of the crystalline content of the
material.
The density of the geomembrane
under
investigation was measured according to ASTM D792.
Five specimens cut from samples from each exposure
category were tested and the average values are
presented in Table 1. The results are very similar for all
locations and vary slightly between 0.965 and 0.967 g/cm3.

Table 1. Summary of average results for sheet saml les
Location

SCR

Sdt-

Pg

ITR

OIT

Tensile

I

trength
Break

t==
(g/cm’)

(%)

(g/lo

(min.)

(hr.)

rein)
NSNL
SNL
MSL
NSL
NSLB
P,

“CBC
MI

0.965
0.967
0.967
0.966
0,965

0.36

3.5

3.5

2.64

0.5

1.8

2.6

2.67

-

3.3

2.73

0.41

6.3

3.1

2.20

0.31

5.0

3.0

ITR
&
SCR

These measured densities are for the geomembrane
sheet and include the mass of the carbon black (which
increases the overall density of the geomembrane). The
density of the polymer can be back-calculated using the
following equation given in ASTM D3350
D, = DP - 0.0044C
where D, is the density of resin, DP is the density of the
product and C is the weight percent of carbon black
(obtained via ASTM D1603).
Based on this, the
calculated polymer density values were all very similar
and the value of 0.954-0.955 g/cc falls within the high
density range. The high density implies a high degree of
crystallinity and a geomembrane that would be more
susceptible to stress cracking than a less crystalline
geomembrane. These days, HDPE geomembranes are
made from medium density polyethylene with density less
than 0.940 gkc. Thus, properties of this geomembrane
would not be the same as those of the current HDPE
geomembrane.
3.2

(;)

(lcl?#m)

2.58

Geomembrane
Density
Carbon Black Content
Melt Index

d=
(N)

Oxidative Induction Time Tests

The overall lifetime of a HDPE geomembrane is greatly
dependent on the antioxidant package added to its
formulation (Hsuan & Koemer, 1997). The initial step
in the oxidation of HDPE geomembrane is the depletion
of antioxidants. One laboratory accelerated aging study
indicated that the antioxidants in the formulation must
be essentially consumed before the mechanical property
begins to degrade (Hsuan & Guan, 1997). Thus, by
knowing the amount of antioxidant remaining in the
geomembrane, the extent of the oxidation can be
estimated. However, it should be emphasized that direct

284

37

271

37

11
11

284

37

284

37

294

39

(~lm)

(;)

33

646

25

379

10

26

479

11

32

703

10

27

456

Initial Tear Resistance
strain
Stress Cracking Resistance

comparison between different OIT values (expressed in
minutes) is only applicable when the same type of
antioxidant package is used, as in this case.
The amount of antioxidants in the 14 year old HDPE
geomembrane
was evaluated
using two different
oxidative induction time (OIT) tests: Standard (Std) OIT
test and High Pressure (HP) OIT test. The Std-OIT test
was performed
according to ASTM D3895 at an
isothermal temperature of 2000C and 35 kpa pressure,
whereas the procedure for the HP-OIT test followed was
ASTM D5885 at an isothermal temperature of 1500C
and 3500 kpa. Tests were carried out on ten samples
taken from the various locations. All ten samples were
evaluated by the Std-OIT. Only six of the ten samples
were evaluated by the HP-OIT test since the purpose of
the HP-OIT test was merely to confirm the data of the
Std-OIT tests. The consistency between HP-OIT and
Std-OIT
data suggests
that the high isothermal
temperature used in Std-OIT tests did not bias the result
by destroying some of the antioxidants.
Thus, the
following discussion on the oxidation behaviour of this
geomembrane
will be based on the results of the StdOIT tests. Modern geomembranes would be expected to
have a Std-OIT value in excess of 100 minutes at the
time of installation.
However, the initial OIT values for
this 14 year old membrane are unknown.
Table 1 shows the average results of the Std-OIT tests.
The resulting values at ten different locations are all very
short, signi@tg that there is only a limited amount of
antioxidant remaining in this 14 year old geomembrane.
As expected, geomembranes
exposed to sunlight have
the shortest OIT time of all. This is because the exposed
geomembranes
were subjected to both photo-oxidation
In addition,
the surface
and thermo-oxidation.
temperature of the exposed geomembrane
was much
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higher than the covered geomembrane;
this further
accelerated the thermo-oxidation.
However, the OIT
values from the north, south, east and west were similar.
Thus the effect of the orientation with respect to the sun
seems to be minor (the south and west slopes having
slightly higher OIT values than the north and east
slopes).
Three of the six exposed samples had OIT
values in the 1 minute range, suggesting that their
antioxidant levels have ahnost reached zero. (A nonstabilized HDPE geomembrane
has 0.5 minute of StdOIT). Thus, oxidation degradation might already have
started
in the geomembrane
at these
locations,
particularly on the surface.
For covered geomembranes, temperature is the crucial
factor. Geomembranes
which were fully covered by the
leachate would experience the most consistent and lowest
maximum temperature in the entire liner system since
the leachate
temperature
would remain relatively
constant through the year unlike the surface temperature
which would be high in the summer. Thus, the relatively
long OIT times measured for the leachate covered
samples are reasonable.
Approximately 5-6 minutes of
Std-OIT were measured indicating that some antioxidant
remained
in
these
geomembranes.
For
the
geomembrane that was located at the interface between
the leachate
and the sunlight, the OIT value of
approximately 3 minutes falls between those of the fully
exposed and the fully leachate covered geomembranes.
Also, its value is very similar to the geomembrane that
was located in the anchor trench. Due to the shallow
depth of the anchor trench (approximately 0.75 m), the
temperature of the geomembrane at this location would
have reached the ambient temperature which could be
280C in the summer season. Consequently, the oxidation
of the anchor trench geomembrane
proceeded faster
than that covered by the leachate.

3.4

Melt Index Test (MI)

If oxidation degradation takes place in the polymer, the
molecular weight of the polymer will be altered due to
either a cross-linking or a chain scission reaction. The
melt index (MI) test, ASTM D1238, is a qualitative
method to assess molecular weight.
A high MI value
indicates a low molecular
weigh~ and vice versa.
Geomembrane samples were taken from the west slope
anchor trench (NSNL),
at four different locations:
sunlight exposed region (SNL), below the leachate level
(NSL) and at the bottom of the lagoon (NSLB).
Tests
were performed under the condition of 19(PC and 2.16
Kg. Two replicates were tested for each sample. The
MI results are shown in Table 1.
The MI value varies with the location of the
geomembrane.
The geomembrane
that was completely
covered by leachate has the lowest MI value, whereas
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the fully exposed geomembrane shows the highest. The
geomembrane
at the anchor trench has a slightly lower
value than that located at the leachate interface.
Additionally, there is an inverse relationship between MI
and OIT vahq
geomembrane with a high MI value has
a low OIT value. The increase of the MI value suggests
that the oxidation induced a chain scission in the
polymer. This behaviour is different from that observed
in some of the laboratoy aging results obtained at oven
aging temperatures in the range of 11O-115”C at which a
cross linking was observed (Thomas & Ancelet, 1993;
Yim & Godin, 1993).
3.5

Tensile Properties

Tensile
properties
may be used to evaluate
the
macroscopic
changes
in a geomembrane.
These
properties were obtained in accordance with ASTM
D638-90 (me
IV) with a strain constant rate of 50
mrdmin.
Tests were performed
on 10 dumb-bell
specimens cut from samples taken at different locations
as previously described. The results presented in Table
1 show no significant difference in either the strength
and strain values at yield. The yield strength varied from
37 to 39 kN/m and is higher than typical values (30
kN/m) while the yield strains were between 10 and 11%
and were
lower
than
typical
values
for new
geomembrane
(15%) today (all based on 25 mm gauge
length).
Both the breaking strength and strain values are lower
than expected for new material (50 kN/m). The highest
values are observed for the anchor trench samples and
samples from the slopes exposed to leachate. The lowest
values are observed for samples exposed to sun and
samples
from leachate-sun
interface
(26 kN/m).
However, a surprisingly low value of about 27 kN/m is
observed for the bottom sample. This may be due to the
highly scratched nature of the geomembrane
on the
bottom.
These results seem to agree with those reported by
Rollin et aL (1994) who observed that, for a 7 year old
HDPE, there was an increase of strength at yield and a
decrease of both strength and strain at rupture. This
behaviour of HDPE geomembrane
suggests that the
material has become brittle and hence is indicative of
aging of the geomembrane.
3.6

Stress Cracking Resistance

(SCR)

Stress cracking has been defined by ASTM D883 as an
external or internal rupture in a plastic caused by tensile
stress less than its short term mechanical strength. In
this study, the SCR was assessed by the single point
notched constant tensile load (SP-N~L)
test according
to ASTM D5397-appendix
instead of the bent strap

D1693 test. The notch was introduced from the exposed
side of the geomembrane to minimize the surtlxe effects
such as scratches or surface degradation.
Geomembrane
samples were taken from the west side slope at four
different locations and the results are given in Table 1.
The overall failure time of this geomembrane
is
remarkably show, all specimens
failed in less than 4
hours.
The results suggest that the geomembrane
is
highly susceptible to stress cracking as reflected by the
cracking behaviour observed in the field. Since there is
no SP-NCTL test data on the original materia~ one can
not conclude whether or not the short failure time was
caused by the aging effect. Nevertheless,
geomembranes
at locations where they were covered or partially covered
by soil or leachate show a very similar failure time. The
geomembrane
exposed to the sunlight shows a slightly
lower failure time, suggesting that some degradation may
have taken place in this portion of the geomembrane.

Concentration in Sample (m@)
o
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Figure 3. Variation in chloride ccmcentrationwith
depth
in clay Liner below the geomembrane
after 14 years.
4

DIFFUSION
OF CONTAMINANTS
THE CLAY LINER

INTO
5

The geomembrane
was underlain by a compacted clay
liner in excess of 2 m thick The liner was composed of
88-93% clay sized particles, a plastic limit of 23% and
plasticity index of 18%. This low activity clay liner had
a porosity of that typically ranged between 0.3 and 0.39
with an average value of about 0.33.
The hydraulic
conductivity below the Ieachate level was about 2x101°
mh (based on one laboratory test).
Figure 3 shows the obsetved chloride profiles with
depth in the clay liner obtained by performing pore
water squeezes and chemical analyses on samples from
a borehole in the clay liner.
The profile shows a
generally consistent trend of chloride migration over a 14
year period. The depth of penetration of ahnost 2 m is
consistent with expectations based on previous field cases
(see Rowe et aL, 1995) over a time period of the order
The lower concentration
at the surfhce
of 14 years.
(relative to 0.2 m depth) suggests that the average
chloride concentration in the leachate over the year prior
to exhumation was lower than the long term average
concentration for the previous 13 years which gives rise
to some back diffusion.
This is consistent with the
Ieachate chemistry data. The profile implies that the
compacted clay liner performed well and the liner system
protected the environment
from contaminant
escape
over the 14 year operating life of the lagoon.

SUMMARY

AND CONCLUSIONS

Geomembrane
samples were taken from five different
locations of a 14 year old leachate lagoon.
Their
physid
chemical
and mechanical
properties
were
evaluated
in order to assess the possibility of the
degradation in the material during this service period.
The overall amount of antioxidant
present in the
geomembrane
was measured using the Std-OIT test.
The OIT values at all five locations were relatively short,
less than 7 minutes. Although the percent reduction in
the 14 years service could not be estimated due to the
unavailability of the original OIT value, the consumption
rate at various locations of the lagoon was evaluated. As
expected,
the lowest OIT value was detected in the
geomembrane
that was constantly exposed to sunlight.
A value as low as 1 minute was detected in some of the
exposed geomembranes,
implying only a small amount of
antioxidant remainin gin the geomembrane.
Thus, some
degrees of oxidation probably has already occurred in
this part of the geomembrane,
particularly on the
exposed surface. The extent of the photoaidation
has
caused a reduction in tensile break properties and stress
crack resistance of the geomembrane.
The results of the
Melt Index test suggest that the degradation was induced
by a chain scission reaction in the polymers.
For geomembranes
that were either covered by soil or
leachate, their properties were largely the same. Their
depletion of antioxidantwas slower than the exposed and
partially exposed
geomembranes.
The amount of
antioxidant present in these geomembranes
seems to be
sufficient to protect the geomembrane
from oxidation
degradation as indicated by their relatively high tensile
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break properties.
Although tensile break properties of
the bottom geomembrane showed a decrease, they might
be due to surface scratches which appeared everywhere
on this part of the geomembrane.
The correlation
between the OIT and tensile break properties of this 14
year old geomembrane
illustrates the significant role of
antioxidant in protecting the mechanical properties of the
geomembrane.
The severe cracking observed on the geomembrane
indicated that the material was highly susceptible to
stress cracking, and this was confirmed by the results of
SP-NCTL tests. The average failure time of unexposed
geomembranes
was 3 hours at 3090 yield stress which is
well below the current recommended value of 200 hours.
The results of this investigation
substantiate
the
importance of the antioxidant and stress crack resistance
towards the longevity of the geomembrane.
Therefore,
should
be
evaluated
and
these
two properties
incorporated
in the
specification
of a HDPE
geomembrane to assure their quality.
The presence of only a few small holes/cracks below
the Ieachate level was, apparently, sufficient to allow
leachate to get below the geomembrane
and diffuse
almost 2 m into the clay liner. However, notwithstanding
the holes in the geomembrane, the liner system provided
an excellent advectivediffusive
barrier and provided the
environmental
protection required over the required
service life of the lagoon liner system (14 years).
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Solubilities,Diffusion and Partition Coefficients of Organic Pollutants in HDPE
Geomembranes: Experimental Results and Calculations
W. Mueller, I. Jakob, R. Tmky-Gerth and H. August
Federal Institute for Materials Research and Testing, BAM, Berlin, Germany
●

ABSTIWCR Solubilities and -ion
coefficients of organic pollutants in HDPE geomembranes md the partition coefficients for
acetone, acetic acid and trichloroethylene in the water-geomembrane system were measured in immersion tests. Solubilities and
partition coefficients are the most relevant parameters in determining the permeation rate in geomembranes and in composite liniig
systems which include geomembranes. Theoretically these parameters can be obtained from calculations using group-contribution
methods. Two methods (the UNIFAC procedure and the Retention-Index procedure) are described. The calculated results are
compared with experimental values. It is shown that for various types of organic pollutant the calculated volubility and partition
coefficient values agree with acceptable accuracy with the experimental results.
KEYWORDS: Diffusion, Permeability, Geomembrmes,
1

Composite Liner Systems, Performance evaluation

INTRODUCTION

The importance of the quantitative description of contaminant
transport phenomena in liner systems appears to have increased
considerably in recent years, in particular with respect to risk
assessment for landfW construction and contaminated site
containment and equivalence or suitability considerations of
different materials for liner systems.
Two contaminant and material dependent parameters are of
fundamental importance in the description of the contaminant
transport in a liner element. One is the partition coeftlcient,
which represents the extent to which a contaminant from an
aqueous solution can pene@ate a liner material and be dissolved
there, i.e. is distributed between the aqueous solution and the
liner element or more generally is distributed between the liner
material and an adjacent medium or another liner component.
‘Ihe other is the diiTusioncoefficient, which describes the degree
of mobility of the dissolved contaminant within the liner
material.
According to the second and third administrative provisions
to the German waste avoidance and waste management act,
concerning the technical standards for the treatment and
disposaJ of waste (the so called TA Abfall and TA
Siedlungsabfall),
the composite
liner comprising
a
geomembrane and a thick multilayered clay liner is the standard
for municipal
and hazardous
solid waste Iandtllls.
Predominantly medium to high density polyethylene (HDPE)
are used for these purposes because these materials exhibit an
extremely high chemical resistance ,and durability.
The
regulations
in Germany require the certification
of
geomembranes for use in landfill liners and at present only this
type of geomembrane is certified by the Federal Institute for
Materials Research and Testing, BAM (BAM 1994).
In the following, the experimental results obtained from
immersion tests for the determination of the partition and
diffusion coefficients regarding the permeation of wuious
cont,aminaots, in particular from aqueous solutions, through
HDPE geomembranes and composite liners, will be described.
These experiments are the continuation of and supplement to

BAM’s investigations in the field of contaminant transport in
geomembranes already reported (August et al. 1984, 1992).
Special thermodynamically based calculation methods in
engineering chemistry make it possible to calculate these
parameters for a wide variety of undissociated contaminants in
aqueous solution. Only this type of contaminant is of interest
with respect to diffusion processes. Experiments lasting more
than 10 years failed to yield any clues on solution or diffusion
processes of hydrated cations and anions of dissociated
molecules in aqueous solutions into geomembranes (Mueller et
al. 1997 b).
The experimental results for solubilities and partition
coefficients will be compared with the calculated vilues. The
comparison will indicate that tiese parameters can reliably be
calculated for various kinds of contaminants. ‘he calculation
methods may therefore be used for the quantitative evaluation of
contaminant transport through plastic liner and composite liner
systems for Iandtlls or the containment of contaminated sites.

2 THEORY
2.1

Partition CoeflicienL Volubility and Diffusion Coefilcient

If a geomembrane is submersed in an aqueous chemical
solution, the molecules of the chemical may intrude into the
plastic material. As the chemical concentration increases,
increasing numbers of molecules will leave the geomembraoe
again. At a temperature T and pressure P a state of equilibrium
between the amount of contaminant (mole fraction x,) of the
chemical in the geomembrane (andthe amount of contaminant
(mole fraction ~ in the aqueous solution, will be reached. The
ratio of these two fractions is expressed by the partition
coefficient
(1)

d = X,lxo

(The mole fraction of chemical dissolved in the plastic will be
interpreted in the following as relating to one structural unit of
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the polymer chain, e.g. CH2 for polyethylene, and not the
number of the polymer chains themselves).
In order to calculate o’ it is necessary to begin with the
thermodynamic conditions of the state of equilibrium. The
concentration partition at equilibrium is indicated by the
chemical potential p(x, T, P) for the contaminant dissolved in
water and that for it dissolved in plastic being equal. The
dependency of the chemical potential of the dissolved
contaminant
on
concentration
is
given
by
P(x,TJ’) = IJJ(TJ’) + k~T log[y(x,T,P)x]. k~ is the Bohzmann
ConstanL ~ is the chemical potential of the neat liquid chemical,
being a function of T and P only. y(x,Tl) is the activity
coefficient which depends on the mole fraction, pressure and
temperature. The function a = Y(x,T,P)”xis the called activity.

Thus in equilibrium the following holds:
V(TY’) + k~T log[yL(xl)xll =
$(TY) + k~T log[yO(xO)xOl

(~)

horn which it follows for the activities and concentrations of the
solutions at equilibrium:
y I(N)% =

(3)

Yo(xo)xo.

If the activities or the activity coefficients are known as a
function of concentraticm, the two unknowns, partitions
coefficient o’ and mole fraction xl in the geomembrane can be
calculated from equations (1) and (3) for a particulw X. in the
aqueous solution. At very low concentrations, the activity is
proportional to concentration and, for a direct calculation of o’
using the proportionality constants YOund y,,

O’=yolyl

(4)

can be assumed.
Usually, the concentrationdescribing the contaminant content

in a solution will be given by the volumetric concentration c
(mass per volume) or by the mass fraction w (mass per mass).
The corresponding partition coefficients are o = cl/cO and
0“ = wl/wO. ‘The relation of the partition coefficients is then
given by:

(5)
are respective] y the mole volumes
V. and VP and ML and MP
and mole masses of the water or the structural unit of the
polymer.
Ifa geomembrane is immersed in the neat liquid chemical and
the plastic is resistant to it some saturation concentration of the
chemical dissolved by the plastic will be reached. The mass
&action (ratio of the mass of dissolved chemical to the mass of
plastic) at saturation will be called the volubilitys. An equation
for the mole tkiction ~ which corresponds to the volubility, can
also be deduced directly from the equilibrium conditions (3).
Since for the neat liquid chemical XO= 1 Landthus YO= 1:
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y,(xJx* = 1

(6)

must be true. Therefore, if the activity or the activity coefficient
is known as a function of concentration, volubility can also be
calculated according to (6).
Activities and activity coefficients and therefore the partition
coefficients and solubilities can be calculated using the groupcontribution methods. These methods consider the behaviour of
chemicals in a solution to be determined additively by the
properties of typical structural units of the dissolved molecules
and by the interaction of these units with typical structural units
of the solvent molecules. me structural units may be
charaeterkzd by their properties volume, surface and interaction
parameters with other units.
Two of these methods are used in the following. The partition
coefficient can be determined directly by a method suggested by
Piringer (1993), the so called Retention-Index method. The
UNIFAC (Universal Functional Group Activity Coefilcient)
method is widely used and versatile but more complicated. An
introduciton is given by Reid et al. (1977). It is used to calculate
the activities and activity coefficients of non-electrolytic liquid
mixtures for various concentrations. Oishi and Prausnitz ( 1978)
suggested an extension of this method which allows the
activities of contaminants dissolved in amorphous polymers to
be determined. Goydan, Reid and Tseng (1989) showed, that
this method yields sufficiently exact results over a wide range of
applications when compared with various similw methods for
the determination of the volubility of organic contaminants in
polymers.
Using group-contribution
methods
to analyze and
parametrize
a karge amount of experimental results, Piringer
(1993) derived the following empirical formula for the diffusion
coefficient of contaminants in polymers at very low dilution:

D = exp(AP -0,008

M, - 10450 ~)

[m2/s]

(7)

~ is the mole mass of the dissolved molecul~ T is the absolute
temperature measured in Kelvin and ~ is a materials parameter.
For LDPE material the best fit to the data was obtained with AP
= 9 and for high density PE materials with ~ = 5 (llringer
1993). For the medium density PE-copolymers used for tie
geomembranes we expect an intermediate value of ~ to give
best results for the calculation of the diffusion coefficients.
The parameters o and D can be determined experimentally
using immersion tests. In an immersion test a sample of the
geomembrane material of a p~icular geometry is immersed in
the liquid chemical or its aqueous solution with the known,
const~t concentration c,. The absorption of the chemical by
the sample is measured from gradui mass increase AG(t). If
the volubility of the chemical in the geomembrane material is
limited, a saturation value AG(~) for the increase in mass is
reached during the test. For a diffusion process according to
Fick’s law with a constant diffusion coefficient D the increase
in m,ass is proportional to (Dt)2 up to about 2Aof the saturation

value.

‘fhe

the sample.
thickness d:

proportionality factor depends on the geometry of
For a plate with a lmge wea compared to its

AG(t) = AG(m) [4/(d rc~)] (Dt)2
The volubility s can be calculated

(8)
for an immersion in the

liquid chemical from the saturation value

(9)

s = AG(co)/ G

The partition coefficient for immersion in the aqueous solution
is determined from the concentration c(~) = AG(m)/V of the
chemical in the GM sample (density po~), which is in
equilibrium with the concentration of the chemical in the
aqueous solution cO:
o n c(m)/

2.2

COs

[(AG(cu)KO

PGM] J co

contrast to the pure pore water effect the partition equilibrium.
For the ditTusivetransport of contaminants in the mineral layer
pore water the effect of the pore structure on diffusion as well as
the adsorbing effect of the “pore walls”, i.e. the generally
reversible adsorption of contaminants by chemical aad physical
bonding on the material of the mineral layer, should be
considered in the diffusion equation. Pore structure will be
described by a tortuosity factor I’, by which the diffusion
coefficient of the contaminant in water DO is multiplied.
Another partition coefficient k characterizes the contaminant
partition between soil and soil water. Assuming once again
linear equilibrium sorption, i.e. at any one time, for contaminant
mass hction ~ adsorbed by the soil particles and concentration
~ of the contaminants in the soil water, Cj = k ~, the following
dtision equations will be obtained:

(lo)

Permeability and Induction 17me for Composite Liners

In the following we demonstrate the paramount importance of
the partition coefficients for the contamimmt transpott in a liner.
We show how these coefficients enter the formula for the steady
state permeation rate and tie induction time for the composite
liner.
The concentration profile c(x) of the contaminant through the
liner in the steady state can be split into dtiferent ranges: COis
the initial concentration of the pollutant in the Ieachate, c,(x) is
the concentration
profile in the geomembrane and c*(x) that in
the clay liner, we assume that the concentration beneati the liner
should always be zero due to dilution by the groundwater. The
concentration
gradient which causes diffusion in the
geomembrane, builds up by the adsorption and dissolution of
contaminants on the surface of the geomembrane.
The
concentration conditions at the leachate/geomembrane interface
(x=O) as explained above are described by the partition
coet%cient O.,1thus:

(13)

with the retardation coefficient R = 1 + p~kh, where p~ is the
dry density of the mineral material and n its porosity.
In a mineral layer the permeation rate J2 and the induction time
t * are then given for an effective concentration COby
J2=nrDOc0/d2

q= Rd;/6rD0

Under a steady contiuninant supply the sorption in the mineral
layer has no influence on the final permeation rate, it has
however a substantial influence on tie induction time. For a
geomembrane the permeation rate J, and induction time t, of
diffusive contaminant transport at a concentration co can be
written as:
tl =d12/6 D1

J, =00,, D1 cO/dL

Using permeability P as a material parameter,
geomembrane and the mineral layer we defmc

P,= n 17D0

P,= (JO,,D,
c,(o) =

O.,1

co

(14)

(15)
for the

(16)

(11)

In connection with the sealing layers geomembrane and mineral
layer, a further parameter for the composite liner, i.e. partition
coefficient 02,1 for the interface between geomembrane and
mineral layer (x = d,) is important

The permeability P and permeation rate J of the composite
liner with a thickness d=dl+d2 can now be easily calculated
using the boundwy conditions (11) und (12) from the
conservation of contaminant fluxes in the steady state, i.e.
J=JI=J2. This gives:

(12)
cl(dJ

=

02,1

c2(dJ

simplest case O.,1= Oz,l. Here it will be assumed that the
partitioning of the contaminant between the geomembrane and
leachate is similar to that between the geomembrane and the
mineral layer pore water. Strictly speaking, however, CS2,1
depends on the properties of the interface between the two
sealing components and cl(d, ) .md therefore it will differ from
IJO,,. In addition various chemicals in the Ieachate and in
In the

ddi+dz
F=~

(17)
(%,/%,

Y’*

Finally the formula for the induction time of the whole system
analogous to (17) should be given, which can also be easily
calculated using a method suggested by J. C. Jaeger (Carslaw et
al. 1959, Barrie et al. 1963). The induction time t of the
composite liner is composed of the induction times tl and ~ and
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permeabilities PI und P2 of its components as follows:
d
r,(;

3dz

+

)+r2(:+

(%,,/Q~*

I

t=

‘2
I

d
J+

elsewhere (Mueller et al. 1997a). The constant saturation value
in the mass gain - time curve was used to caJculate the mass
fraction of the test liquid in the geomembrane, see (9). Tables
2a and 2b summarizes the results.

)

(~o,li~z,l)~z

(18)

d2

P,

Table la. Properties (manufacturer, resin, thickness
cristallinity) of the test samples and sample numbers.

(fJo,l/WY2

for the diffusion of a contaminant through
the composite liner is determined according to (16) and (17) for
given thicknesses (d, = 2.5 mm and ~ = 0.75 m or 1.50 m for
municipal waste landfllls and hazardous waste landtlls
respectively) by diffusion coefficients D, and DO, partition
coefficients 00,1and eJ2,1 and soil parameters n and 17.While
parameters D, and Do and n and r vary by only approximately
one order of magnitude for different contaminants and mineral
materials,
the partition coefficients o of the various
contaminants dffer by many orders of magnitude. Thus the
partition coefficient characterises the imperviousness of the
composite liner for a variety of classes of contaminant. For
example, the partition coefficient for cations and anions is
practically zero since they cannot be dissolved out from the
hydrated complex in the aqueous solution in the non-polar
material polyethylene. As indicated previously, therefore, from
the outset only undissociated organic and inorganic molecules
have to be considered for diffusive contaminant transport.
Since the induction time depends on the square of the
thickness, for a composite liner L >>tl. Also the retardation
The

permeation

capacity

of

rate

the

considerably.

mineral

The

then determined

induction

according

layer

may

increase

induction

time t of the whole
to ( 18) only

Sample

Manu-

Prvduct

facturer

type

Thickness

C@allinity2

number

AGRU

Hostaten

2.5mm

(53.6*0.5)%

GmbH

GM 5040
T12
2.5 mm

(47.5 *0.5) %

‘

1.0 mm

(55.7

Vestolen
A 3512R

2.0 mm

(51.3 *0.5) %

48

139

a

GSE
GmbH

2342 M

Simona

unknown

is

of the

mineral layer and its sorption
capacity,
This does not apply for
composite liners with particularly thin mineral layers such as

This paper focuses on the determination of o and D,. A
discussion

and evaluation

+0.5) %

GmbH

b

SLT
GmbH

1) HDPE-nAn of relatively high density(Dichte 0.954 g/cm3,NfFf (190/5) 1.3
g/10min), no detailed data about the product available
2) with respect to a heat of melting of 293 J/gof fully crystallized HDPE

Table lb. Characteristic data of the HDPE resins used for
certificated geomembranes in Iandfll lining systems.
Producttype

Density’
kg/cm3]

m’
[8/10 rein]

Ratio
of MF12
[-1

cartmn
black’
[wL-%]

HosMen
GM 5040T12

0.946f0.002

0.85*0. 15
(190/5)

19

2.15*0.15

DOwlex
2342 M

0.943 *0.C02

2.5*O.4
(190/5)

9

2.2i-o.2

Fortitlex
G36-24- 149

o.947*o.033

23.0i3.O
(190/21.6)

18

235+0.25

Vestolen

0.942~0.003

1.6*0.2

9

2.1*0.3

GCis.
detailed

Dowlex

time

liner system

by the thickness

and

of the other parameters

mentioned above and therefore of contaminant transport in the
composite liner is given elsewhere (Mueller et al. 1997 b).

A3512R

(190/5)

1) Specification of the manufacturer acconiing to the certiO@iOn
*ent,
melt flow index according to DIN ISO 1133
2) Ratio of MFl (190/21 .6) to MFf (190/5), measured at GM samples
IWl:

3

EXPERIMENT

The manufacturers and the resin specifications, thickness and
crystallinity of the geomembranes used in the immersion tests
and the identification number of the samples are listed in Table
1a. The corresponding parameters of the HDPE resins for
certificated geomembranes are shown in Table lb. me
materials are high moleculcu weight, linear, medium density
polyethylene whh butene,
hexene or octene co-polymer
fractions. The first column of Tables 2a and 2b list the
chemicals used as test liquids and as aqueous test liquid
solutions for the immersion tests. Both non- or only weakly
polar and polar organic test liquids were used.
Details of the experimental procedure and typical examples of
mass gain versus time curves for mmples immersed ,we given
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The difhssion cnctlicient was determined according to (8) from
the linear slope of the mass gain - square root of time curve
valid for short times. The results are given in the second and
third columns of Table 3a and 3b.
From the solubilities and diffusion coefficients determined
!i-omthe immersion tests the expected permeation rates for the
neat test liquids can be calculated according to (15). They are
in good agreement with the directly measured rates obtained
from permeation experiments. For trichloroefhylene a rate of 50
gledd (Sample 48) and 56 g/mti (Sample 139) was expected:
measurement yielded 30 gMd and 61 ~m%. For acetone a rate
of 0.3 ~m% (Sample 48 and Sample 139) was expected:
measurement
yielded
0.2
@mkl on a 2.5 mm tilck

geomembrane of Vestolen A 3512 R. For acetic acid a rate of
0.4 g/m% was expected for sample x measurement yielded a
rate of 0.3 gjm%i.

Table 2& Experimental results for the mass fraction of absorbed
molecules in HDPE geomembrane from immersion test in neat

polar liquids and their
Test

liquid

aqueous
Sample

48

solutions.
Sample
139

Water

0.0008

Sample

Sample

a

b

0.001

0.001

0.009

0.009

0.0010

Methanol
Acetone

0.0099

0.0112

Aceton-water,

0.0012

0.0013

0.0050

0.0055

10 vol.-%

Aceton-water,

solutions. The vahres decrease with decreasing concentration
even for polar con taminants which are only slightly concentrated
in the geomembrane. This effect is especial] y clear for non-polar
test liquids which can be well dissolved in the geomembrane.
The diffusion coefficients from tests on aqueous solutions are
approximately one order of magnitude smaller than values
obtained from tests using neat tmt liquids.

50 vol.-%

Methylethylkefone

0.0179

0.0190

Acetic acid, cone.

0.0086

0.0086

Acetic acid, 0.50 kgfl

0.0036

0.0026

Acetic acid, 0.70 kgfl

0.0045

0.0036

Acetic acid, 0.90 kgil

0.0062

0.0053

Propanoic acid, corrc.

0.0212

0.0209

Acetic acid ethyl
ester

0.021

0.023

Formaldehyde,
37 wt.-~o

0.004

0.003

Table 2b. Experimental results for the mass fraction of absorbed
molecules in HDPE geomembrane from immersion test in the
neat nonpolar or only weak polar liquids and their aqueous
solutions

Testliquid

Sample
48

Sample
139

Sample
a

Sample
b

chloroform

0.134

0.153

Carbon tetrachloride

0.180

0.200

0.168

0.190

Tettactdomethylene

0.190

0.217

Chforotenzmre

0.097

0.108

Xylene (isomeric
mixtrm)

0.083

0.095

Toluene

0.080

0.090

0.047

0.051

Trichloroeth ylene

0.195

0.200

Trichlornethylenewater, 0.5 g/1

0.046

0.060

Pentane

0.0639

0.0631

Hexane

0.0663

0.0646

Heptane

0.0660

0.0646

octane

0.0651

0.0634

The vrdues for the aqueous snlutions were corrected for the absorbed water

The agreement between permeation
and immersion
experiments is also proved by the data in the last column of
Table 3a. Permeation experiments had been performed on
specimens taken from sample a - see August et al. (1984).
Diffirsicm coefilcients (last column of Table 3a) were then
determined according to ( 15) from the permeation rates using
the volubility from Table 2a and 2b. They are in good
agreement with the values obtained from immersion
experiments.
lle diffusion coefilcients given here cannot be considered to
be the diffusion coefficients of a single molecule of a dissolved
contaminant in the amorphous phase of the polymer. They are
rather average quantities parametrising permeation and
absorption prcwesses based on Flck’s Laws assuming a
concentration independent diffusion coefficient. The diffusion
processes however exhibit a pronounced dependence on the
concentration. This is clear from the non-linear slope of the
mass gain - time curve for liquids with very high sohtbility.
The Table 3b gives the difhsion coetllcients in geomembranes
determined from permeation and immersion tests on aqueous

Isooctme
fkcahydronaphtfmline

0.1094

0.1074

The values for the aqueous solutions were corrected for the absorbed water

The chemicals are only dissolved in the amorphous regions of
partially crystalline polymer. If a comparison is made with the
calculated soiubilities and partition coefficients for amorphous
polyethylene, the mass gain for the dissolution of the chemical
should only be related to the amorphous fraction of the sample.
For this purpose the mass Gmo~, of the amorphous phase in the
geomembrane samples was determined from the degrees of
crystallinity given in Table 1a. Toe partition coefficient o was
calculated from tie saturation value of the mass gain for
immersion in the dilute aqueous solution at concentration CO
according to (10) with G = GmoT~ and the volubility for
immersion in the liquid chemical according to (9) with G =
The results for the solubilities and partition coefficients
Gfor the aqueous solutions corrected in this way are given in
Tables 4 and 6.
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concentrationsto compare them with the measured vahtes. For
this purposethe valueof activity a(xO) was determined from the
calculated activity curve for acetone in water, see F@.tre 1, for
the specitied concentmtion ~ of the aqueous solution.
Figure

2 givesthe acdvityctuves for acetone in polyethylene. Since in
equilibriumthe activitiesare equal, the activity curve of acetone
dissolved in the polymer yields the mass fraction w in the
polyethylene at level of activity U(XO).For the aqueous solutions
the calculated and measured values of the concentration in the
polymer are in surprisingly good agreement. The calculations
should therefore also yield reliable results for highly diluted
aqueous solutions.

Table 5: Detailedcomparison of calculated mass fractions with
measured mass fractions in the systems aqueous acetone
Solutionfpolyethylene and aqueous acetic aci@polyethylene.
Test liquid

Measuredvalues

Calculatedmass

of mass fraction
of absorbed

fraction according
to the method of

molecules with
respxt to the
amorphous part
of the HDPEGM, Sample 48

Takeru Oishi and
John. M. Prausnitz
(lJNfFAC)

1.0

0.022

0.441

Masa
fraction
of the

Aceton&
water

Acetic acid

liquid

Partition
coe~cient,
measured
and
estimated
(square

●

Partition
coefficient,
calculated
accordingto
the UNfFAC-

Partition
coeffkient,
calcxsiated
accordiigto
the

method

RetentionsIndex method

0.004

0.04) 1

bracke!s)
Methanol-water

Acetone-water

0.032’

0.016

0.106

Methylethytketonewater

[0.06]

0.173

0.403

Acetic acid, diluted

0.015’

0.017

0.020

0.043

0.076

0.42

0.930

Pmpanoic acid,
diluted
[0.28]

Fonnaldehydewater

0.015’

0.021

chloroform-water

[18]

19

22

0.011

0.011

Cartron
tetrachloride-water

[238]

252

141

0.081

0.003

0.004

Tricldoroethylenewater

189”

1.0

0.019

0.022

0.014

0.014

Trichloroethylenewater

[135’]

0.855
0.673

0.010

0.009

l,2-dichloroethanewater

[79

0.486

0.008

0.006
Tetrachlorelhylenwater

[1357]

ChlOtubenzenewater

[209]

350

487

Benzene-water

[57q

55

37

Xylene-water

[4997, [556]

1157

517

Toluene- water

[192’], [160]

254

206

3600

2800

Their activity coef6cient was determined from the initial slope
of the activity cwve for x and w close to zero and the
correspondhg partition coefficient o calculated according to (4)
and (5). Table 6 shows a comparison of the experimental
values measured and estimates with the results obtained by
calculation. The estimated values are in square brackets. The
estimated values were calculated as the ratio of volubility in the
polymer (Table 2a and 2b) to solttbility in water.
For aliphat.ichyfmcwbons the interaction parameters between
the CH2and the ~0 groups as given by Gmehling et. al. (1982,
1983), Tlegs et al. (1987) and Hansen et al. (1991) yield
solubilities in water one or two orders of magnitude too high.
Correspondingly partition coefficients estimated in this way
would be much too small. For these cases it was necessary to
fall back on the ori@nal interaction parameters given by Ried et
al. 1977. The volubility in water is then in very close agreement
with the measured wdues therefore the partition coefficients can
be considered to be reliable.
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Test

Acetic acid ethyl
ester-water

aqueous
solution

Acetone. neat

Table 6. Partition coefficients for the system aqueous solution polyethylene calculated with the UNIFAC method and the
Retention-Index method compared with experimental and
estimated results (values in brackets).
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Pentane-water

[1512]

0.009

114

10

20

9972

Hexane- water

[5800]

22200

10700

Heptane-water

[243481
.
.

131000

40600

~ 10 Vol.-% Acetone-water,’) 0.5 g/1 acetic acid,’) 37 wt.-% formaldehyde,
~)0.5 g/1trichioroethylene-water
~ Data from Prasad et al. ( 1994) for the partion coefficient estimated from
the ratio of measured solubilities

Using fhe UNIFAC method the temperature dependence of
solubilities and partition coefficients can also be determined.
This would however go beyond the scope of this paper.

Table 3a: Experimental results for the diffusion coefficient of
test liquid molecules in HDPE geomembrane from immersion
artd permeation measurements with the neat test liquids.
Test liquid

Immemion
Sample 48
D,
[ 10U m2/s]

Irnnsemion
rest
Sample 139
D,
[ IOU m%]

Water

0.82

0.90

Acetone

0.87

0.91

Methylerlrylketone

0.75

0.86

Acetic acid

0.58

0.52

Pmpanoic acid

0.30

0.32

test

Pestneation
test
Sample al
D,
[ 10U m2/s}

liquid phase. Therefore marked differences exist in the specific
volumes of the liquid contaminant and that dissolved in the
polymer which must be taken into account in the partition
function of the solution and thus also in the activity. This is
done in the extended UNIFAC method using an additional ‘free
volume’ term, which depends on the density of the test liquid
and of the polymer (Beret et al. 1975).

Table 3b. Experimental results for the diffusion coefficient of
test liquid molecules in HDPE geomembrane from immersion
and permeation measurements with aqueous solutions. The
values put in brackets are quoted from (Prasad et al. 1994).
Test liquid

Acetic

acid

1.1

ethyl

ester

5.9

alorofoml

Carbon

2.4

tetrachforide

Acetone-water

Imnsetsion

fmmemion

test, Sample
48 anddata

testSample
139

Permeation
~ Sample
a%nddata

from the
literature
D,
[ 10U m2/s]

D,
[ 10-U m2/s]

from the
literatu~
D,
[ 10”UIs#/s]

0.66

0.84

0.88

0.87

10 Voi-%
Trichlomethylene

7.70

8.40

10.8
Acetone-water

Tettachlomethylene

3.8

50 vol.%

fJdOrOberw.ne

3.6

Acetic

acid,

0.50

kgfl

0.11

0.18

Xyiene

4.7

Acetic

acid,

0.?’0

kgfl

0.15

0.22

Tohsene

6.1

Acetic

acid,

0.90

kgfl

0.25

0.29

Trichloroethylenewater

0.20

0.30

Pentane

2.44

2.90

Hexane

2.08

2.47

1.52

I .74

Tnchlomerhylenewater

[0.52]

Heptane
Octane

1.08

1.31

Benzene

[0.037]

Xylene

[0.10]

Toluene

[0.5 1]

Isooctane
Decahydro-

0.44

0.35

0.36

naphthaline

$) Calculatedfrcm the mme-ation rate,see Augustet al. 1984, and fsum tbe
of Table 2a ~nd 2b according to (15)-

0.6

[0.50]

-

0.2

[0. 10]

0.2

[0.23]

$) Calculated from the permeation rate, see Au8ust et al. (1984), and from the

calculatedpatition coefficientsof Table 6 accmding to (15)

;olubilities

4

CALCULATIONS

‘l’hecalculation methods applied are explained in great detail
in the listed references, therefore they will not be extensive y
here. Activity a(x) of the aqueous solution of the test liquid
with concentration (mole fraction) x was calculated using the
UNIFAC method, see Reid et al. (1977) and the references
given there. The activity a(w) of the test liquid dissolved in the
polymer with amass fraction w was calculated by tAe UNIFAC
method as specifically extended for polymers by Oishi and
Prausnitz (1978).
The amorphous regions of the polymer exhibit a large free
volume. This has an effect on the molecules dissolved there
which are spread throughout a greater free volume than in their

The amorphous polyethylene was modelled by the structural
unit CH2 (MP = 14.03 g/mol) with the corresponding volume
and surface and also interaction parameters. For the calculation
the theoretical density of the amorphous part was not used but
rather the actual density of the partially crystalline polymer (see
Table la). Under this assumption the best agreement with the
experimental data was achieved. The group parameters for a
wide variety of structural units are given by Gmehling et. al.
( 1982,1983),Tiegs et al. (1987) and Hansen et al. (1991).
Figures 1 and 2 show examples of the calculated activity curves.
The volubility was determined from these activity curves
according to (6). The results are summarized in Table 4.
For those test liquids in Table 4 whose calculated values are
shown in square brackets the calculated activity curve according
to the extended UNIFAC method approaches unity only
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asymptotically, see annotation to reference (Beret et al. 1975).
Thereforea substantialerror occurs in the estimate of volubility.
In these cases the following method was chosen. Based on the
assumption that the calculations are most reliable at low
concentrations the tangent to the activity cunfe at low
concentrationswas determined. The mass fraction at which the
ordinate of this tangent line equals 1 was then used to estimate
volubility. The values are given in square brackets in Table 4.
Obviously they are in very close agreement with the meosured

Activity4x)
1.0

●

0.8

0,6

values.

Table 4. Sohtbilities (mass fraction) calculated with
extended UNtFAC-method by Oishi and Prausnitz for the
liquids in amorphous polyethylene compared with
experimental results. The calculated values put in brackets
extrapolated from the activity curve at low concentrations.
Testliquid

Measured

values

of mass

0.4 ~

0.2

Calculated

fraction of absorked molecules
with respect to the amosphous
past

the
test
the
are

of the HDPE-GM

mass fraction
acconfiog to
themethod of
Oishi and
Prausnitz

or
0.2

0.4

0.6

0.8

1.0

Mole fraction x

Sample 48
‘) Sample a

Sample 138
b, Sample b

Water

0.002

0.002

Methanol

0.002’

0.002’

o.oi34

Acetone

0.022

0.022

o,t)~l

Methylethylketone

0.039

0.037

0.032

Aoetic Acid

0.019

0.017

0.022

Pmpaooic acid

0.046

0.040

0.030

Acetic acid ethyl
ester

0.048’

0.047’

0.065

Cldorofonn

0.305’

0.312’

0.325

Carbon tetrachlorid

0.409’

0.408b

[0.222]

Tsici-domethylene

0.424

0.385

0.450

Tettachlomethylene

0.432’

0.443’

0.442

Chlorobenzene

0.220’

0.220’

o,z85

Xylene

0.189’

0.194”

[0.133]

Toluene

0.182’

0.184’

[0.439]

Pentane

0.139

0.121

[0.090]

Hexane

0.144

0.124

[0. 105]

Heptane

0.144

0.124

[0.113]

Figure2. Illustrativeexample of activity versus mass fraction for

Octane

0.142

0.122

[0. 122)

acetone dissolved in amorphous polyethylene. The curve was
calculated using the modifkd UNIFAC-method.

Isooctane

0,107’

0.104’

[0. 117]

Decahydro-

0.238

().~07

[0.2271

Figure 1. Illustrative example of activity versus mole fraction for
aqueous acetone solutions. The curve was calculated with th(
UNIFAC-method.
Activity
a(w)
2.5

2.0

1.5

1.0

naphtaline
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0.5

o

0.2

0.4

0.6
Mass

0.8

1.0

&lCtiOnW

Table 5 shows the calculations for polyethylene/aqueous
acetone solution and polyethylene/acetic acid at various

O. G. Piringer suggested a simple group contribution method
for the direct calculation of the partition coefficient o. A
detailed explanation can be found in (Piringer et. al. 1993). The
method is based on the comparison of the retention times in gas
chromatography and is denoted as the Retention-Index-Method.
The polyolefm is simulated here by the non-polar material
Silikon OV 101. Increments for important structural units in
the non-pohm material Silikon OV 101 and in water are given
by Ptiger (1993). ‘fhe calculation results are given in Table 6.
The partition coefficients calculated according to the UNIFAC
method are in every case in fairly good agreement with those
calculated by the Retention-Index method.
The diffision coefficients for compounds dissolved at low
concentration in the geomembrane might be estimated
according to (7) with an appropriate choice of the materials
parameter ~. Whh ~ = 7.5 a fairly good agreement with the
measured values in Table 3b is obtained.

5

DISCUSSION

The polyethylene investigated here containing linear polymer
chains with 5 to 15 ethyl-, butyl or hexyl side chains per 1000
C atoms, exhibit a complex morphology of finelydistributed
crystalline and amorphous regions. A sample of black HDPE
geomembrane with a typical mass of 6 g contains additionally
approximately 150 mg of finely distributed carbon black
particles and a few tens of grams of antioxidants.
Tne
parameters given here ‘average out’ influences and interactions
acting in complex surroundings.
This is valid fist of all for diKMion coefficients. The dissolved
molecules interact with each other and change the surroundings
and the conditions for migration in the polymer, which can be
observed as swelliig. Therefore the diffusion coefficient should
depend on the concentration. It can be seen from both
immersion tests and from permeation rates that the diffusion
coefficient is considerably smaller at small concentrations from
aqueous solutions than under a load with neot test liquids.
Above all, the induction times are much shorter under a load
with neat test liquids than with aqueous solutions. For a
permeation process with a diffusion coefficient D increasing as
a function of the concentration according to a simple rule, e.g.
D(c) = DOe@,the induction time can be calculated (Frisch 1957
and annotation this reference) and a strong reduction in
induction time is indeed obtained in comparison to that which
would be obtained according to (15) at a low concentration and
diffusion coefficient DO.
The diffusion coefficients at high dilution depend on pokarity
and in particular on the size of the dissolved molecule. It might
be estimated for various temperatures with formula (7). For the
organic compounds the diffusion coefficient typical] y lay at a
few times 10-13m2/s. The pmtition coefficients in Table 6 show
a completel y different behaviour. They v,ary by nearl y 10 orders
of magnitude. This proves the statement made at the beginning,
that the partition coefficient is the fundamental determining
factor for a wide variety of permeation rates for the different

pollutant classes.
These numbers enable a few simple estimates of diffusion in
the composite liner. The diffusion coefilcients in the mineral
la~r lay typically between a few times 10’1 m2/s and 1010 mz/s.
The porosity is a few times 10~. The permeability is then
according to (16) typically around 10-11m2/s. The thickness of
the mineral layer is greater by a factor of 400 than that of the
geomembrane.
Since the diffusion coefficients in the
geomembrane are less than 10-’2 m2/s, in spite of its small
thickness its diffusion resistance according to (16) and (17)
exceeds that of the mineral layer if the partition coefficient is
less than 0.025. This is the case for aIl easily water soluble test
liquids. The geomembrane therefore not only completely
prevents ionic dkfusion it also contributes greatly to the
diRusion resistance for all easily water soluble non-dissociated
molecules.
Hence the geomembrane is an indispensable
element of an efficient engineering barrier not only as a barrier
to convective transport but also as a diffusion barrier for easily
water soluble substances.
The dit3ision resistance of the geomembrane for non-polar or
only weak] y polar hydrocarbons is however low. The
imperviousness is essentially determined by the mineral
component. An additional increase in the diffusion resistance
can however be achieved through the conditions at the
interfaces. Assuming that the partition coefficient Oz,lbetween
the soil water and the geomembrane is greater than that 00,,
between the leachate and the geomembrane, i.e. 00,,/02,, <1, this
increases according to (17) the diffusion resistance of the whole
system. Suflicientl y convincing measurements for this are not
yt available. There we however various arguments supporting
this assumption.
In spite of the complex morphology and composition of the
polyethylene investigated, as mentioned at the begiming it can
be seen that even a simple modelling of the amorphous regions
with the CHZ structural unit and taking into account the
contribution of the free volume to the activity, assuming that
contaminants can be dissolved in amorphous regions alone, the
volubility can be predicted over a range of some orders of
magnitude with an accuracy of up to a factor of 2. ‘fhe
calculated partition coefficients are in close agreement with
those measured for HDPE geomembrane in aqueous solutions.
The UNIFAC-method has the advantage that it might be used
to cilculate partition coefficients at moderate temperature
typically for landfills and for multicomponent solutions. In the
waste body, due to chemico-biological and in exceptional cases
due to hydration and oxidation processes, temperatures up to
about 80° C can occur. In the basal liner beneath a state of the
,art drainage layer however, temperatures of more than 40° C
have never actually been found. A temperature increase from
~30 c to 400 c results in a tenfold increase in the permeability
of the HDPE geomembrane.
The results of the Retention-Lndex method agree with those of
the UNIFAC method. The calculation with the former method
is much easier because only the influence of non-polw and
aqueous surroundings on larger structural features like
aromatics, aldehydes, alcohols, branches, Cl side groups, etc.
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has to be taken into account. Even the accuracy achieved with
this assumption is obviously sufficient for risk estimation or
system comparison for the application of geomembranes in the
of ground water protection.
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Water And Organic Solvents Transport Parameters In Geomembranes.
L. Durin, N. Touze, C. Duquennoi
Cemagre~ drainage and barrier engineering research division, B.P. 121,92185 Antony cedex, FRANCE
ABSTRACT: To assess the efficacy of geomembranes against fluid transport, samples were tested in the presence of a
concentration gradient and an hydraulic pressure gradient. Chemical difision tests were conducted by immersion of HDPE
and EPR-PP in pure organic solvents such as acetone, dichlorometbane and toluene. Water diflision has been tested on
various geomembranes such as HDPE, EPR-PP, PVC-P, EPDM, elastomeric bituminous and oxidized bituminous.
Temperature influence on water diflixion rate was studied on PP, HDPE and PVC-P. Hydraulic permeation of water was
studied on PVC-P, EPDM and a bituminous film with a permeation apparatus presented in this paper. Kinetic sorption curves
are plotted from immersion tests. DifTusioncoefficients and chemical permeation fluxes are calculated from experimental

data. Immersion test is a valuable method for determining pure solvents difiion coefficient if material swelling can be
neglected. Application of Arrhenius Law to difiion coefficient variation with temperature may be inaccurate. HDPE and
EPR-PP seem to be more sensitive towards non polar solvents.
KEYWORDS :Geomembranes, Laboratory Tests, Permeability, Diffusion, Temperature Effects.
1

INTRODUCTION

Geomembranes are non porous materials which fimction
is to act as a barrier against fluids such as water and
pollutants. Various different methods have been used for
estimating geomembrane behaviour towards fluid transport
(August, 198X Park, 1986). Tmnsport phenomena in solids
oflen refer to permeability, which is defined as the ability of
a solid to be penetrated by a fluid. Distinction must be made
between chemical and hydmulic permeability. Chemical
permeabili~ concerns the transport of molecules under a
concentration gradient. Physical phenomena involved are the
adsorption on surface, the difh.sion through the
geomembrane and the resorption. Hydraulic permeability is
related to the transport of a under hydraulic pressure
gradient.
Various studies aimed at determining mass flux from
laborato~ tests using pure (Haxo, 1990; Britton, 1989) or
dilute organic solvents (Park, 1996). Authors often argue
that when aqueous solutions are used, landfill conditions are
better approached (Park, 1996). But few of them (Nguyen,
1996; Stessel, 1995) closely observed the influence of
physical interaction betxeen solvents and geomembranes on
transport parameters evolution. Values obtained are rarely
discussed considering their evolution along time.
Nevertheless previous studies have shown that
geomembrane ageing could also be controlled by transport
phenomena (Durin et al. 1997, Duquennoi et al. 1995).
Because geomembmnes are made of dense polymers,
they are nonporous and Iaboratoty experiments can last a
long-time (at least 2 months). Two modes of transport
(chemical and hydraulic permeation) through various
geomembranes are compared in this paper by means of
related parameters (diffusion coefficien~ plasticizing
coefiicien~ hydraulic and chemical permeation flow). It was
airned at determining if an increase of chemical gradient and
of temperature could contribute to accelerate some
processes without changes in phenomena. ‘Rte last part of
the paper describes a device used to evaluate water fluxes
through geomembranes under hydraulic gradients (Eloy-

Giomi, 1993, Pelte, 1993, Touze, 1995). The method has
become a standard in France to qualify the quality of
geomembranes as far as hydraulic fluxes are concerned.
Three types of results are presented (1) the effect of
solvents type (organic and water) on diffusion coefficient
value; (2) the effect of temperature on water diil%sio~ (3)
the effect of water permeation under hydraulic pressure
gradient.

2.1

Diffhsion Coefficient Estimate

2.1.1 Principle
Sorption tests through geomembranes can be described
by an unidirectional Fickian diffusion in a medium bounded
by two parallel planes (Crank, 1975). Solutions of second
Fick’s law (1) give the diffusion profile shape C(x, t) and
permit the diffusion coefficient calculation from
experimental profiles.
(1)

If the concentration of the diffusing solution adsorbed on the
sample surface is called ~ , and the half-thickness of the
sample is 1,then boumhuy conditions for tesolving (1) are
(Crank 1975) :

C=co
C=c,

X=-1,X=1
-l<X<l t=()

For -1< x <1 and t >0, it gives (2):

where D is the constant difFusioncoefficient, t the time, n is
a positive integer, C, the concentration at the x distance
from the surface.
If M, is the quantity of difising matter in the membrane at
time t, (2) leads to (3):
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where m is the mass of diflhsing matter absorbed when the
sorption equilibrium is reached. Sorption ratio M, I N& is
expressed as a fimction of time aad the graph of sorption
kinetic (Crank, 1975) is in general plotted with the reduced
p).
coordinates (-i
Mm r 41’

temperature, assuming that the same value at the equill%rium
could be reached faster in the latter case.
In the case of sorption tests conducted at three different
absolute temperatures T 1<Tz<Tq, required times to reach
the same value of sorption ratio are t ,>tptj. Then when (6)
is verified one can obtain:
11
———

ln(il=ln(wx(’n(
+(:))

2.1.2 Sorption tests
Equation 2 is a trigonometric series which converges
towards zero and infinity. When t tends to zero, it is
assumed that the membrane surface reaches immediately
equilibrium as soon as immenion begins (t = O). The

diRusion coefficient Do at the beginning of immersion can
then be obtained from the half-sorption time t ,IZdefined as
M t 1/2 1
—=-.
If DO is constant (Crardc, 1975), equation 3
M=
2
gives
~2
D ~ =0

.0492x—
t 1/2

(4)

where L is the sample thickness.
When t tends towards intinity, it is considered that
equilibrium is reached for a value of M, / W equal to 90%
of maximal sorption observed. Related time is called infinite
time tm.llte diflbion coefficient D. at equilibrium can be
calculated from equation 3:
D. =0.212~
tm

(5)

Equations 4 and 5 give a good estimate of the difu.sion
coefficient if sorption is Fickiaa (D is a constant) and the
geomembrane does not swell.
2.1.3 Evolution of diflhsion coefficient with temperature.
Arrhenius law (6) says that an increase in temperature
accelerates sorption rates:

()

E
D(T)= A.exp —
RT

(6)

where A is a constant, E is the activation energy,
independent from temperature T, and R the perfect-gas
constant. The influence of a temperature variation on
sorption was studied in order to determine if (6) could be
used to estimate the diffusion coefficient at lower
temperatures tlom results of tests conducted at high
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2.2

Flow of Water and Solvents

If the diffusion coefficient D varies with the
concentration, it can be described by Long’s model (Favre,
1993):

‘=D’exp[’[Mi:’=O1l
(8)

where !3 is the plasticizing coefficient easily deduced from
experimental ditTusioncoefficient value at equilibriumThe chemical permeation flow, Q, under permanent regime
is deduced from the consewation of mass. Afier integration
along the sample half-thickness 1,flow per unit volume, ~,
is obtained from equation 9:

‘V=,i.[exp(p(%)x:j:ex
Initial flow of chemical permeation per volume unit can
be estimated for a membrane separating a medium with pure
solvent at one face against void at the other thee. Since the
flow decreases during the expenmen~ because of the
concentration gradient decreasing, initial flow is also the
maximal during experiment. @ is easily converted in unit of
IIMSS, Qm by:
Qrn=PQV

(lo)

where p is the solvent density.
2.3

Experiments

2.3.1 Materials and methods
Table 1 presents the eight geomembranes tested. Cnstallinity
ratio for HDPE (High Density Polyethylene) was 80°A and
(Ethylene-propylene-rubber
20?’6
EPR-PP
for
Polypropylene). Weighings were done with a balance
(METTLER PE 360).

Table 1. Geomembranes tested with immersion tests.
Bituminous
Bituminous

Thickness (mm)

4

Water (23, 40, 60”C)

x

‘

EDPM

HDPE

EPR-PP

EPR-PP

PVC

3.9

1

2

1.5

1.2

1.5

x

x

x

x

x

Water (23”C)
Acetone (23°C)
Dichloromethane

(23°C)

Toluene (23°C)

Selected solvents were nonpolar (toluene and
dichloromethane), and polar (acetone and water). Five
geomembrane samples were immersed in closed glass tanks
containing 5 lite~ of pure solvent, under a temperature of
23”C. Sample dimensions at the beginning of experiment
were 13 cm x 17 crn Those dimensions were chosen in
order to minimize edge effects. If L is the sample thickness
and a is the radius of the circular aperture through which
flow occurs, Crank (1975) states that edge effects on
diffusion can be neglected if L/ a<O, 2. Errors involved by
such an approximation could lead to apparent differences
between diffusion coefficient deduced from steady-state and
time-lag measurements.
The tests of temperature intluence on water sorption,
were conducted with five 10 cm x 10 cm geomembrane
samples immersed in glass tanks filled with one liter of
distilled water. Experiments were conducted in incubators
for im!nersions at 40”C and 60”C and in an air-conditioned
room for 23°C tests.
In order to prevent any polymer degradation which
would not be directly caused by solvent or water action,
experiments were conducted in darkness, at a constant
temperature and atmospheric pressure. At each selected
time-lag, sample was removed, soflly wiped with a speeial

:

blotting paper and weighed. Kinetic curves (w;

x

x

x

x

x

x

x

x

Abs.’%(t)=Abs.%(

m)[l-e-bt

with Abs.%(t), the percentage
time L b being a constant.

]

(11)

gain of matter absorbed at

2.3,2 Results
2.3,2.1

Immersion tests in solvents

Curve shapes show that the diilision was Fickian. They
present an asymptote when t tends towards infinity as

showed in Figure 1, except for HDPE in water at 23°C for
which equilibrium was not reached. The calculation method
described above was followed and results are displayed in
Table 2. Near the asymptote, M, variations and errors on D
decrease. There is always a difference between DOand D. as
shown in Table 2. This can be attributed to the sample
swelling which could increase edge effect. Every dillision
coefficient was under 10-10m2/s which was the maximum
diffusion coefficient possible since pure solvents were used.
Stessel et al. (1995) have combined physical testing
with chemical exposure. They showed that Hildebrand’s
volubility parameters could be a good indication of the
permeability of a membrane to a liquid or vapour. They
showed that HDPE Hildebrand’s volubility was similar to
the one of nonpolar solvents, helping melting process.

~)

were plotted using the least square method assuming the
experimental equation (deduced from equation 3):
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:igure 1. Kinetic sorption curves of PP (Fig. 1a) and HDPE (Fig. lb) immersed in various solvents (TOL: toiuene; DCM:
di~hlorometh.ne; ACE: acetone), dotted lin~ was calculated~om(11 ).
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Experiments showed in this paper seem to widen this
hypothesis to PP since difision coefficients are higher in the
case of immersion in non polar solvents (as dichloromethane
and toluene).
Results also show that D= is higher for PP than for 13DPE.
This can be attributed to the cristallinity which was lower
for PP (20VO)than for FfDPE (80Yo).Results also show that
Da is smaller than DO which is inconsistent with the
hypothesis made on equation 2 (D is a constant along time).

Further research is conducted at present to verifi the
existence of a solvent-induced crystallization in polymer
(Neogi, 1996) which could explain the difference between
experimental and calculated curves particularly obvious in
the case of PP immersed in dichloromethane (Figure 2a).
Values for water were not very accurate in the case of
HDPE because equilibrium was not reached. The estimation
of the absorbency for intinite time may be overestimated and
this could explain the high diffimioncoefficient for HDPE.

Table 2. Calculation of diflhion coefficient and chemical permeation flux from experimental data
PP
HDPE
Water

Acetone

DCM

Toluene

Do (mZ/s)

810-”

210-’2

7.810””

D~ (m’/s)

1.510-’5

4.510-’3

1.610’1

2.9 10”L’ 4.410”
9,..12
610-’2

Qv (m3im2/s)

5.210”

710”

410-8

0.2

193.4

Q~(dm’h)

0.0

Acetone

DCM

Toluene

10’2

10-”
210-’2

1.810-”
4 ~o-n

2.410-8

2.610-’3
6 ~0-1~

4.210-’0

7.910-10

75.6

0.0

2

2.5

Each flow was estimated by resolving equation 9.
Integration was conducted on the half thickness, assuming
the adsorption phase which precedes absorption was
instantaneous and occurs on the first nanometers of the
rnatenai. With a certain error we supposed that when
sorption equilibrium was reached there was no
concentration gradient between the surface and the inside of
the polymer. Surface concentration at any time was then
assumed to be equal to the concentration inside the sample
at equilibrium. Results are presented in Table 2 with
M.~Mo
M. –MO
(1)=0 and
(0)= Abs.(m).
M.
M.
2.3.2.2 Immersion in water under various temperatures
Results obtained for the absorption of water at three
different temperatures are presented on Figure 2. They have
been obtained tlom another set of experiments. Difhsion
coefficients and permeation fluxes could be determined at
23°C, for PP, HDPE and PVC-P, assuming that sorption
equilibrium has been obtained. Curves shape seem to show
that the diffusion was Fici&m. For the other temperatures,
sorption equilibrium has not been obtained, so that it was
not possible to estimate diffusion coefficients. Results
obtained are presented in Table 3. Diffusion coefficient
values for HDPE, PP and PVC-P are somewhat strange for
Table 3. Calculation of water
data (from Touze, 1995).
Geomembrane DO
(mz.s-’)
1.38.10-’4
HDPE
6.10”’5
PP
2,~.lo-’4
PVC-P
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Water

water. PP has the lowest coefficient value; however a PP
has a bigger amorphous phase than HDPE. Further research
is necessiuy to determine if sorption equilibrium has Eally
been reached, and to determine what is the role of the EPR
contained in the PP geomembrane in the diffusion of water.
For the bituminous and EDPM geomembranes, sorption
curves exhibit an inflection point, indicating that the
diffusion may not be Fickian. As the phenomenon
responsible for this shape of curves has not yet been
identifie~ diflhsion coefficients could not be estimated.
An example of the diffusion coefficient variation with
temperature is presented on Figure 3 for the PVC-P
geomembrane. All results obtained have the same
limitations, so that only one example is presented here.
Figure 3 represents ln(I/t) in function of lfl”, for different
percentages of absorption. Segments were based on the
experimental points obtained at 23 and 60°C. The
intermediate point, which was obtained at 40 “C, was
presented with the uncertainty on its value. For most
percentages of absorption, one can conclude that the three
points are lined up. But the line slope varies in a significant
reamer with absorption, so that the assumption of a
constant activation energy may not be accurate.

ditlfusioncoefficient and water permeation flux from experimental
Plasticizing
coefficient
-1.68
-0.44
-0.54

Conference

Maximum percentage
of sorbed water
3.7.10”Z
0.59
2.1

on Geosynthetics

QV

Q.

(m3.m3.s-1)

(g.m2.h”l)
1.6.10-’
5,3.10”5
2.9.104

4.4. 10”’J
1.46.10-”
8.~1.10-L1

Figure 2. Kinetic sorption points for all the geomembranes tested in water, at 23,40 and 60 “C,
I

In(lmne

In m-)

of water in PVC-P

hydraulic pressure gradient. As hydraulic conductivity is not
an intrinsic parameter of geomembranes (Eloy-Giomi,
1993), we will not present any interpretation of our results
in terms of hydraulic conductivity, assuming Darcy’s Law is
not valid in geomembranes.
From an engineering point of view, water hydraulic
permeation is f~ more representative than water vapour
pemneation. Koerner (1986) identified several problems
inherent to water hydraulic permeation tests. When
conducted with high hydmulic heads, tests resulted in leaks
and failed specimens, whereas tests conducted with low
hydraulic heads resulted in long test times and evaporation
problems. The technical solution to this problem is
presented in the following.

3

HYDRAULIC PERMEATION

3,2

3.1

Principle of measurement

I

-8 ●
-9-

I

S&c

23°C

4CYC

-10. .12- -

-14-15- -16-17- .———-—

-——.—.

-183

3.0s

3.1

3.15

3.2

325

3.3

3.35

3.4

l/lYooo (K-

Figure 3. Arrhenius lines for different absorption coefficients

Hydraulic permeation tests tim at estimating the flow of
liquid going through an undamaged geomembrane under a

Materials md me~&

3.2.1 Materials tested
Three different kinds of materials were tested: a 1.5mm
thick plastified polyvinyl chloride geomembrane (PVC-P), a
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1 mm thick ethyl-propylendiene monomer geomembrane
(EDPM) and a 0.4 mm thick bituminous film.
3.2.2 The permeation apparatus
Tests were conducted in a stainless steel cell, composed
of two parts gripping the geomembrane (see Figure 4). At
the downstream side of the geomembrane was a porous
stainless steel disc, allowing liquid transfer, but preventing
geomembrane deformation and failure since the upstream
pressure was greater than the downstream one.
geomembrsne
stainless steel

porous disx

%

numerical pmwm trsmducer
/
I
dnwstream

upsrresm side

Figure 4. Apparatus of measurement of fluxes through
geomembranes under hydraulic pressure gradients
Precise measurement and regulation of pressure was
achieved by the use of nvo numerical Pressure transducers
(PT). Each of them was linked to- one chamber (the
upstreanz or the downstream one) by rigid stainless steel
tubes. PT allow to impose the &sired pressure, and to
measure the volume variations, on each side of the
geomembrane.
As temperature variations can cause variations of the
fluid volume and dilatation of the apparatus components,
seven temperature captors have been put on the PT and on
the cell. The eighth captor measures the laboratory
temperature. These captors were necessary because the
temperature could vary in spite of the control of room
temperature. The variation of volume measured by the PT
can be written as follows:
AVi = AVi(T) + AV~, i = {upstream downstream}

(12)

With AVi(T) the variation of volume due to temperature
variations and AV,P the volume variation really due to
permeation. AVI(T) were determined during calibration

3.2.3 Test procedure
A disc of geomembrane, 20 cm in diameter, was put in
the cell, after a month of immemion in the fluid used for the
test. We assumed that this pdriod of immersion was enough
to saturate the geomembrane with the fluid and to limit
concentration controlled transfen which could occur during
the test. Then, the downstream and upstream side of the
apparatus (cell plus pressure transducer) were filled with
liquid. A calibration for the downstream and upstream sides
was done before the measurement of liquid fluxes.
Downstream calibration was conducted with the two
gates linking the PT to the cell being opened, the upstream
PT pressure reaches 110 kpa, and the one of the
downstream PT reaches 100 kPa. It is thought that this
difference of pressure was enough to prevent any
deformation of the geomembrane, and small enough to
prevent any transfer through the geomembrane. Then the
upstream gate was closed, and during a period wuying from
three to seven days, volume and temperature variations were
recorded (see Figure 5). If any liquid leakage occurs, flom
the inside of the cell to the outside, it could be detected
during this calibration.
III the absence of liquid leakage, volume variations can be
linked to temperature variations by (13).
Upstream calibration was done after the downstream
calibration. Pressures to be reached by the upstream and
downstream PT were respectively 200 and 190 kpa. Once
those pressures have been reached, the downstream gate
was closed. This calibration allows to obtain correlation
coefficients between temperature and upstream volume
variations.
It is assumed that the relation between temperature
variations and volume variations during the measurement
phase will be the same as during the calibration phases.
The measurement was made after the calibration phases.
The downstream PT pressure was sent to 100 k.pa and the
upstream PT pressure was maintained at 200 kpa.(see
Figure 5).
Uncertainty on the flux value Q measured depends on
uncertainties on volume variations dAV, temperature
variations dATl, geomembrane surface dA, and on time
measurements, dt :
dQ
dA +$+
—.—
QAt

d(AVp)
AV~

(14)

with

phases, described below:
AVi(T) = ~aijATj , i ~ {upsuearmdownstream}

j

(13)

I<j<s
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d(AVp) = d(AV)+d~(ajdATj)
J

(15)

pressure (kPa)
200
measurement phase
.-.-..,
;:
i----

pressure increase phase

100
upstream pressure transducer
downstream pressure transducer

Downstream
calibration Upstreamcalibration

Measurement

Figure 5. Variation of pressure of the two pressure transduce

time

during the different phases of a measurement
magnitude as the one obtained for the PVC-P
geomembrane. The flux obtained with the bituminous film
was three orders of magnitude bigger, under a pressure
gradient 10 times smaller. So the apparatus designed allows
to make the difference between products that can be used
for bottom landfill liners with little risks, and others. As
previously mentioned, the method of measurement is now a
standard in France and products exhibiting a water flow less
than 104 m3m-z.day-1under a pressure gradient of 100 kpa
are considered as safe. It is ten times less than the flow of
water through a 1 m liner of clay with a hydraulic
conductivity of 10-9mr-[ under the same conditions. One can
observe that even if there is a great uncertainty on the
measurement for low values of flow, one can ensure that
PVC and EDPM geomembranes tested are safe, following
the given criterion.

3.2.4 Results
Table 4 summarkes results obtained in three different
laboratories on the same PVC-P geomembrane. All the tests
have been conducted in similar cells. The devices used for
measurements were different. Eloy-Giorni,( 1993) used a
radioactive tracers method, and Peite (1993) used graduated
tubes.
All fluxes were the same order of magnitude. The flux
given by Eloy-Giorni (1993) is bigger than the other ones as
it is the total flux. The flux we obtained (Touze, 1995) is
given by an intervaL taking in account the uncertainties of
the measurement.
Results obtained for the other two materials were
presented in Table 5. One can notice that the permeation
flux for the EDPM geomembrane was the same order of

Table 4. Comparison of literature values of water fluxes in a PVC-P geomembrane
1
3 2
I
Pressure gradient
Total flux (m’m- day- )
Volumernc flux (m’m”day” )
Vohunernc flux (m m- day- )

(kPa)

(Eloy-Giorni, 1993)

100

(Touze, 1995)

(Pelte, 1993)

1.7104

310-7

k

9.310”7

Table 5. Permeation fluxes obtained on different materials tested
Material
EDPM geomembrane Bituminousfilm
10
Pressure gradient (kPa)
100
3 -2
-I
4103
<5.9
107
Volumernc flux (m m day )
4

an initial flux for the maximum concentration gradient
possible (pure solvent on one face, void on the other
face). Further research is necessary to veri~ if swelling
can be neglected when calculating mass flux and if the
diffusion coefficient decrease along time could be caused
by cnstallinity ratio increase.

CONCLUSIONS

As far as transport of water and organic solvents in
geomembranes is concerned, the elementag mechanisms
involved in chemical permeation are molecular sorption and
difision,
whereas mechanisms involved in hydraulic
permeation are still unidentified
●
chemical permeation flux values for non polar
solvents represent the upper bound for all diffusive flu

It has to be considered that these values are calculated as

●

Arrhenius law cannot be used with confidence to
estimate the evolution of the ditTLsion coefficient of
water in the geomembranes tested. Another limitation is
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●

that the validity of Arrhenius law is based on the
assumption that the maximum absorption coefficient (at
equilibrium) was the same whatever the temperature
was. This does not seem to be valid.
The permeation apparatus described here permits to
compare different geomembmnes behaviour towards
water permeation under a hydradic gradient. The
method of measurement is now a standard and permits
to make sure that geomembm.nesused in bottom liners
are safe from an hydraulic point of view, if undamaged.
It could present an interest in the study cff soluble ions
transport through geomembrane. It is thought, but still
not verifie~ that the microscopically measured hydraulic
permeation rates in undamaged geomembmnes do not
represent porous-medium-like transport phenomena but
should rather be related to microscopic mechanisms
similar to sorption and dithsion. The apparatus
presented could help in improving the knowledge of the
phenomena involved by testing different pressure
gradients.
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LEAKAGE STUDY ACROSS AN OFFSHORE WASTE CONTAINMENT
BUND
S.A. Tan
Senior Lecturer, Department of Civil Engineering, National University of Singapore
S.H. Chew
Lecturer, Department of Civil Engineering, National University of Singapore
G.P. Karunaratne
former Associate Professor, Department of Civil Engineering, National University of Singapore
ABSTRACT: This paper presents a study of potential leakage through an offshore waste containment bund from a FEM simulation
of the steady state flow condition under the influence of the head difi%rence between the waste pond and the open sea. It is assumed
that under operating conditions, the waste pond may be kept at levels as high as 2m above mean sea level. For the study, the
following liner syskms are considered (a) Dredge clay 2m tick K-1x104 mls), (b) Geosynthetic clay liner 6 mm thick (@lxlOll
rds), (c) Geomembrane liner 1 mm tick (k= 1x10]4 rnls) (d) Composite of Geosynthetic clay + 2m dredge clay (e) Composite of
Gemnernbrane + 2m dredge clay. The results of the pammetric study of the iniluence of bund hydraulic conductivity and the hydraulic
head difference for the five alternatives are presented in the paper. Due to its very low comparative leakage potential, the system
of geomembrane and 2m dredge clay layer cover on top of the geomembrane is used for the actual offshore waste containment bund
design which is currently being constructed.
KEYWORDS:

1

Containment, reservoir liners, modeling, performance evaluation

NTRODUCTION

Due to the scarci~ of land for landfills, the Ministry of
Environment of Singapore has embarked on the design and
constrr :tion of an offshore waste disposal facility to cater for
the enc disposal of the incinerated residues of municipal and
industi d wastes generated locaily over the next 30 years. The
facility. wolved the creation of a 30 ha offshore waste pond, by
the bov tig of the perimeter with 7 km of earth buds in water

depth: w-ying from 10m at the shallow end to 20m at the
deepes nd ti-omthe offshore island of Pulau Semakau south of
Sirqyqx ;e. For practical construction, the offshore bund will be
created witk stone revetments for shore protection using
geofabrics for separation and filtration between armour stones
and hydraulic sand tilling in the main body of the bond.
However on the waste pond side of the bund, several
geosynthetic liners were considered as possible protection
layers to prevent leachate in the waste pond f.iom contaminating
the marine environment around the waste facility.
The southern mast of Singapore is in a low energy marine

coastal environment due to the protection provided by the
surrounding land masses. The fetch is generally short, and the
directions of the maximum fetch rarely coincide with those of
the strongest wind of about 8 nds during the NE monsoon
between December to March annually. Thus the average wave
breaker height is less than 20 cm, and maximum wave height is
less than 1 m, according to Chia et al, (1988), As there is no
requirement for berthing facilities, the outer slope of the
perimeter bund was designed using a conventional stone
revetmentstructure of slope 1:3 with a 8 m berm for every 5 m
rise in elevation from seabed levels, as shown in Fig. 1.

Detailed offshore site investigation was conducted at the
proposed site for the offshore waste facility, and it was
determined tkat the seabed soils consist mainly of 5m to lom
silty/cIayey deposits on top of dense weathered sedimentmy
rocks of vexylow permeabilities,typical of the Jurong formation
in the area. The silty/clayey deposits are from soft to firm
conskency with vay low permeabilities of less than 1010n-ds.
Thus it is estimated that leakage through the seabed soils is a
non-problem, as the offshore enviromnent itself is a form of
hydraulic barrier, with very low seepage gradient across the
seabed soils underneaththe waste facility, as shown by Lee et al,
(1994).
2

LEAKAGE RATE EVALUATION

Giroudet al., (1994) have presented equations to evaluate the
rate of leakage of liquids such as Ieachates through liners
typically used in landfills including compacted clay liners
(CCL), and several types of geosynthetic liners, geosynthetic
clays liners (panels that consist of a layer of bentonite
encapsulated between two geotextiles) and a composite where
geomembraneis placed on low-perrneabili~ compacted clay or
gemyntheticclay layer.The comparisons in Giroud’s studies are
only applicableto landfills where the head of leachate on top of
the liner is small, i.e., typically less than 0.3m under one
dimensional seepage condition, The relative effectiveness, and
even ranking of the various liners compared in their study may
be very different under the large liquid heads encountered in
liquid impoundments (resemoirs), canals and dams.
For the two dimensional seepage analysis of an offshore
containment bund, the finite element seepage program was
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Fig. 1 Typical Cross-Section of Offshore Containment Bund
used for the study. The sofiwwre employed is SEEP/W by
Gedope,
(1994), which is capable of modelling a 2D plane
seepage analysis with saturated and unsaturated flows for both
steady state and transient ccmditions. A typical cross-section of
the offshore waste containment bund used is shown in Fig. 1. It
comists of a rock bund revetment structure on the outer slopes
of gradient 1:3, for shore protection purposes. The inner slopes
are flatter with gradient of 1:5, and these slopes will be lined
with approved Iinms. The liners under considerations are (i) 2m
clay liner of dredged seabed clays placed directly ontop of the
hydraulic sand fill, (ii) geosynthetic clay liner covered by 2 m
sand layer, (iii) geosynthetic clay liner covered by 2 m of
dredged clays, (iv) geomembrane liner covered by 2 m sand
layer, (v) geomembrane liner covered by 2 m of dre< ~ed clays.
The analysis assumes that the dredged clay is 2 m ‘hick with
k=l X104 rids, as it cannot be compacted under ,vater, the
geosynthetic clay is 6 mm thick with k=lxlO-” m/s, and the
geomembrane is 1 mm thick with k=] XIO-” mk. All liner
materials are assumed to be homogeneous and perfect i.e no
holes or cracks, zones of high permeability, or poor connection
of panels and seams. The finite element mesh consists of 475,
8-noded quadrilateral isoparametric elements, with very thin
elements to model the geosynthetic clay and geomembrtme
liners.
The hydraulic sand fill commonly used in Singapore
reclamation projects are in the range of fme to coarse sands with
very low silt contents. For bund constructiorL the silt contents
sre speci.tied to be less than 5°/0, and for reclamation fill, the silt
content must be less than 10O/o.Thus the range of possible sand
permeabilities would be from as low as k= 1xl 0< m/s for fme
sand with 10??otines, to as high ask= 1X10-3mls for coarse sand
with less than 5°/0 frees. The likely operative perrneabilities for
this project would be between k= 1xl 0-3 rds to k= 1x 104 m/s,
with the latter as the most typical sand permeability to be
encountered in the actual site.
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The intended operating condition for the waste facility is
to keep the pond levels at about mean sea level, which means
theoretically, that there would be no net seepage from the waste
pond to the sea as there is no nett head dii%rence across the
bund. For this comparative study, we assume steady-state
conditiorLwithout consideration of the cyclical transient nature
of the sea level due to the tides. With the sea kept at mean sea
level, the seepage loss for the long term steady state condition
of 2.~
1.5rm 1.@ and 0.5m hydraulic head diflkrence across
the bund was considered in the study. The irdluence of tide on
seepage loss across the bund using transient seepage analysis
was reported by Tan et al, (1993).
3

COMPARISON OF LINERS

3.1

Typical SEEPAV Results

-

Typical finite element steady state calculations involve
iterations on the hydraulic conductivity functions which falls
sharply as the sand desaturates into the negative pore water
IXESWIE
zone of the unsaturatedsand above the phreatic surface
in the bund For an all sand bund, convergence is rapid. For the
sand bund with clay liner convergence may become dif13cuh
because of the sharp contrast in the hydraulic conductivities of
the clay blanket and that of the sand bund. For all the finite
element computations, a convergence tolerance of 0.0010/0
difference on the norm of the nodal head vector between two
successive iterations is applied. After convergence, the flux
quantities across the bund is computed for four sections of the
bund, one parallel to the inner slope and the remaining three
vertical sections through the crest of the bund. All these flux
values must be nearly the same when steady state seepage has
been attained, as shown in a typical computation in Fig. 1, where
the leakage across a bund lined with a 6 mm thick Geosynthetic
clay layer is calculated to be about 2.8x107 m3/s per m run of

Figure 3. Leakage ratio as fimction of bund permeability
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reduction is greater for the higher bund permeability. At a bund
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Figure 2. Leakage rate as fhnction of bund permeability
3.2

Leakage Rate Comparisons

The leakage rate values per m run of bund for varying
bund fill permeability is shown in Fig.2. The results showed that
with the use of liners, the leakage rate can be reduced
significantly,
especially for bund fill with the higher
permeability. For the sand bund without liner (NL), the leakage
rate is a linear fiction of bund permeability as expected from
Dany’s law, Q=kiA. However when the inside slope of the
bur4 is lined with either a clay or geosynthetic liner, this linear
be] Lviorappear not to apply. The leakage rate performance
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Figure 4, Comparison of Clay liner with other liners for
different brmd permeability

becomes less dependent on the bund permeability for the liner
cases.
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CMTerence.
Figure 5. Leakage rate ratio as function of bund head difference
From Fig.4, it appears that a geosynthetic clay liner or
geosynthetic clay with a 2m clay blanket is only about 1 to 7
times better than a 2m clay liner. A geomernbrane liner would
produce about 50-200 times less leakage than a clay liner,
whereas a composite geomembrane with a 2m clay blanket is
about 200-500 times more effective than a 2m clay liner. Thus
a geosynthetic clay liner is comparable to a thick clay liner,
whereas anon defkctive geomembrane liner is much better than
a clay liner.
The leakage performance of an unlined compared to a
lined bund for a bund permeability of 104 m/s, and a bund head
difkrence of 0.5 m to 2.0 m is compared in Fig.5. It appears that
a 2m clay liner is 200 times more effective than the unlined
bund for head diEkmnce horn 0.5-2.OM. The geosynthetic clay
liner is 300-400 times better than the unlined bun~ whereas
geosynthetic clay with the 2m clay liner is 600-2500 times
better, with decreasing effectiveness at higher head difference.
The geomembrane liner is 8000-50000 times more effective,

4

CONCLUSIONS

The paper has presented a comparative evaluation of diihmt
liners for an offshore waste containment bund for the assumed
operatingconditions of bund perrneabilities from k=l xl 0< m/s
to E1x103 M/s, for bund head difference from 0.5m-2.Om.The
studyshowed that geosynthetic liners are better than clay liners
for the reduction of seepage across the bund. It appears that a
6mrn geosynthetic clay liner would perform slightly better than
a 2m dredged clay liner, whereas a 1mm geomernbrane is far
superiorto a 2m dredged clay liner. The relative performance of
geosynthetic liners to clay liners increases with higher bund
permeabilities and lower bund head diflkrence. The use of a
geomembraneliner with a 2m dredged clay liner would produce
a bund with extremelylow leakage rate, and the composite liner
system would provide a multiple barrier defence that would
enhance the system performance taking into account that the
thin geomernbrane layer cannot be laid in a defect be
condition, especially in an offshore underwater condition.
The geomembrane chosen for this particular project is a
high performance geocomposite geomembrane consisting of a
high strength polyester base fabric, coated with a highly
resistant ethylene interpolymer alloy. This geomernbrane is
about 1MM(40 roils) thick and has a unit weight of 1290 g/m2,
making it self sinking in the offshore laying environment.
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In comparing clay liner with the geosynthetic liner as in
Fig.6, it is apparent that geosynthetic clay has comaparble
leakagerate to a 2m clay liner. A geosynthetic clay layer with a
clay liner would be about 5-30 times better than the clay liner.
A geomernbrane liner is 80-500 times better, while a
geomembrane with a 2m clay liner is about 200-1000 times
better than a 2m clay liner, with the lower ratio at a higher head
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ABSTRACT: This paper presents: (i) a new equation for calculating the rate of leakage through a composite liner due to
geomembrane defects; (ii) a new equation that gives the rate of leakage through defects in a geomembrane placed on a
semi-permeable medium; (iii) a new equation that gives the rate of leakage through a defect in a geomembrane liner taking
into account the fact that the Ieachate collection material overlying the geomembrane hinders the flow of leachate toward
the defect; and (iv) new equations for the design of leakage collection layers. Then, the paper presents a methodology
based on these equations to select the optimal configuration of a double liner system.
KEYWORDS: Landfills, Liners, Geomembranes, Leachate, Leakage.
1

INTRODUCTION

The purpose of this paper is to provide information on new
equations for the evaluation of the rate of leakage due to
advective flow through defects in geomembranes included
in liner systems and for the design of leakage collection
layers. These equations were recently developed and
published; references are made to the original publications
for more details.

2

RATE OF LEAKAGE THROUGH COMPOSITE
LINERS DUE TO GEOMEMBRANE DEFECTS

2.1

Presentation of the New Equation

are necessary to obtain the value of one of the terms of the
equations, which is cumbersome.
Giroud (1997) has
shown that this term can be expressed analytically, which
leads to entirely analytical expressions for the equations
that give the rate of leakage through a composite liner,
whether the Ieachate head on top of the liner is smaller or
greater than the thickness of the low-permeability medium
underlying the geomembrane. The equation in the case of
a circular or quasi-circular defect is (Giroud 1997):

Q=

c,. ~+0.1(h/tu~)0’’5

(1)

]a0’ h“’ k~

hence, for a circular defect:
Q= 0.976 C,O~ +0.1(h/tu~)O”’5]d02 h“’ k~fl
In the context of this paper: (i) a composite liner consists
of a synthetic component (a geomembrane) and a mineral
component (a low-permeability soil or a GCL); and (ii) the
mineral component is located beneath the geomembrane
and is designated herein as “the low-permeability medium
underlying the geomembrane”.
Semi-empirical equations
are available to calculate the rate of leakage through a

composite liner, due to geomembrane defects, when the
leachate head on top of the liner is small compared to the
thickness of the low-permeability medium underlying the
geomembrane, whether the defect is small (Giroud et al.
1989) or large (Giroud et al. 1992). Equations are also
available for the case where the leachate head on top of the
liner is large compared to the thickness of the lowpermeability medium underlying the geomembrane
(Giroud et al. 1992, 1994); however, in such a case, graphs

(2)

where: Q = leakage rate; a = defect area; d = defect
diameter; h = Ieachate head on top of the liner; tu~ =
thickness of the low-permeability medium underlying the
geomembrane; ku~ = hydraulic conductivity of the lowpermeability medium underlying the geomembrane; and
C~O = dimensionless coefficient that characterizes the
quality of contact between the geomembrane and the
underlying medium.
~tions
l,and 2 must be used with the following units:
Q (m /s), a(m), d(m), h(m), tu~ (m), and ku~ (m/s). It
should be noted that, when the leachate head on top of the
liner is smaller than the thickness of the low-permeability
medium underlying the geomembrane, the term in brackets
in Equations 1 and 2 is approximately equal to 1. This term
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is greater than 1 when the leachate head on top of the liner

3

RATE OF LEAKAGE THROUGH DEFECTS IN A
GEOMEMBRANE ON A SEMI-PERMEABLE
MEDIUM

3.1

Presentation of the New Equation

is greater than the thickness of the low-permeability
medium underlying the geomembrane, which is often the

case when this medium is a GCL.
Two typical values of Cw are considered: C~O~~, the
value of C~Oin the case of good contact; and C~OW,, the
value of C~Oin the case of poor contact. Definitions of good
and poor contact are given by Giroud (1997). The
following values were established by Giroud et al. (1989):
c ,Ogwd = 0-21

(3)

c

(4)

w~r=115

Equations 1 and 2, and similar equations for rectangular
defects and infinitely long defects given by Giroud (1997),
supersede equations previously published by Giroud et al.
(1992, 1994).

When a geomembrane is overlain and underlain by
infinitely permeable media, the rate of leakage through a
geomembrane defect is given by the classical Bernoulli’s
equation for free flow through an orifice:
Q .().ba~=

0.15TCd2
~=

Q,

(6)

As shown by Giroud et al. ( 1997c), Bernoulli’s equation is
valid if the hydraulic conductivity of the medium
underlying the geomembrane is greater than:
k,= 105d2 with k, (m/s) and d(m)

2.2

(7)

Limits of Validity of the Equations

The limits of validity of Equations 1 and 2 result from
considerations such as: the experimental data supporting
Equation 1, the restrictions to flow imposed by surface
tension, and the range of applicability of Bernoulli’s
equation for free flow through an orifice. These limits can
be summarized as follows (Giroud et al. 1997c):
●
If the defect is circular, the defect diameter should be no
less than 0.5 mm and not greater than 25 mm.
●
The liquid head on top of the geomembrane should be
equal to or less than 3 m.
●
The hydraulic conductivity of the low-permeability
medium underlying the geomembrane, kuM , should be
equal to or less than a certain value ~ . Giroud et al.
( 1997c) propose the following vahse for ~ in the case
where the geomembrane defect is circulac
k~ =~.3891d’8/l__C,0 (1+0.1 (h/tu~)O”’5)h04]}’’0”74

(5)

Values of ~ calculated using Equation 5 are given in
Table 1.

Values of k~ calculated using Equation 7 are given in
Table 2. A comparison of Tables 1 and 2 reveals that ~ is
always smaller than k~ . To evaluate the rate of leakage
through defects in geomembranes underlain by a semipermeable medium, i.e. when the hydraulic conductivity,
ku~ , of the medium underlying the geomembrane is
between ~ and k~ , Giroud et al. (1997c) have developed
the interpolation method described below.
Interpolation between Equation 6 for flow through a
defect in a geomembrane underlain by an infinitely
permeable medium, and Equation 1 or 2 for flow through a
defect in a geomembrane underlain by a low-permeability
medium gives the following equation for the rate of leakage
through defects in a geomembrane placed on a semipermeable medium (Giroud et al. 1997c):

10g (QBiQ) ‘0”74

(8)
r::::~:~~:~rk’’k”)

where ~ is defined by Equation 6, kg by Equation 7, and
~ by Equation 5.

Table 1. Maximum value, ~ (m/s), of the hydraulic conductivity of the medium underlying the geomembrane for
Equations 1 and 2 to be valid in the case where CqO= 0.21 (good contact) and tuM= 0.6 m (from Giroud et al. 1997c).
Leachate head on top of
~

2.6x10-7
1.4X10”7
7.3X10-8
3.8x10-8
1.8x10-8
7.1 X10-9

0.01
0.03
0.1
0.3
1
3
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1.4X10-6
7.7X10-7
3.9X10-7
2.1 X10-7
9.5X10-8
3.8x10-8
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7.5X10-6
4.1 X1O-”
2.1 X10-6
1.1X10-6
5.1 X10-7
2.1 X10-7

2.0X10-5
1.1X10”5
5.7X10”6
3.0X10-6
1.4X10-6
5.6x10-7

5

10

11.284

7.0X10-5
3.8x10-5
2.0X10-5
1.0X10”5
4.7X10-6
1.9X10-6

3.8x104
2.1X104
1.1X104
5.6x10-5
2.6x10-5
1.0X10-5

5.1 X1O-’
2.8x104
1.4X1O-’
7.5X10-5
3.4X10-5
1.4X10-5

Table 2. Hydraulic conductivity of the medium underlying the geomembrane below which Bernoulli’s equation for free
flow through an orifice is not theoretically valid, k~ (Equation 7), or not applicable for practical purposes, kuM ~i~

(Equation 11) (from Giroud et al. 1997c).
Geomembrane defect
0.5
diameter, d (mm)
Theoretical, k~ (m/s)
~ Practical, k

(n-h)

1

2

3

5

10

11.284
(a= 1 cmz)

2.5x10-2

1.OX1O-’

4.OX1O’

9.0x10”]

2.5

10

13

2.5x104

1.0X10-3

9.0X10-3

2.5x10-2

1.OX1O-’

1.3X1O-’

Combining Equations 5,6,7 and 8 gives:
log Q=0.3195+210g
074
(

1o~

d+0.510gh–

5+210gd–logku~
n

(9)

n

.

)

where:

1 -~+–ti”-----i

/++%47’++---+++

n = 5.5540 – ().4324

log

d +

Cqo +

1.3514 log 1+0.1
[L

“/

“’”-”

0.5405 log h +

.
-i

1.3514 log

/?/’ Av/ /1

(al

1

(lo)

()-10

10-11

_l

)es:
I tUM=0.6m

~

~~!-i-

Dotted

lines:

tUM=~

11

I
..1...
1.-..’
,.4
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_

,.”.!
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Hydraulic conductivity of the underlying medium, ku~ (m/s)

The rate of leakage through a defect in a geomembrane
underlain by a semi-permeable medium (whose hydraulic
conductivity, kuM, is greater than ~ and smaller than k~ )
can be calculated using Equation 9, which is equivrdent to

Equation 8. The genesis of the equation appears more
clearly in Equation 8, whereas numerical calculations may
be done more conveniently using Equation 9.
3.2

Example of Use of the Equation

Figure 1 shows a series of curves that represent the rate of
leakage through a given geomembrane defect (diameter, d
= 2 mm) as a function of the hydraulic conductivity of the
medium underlying the geomembrane for various leachate
heads. Each curve in Figure 1 comprises three portions: the
left-hand portion (straight line) represents Equation 2; the
right-hand portion (plateau) represents Equation 6; and the
central portion (curve) was interpolated using Equation 9.
Both Equations 2 and 9 were used with Cw = 0.21
(Equation 3), i.e. assuming good contact between the
geomembrane and the underlying medium. The limit value
of the hydraulic conductivity between the left-hand portion
and the central portion is ~ given by Equation 5 and Table
1; as shown in Table 1, & has a different value for each
curve. The limit value of the hydraulic conductivity
between the central portion and the right-hand portion is k~
given by Equation 7 and Table 2; as shown in Table 2, k~
has the same value for all curves related to the same value
of d; for example, for d = 2 mm, kB = 0.4 mk. similar
graphs for other values of d are given by Giroud et al.
(1997C).

Figure 1. Rate of leakage through a 2 mm diameter defect
in a geomembrane underlain by a medium, with a hydraulic
conductivity kuM and a thickness tuM , overlain by a
medium that is significantly more permeable than the
underlying medium, for various values of the leachate head
on top of the geomembrane, h (from Giroud et al. 1997c).
3.3

Limit of Applicability of Bernoulli’s Equation

As indicated by Giroud et al. (1997c), Bernoulli’s equation
(Equation 6) provides a value of the leakage rate that is
close to the value obtained using the interpolation method
presented in Section 3.1, for values of the hydraulic
conductivity of the medium underlying the geomembrane
that are greater than kuM~indefined as kJIOO. Therefore,
the practical limit of applicability of Bernoulli’s equation is
100 times smaller than the theoretical limit of validity, kB,
hence, from Equation 7:
k u~~in = 103dz with ku~~ti (m/s) and d(m)

(11)

Values of kuM~incalculated using Equation 11 are given
in Table 2.
It is important to note that, for Bernoulli’s equation to be
applicable, the geomembrane must be not only underlain
by a sufficiently permeable medium, but also overlain by a
highly permeable medium. The required minimum
hydraulic conductivity of the medium overlying the
geomembrane is discussed in Section 4.
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4

4.1

......
u---:::1
xl,”

Presentation of the New Equation

As indicated in Section 3.1, when a geomembrane is
overlain and underlain by infinitely permeable media, the
rate of leakage through a geomembrane defect is given by
the classical Bernoulli’s equation for free flow through an
orifice (Equation 6). Engineers designing landfills use
Bernoulli’s equation routinely without questioning its
applicability.
However, sometimes, absurd results are
obtained, such as a calculated rate of leakage through a
defect in a geomembrane liner greater than the total rate of
liquid supply above the geomembrane.
The absurd results of the type indicated above are
caused by an overestimation of the rate of leakage by
Bernoulli’s equation because this equation is based on the
assumption that the hydraulic conductivity of the medium
overlying the geomembrane is infinite. In reality, this
hydraulic conductivity is not infinite; therefore, the flow of
leachate toward the geomembrane defect is hindered and,
as a result, the rate of leakage is less than in the ideal case
of a geomembrane overlain by an infinitely permeable
medium. Taking into account the fact that leachate does
not flow freely toward the geomembrane defect, Giroud et
al. (1997b) developed the following equation:

h=

, ~-5

RATE OF LEAKAGE THROUGH DEFECTS IN A
GEOMEMBRANE OVERLAIN BY A
PERMEABLE MEDIUM AND UNDERLAIN BY A
HIGHLY PERMEABLE MEDIUM

Q
a qi
2ko~x+2ko~n
{
4

1
—Q
4g2 ( 0.6 a )1

[m
Q

In —

a qi

]/2

(12)

where: qi = rate of leachate supply on top of the medium
overlying the geomembrane; and ~~
= hydraulic
conductivity of the medium overlying the geomembrane.
It should be noted that, if ~~ is infinite, Equation 12
beeomes identical to Equation 6, i.e. Bernoulli’s equation for
tlee flow through an orifice.
Equation 12 cannot be solved for Q. Therefore, iterations
are necessary to determine Q when h, a, koM and qi are
known. Alternatively, graphical solutions can be used. An
example is shown in Figure 2, and a series of similax
graphical solutions is provided by Giroud et al. (1997b).
Figure 2 shows that, in general, Bernoulli’s equation
overestimates the leakage rate. However, Figure 2 also
shows that, for certain values of the leachate head on top of
the geomembrane and the hydraulic conductivity of the
medium overlying the geomembrane, Bernoulli’s equation
provides an excellent approximation of the leakage rate.
This is further discussed in Section 4.2.
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Leachate head on top of the geomembrane,

1
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Figure 2.
Graphical solution of Equation 12 for a
geomembrane defect having a diameter of 2 mm.
4.2

Limit of Applicability of Bernoulli’s Equation

Comparing Equations 6 and 12, Giroud et al. (1997b) have
shown that Bernoulli’s equation gives the rate of leakage
through a geomembrane defect with an error less than 5%
if the hydraulic conductivity of the medium overlying the
geomembrane, ~M, is greater than:
k OM

30 d2
min

5% = —h3/2

(13)

where the following units should be used: d (m), h (m) and

–1

+—
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It is interesting to note the consistency between two
limits of applicability of Bernoulli’s equation:
the
minimum value of the hydraulic conductivity of the
medium overlying the geomembrane (given by Equation
13) and the minimum value of the hydraulic conductivity
of the medium underlying the geomembrane (given by
Equation 11). Equations 11 and 13 are consistent for h =
0.1 m, which is remarkable because these two equations
were established independently
and are related to two
different media.

4.3

Relationship Between Liquid Supply and Leakage

For a given permeable medium (such as a leachate
collection layer) overlying a geomembrane, the leachate
head, h, and the leachate supply rate, qi , are not
independent. The leachate head depends on the leachate
supply rate and varies as a function of the distance to the
toe of the leachate collection layer slope. As shown by
Giroud and Houlihan (1995), in a large number of cases, an
excellent approximation of the average leachate head is
given by the following equation:

h=

qi L
2 ko~ tan~

(14)

where: ~ = slope angle of the permeable medium; and L =
horizontal projection of the length of the permeable
medium in the direction of the flow.
It is then
between the
medium, qi ,
defect, Q. To

possible to establish a direct relationship
rate of leachate supply to the permeable
and the rate of leakage through the liner
that end, the leachate head, h, is eliminated

by combining Equations 12 and 14, hence:
1= (2/rc)A[l +C(ln C- 1)]+B2 (C/0.6)4

(15)

geomembrane is overlain by a low-permeability Ieachate
collection layer than by a high-permeability leachate
collection layer. It should be noted that this conclusion is
based on a demonstration that is limited, as is the scope of
Section 4, to the case of geomembranes placed over a
highly permeable medium. (However, the same conclusion
would be reached if the geomembrane was placed on a
low-permeability medium to form a composite liner
because the rate of leachate migration through a composite
liner is too small to have any significant impact on the
leachate head on top of the liner. Therefore, in the case of
a composite liner, it is obvious that the rate of leakage
through geomembrane defects is greater if the Ieachate
collection layer over the geomembrane has a low hydraulic
conductivity than if it has a high hydraulic conductivity.)

where A, B, and C are dimensionless parameters defined as
follows (Giroud et al. 1997b):
A=

a ko~ tan2 ~
qi L2

(16)

-5

.

B=

c=—

q. ko~ tan (3
‘

Q
a qi

gL

[A ‘0

A = 10~

(17)

(18)

Equation 15 provides a direct relationship between the
rate of Ieachate supply, qi, and the rate of leakage, Q. This
direct relationship gives a definitive and quantitative
answer to the following question often posed when
practicing or teaching landfill liner design: is the rate of
leakage through geomembrane defects greater if a
geomembrane is overlain by a low-permeability leachate
collection layer (which slows down the leachate flow
toward the defects) or a high-permeability leachate
collection layer (which reduces the leachate head over the
The answer to this question can be
geomembrane)?
derived from Figure 3 which provides a graphical solution
to Equation 15. Figure 3 shows that the rate of liquid
migration through geomembrane defects decreases if A or
B increases. From Equations 16 and 17, it appears that
both A and B increase when L decreases and ~ and l@
increase. The influence of L and ~ was already known
through Equation 14: as L decreases or ~ increases, the
leachate head decreases and, consequently, the leakage rate
decreases. However, the influence of ~~ was not known
because ~~ is a parameter in both Equations 12 and 14.
Therefore, it is important to learn from the above
discussion that, for a given situation defined by L, ~ and qi,
the higher the hydraulic conductivity, kOM, of the leachate
collection layer, the lower the leakage rate. Therefore, the
answer to the question posed above is that the rate of
leakage through geomembrane defects is greater if a

10-20

10-18

lo-f13

1(344

Dimensionless

1010

10-12

parameter,

10-8

104

B

Figure 3. Graphical solution of Equation 15.
5

LEACHATE FLOW IN LEAKAGE COLLECTION
LAYERS DUE TO DEFECTS IN
GEOMEMBRANE LINERS

5.1

Presentation of the New Equation

Sections 2, 3 and 4 were devoted to the evaluation of the rate
of leakage through geomembrane defects, considering
several cases of hydraulic conductivities of the media
Section 5
overlying and underlying the geomembrane.
addresses the flow of leachate in the leakage collection layer
located between the two liners in a double liner system.
Since only leakage through defects in the primary liner is
considered herein, and since the number of defects is
generally limited, the leachate generally flows only in
portions of the leakage collection layer called the wetted
zones. If the defects in the primary liner are sufficiently far
apart, the wetted zones related to the various defects do not
overlap, and the boundary of the wetted zone related to one
defect is approximately a parabola, as shown below.
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The leachate flows downslope in the leachate collection
layer overlying the primary liner (Figure 4a). A very smrdl
fraction of this leachate passes through the primary liner
defect, D (Figure 4a). The leachate that has passed through
the defect in the primary liner, f~st flows more or less
vertically (DA in Figure 4a) through the leakage collection
layer upper part, which is unsaturated. Then, when the
leachate reaches (at Point A) the saturated portion of the
leakage collection layer, it flows in all directions in the plane
of the leakage collection layer (Figure 4a). It is therefore
logical to assume that the leachate phreatic surface in the
leakage collection layer is a cone with its apex at Point A
located vertically beneath the defect in the primary liner
(Figure 4a). Furthermore, for leachate to flow in all
directions, the hydraulic gradient must be approximately the
same in all directions. Since the hydraulic gradient is closely
related to the slope of the phreatic surface, it may then be
assumed that the slope of the cone generatrices is the same in
all directions. The slope of the phreatic surface (i.e. the slope
of the cone generatrix) in the downslope direction is
approximately known: it is close to the slope angle, ~, since
the flow thickness is small compared to the length of the
leakage collection layer. Therefore, it is assumed that the
angle between a horizontal plane and all generatrices of the
cone that form the leachate phreatic surface is ~ (Figure 4a),
i.e. the cone axis is vertical.
(a)

Leachateinfiltration

Leachatephreatic

From the foregoing discussion, it appears that the wetted
zone (Figure 4b) is parabolic since the intersection of a cone
and a plane parallel to a generatrix of the cone is a parabola.
However, the actual wetted zone is only approximately
parabolic because several simplifying assumptions were
made, as indicated above.
Giroud et al. (1997a) showed that a consequence of the
conical shape of the phreatic surface is the following
relationship between the rate of Ieachate migration through
the primary liner defect, Q, the hydraulic conductivity of the
leachate collection layer, k, and the thickness of leachate in
the leakage collection layer beneath the defect, Q (Figure 4a):
Q=kt~

Q is the maximum thickness of Ieachate in the leakage
collection layer (i.e. the distance between Point A and the
secondary liner), hence the condition for the leachate
collection layer to not be filled with leachate:
(20)
Equations 19 and 20 are extremely simple and do not
depend on the size of the defect in the primary liner or on the
slope of the leakage collection layer.
5.2

i

(19)

Equation of the Boundary of the Wetted Zone

Giroud et al. (1997a) established the equation of the parabola
that defines the wetted zone related to a single geomembrane
defect. This equation is conveniently expressed as the width
of the parabola at the horizontal distance x (Figure 4b) from
the geomembrane defecc

in the Ieachate
collection
s
layer —e
Leachatephreatic
surface in the
layer
Leachateflof

Small fraction of

in the leakage
collection Ihyer

Ieachate

flowing
upslope
I
I
1

-.

where L = horizontal projection of the length of the leakage
collection layer in the direction of the slope; and p is a
dimensionless parameter defined as follows:

----

,

1

(b)

I

SecondaW liner
(plan view)
d r

Boundary of the
wetted zone ~

wetted

P=+L sm ~

(22)

zone

5.3

in the Ikmkage
collection layer

Figure 4. Leachate flow in the leachate collection layer,
through a defect in the primary liner, and in the leakage
collection layer: (a) cross section; (b) plan view.
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Wetted Fraction

Typically, there are several defects in a primary liner. The
frequency of defects, F, is defined as the ratio of the number
of defects in the liner and the surface area of the liner. For
example, if there are four defects per hectare, F = 4/10,000=
4x10A m-z . The total wetted zone generated by the defects
consists of the individual parabolic wetted zones for the
various defects. The wetted fraction is defined as the ratio of

the

area
of the total wetted zone and the surface area of the
liner. The individual wetted zones may overlap; the smaller
the defect frequency, the smaller the probability for the
individual wetted zones to overlap. If the individual wetted
zones do not overlap, which is the most frequent case since
the defect frequency is generally small, two typical scenarios
can be considered: (i) the worst scenario (Figure 5a) where
all of the defects are located at the higher end of the primary

liner slope, which results in the largest value for the wetted
fraction; and (ii) the random scenario (Figure 5b) where the
defects are located at random, which results in an average
value for the wetted fraction. Using the equation of the
parabola (Equation 21), Giroud et al. (1997a) calculated the
wetted fraction, ~ ~~i in the worst scenario, and ~ ~ in
the random scenario:

(25)
where ~d

512

L,md

where ~O~t is a dimensionless factor defined as follows:
312

(a)

=:

[()]
1+ ;

p3

–2

(forp S2)

Armd=*P3[(l+;~+(l-;~

-2]

(26)

(27)

(for p 22)
5.4

[()]
1+2

factor defined as follows:

Leachate Head on Top of the Secondary Liner

(23)

R wworst= ~worstF Lz

L2 worst =— g P’

is a dimensionless

(24)

-1

u

B

4

The leachate head on top of the secondary liner is zero
outside the wetted zone. Inside the wetted zone, the
leachate head varies from one point to another and an
average value, h.v~ , can be calculated. Based on the
conical shape of the phreatic surface (Figure 4a) and using
Equations 21 to 27, Giroud et al. (1997a) calculated the
average leachate head on top of the secondary liner, havg~Omt
in the worst scenario, and h~v~~ in the random scenario:
h avg

worst

3

=

to Cosp
2~

_h avg
to

rand

=— P
312

1+;
[()]

(28)

L worst

-1

= (5/3) +[15/(2v)]x,M,

/L

(29)

Cosp
,[(,+;~-,]

~
max

(b)

n

Figure 5. Leakage collection layer zones wetted by leachate
migrating through several defects (.) in the primary liner,
assuming no overlapping of wetted zones: (a) worst
scenario where all of the defects are located at the high end
of the primary liner slope; (b) random scenario where the
defects are randomly distributed.

It should be noted that h,vg~ is greater than h,,~ w~,
because the wetted zone is smaller in the random scenario
than in the worst scenario (~ ~ < R. .mJ. However, the
total amount of leachate present at a given time in the leakage
collection layer is greater in the worst case than in the
random case.
As shown by Giroud et al. (1997a), if ~ .Omexceeds 2/3
or if ~ ~ exceeds 4/15, there is a high probability that the
individual wetted zones will overlap. In this case, it would
be extremely complex to determine the surface area of the
wetted zone and, from a practical standpoint, it is preferable
to use the approximate approach that consists of assuming
that the entire surface area of the secondary liner is wetted
(i.e. ~ = 1). As shown by Giroud et al. (1997a), the values
of the average Ieachate heads then become:

h avg

worst

=

FLQ
k tan~

(30)

—
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h avg

5.4

FLQ
rand

=

(31)

2ktan~

Use of the Equations

To design a leakage collection layer, Equation 20 should be
used. This extremely simple equation makes it possible to
determine the required thickness of the leakage collection
layer, tw , as a function of the hydraulic conductivity of
the leakage collection layer material, k, to accommodate a
given leakage rate, Q.
To calculate the rate of leakage through the secondary
liner (i.e. the rate of leakage into the ground), it is
necessary to determine the head of leachate on top of the
secondary liner. First, Equation 23 or 25 should be used to
calculate the wetted fraction. If RwWmtis less than 2/3 ~d
~ ~ is less than 4/15, Equations 28 and 29 can be used to
calculate the leachate head in the worst and random case,
respectively. If ~ ~O~texceeds 2/3 orifRW~exceeds4/15,
it should be assumed that the entire surface area of the
secondary liner is wetted and Equations 30 and 31 must be
used to calculate the average leachate head in the worst and
the random case, respectively.

6

USE OF THE EQUATIONS TO SELECT THE
OFITMAL CONFIGURATION OF A DOUBLE
LINER SYSTEM

performance with tools better than previously available. In
particular:
●
An entirely analytical method to calculate the rate of
leakage through defects in the geomembrane
component of a composite liner.
●
An entirely analytical method to calculate the rate of
leakage through defects in a geomembrane placed on a
semi-permeable medium.
●
An extension of Bernoulli’s equation that eliminates
the risk of absurd results such as those sometimes
obtained with Bernoulli’s equation, e.g. calculated
leakage rate greater than the leachate supply rate.
●
A set of equations that describe the flow of leachate in
leakage collection layers and make it possible to
design leakage collection layers and to calculate the
leachate head on the secondary liner that is needed to
calculate the rate of leakage through the secondary
liner of a double liner system.
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The following methodology based on the equations presented
in the preceding sections can be used to calculate the rate of
leakage into the ground in the case of a double liner system:
(i) calculate the rate of leakage through the primary liner; (ii)
calculate the average head of Ieachate on top of the
secondary liner; and (iii) calculate the rate of leakage through
the secondary liner. Giroud et al. (1997d) used this
methodology to compare two configurations of a double liner
system: (i) in the fust configuration, the primary liner is a
geomembrrme and the secondary liner is a geomembraneGCL composite linen and (ii) in the second configuration,
the same two liners are in the inverse order, i.e. a
geomembrane-GCL composite primary liner and a
geomembrane secondary liner. They found that the rate of
leakage into the ground is much less in the case of the second
configuration, thereby showing that, from the viewpoint of
minimizing advective flow of leachate, it is preferable to use
the composite liner as the primary liner rather than as the
secondary liner.

7

CONCLUSIONS

The new equations presented
engineers designing landfills
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EVALUATION OF LINER SYSTEM PERFORMANCE
USING LIQUIDS MANAGEMENT DATA
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ABSTRACT:

The Town of Babylon (State of New York, USA) constructed a lined landfill using a double composite
liner with a leakage detection system between the upper (primary) and lower liner. The primary liner was a composite
on the base and a geomembrane on the slope. A requirement of the landfill construction and operation permit is that
leakage through the primary liner be less than 180 liters per hectare day (lphd). Monitoring prior to operation revealed
liquid was removed from the leakage detection system at rates above 180 lphd. A detailed analysis of the available data
revealed that while some of the liquid was construction water, the liquid was also attributable to leakage through the
primary liner. The source of leakage was considered to be a possible hole 3 mm in diameter approximately 800 mm up

the side slope.
KEYWORDS:

1

Geomembranes, Leakage, Landfills, Double-liner Systems, Case Study

INTRODUCTION

The Town of Babylon (State of New York, USA)
constructed a municipal solid waste landfill using a
double liner system designed in accordance with the
governing regulatory requirements. The liner system on
the base of the landfill is a double composite liner with a
Ieachate collection system (LCS) above the upper
composite (primary) liner and a leakage detection system
(LDS) between the primary liner and the lower composite
(secondary) liner. The liner system on the slope is

similar to that on the base except the primary liner
consists only of a geomembrane. A requirement of the
landfill construction and operation permit is that leakage
through the top liner be less than 180 liter per hectare per
day (lphd). This leakage rate is referred to as the action
leakage rate or ALR. The action leakage rate is a concept
introduced by the U.S. Environmental Protection Agency
(USEPA) and is used by the New York State Department
of Environmental Conversation (NYSDEC) as the rate of
leakage from the LDS that triggers interaction between
the owner or operator and the agency to determine the
appropriate response action for the leakage. The USEPA
requires an ALR only for hazardous waste landfills, while
the NYSDEC requires an ALR for municipal solid waste
landfills as well as hazardous waste landfills. Another
permit requirement is the monitoring of the LDS flow
rates for a period of 30 days prior to operation to
establish satisfactory performance of the top liner, in
addition to monitoring during and after the active life of

the landfill. The results of monitoring prior to operation

is the subject of this paper.
During the pre-operation monitoring period, liquid
was removed from the LDS of the two cells comprising
the landfill at rates on the order of 300 lphd and 650 lphd.
An evaluation of a number of landfills revealed that
landfills with a CQA program consistent with standard
industry practice had top liner leakage rates less than
500 lphd, and typically less than 200 Iphd [Bonaparte and
Gross, 1990]. Therefore, the 180 iphd requirement of the
permit is achievable, but leakage rates above 180 lphd
sometimes occur. A detailed evaluation of the measured
leakage rates was performed since the leakage rate
defined by the permit was exceeded. In the remainder of
the paper the liner system is described, the results of preoperation monitoring are presented, the monitoring
results are analyzed to identi~ the sources of liquid
removed from the LDS, and conclusions are drawn.
2

DESCRIPTION OF LINING SYSTEM

The lining system for the landfill incorporates both
geosynthetic and low-permeability soil components. The
liner system configurations on the landfill base and slope
are depicted in Figure 1. The liner system was designed
to meet the governing regulatory requirements of the
The specific liner system
State of New York.
components on the base of the landfill are, from top to
bottom: (i) 0.6-m thick protective sand layer (k 2 10-’
m/s); (ii) geotextile filter; (iii) geonet drainage layer;
(iv) 1.5-mm thick smooth high-density polyethylene
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(HDPE)

geomembrane;

(v)

geosynthetic

clay

liner

(GCL); (vi) 0.3-m thick compacted clay liner (k s 10-’
m/s); (vii) geotextile filter; (viii) geonet drainage layer;
(ix) 1,5-mm thick smooth HDPE geomembrane; (x) 0.6m thick compacted clay liner (ks 10-9m/s).
The liner system components on the slopes are from
top to bottom: (i) 0.6-m thick protective sand layer (k 2
10-5m/s); (ii) geocomposite drainage layer consisting of a
nonwoven geotextile heat-bonded to each side of a
geonet; (iii) 60-mil thick textured HDPE geomembrane;
(iv) geocomposite LDS; (v) 1.5-mm thick textured HDPE
geomembrane; (vi) 0.6-m thick compacted clay liner (ks
10-9 m/s).
The textured HDPE geomembrane and
geocomposite drainage layers used for the side slope liner
system extend approximate 1.5 m onto the base of the
landfill. The GCL forming part of the composite primary
liner on the base is extended 1 m up the slope.
The landfill is divided into two, 1.3 ha and 1.4 ha,
cells subsequently referred to as the eastern and western
cells. The lining system is continuous between the cells;
however, the LCS and LDS of each cell are hydraulically
separated by a berm. The LCS and LDS of each cell are
pitched to drain to a sump area. Liquids collected in the
sump area are pumped from the landfill. Separate pumps
are used to drain the LCS and LDS.
3.

of consolidation water which can be produced due to this
load was estimated to be on the order of Oto 100 lphd.
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The quantity of liquid removed from the LDSS of
the eastern and western cells as part of pre-operation
monitoring was recorded by accumulating flowmeters.
The measured LDS flow rate in both cells exceeded the
ALR of 180 lphd during initial monitoring. However, the
ALR applies only to liquid leaking through the primary
liner into the LDS. Liquid leaking through the top liner
is not the only possible source for liquid being removed
from the LDS. When using leakage data to evaluate the
performance of a primary liner it is important to take
other sources of liquid into account [Bonaparte and
Gross, 1990]. Other possible sources of liquid are
discussed below.
Construction water is liquid that became trapped
in the LDS during construction and continues to drain
from the LDS after construction. The considered landfill
lining system incorporates a geonet LDS. The voids in

the geonet on the base of each cell could contain on the
order of 38,000 liters of liquid if saturated. The rate of
removal
of construction
water will depend primarily
upon the grade at which the geonet is installed and its
transmissivity. The rate of drainage of construction water
from the LDS was estimated to range from 30 to 3,000
lphd.
Consolidation
water is liquid squeezed from the
clay component of the primary clay liner. Consolidation
is the result of load being placed on the lining system.
Consolidation of the clay liner can occur under the

weight of the protective cover over the top liner. The rate
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Figure 1. Liner System Configuration
Infiltration is liquid entering the LDS from outside
the landfill or through the bottom liner. The rate will

depend upon the source of infiltration (e.g., ground water
surface water). The liner system is above the water table,
and infiltration, if any, is expected to be negligible.
The daily liquid removal rate are plotted in Figure 2
for the eastern and western cells. The criteria used to

evaluate liner system performance with respect to the 180
Iphd ALR was the thirty-day average liquid removal rate.
The first thirty-day average was calculated in June 1993.
The western cell had a calculated 30-day average leakage
rate of 240 lphd and the eastern cell had a leakage rate of
216 lphd on 24 June 1993. Since the thirty-day average

above the 180 Iphd threshold in both cells, it was
concluded that either construction and consolidation
water was not totally purged fi-om the system, or there
was a potential leak in the primary liner. On 10 July
1993 the pumps in the LCS sumps were turned off to
allow precipitation to collect on the primary liner. This
increase in hydraulic head on the primary liner created a
small surcharge which accelerated the removal of any
construction water, and would exaggerate conditions for
leakage through the primary liner in the event a leak did
exist.
The eastern cell did not perform as expected. As
the hydraulic head increased on the primary liner, erratic
liquid removal rates were measured. On 16 July, the
daily rate of removal from the LDS reached 814 lphd (the
30-day average liquid removal rate was on the order of
260 Iphd) and the hydraulic head was 610 mm (as
measured in the eastern sump). From 17 July through 21
July the hydraulic head was increased to 740 mm, but the
daily rate of liquid removal decreased to 198 lphd. This
is what would be expected with the depletion of the
construction and consolidation water. From 22 July
through 18 August the hydraulic head increased to
1.01 m and the liquid removal rate started to increase.
This increase was unexpected and could not be attributed
to construction and consolidation waters.
1600
was

I

II

I

The western cell performed as anticipated. As the
hydraulic head increased on the primary liner, the rate of
liquid removal from the LDS increased. On 17 July, the
daily rate of removal from the LDS reached 308 lphd and
the hydraulic head as measured in the western sump was
840 mm. From 18 July through 18 August the hydraulic
head was increased to 1.27 m, but the daily rate of liquid
removal gradually decreased to 49 lphd, as would be
expected with the depletion of the construction and
consolidation water. The western cell was determined to
perform in accordance with the permit conditions and
was not evaluated fiu-ther.
4.

ANALYSIS OF DATA

As noted above, the liquid removal rate in the eastern cell
increased significantly when the water level in the sump
was raised above 740 mm. This increase in leakage rate
was attributed to a hole in the top liner at least 740 mm
vertical above the cell sump. At this elevation the hole
was calculated to be above the GCL which extended a
short distance (e.g., about 300 mm vertical) up the side
slope. This observation was supported by the rapid
response in the LDS to the height of liquid, which would
be the case for leakage through a defect in a
geomembrane overlying a free draining layer, as is the
case on the slope. In order to estimate the size and
location of the leak relative to the bottom of the cell, the
data was analyzed using Bernoulli’s equation for flow
through an orifice [Giroud, 1984]:
Q=

1-May

l-Jun

1-Aug

1-Jul

1-Sep

1-Ocl

DATE

Western
1600

1

1-May

$

I

1-Jun

1-Jul

1-Aug

I

1-Sep

1

Ca~2gh

in which: Q = flow rate, C = dimension less coefficient
related to the shape of the edge of the defect (assumed to
be 0.6); a = area of orifice; g = gravity (9.81 m/s2); and
h = height of liquid above the defect.
The conditions analyzed are shown in Figure 3. For
two different water levels above the cell bottom, the rate
of leakage is known; however, the height of liquid above
the defect is unknown. Therefore, three unknowns exist:
the height of liquid above the defect for each of the two
different water levels, and the area of the defect. The
available data and Bernoulli’s equation were used to
generate three equations with three unknowns. These
equations are shown in Figure 3. Solving these equations
yields an equivalent circular defect 3 mm in diameter
located 785 mm vertical above the primary liner. The
calculated height of the defect above the base is
consistent with the elevation at which an increase in the
leakage rate was observed.
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Figure 2. Daily Liquid Removal
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careful monitoring and analysis of LDS liquid
removal is needed to distinguish between leakage and
other sources of liquid;

.

liquid removal rate data can be used to estimate the
locations and size of geomembrane primary liner
defects; and

●

The calculated defect size is approximately the same as
the typical size defect that may occur in geomembranes
installed with good CQA practice [Giroud and Bonaparte,
1989]. In addition, the defect is located well above the
primary geomembrane on the base of the landfill. The
operating requirements of the cell requires the hydraulic
head on the primary liner to be less than 300 mm. Given
the location of the defect, the operational requirements to
maintain the hydraulic head in the LCS less than 300
mm, and the potential to damage the liner during repair,
the recommendation was made to place the cell into
operation.
SUMMARY AND CONCLUSIONS

The initial rate of liquid removal from the LDS of a
double-lined landfill exceeded the permitted rate of 180

lphd in both the eastern and western cells of the facility.
An investigation into the potential sources revealed the
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leakage can occur in liners constructed with good
CQA practice.
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liquid removed from the LDS shortly after
construction is not necessarily an indicator of primary
liner performance;

Hole Area

HOLE AREA = 7.154x 10-6mz
HOLE DIAMETER = 3 mm
h, =98 mm (3.8 in)
h, -200 mm (7.8 in)
h=883-98=785mm

5

.
-’wz3 is

h, = h, + 102mm
Calculated

liquid in the western cell was due to construction and
consolidation water. The leakage in the eastern cell was
initially attributed to construction and consolidation
water; however, later some of the liquid was attributed to
leakage through the geomembrane liner on the side slope.
The leak was attributed to a possible 3 mm diameter hole
on the side slope. At this distance up the slope the hole
would not impact normal operations. Therefore, the
recommendation was made to place the landfill into
service without repairing the geomembrane. The case
history presented in this paper demonstrates that:
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Comparison of Dye Testing and Electrical Leak Location Testing
of a Solid Waste Liner System
G.T. Darilek
Principal Engineer, Leak Location Services, Inc., San Antonio, Texas, U.S.A.
L.V. Miller
Central Division Manager, Delaware Solid Waste Authority, Sandtown, Delaware, U.S.A.
ABSTRACT: Dye tracing and electrical leak location testing were independently conducted to detect and locate leaks in the
primary geomembrane liner of two cells in a municipal landfill. Despite extensive quality control and quality assurance

programs, water in the leak detection zone after construction indicated that the primary liner had a leak. Fluorescein dye tests
were conducted by placing a fluorescent yellow/green dye in water impounded on the liner and then sampling the water drained
from the leak detection zone for periods of at least 40 days. The samples of water were visually inspected and tested with a
spectrophotometer. No dye was ever detected. An electrical leak location survey of the same areas located two leaks. One leak
was a 90 x 76 mm (7.5 x 3 in.) hole that was near a leak detection drainage pipe. The other leak was a 25-mm (1-in.) diameter
hole. The tests showed that dye testing was ineffective for detecting the presence of significant leaks in a liner system with sand
above and below the leak. The electrical leak location method quickly and accurately located the leaks.
KEY WORDS: Leak detection, geomembranes, construction quality assurance, landfills, performance evaluation
1

INTRODUCTION

The lining system of a municipal solid waste landfill is the
only barrier between the Ieachate generated and the local
groundwater. The installation of the liner system is normally
monitored with extensive quality control and quality
assurance programs designed to insure that the specifications
for materials and procedures for construction are met.
Unfortunately, the completed lining system can be damaged
during the installation of the leachate collection systems and
the drainage/protection layers. Holes in the lining system can
go undetected until long after Iandfilling in the area has
started, making the location and repair of the holes almost
impossible. Therefore, testing for leaks before waste is introduced can detect problems before they get worse.
The Delaware Solid Waste Authority (DSWA) initiated a
post installation testing program that included dye tests and
electrical leak location surveys for two cells of a disposal area
with eight cells. The disposal area is comprised of two
phases, each of which are divided into four drainage areas or
cells. The tests on the two cells gave a good comparison of

the two leak detection and location methods.
Figure 1 shows a cross section diagram of the typical cell
construction. The diagram is not to scale. Each cell has
dimensions of approximately54x218 m (178 x 715 ft). The
disposal area utilizes a double HDPE geomembrane liner
system. The primary liner has a 600 mm (24 in.) protective
drainage sand layer above the liner. The leak detection zone
has a 300 mm (12 in.) layer of drainage sand between the
liners. Leachate and leak detection pipe trenches formed in
the primary liner and secondary liner respectively contain 150
mm (6 in.) perforated drainage pipes surrounded with ballast
rock enveloped in a woven geotextile. The drainage pipes
above the secondary and primary liners connect to common

headers which drain to separate internal sumps. All eight
cells of the disposal area were dye tested. Only the last two
cells were leak tested using the electrical leak location
method.

2

DYE TESTS

The dye test included uniformly introducing a known
concentration of fluorescent yellow/green fluorescein dye into
the water impounded in each cell and then monitoring the
water flowing into the leak detection sump for dye. Only one
cell was tested at a time. The cells were filled with dyed
water to a level just below the lowest berm. Because of the
elevation of the lowest berm, only about half of each cell
could be flooded. Therefore, the dye testing area in each cell
was limited to approximately 50 x 125 m (160 x 410 tl).
Samples of water were then collected from the secondary leak
detection system and visually inspected under an ultraviolet
lamp and analyzed using a spectrophotometer.
Cole-Parmer fluorescent yellow/green dye tracer was used
to dye the primary water. The concentration of the dye in the
water impounded on the primary liner was compared with the
concentration of dye in the water collected in the secondary
leak detection system using a Hach model DW2000
spectrophotometer.
The photometer was calibrated for
absorbance of light at the 494 nanometer wavelength of the
dye, and could detect the dye in concentrations of
approximately 0.2 ppm. The minimum visible detectable
concentration of the tracer using an ultraviolet lamp is one
ppm. A higher initial dye concentration of 4 ppm was used to
compensate for any moisture from construction in the leak
detection system that would dilute the primary water and to
compensate for biodegradation of the dye with time.
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Typical Cross-Section

View ofLeachate

and Leak Detection System

The maximurnmigration
distanceforthedye
throughthe
sand toaleak detection drainage pipe was approximately 14
m(46tl).
Theminimum distance was approximately 1 m(3
ft). Theestimated worst-case time necessary forthe dye to
migrate through the sand to the nearest part of the leak
detection pipe was calculated using the equation from Giroud

visible concentration throughout the 40 days of monitoring.
From previous tests, the dye in water that was not exposed to
sunlight or high surface temperatures was much slower,
requiring more than two months to degrade below the visible
level.

et al (1997):

4
(1)

tt,~.~!
= n x / (k sin ~ cos 13);
where

L.v.l = leakage travel time;
n = porosity of the sand;
x = length of the leakage path;
k = hydraulic conductivity; and
~~ = slope of the leak detection layer.

The worst-case leakage travel time through the sand was
calculated to be 38 days. The leakage travel time through the
leak detection pipe was estimated to be a maximum of one
day. Therefore, the dye tests were monitored for a minimum
of 40 days. During the dye testing, two of the cells were
tested in the summer where the increased temperature
Therefore,
accelerated the biodegradation
of the dye.
additional dye was added when the concentration of the dye
decreased. Samples of the water in the leak detection sump
were collected, analyzed, and stored twice a week.

3

RESULTS OF THE DYE TESTS

No dye was detected in any of the eight cells in the water
collected fi-omthe leak detection zone using visual ultraviolet
inspection and the spectrophotometer measurements. The
absorbance of the water collected in the leak detection zone
remained at a very low and constant level. The concentration
of dye in the primary water decreased to the visible limit of
1 ppm in 16 to 28 days except for two cells that maintained a
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ELECTRICAL LEAK LOCATION SURVEY

The electrical leak location method (Laine and Darilek,
1993) was used to search for leaks in two of the eight cells.
The electrical leak location method is to apply a voltage
across the liner and then detect the areas where electrical
current flows through leaks in the insulating liner. Figure 2
shows a diagram of the principles of the method. Figure 3
shows an operator collecting the data. One electrode was
placed in the sand on the primary liner. A second electrode
was placed in the water at the end of a cleanout pipe in the
leak detection zone. The electrodes were connected to a 300
VDC power supply. The geomembrane leak location survey
was conducted by systematically making potential gradient
measurements on the cover soil. Heavy vegetation on the
sand layer along the survey lines was removed prior to the
survey. Data was taken on survey lines spaced 760 mm (30
in.) apart. A measurement was taken every 760 mm with
electrodes spaced 760 mm apart. The data was recorded
using portable digital data loggers programmed so the
operator could enter the survey parameters including file
name, line number, starting position, position increment, and
time interval between readings. The data collected with the
digital data recorders was then downloaded to a laptop
computer in the field and the data was plotted and analyzed
for characteristic leak signals. The entire area of the two cells
was surveyed using the electrical leak location method. The
survey of 22,500 square m (5.5 acres) required eight mandays.
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Principle of the Electrical Leak Location Method for Sand-Covered Geomembrane Liners
diameter hole. Figure 5 shows both leaks after they were cut
from the parent material. A 300 mm (12 in.) scale is also
shown in the photograph.
Considerable energy would be required to form leaks this

large, so damage from machinery is suspected. The larger
leak had scrape marks leading to the leak and the ether edge
of the leak had the tom piece of liner attached as a flap. The
larger leak was found on the edge of a leachate collection
trench, which was approximately 3 m (10 ft) from a leak
detection drainage pipe under the primary liner. Visual
observation of the excavated leak after a moderate rainfall
showed approximately 75 mm (3 in.) of storm water flowing
over the hole.
6

Figure 3.
Acquisition
5

Geomembrane

Electrical

Leak Location

RESULTS OF THE ELECTRICAL
LOCATION SURVEY

Data

LEAK

Two leaks were found using the electrical leak location
method. One leak was a 190 x 76 mm (7.5 x 3 in.) hole. It
was excavated while the leak location survey crew was on the
site. Figure 4 shows this leak in-situ with a 15 mm (6 in.)
marker shown for scale. The second leak was a 25 mm ( 1 in.)

ANALYSIS

For the larger leak, the dye had to travel a distance of only
3 m (10 ft) through the sand on the primary liner, through the
leak, through the sand in the leak detection zone, to the leak
detection drainage pipe. The time required for this transit,
again using equation (1), is approximately 8 days plus an
additional day for the dye to flow down the leak detection
drainage pipe. The absorbance of the primary water at the 8day interval had decreased to 36 percent of the initial
concentration, but was clearly visible. The absorbance of the
water samples taken from the leak detection sump six, eight,
and eleven days after the start of the test for that cell show no
evidence of dye.
Since the completion of the construction of the disposal
area, flow measurements were made of the water collected
from each of the two phases. Each phase has four cells. The
flow rate from Phase 2 has always been higher than Phase 1.
This was originally believed to be due to the higher

1998 Sixth International

Conference

on Geosynthetics

-275

precipitation

during the construction of Phase 2.

Since

landfilling has started in both phases the secondary flow rates
have continued to decrease.
Prior to the repair of the holes, the flow rate was
approximately 112 liters/10,000 sq m/day (lhd) (12
gallons/acre/day (gad)) for Phase 2 and 56 lhd (6 gad) for
Phase 1. Since the repairs, the flow rate from Phase 2 has
decreased to approximately 70 lhd (7.5 gad). The flow rate
ffom Phase 1 has also continued to decrease to about 14 lhdd
(1.5 gad).
The secondary flow in Phase 2 dropped dramatically to
approximately 70 lhd (7.5 gad) after patching the two holes.
Because the flow before the leaks were repaired was
approximately 112 lhd (12 gal/acre/day), the estimated
leakage from the holes contributed 42 lhd (4.5 gad).
7

CONCLUSIONS

The tests showed that dye testing was ineffective for
detecting the presence of significant leaks in a liner system
with sand above and below the leak. Biodegradation of the
dye significantly decreases the concentration of the dye
during the long time required for water to flow to the leak
detection sump. Considering that sand is a good filter for
water, the failure of the dye test for the leak that was close to
a leak detection drainage pipe may be because the sand
adsorbed the dye from the water. Even if the dye tests would
have indicated the presence of the leaks, the specific locations
of the leaks would have been unknown.
The electrical leak location method not only detected the
leaks, but also accurately located the leaks. The leaks were
easily excavated for repair before waste was put in the
disposal cell.
An electrical leak location survey for geomembrane liners
is an effective method for detecting leaks present during the
installation of the geomembrane liner or for detecting leaks
caused by machinery while putting sand on the Iirler.
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ABSTFWCT:
This paper presents an approach for evaluating the effectiveness of HDPE geomembrane liner protection.
The approach is based on the use of multi-axial tension tests (ASTM D 5617) performed on geomembrane specimens after

exposure to anticipated field conditions. A criterion based on the geomembrane mode of failure in the multi-axial tension
test is used to determine if a certain type or level of mechanical damage is acceptable. An example from several studies
conducted to evaluate the impact of a granular layer on a geomembrane is presented and discussed.
KEY WORDS: Geomembrane liner, Protection, Mechanical damage, Mode of failure, Multi-axial tension test.
1

INTRODUCTION

Geomembranes used in waste containment facilities are
oflen overlain and/or underlain by granular drainage layers.
Since coarse granular particles can potentially damage the
geomembrane at points of contact, design measures are
often taken to protect the geomembrane and limit damage
to acceptable levels. Typical design measures include:
requiring that certain characteristics of the granular
material, such as maximum particle size, gradation, or
angularity, are within specified limits; or including
cushioning layers, such as geotextiles, between the
geomembrane and the granular material. These design
measures generally increase facility construction costs and
there is therefore a need for designers to rationally evaluate
their effectiveness.
The effectiveness of geomembrane protection measures
is often evaluated through laboratory testing that is
perfomled in two stages. The first stage is exposure,
during which a geomembrane specimen is subjected to the
anticipi~ted field conditions of concern. The exposure
conditions
typically
include
anticipated
stresses,
temperatures, and loading durations. The second stage is
evaluation, during which tests are performed to measure
selected properties of the exposed geomembrane and the
test results used to evaluate whether the degree of damage
sustained by the geomembrane is acceptable. This paper
provides information relevant to the evaluation stage of
such testing. Specifically, the purpose of this paper is to
discuss the use of multi-axial tension tests to evaluate

exposed high density polyethylene (HDPE) geomembranes
and to present a criterion for assessing whether mechanical
damage sustained by the geomembrane is within acceptable
limits.
2

CRITERION FOR ACCEPTABLE DAMAGE

Consideration of acceptable levels of geomembrane
damage is focused on the primary function of
geomembranes used in waste containment facilities, i.e. to
act as a hydraulic barrier. It is obvious that if punctures are
observed in the geomembrane after the exposure stage of
testing then the geomembrane will not fimction as an
effective hydraulic barrier. In this case the level of damage
is unacceptable and the evaluation stage of testing is not
necessary. Other types of damage may decrease the ability
of the geomembrane to resist rupture when subjected to the
working loads and deformations that may develop
throughout the life of the facility. The evaluation stage of
testing is concerned with these other types of damage.
The ability of a geomembrane to resist rupture when
subjected to loads and deformations results not from its
strength, but from its ability to deform locally under
concentrated loads and at locations where differential
settlements occur. If the geomembrane has sufficient
deformability, it can conform to the shape of adjacent
material layers without the development of large internal
stresses. This rationale leads to the following definition for
acceptable levels of damage: for damage undergone by a
geomembrane to be acceptable, the tensile strain
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characteristics
of the geomembrane
must
not be
significantly affected.
The proposed criterion is based on the use of results
fi-om multi-axial tension tests performed in accordance with
the American Society for Testing and Materials (ASTM)
test standard D 5617.
This test uses geomembrane
specimens secured around the perimeter of a large diameter
(greater than 450 mm) testing chamber. Pressure is applied
to one side of the specimen
to cause out-of-plane
deformation.
The pressure is increased until failure occurs
due to rupture
of the geomembrane.
A virgin
geomembrane with a uniform thickness must rupture at the
top of the dome because this is the location where the
stresses are highest. Since a large test specimen is used, the

multi-axial tension test is more appropriate than many other
small scale index tests. The mode of failure is an important
characteristic with respect to the criterion proposed in this
paper.
The important parameters that indicate the ability of a
geomembrane to deform are the magnitude of tensile strain
at yield and, to a lesser degree, the strain at break.
However, the state-of-practice for predicting the stresses
and strains in geomembranes used in waste containment
facilities is not sufficiently detailed to justifi a meaningful
evaluation of the relative performance of geomembranes
with d ightly different stress-strain characteristics. Based
on experience with multi-axial tension tests on
mechanically damaged geomembranes, the authors have
noted that the most significant indicator of damage for
HDPE geomembranes may be when the geomembrane
specimen ruptures at a location other than the top of the
dome fim-rnedby the hydrostatically inflated geomembrane.
If a geomembrane specimen ruptures at a location other
than the top of the dome, this indicates that the specimen
has been previously weakened at the location where the
rupture occurs.
From the foregoing discussion, the following criterion
has been developed: the mechanical damage undergone by
if the
a geclmembrane is deemed unacceptable
geomembrane specimen tested in a large diameter multiaxial tension test exhibits rupture at a location other than
the center of the specimen and if this location is that of
visible mechanical damage. The authors have used the
approach and the criterion described above on several
occasions and found that the proposed criterion always led
to a clear and intuitively correct conclusion regarding what
level of mechanical damage was acceptable.
In Section 3, an example from several studies conducted
to eva~luate the impact of a granular layer on a
geomembrane is presented.
3

DESCRIPTION OF A TESTING PROGRAM

One of the studies conducted by the authors consisted of
evaluating the need for a geotextile cushion between a
280-1998
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crushed rock layer and an HDPE geomembrane resting on a
layer of compacted clay, thereby forming a composite liner
to be used in an ore heap leach pad. The study included
three steps:
●
static-compression loading to simulate the effects of the
crushed rock layer on the geomembrane liner;
●
visual examination of the geomembrane specimens after
the compression tests to determine and record the
locations of visible mechanical damage; and
●
multi-axial tension tests to evaluate if the type or level
of mechanical damage undergone by the geomembrane
specimens was acceptable or not.
The materials used in the testing program consisted of a
1.5-mm thick HDPE geomembrane and four different
proposed crushed rock materials designated A, B, C, and D.
The particle-size distribution curves of the crushed rock
materials are presented in Figure 1.
The static
compression
loading
simulation
performed in a 450-mm diameter testing chamber.
size of the testing chamber was selected to be:

was
The

more than fiv-e times the maximum particle size, which
was 76 mm for material A, in order to eliminate the
possible effects of arching which might have reduced
the load applied to the geomembrane by transfernrsg
part of the load to the testing chambe~ and
less than the diameter (610 mm) of the pressure vessel
used to perform the multi-axial tension test, in order to
avoid the presence of locations where the geomembrane
is damaged at or near the perimeter clamp, which could
cause failures that are difficult to interpret.
One static compression loading was performed with
each material A, B, C, and D. In each loading simulation,
the geomembrane was underlain by a compacted clay layer
to simulate the field conditions. The crushed rock material
was then placed on the geomembrane and slightly tamped
to produce a minimum of 100-mm thick uniform layer. A
rigid steel platen was placed over the crushed rock material

i:ol

0.1

1
Particle size (mm)

10

100

Figure 1. Particle-size distribution curves of crushed rock
materials.

and a compressive stress of 860 kPa was applied to the top
of the testing chamber to simulate the maximum anticipated

field loading of 55 m height of ore, assuming an ore unit
weight of 15.6 kN/m3.
After 72 hours of sustained loading, the static
compressive stress was removed and the geomembrane was
carefully exhumed.
The exhumed geomembrane was
examined for any signs of damage and then subjected to a
multi-a~ial tension test. The multi-axial tension tests were
conducted on the geomembrane specimens generally
within a few hours of exhumation. The multi-axial tension
test was also conducted on a specimen of the virgin
geomembrane in order to allow comparison between the
failure modes and also obtain stress-strain data on the
virgin g,eomembrane.
4

SUMMARY AND DISCUSSION OF TEST
RESULTS

4.1

Visual Examination After Compression Tests

Visual observations and the photographic documentation
(Figure 2) of the exhumed geomembranes are summarized
in Table 1 and can be described as follows:
●

●

The geomembrane that had been loaded with Material A
showed significant y more damage than the other
specimens. The imprints of the crushed rock material
were visible at more than 50 locations on the upper
surface of the geomembrane.
Among these imprints,
there were
approximately
30 locations
on the
geomernbrane
surface which showed yield damage
through the geomembrane
thickness (i.e. where the
imprints were also visible as protrusions on the lower
surface
of the geomembrane).
However,
no
punctures
were apparent at any of the contact points
with Material A.
The geomembrane specimen that had been loaded with

Table 2. Summary of multi-axial tension test results (see Note 1)
Test feature

Geomembrane specimen
A
B

c

D

Maximum tensile stress (“Peak”) (MPa)

17.9

19.8

19.0

18.0

18.2

Tensile strain at maximum stress (%)

11.2

7.3

11.2

11.2

11.2

Maximum tensile strain (%)

23.0

11.2

14.5

21.4

27.4

Tensile stress at maximum strain (“Break”) (MPa)

15.1

18.1

18.9

15.5

14.7

DXL

LOC

DXS

DXL

DXL

Virgin

Mode of rupture (see Note 2)

Note 1:

The stress and strain values presented in Table 2 are from actual test data. They are more accurate than the
values that can be obtained from the curves in Figure 3 (especially the tensile strain at maximum stress, which is
difficult to obtain with precision from the curves due to the shape of the curves).
Note 2!: DXL = Geomembrane rupture at the center of the specimen diametrically in the cross-roll direction with a large
yield zone; DXS = Geomembrane rupture at the center of the specimen diametrically in the cross-roll direction
with a small yield zone; and LOC = Geomembrane rupture localized at a point where the geomembrane was in
contact with one of the stones in the loading test.
Material A under the considered loading stress is
unacceptable
because
it had two consequences
that
weakened the geomembrane and reduced its ability to resist
“r~
mechanical actions during its service life: (i) it caused
yield of the HDPE compound through the geomembrane
thickness; and (ii) it caused a marked decrease in the yield

strain of the geomembrane. In contrast, the damage caused
by Materials B, C and D is acceptable.
Based on the above, an objective criterion for damage
acceptability should be able to clearly distinguish between
the geomembrane specimen that was loaded with Material
A and the other geomembrane specimens.
Several
possibilities are considered:

I

o~
0

●

5

10

20

15
Strain

25

20

(%)

●

Figure 3: Multi-Axial Tension Test Stress-Strain Curves
“ Material A significantly affected the geomembrane

stress-strain curve (i.e. significantly lowering the tensile
strain at peak) and significantly affected the mode of
failure (i.e. geomembrane rupture at a point where the
geomembrane had been damaged by a stone instead of
being at specimen center).
It appears that the results of the multi-axial tension tests are
consistent with the visual observations made on the
geomembrane specimens following the compression
loading simulation, which indicated the damage caused by
Material A was far more severe than the damage caused by
Materials B, C and D. Therefore, the results of the multiaxial tension tests are consistent with the criterion proposed
in Section 2.
4.3

●

Discussion of the Proposed Criterion
●

From the test results presented in Sections 4.1 and 4.2, it
appears that the damage caused to the geomembrane by
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The maximum tensile stress (Table 2) does not provide
any clear information.
The tensile strain at maximum stress (Table 2) clearly
distinguishes
between
the geomembrane
specimen
exposed to Material A and the other geomembrane
specimens.
Using the tensile strain at maximum stress
as a criterion may therefore be appropriate.
However,

using the tensile strain at maximum stress as a criterion
of geomembrane damage acceptability would have two
drawbacks: (i) the peak of the stress-strain curves
derived from multi-axial tension tests (Figure 3) is often
not very marked and the determination of the strain at
peak may be imprecise; and (ii) it would be difficult to
develop a criterion that objectively distinguishes
between an acceptable and an unacceptable strain
reduction.
The maximum tensile strain (Table 2) does not appear to
provide results that are easy to interpret: damage to a
geomembrane specimen results in an increase or a
decrease of the maximum tensile strain.
The tensile stress at maximum strain (Table 2) does not
provide any clear indication.

imprints of the crushed rock material were visible at
more than 100 locations on the upper surface of the
geomembrane; however, none of these imprints resulted
in yield damage through the geomembrane thickness as
observed for the case of Material A.
●
The geomembrane specimen that had been loaded with
Material C showed moderate signs of damage by the
overlying material.
The imprints of the crushed rock
material were visible at more than 50 locations on the
surface of the geomembrane;
however, none of these
imprints
resulted
in yield
damage
through
the
geomembrane
thickness as observed for the case of
Material A. The imprints were slightly deeper and less
uniform than those on the geomembrane specimen that
had been loaded with Material B.
●
The geomembrane specimen that had been loaded with
Material D had a similar appearance as that loaded with
Material B. The imprints of the crushed rock material
were visible on more than 100 locations on the surface
of the geomembrane; however, none of these imprints
resulted in yield damage through the geomembrane
thickness.
From the visual examination, it appears that Material A,
caused significantly more damage than Materials B, C and
D. From Figure 1, it appears that two characteristics that
differentiate Material A from the three others and that may
govern the ability of a granular material to cause a high
degree of damage to a geomembrane are a large maximum
particle size (d~~) and a small value of the coefficient of
uniformity, CU(i.e. a very uniform particle size distribution
curve). Indeed, these two parameters result in a smaller
number of contacts between stones and geomembrane,
hence higher contact forces for a given applied loading
stress. This is confirmed by the number of imprints, which
is less for Materials A and C than for Materials B and D
(Table 1), and by the fact that Material A (large d~w, small
CU) caused more damage than Material C (medium d~u ,
medium Cu), which, in turn caused more damage than
Materials B and D (medium d~m, very large Cu). The
angularity of the stones is another parameter that governs
the ability of the stones to damage a geomembrane.
However, no conclusion could be drawn from this testing

program regarding this parameter since all four materials
consisted of crushed stones of similar angularities.

4.2

Multi-axial

Tension Tests

The results of the multi-axial tension tests, including the
test performed on the virgin geomembrane specimen, are
summarized
in Table 2 and Figures 3 and 4.
The
interpretation of the results are as follows:
●
The
virgin
geomembrane
specimen
the
and
geomembrane
specimens that had been loaded with
Materials C and D have similar stress-strain curves and
the values of the maximum tensile strain, although
different, are all between 20 and 30’%.. Also, they have
the same mode of failure (Figure 4), i.e. rupture

●

●

occurred at the center of the specimen, diametrically in
the cross-roll direction, with a large yield zone.
The geomembrane specimen that had been loaded with
Material B has a stress-strain curve fairly similar to that
of the virgin geomembrane, with approximately the
same strain at peak (11.20/0),but with a smaller strain at
break. The failure mode (Figure 4) is rather similar to
that of the virgin geomembrane, however, the yield zone
is smaller in the case of the geomembrane specimen that
had been loaded with Material B, which is consistent
with the above comment about the strain at break.
The geomembrane specimen that had been loaded with
Material A has a strain at peak stress of approximately
7% whereas, in the four other cases, the strain at peak
stress is approximately 11O/O.The mode of failure in the
case of the geomembrane that had been loaded with
Material A is distinctly different from the modes of
failures with the four other geomembrane
specimens
(Figure 4). For Material A, the failure occurred at a
point where the geomembrane had been damaged by a
stone, in contrast with the four other specimens, where

the failure occurred at the center of the specimen, i.e.
independently from damage caused by the stones.
The above interpretations of the multi-axial tension tests
may be summarized as follows:
“ Materials C and D had essentially no effect on the
geomembrane stress-strain curve and did not affect the
mode of failure (i.e. geomembrane rupture at specimen
center).
“ Material B did not significantly affect the geomembrane
stress-strain curve and did not affect the mode of failure
(i.e. geomembrane rupture at specimen center).

Table 1. Summary of visual observations

Material
A

Holes
None

Imprints
>50

Yield through
=30

B

None

>100

None
None

>5(3
>100”

c
D

None

Yield size
>2 mmx8 mm
<5 Inmx50 mm
<1 mmx5 mm

Light

None
None

<1 mmx5 mm
<3 mm diameter

Light
Light
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●

●

5

The mode of rupture provides a clear distinction
exposed to
beiween
the geomembrane
specimen

Material A and the other specimens, without the need
for selection of a threshold property value separating
acceptable from unacceptable damage.
It may also be concluded that the damage, deemed
unacceptable based on the mode-of-rupture criterion
described above, also results in a decrease in tensile
strain; however, the decrease in tensile strain does not
provide an objective pass-or-fail criterion.
CONCLUSIONS

The paper has shown that a criterion based on the mode of
rupture
of a mechanically
damaged
geomembrane
specimen subjected to a large-diameter multi-axial tension
test provides a practical and defensible means to determine
whether a certain type or level of mechanical damage is
accepti~ble or not. The criterion is also consistent with the
authors’ observations
from several mechanical
damage
studies.

Material A.

Material B.
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Efficiency of Puncture Protection Layers

#9 16299

H. Zanzinger
LGA, Ge:otechnical Institute, Nuremberg, Germany
E. Gartmg
LGA, GeotechnicaI Institute, Nuremberg, Germany
ABSTR4CT: Geomembrane liners at the base of solid waste landfWs must be protected from stones and other sharp
act as liquid barriers. In Germany, where administrative instructions require very coarse grained
drainage blankets above basal liners of solid waste landfills, special emphasis is placed on the selection of adequate
objects to properly

protective layers. Their efllciency has to be demonstrated by tests according to the GDA-Recommendations
of the German
Geotechical
Society. The efficiency of six different geosynthetic protective layers was studied by large scale performance
tests. The basal liner system, consisting of a compacted clay liner, a 2.5 mm thick HDPE-geomembrane,
the protective
layers and 0.3 m draimge stone of 16 to 32 mm were submitted to a uniformly distributed load increased step-wise up to
800 k-pa. After more than two months loading, the geomembrane was exhumed and the deformations were examined by

laser-measuring technique. The six protective layers lead to different results. All systems tested fimctioned successfully. A
comparison of the performance observed by large scale testing and the assessment of the anticipated efficiency according
to standard tests allows conclusions concerning the German protection efficiency test.
KEYWORDS: Geocomposites, Laboratory Tests, Lantillls, Performance Evaluation, Puncture Resistance
1

INTRODUCTION

Basal liner systems of solid waste landtllls consist of
impermeable geomembranes (GM) and mineral sealing
layers such as compacted clay liners (CCL) in
combination. There may be a single GM like in the
German standard composite liner (Gartung 1996) or there
may be hvo GMs, e.g. the double liner system employed in
many Iandfllls in the USA (Koemer 1994). In any case,
there have to be leachate collection and removal facilities
immediately above the basal seal to prevent increasing
hydraulic heads above the liner. The dewatering systems
typically comprise a drainage layer of gravel or crushed
stone of 16 to 32 mm diameter.
Below the overburden of the waste deposit the coarse
grained drainage material exerts ve~ high local stresses on
to the GM which could cause puncturing. So protection
layers are installed between the coarse drainage aggregates
and the GMs to prevent failure of the polymeric seal. The
requirements to be met by the protection layers have been
established on the basis of engineering judgment, and they
have been supported by theoretical models. For the
protection of the primary GM liner in the USA, WilsonFahmy, Narejo and Koemer (1994) earned out extensive
studies. In Germany, where only one HDPE-GM of at least
2.5 mm thickness is used as a component of the composite
basal liner, theoretical arguments for the criteria required
for adequate long-term performance of protection layers
have been presented by Seeger and Mueller (1996). In
either country laboratory tests are performed for the
evaluation of the suitability of protection layers. These tests
which differ in both countries are modeling the fimction of
the protection layer under simplified boundary conditions.

The adequacy of such ,,index’’-tests is not known, because
there is no real long-term field experience with the
performance of protectors. As a contribution to the
discussion of GM protection issues, results are presented
here of some large scale model tests which were carried out
at the LGA Geotechnicat Institute at Nuremberg in
Germany,

2

STANDARD PROTECTION EFFICIENCY TESTS

In the German standard test for the evaluation of the
efficiency of protection layers, samples of the protector
together with the GM of at least 300 mm, in our case 500
mm diameter, are submitted to loads in a device shown on
Figure 1.
The coarse drainage aggregate above the protector
consisted of natural river gravel 16 to 32 mm in the case
reported here, and there was a 20 mm thick elastomer layer
of 50 Shore hardness below the loaded test sample as
specified in the GDA-Recommendations (1997). A vertical
stress of 1,350 kpa at a temperature of 20”C was applied
for 100 hours, and the resulting deformations at the lower
surface of the GM were recorded by means of thm soft
metal sheets. The deformed shape of the ductile metal
sheets was transferred to plaster and after hardening, the
micro-topography of the gypsum block was surveyed by
laser to be evaluated with respect to the deduction of
strains that occurred in the GM below the protecting
geocomposite by data analysis. The results of the standard
tests on the different products for protective layers reported
here are presented on Table 2.
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Table 1. Protection layer systems tested for this study
System Type of geosynthetic
No.

Polymer

Mass per
unit area
(g/m’)
6,646
2,025
=70,000

Thickness
at 2 IcPa
(mm)
12.2
12.9
=50

1
2
3

geocomposite (geotextile/geomat/rubber)
geocomposite* (geotextile/geonet/geotextile)
geocontainer**(woven geote.xtiles linked with spacer threads)

PET/PA/rubber
HDPE and PP
HDPE and
sand O.ltol.O

4

geocontainer**(woven

HDPE and

=56,000

=40

sand O.1 to 1.0
PP
PP
PPkand 0.1 to

4,274
2,137
~48,000

26.8
13.4
=26

5
6
7=8

geote.xtiles linked with spacer threads)

geotextile*, nonwoven needlepunched
geotextile, nonwoven needlepunched
geocomposite**

~geote~le/geomatAand 0.1 to 1.O/woven+nonwoven geotextile)
** filled with sand on site
* double layer
I

I’I-l

3

Im

l. O/HDPE

GEOSYNTHETICS FOR PROTECTION

The cushioning
effect of protectors for GMs can be
achieved by mineral layers such as sand, by geosynthetic
sheets or by combinations of these two types of materials.
Out of the great number of different products available, 6
geosynthetic protection layers were selected for the study
reported here. They are listed on Table 1.

111

m,

I

,,.

I!--mr’

,,s

Lm

The geocomposite product no. 1 consists of rubber tire
chips enveloped by geotextiles. No. 2 is a geocomposite
routinely installed in many civil and environmental
applications for drainage purposes, it was tested as a
double layer protector. The geocomposites no. 3 and no. 4
are essentially mattresses filled with sand at the
construction site. They are tailored to the needs of the
particular landtlll site and prefabricated. Protectors no. 5
and no. 6 are very robust mechanically bonded nonwovens.
They are applied as single or double layers at the base of
landt311s,depending on the amount of overburden; in the
study reported here, the etlciency of single and double
layers was tested. The protection geocomposite on test
fields no. 7 and no. 8 contains sand. The sand is filled into
prefabricated geo~nthetic sheets at the construction site.

-!

LARGE SCALE TESTS

At the LGA Geotechnical Institute large scale model tests
were earned out, primarily for the determination
of the
soil-stmcture interaction of HDPE drainage geopipes and
@

Coarse gravel

@

Protection layer

@GM
@

Ductil

@

Elastomer

metal

sheet
layer

Figure 1.. German standard
protection efficiency tests
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the surrounding soil (Zanzinger and Gartung 1998). The
model was 5.4 m long, 4.4 m wide and 2.0 meters high. At
the base it consisted of a composite liner, CCL of 0.6 m
and HDPE GM of 2.5 mm thickness. The GM was
protected against puncturing by a layer of geosynthetic
protectors. The total area of 24 m~ was subdivided into 8
test fields co~ered with 6 different products. In two cases
two test fields were provided with identical protectors. The

Table 2. Comparison of results of different protection layer systems from laboratory and large scale tests
System
No.

1
2
3
4
5
6
7
8=7

Protection efficiency test
(according to GDA-recommendation E 3-9)
Average strain
Peak strains
(%)
(%)
0.04
0.21
0.07
0.02
0.99
0.34
0.02*
0.19*
0,17
0.06
0.26
0.09
0.62
0.07
-

Large scale test
Average strain
(?40)

Peak strain E
(%)
0.41
0.66
0.75
0.46
0.58
0.92
0.79
0.78

0.08
0.08
0.11
0.05
0.09
0.10
0.07
0.05

* sample taken from a Iandtll construction site, tested at o = 1,350 kpa, 9 = 40° C, t = 1,000 h

drainage layer was composed of natural river gravel 16 to
32 mm, above which a mixture of sand-wood shavings was

placed as a waste material substitute. The entire model was
encapsulated with concrete slabs and tied together with
high strength steel tension rods. So a uniformly distributed
vertical stress representative of the over-burden of 60 m of
solid waste could be applied via hydraulic flat jacks.
Details of the loading procedure and the stress distribution
within the model are given elsewhere (Zanzinger 1996).
For the quantitative determination of the performance of
the protectors each test field was equipped with a 520 mm
x 520 mm sheet of soft ductile metal at the lower surface of
the GM in the zone of maximum vertical stresses below the
foot of the structural arch which developed in the gravel
adjacent to the geopipe. The recording procedure for the
deformation measurement of the GM was the same as in
the standard laboratory test. The metal sheet follows the
deformation of the GM without any resistance, so also
without developing any stress. After exhuming, the metal
sheets depict the exact shape of the deformed GM. The
micro-topography is then recorded by a plaster imprint
which is surveyed with excellent precision by lasermeasurernents at 3 mm centers in hvo directions. As a
result, a three dimensional image of the deformed GM is
obtained. An example of the measured micro-topography is
shown orl the lower part of Figure 2.
Applying a detailed geometrical analysis to the
deformation data, the distribution of strains in the GM is
determined and plotted as shown on the upper part of
Figure 2.

5

overburden applied for 6,500 hours (9 months). At test
fields no. 7 and 8 where the protection is mainly achieved
by about 20 mm of sand and the geotextiles are merely
used as containers, hardly any differences between the two
testing methods occurred.
Perhaps the most significant difference between the
standard laboratory tests and the large scale test is their
duration. The load was applied 65 times longer in the large

TEST RESULTS
Surface

Table 2 summarizes the most significant test results. It can
be seen, that the average strains as well as the maximum
strains determined in the standard laboratory test under a
vertical !stress of 1,350 IcPa applied for 100 hours are
somewhat smaller than the strains determined by the large
scale test under a load representative of 60 m of waste

deformation of geomembrane

Figure 2. Image of the deformed GM and measured strain
distribution
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scale test than in the smaller lab tests. So it is conceivable
that the larger deformations of the GM in the large scale

test indicate the time dependent behavior of the polymeric
geocomposites, But since there are also some other
ditTerences in the testing procedures, such as the stiffness
of the base material: elastomer in one case, compacted clay
in the ctther case and since the stress acting on the
geomembrane in the large scale test is not exactly known,
some other factors may also have contributed to the
diflerencm in the test results.
The performance of the sand filled geotextiles, test fields
no. 3 and 4 and no. 7 and 8 is somewhat surprising. These
systems which can certainly be considered suitable and
durable because they employ mineral constituents, exhibit
the largest values of maximum strains.
In case of the composite of test fields no. 3 and 4, the
sand filled mattress with the greatest thickness and mass
per unit area, the reason for the behavior can be assigned
to the high degree of sand filling in the large scale test.
The martress transmits the vertical load along parallel
lines. So the surface of the GM and below it the surface of
the mineral sealing layer as well appear undulated. If the
mattress is filled with less sand, this undulation can be
minimized or avoided. This becomes evident, when the
much smaller strains measured under conditions in the
field (see Table 2, system no. 4: sample from a landtll
side) are taken into account.
The prctector no. 7 and 8 is thinner than the one of no. 3
/ no. 4. The lower geotextile layer of the geocomposite is
connected by welding points, and these welding points are
stiffer than the surrounding elastic sections as matter of
fact, the deformation of the GM is not caused by the
drainage material above the protector but rather by the
protector itself. So in the local region of the welding points
there is an arching effect and the geomembrane is moving
upwards.
These strains of the GM below sand filled protectors have
to be regarded differently than those which are measured
below pure geosynthetic protectors, because they are
initiated by the structure of the protector. They are
certainly tolerable at the recorded order of magnitude.

6

CC)NCLUSIONS

There is a difference in the maximum strains measured by
standard protection efllciency tests and large scale field
tests. If the large scale field tests are considered closer to
actual field conditions, it turns out that the standard

laboratoV test underestimates the local maximum strains
of the GM. So the lab test should be regarded as an index
test rather than a performance test.
The local maximum strains of the geomembrane
protected by geocomposites containing sand were greater
than those of the tested geocomposites without mineral
components. In all cases the maximum strains measured in
the large scale test were less than 1 ‘Y.. In our opinion all
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geosynthetic
protection layers tested in the study presented
here, performed successfully and are suitable for use at the
base of solid waste landfllls.
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ABSTRACT: An adequate protective cover system is essential for preventing damage to the landfill geomembrane liner fi-om impact,
over-stressing, tearing, or puncturing during and after construction. The current method for ensuring protection of the geomembrane liner
usually employs a soil layer that is 0.3 m thick, and in some cases uses a nonwoven geotextile between the soil and geomembrane for
kreased protection. The soil layer must possess a minimum hydraulic conductivity of 1X10-3cmk so that it also functions as a drainage
layer. The optimal thickness and appropriate gadation of the soil to use in the protective cover and drainage layer have not been
establish
Furthermore, the optimal weight (or mass per unit area) of the geotextile has not been determined. In order to address these
issues, field and laboratory tests were performed to determine the effects of soil gradation, presence of a geotextile, construction loading,
and long-term waste loading on the geomembrane protection. The results of this testing demonstmted that a 0.3 m thick soil layer
consisting of particles with D~,Jless than 30 mm and sphericity greater than 0.8 overlain on a 270 g/m2 nonwoven geotextile serves as an
efticientprotective cover system for a 1.5 mm thick HDPE geomembrane liner when it is constructed using construction equipment which
exerts aground pressure less than 30 Wa. This protective cover system was also found to be eflkctive even under long-term waste loading
up to a maximum prwsure of 1400 kPa. However, a rational design approach taking into account site-specific conditions will provide the
most optimal protective cover system for the geomembrane 1iners.
KEYWORDS: Geomembranes, Geotextiles, Landfills, Liner, Soils, Protective Cushioning, Installation Damage, Survivability

1

INTRODUCTION

An adequate protective cover system is essential for preventing
damage to the landfill geomembrane liners horn impac~
overstressing, tearing, or puncturing during and after construction.
Currently, specific USEPA regulations on protective cover
systems do not exist other than the stipulation that the Ieachate
drainage layer which overlies directly above the geomembrane
liner should be selected such that leachate head does not exceed
0.3 m. Scme state landfillregulations additionally stipulate that the
drainage layer material must possess a minimum hy~dulic
conductivity of 1xl 0-3 crris and a minimum thickness of 0.3 m,
Many materials meet these requirements to be suitable for use in
the drainage layer. These materials include soils, geosynthetics,
recycled materials (e.g., shredded scrap tires), or a combination of
these marerials. Soils have been conventionally used; however,
geosynthetics and recycled materials have also gained wide
acceptance.
In add]ltion to the efticient drainage of leachate, the designer
must also assess the potential damage to the geomembrane liner
during anclaiter the construction of the drainage layer. Intuitively,
there is a greater potential for geomembrane damage if a soil
consisting of large size angular particles is used. Thus, the
drainage IIayermaterial must be selected such that it serves a dual
purpose, both as an efficient drainage medium and as an adequate
geomembrane protective cover.
The common design practice is to use a soil layer to serve as a
protective cover as well as a drainage layer. Optionally, a
geotextile is placed above the geomembrane prior to the placement
of the soil. The current approach to the selection of the soil type is
mainly baxd on the minimum hydraulic conductivity requirement;

however, a wide range of soils can possess hydraulic
conductivities equal to or gnmter than the required 1x10-q cmh.
Therefore, an additional requirement which ensures maximum
protection to the geomembrane liner is needed. In addition, the
adequacy of using a 0,3 m thickness for the leachate drainage
layer to serve as a protective cover is unknown. Furthermore, the
necessity of using a geotextile above the geomembrane and, if
necessary, the type of geotextile needed is unknown. Generally,
protective cover systems are designed based on an empirical
approach or the personal judgement of the designer. In order to
develop a rational design approach, several researchers have
performed both theoretical and experimental studies.
In this paper, an overview of previous studies performed on
protective cover systems is provided first. Then, a summary of
findings fi-om a research study petiormed at the University of
Illinoisat Chicago (UIC) which involved both field and laboratory
testing on protective cover systems is presented. Finally, a
rational approach to the design of protective cover systems is
outlined.

2

PREVIOUS STUDIES ON PROTECTIVE

COVERS

Giroud (1992) evaluated the eflkets of placing a geotextile on the
top, the bottom, or on both sides of the geomembrane on
properties of the geomembrane. Puncture and impact tests were
performed using a variety of 0.75 mm-thick geomembranes and
200, 400 and 600 g/m2 nonwoven needle punched geotextiles.
These test results showed that using a geotextile either on top,
bottom or on both sides increases the puncture and impact
resistance over the geomembrane by itself. However, the
combined effects of using a geotextile with soils over the
1998 Sixth International
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geotnembrane were not investigated in this study.
Motan et al. (1993) performed laboratory testing using a
pressure chamber in which a layer of angular gravel was formed
by mounting particles with epoxy onto a plywood base, a
geotextih! was then placed, and finally a 1.5 mm thick smooth
geomembrane was placed over the geotextile. Air pressure was
applied in increments up to 815 kpa and then released. The
geomembrane sample was removed and multi-axial tension tests
were performed. This testing was repeated with geotextiles with
four diflkrent weights of three different brands.
Although
beneficial effkctsof using a geotextile were observed, there was no
consistent trend observed to conclude if one geotextile was better
than the other. The testing conditions used in this study simulated
proh-usions from the subgrade. Only one particular soil was used
and the soil particles were not allowed to move or reorient during
the loadinlg.
Koerner and his co-investigators reported a comprehensive
investigationperformed at Drexel University in order to determine
the puncture protection of 1.5 mm thick HDPE geomembranes
under difkent conditions and the results have been published in a
three part comprehensive paper (Wilson-Fahmy et al., 1996;
Narejo el al., 1996; Koerner et al., 1996). This investigation
inc Iuded a them-etical approach, an extensive laboratory
experimental program, and a simplified design procedure. The
theoretical approach is based on tensioned membrane theory and
assumes axi-symmeh-ic conditions on a geomembrane overlain on
a single isolated protruding object rising above a firm subgrade,
The effects of the height and top shape of the protrusion on the
puncture resistance of geomembrane under the application of
hydrostatic pressure were studied. The effects of the presence of
geotextile between the geomembrane and the protrusion was also
analyzed. Based on the comparison of pressures required for the
initiation of yield conditions for a 1.5 mm thick HDPE
geomembrane, it was concluded that an increase in the protmsion
height, which is correlated to soil particle size, reduced the
puncture resistance of the geomembrane. However, an increase in
the radius of the protrusion shape, which reflects rounded or
subroundcd compared to angularly shaped particles, resulted in
higher puncture resistance. In addition, it was determined that the
effect of increasing the mass per unit area of the protection
geotextile proved to significantly increase the puncture resistance
of the geomembrane.
The above theoretical study was augmented with a laboratory
testing program which involved: (1) hydrostatic pressure truncated
cone puncture tests as per the standard test method ASTM D
5514, (2) similar tests except with cones substituted with isolated
stones, (3) hydrostatic tests with geomembranes overlain on a bed
of stones, and (4) geostatic tests which involved one truncated
cone overlain by a geomembrane which in turn was overlain by a
layer of sad and then was subjected to loading through the use of
a rigid plate. The loading was gradually increased until failure of
the geomernbrane occurred. Some long-term tests were also
coaducted which involved loading to the fraction of its failure load
and maintaining it for a long duration or until failure occurred.
The different test variables considered in this testing program
included different cone heights, different thicknesses of HDPE
290-1998
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geomembrane, and a 1.5 mm thick HDPE geomembrane with
different protective geotextiles. The tests with isolated truncated
cones or stones revealed that the geomembrane puncture
resistance increases when: (1) the mass per unit area of the
protective geotextde is greater, (2) protrusion heights are smaller,
and (3) protrusion shapes are rounded as compared to angular.
The arching and creep effects are also found to influence the
geomembrane puncture resistance. All of these results are very
usefid in evaluating the geomembrane protection against isolated
protrusions from the subgyade, In tests with a layer of packed
stones, geomembrane failure could not be achieved; therefore, the
signs of yield conditions were visually observed.
Using the puncture test data obtained using the isolated
truncated cones and isolated stones, an empirical equation wm
suggested to calculate an allowable stress for a 1.5 mm thick
HDPE geomembrane. This equation involves mass per unit area
of the protective geotextile, protrusion height, and a series of
modifying factors and partial factors of safety to account for the
field conditions such as stone shape, packing density, soil arching,
creep and chemical/biological degradation as well as a global
factor of safety to account for uncertainties in the formulation.
The above study by Koerner and his co-investigators clearly
documents the beneficial effects of using a geotextile to protect the
geomembrane from damage due to isolated protrusions in the
subgrade. The tests performed with a layer of stone closely
simulated the protective cover and drainage layer over a
geomembrane. However, the damage to the geomembrane in
these tests was only assessed visually therefore, quantification of
the extent of physical changes that occurred for difierent stone
types was subjective.
The proposed design procedure is
conservative because it is mainly based on the test results using
isolated truncated cones or stones rather than test results using a
bed of stone. Also, the values of different modification fi~ctors and
partial factors of safety are required in using this procedure. In
addition, the eftkcts of construction loading are not addressed in
this methodology.
Richardson (1996) investigated damage induced to a
geomembrane when it is subjected to construction loading. A
variety of geosynthetic cushions were evaluated to protect the
geomembrane under two types of construction equipment loading
conditions. A particular soil was employed with two different
thicknesses 0.3 m and 0.6 m. It was found that even the lightest of
geotextiles offered increased protection from scratches and dents.
From laboratory wide width tensile testing, it was concluded that
the recommended weight for a nonwoven geotextile, based on a
factor of stiety of three, was a 405 g/m2 for a normal pressure of
345 kpa and linearly increased to approximately
pressure of 2068
correlated
However,

well

kpa.

1519 g/m2 for a

In this study, the yield strain and load

with the visual damage to the geomembrane.

other studies have found that physical changes to the

geomembrane

do not atlkct the yield strain and load, but the

ultimate strain and load are affected (Reddy et al., 1996).
Among
stringent

other countries,
requirements

geomembrane

German regulations speci~

on protective

liners (Brummermann

cover

systems

et al., 1994).

these regulations, if a strain as small as 0.25%

more

for

the

According to

is induced

due to

local deformation of the geomembrane, the protective cover
system is deemed unsuitable (Seeger and Muller, 1996). The yield
stress of a 1.5 mm smooth geomembrane liner as determined by a
wide strip tension test is approximately 18Y0. Even a third of this
strain to reflect a factor of stiety of 3 would be significantly higher
than that of the German regulatory limit of 0.25%. Due to the
strict regulations on the allowable strain in the geomembrane, the
protective cover layer is constructed as a separate layer
underneath the drainage layer. Three types of materials are
commonly used for these protective cover layers: (1) nonwoven
geotextilej with masses per unit area that are greater than 2000
g/m2, (2) sandfilled geotextiles or woven mattresses, and (3)
nonwoven geotextiles with masses per unit area greater than 1200
~m’ that are covered with a coarse (O-8 mm) particle layer with a
thickness of 15 cm or greater. Additionally, German systems use
a geomembrane that has a 2.5 to 3 mm thickness and a drainage
layer that employs a very coarse gravel that is graded from 16 to
32 mm (Seeger and Muller, 1996). Thus, it appears that the
protective (coversystems used in Germany are overly conservative.

3

RESEARCH ON PROTECTIVE

COVERS AT UIC

Research conducted on protective covers for landfill geomembrane
Iim.mat U!ICinvolved both field and laboratory testing to asses the
performance of different protective cover conditions and to
develop a rational design approach. An overview of the field and
laboratory testing is provided in this section and the recommended
rational design approach based on these test results is provided in
the next smtion.
The prmedures and results of field testing performed to evaluate
differentprotective cover systems under construction loading have
been described in detail by Reddy et al. (1996). This testing
included :seven test pads in order to determine the soil type,
geotextile, and construction equipment that best protected the 1.5
mm thick smooth HDPE geomembrane liner. Two soils, a fine
gravel ancl a medium gravel, were tested both with and without a
270 g/m2 nonwoven geotextile. Two types of dozers, a light and
a heavy dozer, were used for cons@uction and reflected the typical
field loading conditions. After the application of repetitive
construction loading, geomembrane samples were exhumed,
visually observed, and tested in the laboratory to assess the etlkcts
of physicallchanges on the properties of the tested geomembranes
as compared to the virgin geomembrane. The laboratory tests
performed on the exhumed geomembrane samples included wide
strip tension, multi-axial tension, and water vapor transmission
(WVT) tests. Typical results of multi-axial tension tests are
presented in Figure 1.
These results showed that the physical changes in the
geomembrane are reflected in the differences in the elongation at
burst from multi-axial test and the ultimate strain and ultimate
stress from wide strip tensile tesLs as compared to the values for
the virgin geomembrane. The physical changes were significant
for coarser soil and for heavy construction loading conditions. It
was concluded from this study that a 270 g/m2 nonwoven
geotextile can significantly protect the geomembrane from

construction loading even when using construction equipment
exerting a pressure of 46 kpa is used.
The field testing was complemented with a laboratory testing
program in order to assess the protective cover systems under
simulated long-term waste loading conditions. These tests were
performed in a specially constructed simulation test setup. The
details of the test setup and testing prmedures have been given by
Reddy and Saichek (1997). For these tests, an elastomer, which
possessed compressibility similar to that measured for a typical
compacted clay, was laid at the bottom of the test setup, and then
a geomembrane was laid on the top of the elastomer. Diflerent
protective systems were installed over the geomembrane with
different soils both with and without a geotextile. The soils used
ranged horn sand to gravel corresponding to D~(Jvalues of 0.65 to
30 mm, respectively. The sphericity values ranged from 0.798 for
the crushed gravel to 0.846 for the fine gravel. A rigid plate was
placed on the cover system and incremental loading up to 1400
kpa was applied, The load was maintained constant for 48 hours
and then gradually released. The geomembrane was then carefhlly
exhumed and visually observed. Multi-axial tension, wide strip
tension and WVT tests were performed similar to the field testing
program in order to characterize the physical changes that the
geomembrane had undergone due to loading. These test results
also revealed that physical changes were reflected in the elongation
at burst from multi-axial tests, and the ultimate stress and strain
horn wide strip tension tests. Overall, these long-term simulation
testing results showed a similar trend in that a 270 g/m2 geotextile
adequately protected the geomembrane even when it was
subjected to a high pressure of 1400 kpa. For long-term testing
performed without a geotextile, the geomembrane elongation at
burst and generally,the stress and strain at break also decreased as
the soil particle size increased. Figure 2 shows the changes in the
elongation at burst observed as a fimction of mean pti.icle size.
The results for the tests incorporating a 270 g/m2 geotextile are
also shown in this figure. These results demonstrate that larger
size particles cause more extensive physical changes as compared
to smaller size particles, and the beneficial effects of incorporating
a geotextile weighing 270 g/m2 is clearly evident.
It should be noted that although valuable information has been
obtained from this study, additional field and laboratory testing
using distinctly different soils, types of geotextiles, and loading
conditions is essential in order to create an extensive database
which can then be utilized to develop design charts

4

RATIONAL DESIGN APPROACH

In order to construct a protective cover system which will perform
the tirnctions of efficient drainage and adequate protection of the
geomembrane, a rational design approach is outlined below:
_
Obtain information On the SUbgTade and the liner
components. Particularly, the type and thickness of the
geomembrane must be known before the protective cover design
can proceed.
Select tie tYPe of material which will serve m both the
protective cover and drainage layer. Potential materials can be
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Field Test Conditions
-1.5 mm HDPE
—.
- Soil Cover Thickness = 0.3 m
- Dozers: Light (D4) and Heavy (D7) Caterpillar Models
- Same Construction and Loading Procedure
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Waste Loading Conditions

either soils, geosynthetics, recycled materials, or a combination of
these materials. For this paper, soils are considered as the suitable
choice of materials. The different soil sources in the vicinity of the
project site should be identified, and costs associated with
procuring soils from these sources should also be obtained.
_
lCharacterize the soils which have potential for use as
protective and drainage materials as well as being cost-efkctive.
The characterization must include particle shape, grain size
distributicm, density, hydraulic conductivity, durability, and shear
The soil must possess a minimum hydraulic
strength.
conductivity of 1xl O-qcmk and be compatible with the leachate
characteristics of the expected waste material in order to be further
considered.
=
Determine the clogging potential Of the SOI1. Standad
filtration, retention, and clogging procedures can be followed as
detailed by Kcerner (1994). In addition to investigating physical
clogging, biological activity should also be studied. Logically,
soils containing relatively large voids and a high permeability are
less likel,y to become clogged by finer particles or biological
growth.
-,
Perform a protective performance evaluation of the
potential soils under both construction and long-term loading
cordkions This evahration provides the necessary thickness of the
soil and the necessity of using a geotextile. The UIC rese~ch
results showed that a 0.3 m thick soil layer consisting particles
with D~()in the range of 0.65 to 13 mm and sphericity greater than
0.8 placed over a 270 g/m2 nonwoven geotextile will provide
adequate protection against low ground pressure (<30 kPa)
construction equipment as well as long-term waste loading
pressures IJp to 1400 kpa. These results maybe used as an initial
guidance for the selection of soil gradation; however, a sitespecific testing program using the procedures developed at UIC
(Reddy et :al.,1996; Reddy and Saichek, 1997) is highly desirable.
-.
Evaluate the selected system for stability on the slopes to
ensure tiat no sliding will take place within any material layer or
along any interface.
~,
Stipulate QC and QA procedures in order to ensure that
the materials, equipment, and construction procedures meet the
specifications. The composition and placement of the first few lifts
of waste should also be monitored to ensure that possibly
damaging waste prcducts, such as old concrete reinforcement bars,
are not located directly on top of the protective cover soil.
5

suMMARY

The current practice for geomembrane protection is to use a 0.3 m
thick soil layer with or without an underlying geotextile. The
protective soil layer also serves as the leachate drainage layer and
must possess a hydraulic conductivity greater than 1xl 0-3 cm/s.
Employing an excessively thick layer of protective cover soil is
uneconomical, and using a layer that is too thin increases the
susceptibility of the geomembrane to damage. The type of soil,
particularly the shape and size of the particles, also influences the
degree of lprotection offered to the geomembrane. In addition, the
beneficial effects of the geotextile below the soil layer have not
been well quantified.

Comprehensive field and laboratory testing undertaken at UIC
was aimed at determining the adequacy of different cover systems
during construction and under long-term waste loading conditions
to protect a smooth 1.5 mm high density polyethylene (HDPE)
geomembrane. The field investigation involved the testing of
cover systems that were comprised of different soils with or
without a geotextileand were subjected to various construction
loads. The laboratory investigation involved the development of a
simulation test apparatus and testing of various protective cover
systems under incremental loads to simulate increasing waste
heights. The laboratory simulated protective cover systems were
comprised of a soil layer with varied soil type both with and
without a geotextile. Damage to the geomembrane liner was
quantified by performing water vapor transmission (WV’~, multiaxial tension, and wide strip tension tests on the geomembrane
samples exhumed after both field and laboratory simulation testing,
These test results allowed the evaluation of the relative protective
performance of difierent protective cover systems tested in this
study.
The protective performance was found to depend on the soil
~, incorporation of a geotextile, construction loading, and longterrn waste loading. The geomembrane protection was found to be
significantly dependent on the soil particle size. A 0.3 m thick
layer of soil consisting of particles with D~(Jless than 30 mm and
sphericity greater than 0.8 provided greater protection.
Incorporation of a 270 g/m2 nonwoven geotextile significantly
enhanced geomembrane protection. Additionally, the use of
construction equipment with ground pressure less than 30 kPa
Protective cover
caused less damage to the geomembrane.
systems meeting these criteria are found to perform satisfactorily
under long-term waste loading up to 1400 kPa. Finally, a sitespecific testing should be conducted, where possible, to determine
the most efiicient and economical protective cover system.
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ABSTRACT;
Geomembranes such as HDPE and EPDM are used as a liner in waste landfill. When they experience
deformation during service life time by differential settlement of subgrade soil or by the localized settlement around pieces of
aggregate beneath the ]iner, tensile stress ~~eates within the geomembrane.
Non-woven geotextiles are also laid over andior
beneath it in order to protect against puncture from the gravel or sharpedged material in waste. In this paper, first, a relation
between amount of elongation S, c?eating maximum tensile stress Um,x and frictional coefficients P between geomembrane
and the adjacent material is derived based on theory of elasticity. Next, model tests such that a geomembrane ww laid on
subgrade and the subgrade was forced to subside locally are presented. The tests’ results showed that placing a geotextile
between geomembrane and sand gave a meaningful effecl on decreasing a tensile strain creating within geomembrane
KEY WORDS:
1

Geomernbrane, Geotexti]e, Tensile Strain, Differential Settlement,

INTRODUCI’ION

Geomembranes such as HDPE and EPDM are important
When they
component of a liner in waste landfill.
experience deformation during service life time by
differential settlement of subgrade soil or by the localized
settlement around pieces of aggregate beneath the liner,
tf the
tensile stress aeates within the geomembrane.
elongation is larger, seating maximum tensile stress may
become larger and bring a rupture of the geomembrane.
However the strain distribution and/or strain is, the authors
think, ik dependent on not only an elastic modulus and a
thickness of geomembrane but also a frictional resistance
between geomernbrane and abovelbeneath materials.
The
frictioma] resistance is function of constrained stress
(surcharge presser acting on it) and frictional coefficient
between materials
Non-woven geotextiles are usually placed overand/or
beneath the geomembrane for a purpose of protection from a
puncture of it induced by the gravel or sharpedged material
Fortunately, a frictional coefficient between
in waste.
geotestile and geomembrane is usually much lower than
that on intersurface between geomembrane and soil (Ingold;
199 I).
Tkrcfor, placing a geotcxtile over and beneath is
thought to have a function of deaeasing the maximum
slrain even if’gross ekmgation is same.
In Ihis paper, the authors derive an elastic formula
relating maximum stress (strain), surcharge pressure and
frictional coefficient to a given elongation. Then they show
Ihc results of experiment where the modeled subgrade
mcrlaid by geomernbrane was forced to subside locally.

~

Lirborato~ Test, Theory of Elasticity

ELASTIC FORMULA

*+*+
..” :

~+,+..

..

:~1”.:. ,Base$
oil
L
x

Fig. 1 Shematic draiving of geomembren embedded in soil

Let us consider a situation that a geomembrane having a
thickness of t and an elastic modulus of E is embedded in
ground and one edge of the geomembrane is pulled by a
The
force of T - Om,x “t as shown in Fig. 1.
geomembrane should experience frictional resistance of
surfaces,
1% “~n and p~ . On on top and bottom
respectively. Assuming that strain creates within an extent
of L from the edge, the relation between tensile stress OX,
strain &Xand infinitesimal deformation fiX at point r s L
is expressed as
ds
-.
dr

(T

(1)

Ex=J-

E

A equilibrium equation of force at point .r is given b~
{Jx“t - Umax “t-

(pu+p~)”un”dt
r o

(2)

Substituting Eq.(2) into Eq.(1) and then integrating cfsX
over an extent of L, we can obtain an elastic formula (3)
representing elongation S (Imaizumi et al., 1996).
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The basic concept of this formula is thought [u be just
same as that of Co-energy presented by Giroud (1994).
Eq.(3) can be rewritten as Eqs.(4) and (5) for maximum
stress lr~ax and maximum strain Em,, , respectively.

The amounts of frictional coefficients on intersurfacc
between geomernbrane wld sand and geomernbrane and
[>e[)tcxti]~were leslcd using direct shear test (Imaizumi c1 al.
?994) and are listed in Table 3. The value ol’ frictional
coefllcient of HDPE geomembrane for geotextile is about
44 70 lower than that for sand, and that of EPDM [or
geotextile is about 45 % lower than for sand.

(4)

{~..f.(pr,

~
max

=

+/.4,)0

}0’

(5)

(E “f p

From these equations, it is clearly pointed out that
decreasing a frictional coefficient on irrtersurface between the
geomernbrane and the adjacent material can dec~ease the
maximum tensile stress ueating within it when same
elongation of geomembrane is required..

3

EXPERIMENT

3.1

Materials used

a9

Fig. 2 Setting up of geomembrane in a container

I------7OO-----I
Strain Gauge

Dried Toyoura sand was used for both modeled base layer
and prelection layer over geomembrane liner. Two types of
geomernbrane, smooth surfaced HDPE and slightly texlured
EPDM, were used for a modeled liner.
Two types of
nonwoven geotextiles, continuous one with a thickness of 5
mm andl stapled one with a thickness of 10 mm, were used
fbr a protection layer beneath a liner. Mechanical properties
of the geosynthetics are listed in Table 1. HDPE has a
tensile strength about 3 times stronger and elastic modulus
about 15 times larger than EPDM. Stapled nonwoven has
the kwest strength among them.

‘Clamp Assembly

3.2
T~ble 1 Mechanical properties of Geosynthetics
Yield strain
Tensile
Elastic
Strength
Type
Modulus
(%)
(MN/m2)
(MNlm2)
33.34
588.4
HDPE
9.81
39.2
EPDM
6.18
8.9
C-N-GT
0.33
0.13
S-N-GT
C-N-GT; Continuous nonwoven geotextile
S-N-GT; Stapled rronwoven geotextile

14
640

Table 2. Peak frictional coefficient between materials
Toyoura
S-N-GT
C-N-(;T
Sand
0.16
0.16
0.36
HDP E
o.~y
0.54
L.13
EPDM
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Thickness: 1mm

Fig. 3 Positions of strain gauges on geomembrane

Testing Set-up and procedures

Modeled liner in landfill was constructed in container
having a width of 200 mm, a length of 800 mm and a depth
of V-O mm. A part of steel base with a length of 150 mm
from its left end in the container can be forced to subside by
electric screw jack (see Fig. 2).
First, Toyoura sand was rein-poured from a height of
750 mm to become a relative density of 95 %“ The
thickness of sand layer is 100 mm. Then a geomembrarre
with a width of 196 mm and a length of 750 mm was
placed of”which end was fLXedto I-shaped steel mounted on
subsiding base. h order to measure ueating strain within a
geomembrane, 16 strain gauges in total were pasted on top
and bottom sides of geomembraoe. T?reir pasting points arc
shown in Fig. 3.
Aiter sand for a protection layer with a thickness of 150
mm was installed by a similar procedure employed for base
layer, rubber-bag for air pressure was placed over the sand
and steel cap was fixed to the container through bnlts. In

SOMC cases, nonIvovcn gcokxti]c mm placed beneath the
g~(>m~nlbrallc for prelection.
The level of’surcharge pressure was opplicd ranging from
98 10 1% kN/m2 through air pressure rubber-bag.
Then
Ihc subsiding part of steel base was forced 10 fall at moving
m!c ol’ 1 mm/ min. till it dropped by 40 mm. The strains
creating in a geomembranc were measured through strain
gauw:s at each ().j()
mm
of base settlement and stored in
diskeltc through data logger and personal computer.

-1

onc above mentioned in elastic consideration and prcscntcd
by Giroud (1994).
In Fig. 4, HDPE has somcw’hat \vider distribution and
lower level of strain than EPDM. This difference seems I(]
attribute to the difference of their rigidity axd frictional
property between sand. EPDM having lower rigidity about
one-fifteenth of HOPE and larger coefficient about 3 times
is apt to concentrate the strain.
~-~

Effect of level of frictional coefficient or normal
stress on strain distribution

RESULTS AWD CONSIDERATION

Axia~, strain was estimated as a mean value of measures of
upper and bottom strains.
Then gross elongation was
calm Iatcd b~’ integrating the estimated axial strains over
entire Ieng!h of’geomernbranc.
4-1

Effect of type of’geomembrane on strain distribution

Figs. 5 and 6 show comparison of strain distribution of
geornembrane with continuous nonwoven geotextile to that
without geotexti]e. When the geotexti]e was placed beneath
the gcomembrane, strains distribute over wider extent and
ils level si~uatcd just above subsiding base is k)iver. This
kend is much distinct in case of EPDM. Therefor, placing
a geotextile beneath a geomembrane is effective to decrease
the maximum induced by differential settlement.

Fig. 4 shows strain distributions of HDPE and EPDM
with(mt any protection layer of geotextile
at gross
elongation of 0.4 mm under a surcharge pressure of 98
In both cases, the amount of strain near the
kN/m2
constrained left end is higher and decreases toward the other
end, that is from point No.1 to point No.8, although point
No. I is not always highest.
The point indicating the
highest strain level
is
No.2
or No.3. This point is just
over the edge of subsiding

steel base.
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Fiqs. 7 and 8 show the distributions of strain in case of
chang~~g a ]CVC1 of surcharge StreSS. In case d’ HDPE
without
gcotcxti]e,
a tremi thal a shape of distribution
becomes narrow with increasing of surcharge pressure is
bare ly [ound. [n case ot’ EPDM with stapled nonwoven
geo!extilc, the trend is practically recognized.
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Fig. 7 Strain distribution of HDPE at surcharge pressure
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5

CONCLUSIONS

(1) Based on theory of elasticity,
it is found that a amount
of elongation of embedded geomembrane is functions of
not only thickness and elastic modulus but also frictional
coefficient and constrained stress.
(2) EpDM having Sma]]er rigidity and larger frictions]
coefficient have more localized strain distribution than
HDPE.
(3) I’]acing a geotexti]e beneath a geomembrane functions
to decrease maximum induced stress practically.
(4) Lager level of surcharge seems to make slrain
distribution localized.
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Laboratory Study of High Density Polyethylene Geomembrane Waves
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ABSTRACT: The behavior of waves of the type seen in field deployed HDPE geomembranes was evaluated in laboratory
Four experimental variables were evaluated: normal stress, original wave height, geomembrane thickness and
tests.
temperature. Twenty-five separate tests were conducted, each for 1,000 hours duration. Contact between the geomembrane
and the subgrade soil was not achieved in any of the tests performed. The results suggest that if waves are to be avoided, the
Furthermore, tensile strains west
geomembrane must essentially be flat on the underlying subgrade before backfilling.
monitored in each test with resulting values as high as 4.9Y0.
KEYWORDS:
1

Geomembrane

Waves, HDPE Waves, Laboratory Modeling, Geomembrane

Installation.

INTRODUCTION

Geomembmnes form the essential material component in
many liner systems which require a liquid and/or vapor
barrier. Such applications are landfill liners, landfill covers,
liquid impoundment liners and other waste pile liners. The
usual assumption
in the placement
of such liners
(particularly for composite geomembrane/clay liners) is that
they lay flat on the soil subgrade beneath them.
Waves, or
Unfortunately,
this is often not the case.
wrinkles, of different sizes often occur in the as-placed and
seamed geomembranes, see Figure 1.

(a) under low normal stress

/

/////A

/
//z2zzzzY&

(b) after final loading

n///z

/

(d) vertically flattened

Figure 2. Deformation

(c) one sided fold-over

/
A///zAz2zz
‘%

(e) horizontally flattened

scenarios in geomembrane

waves

Intimate contact is not achieved.
This allows for a
potential leak through the geomembrane to spread over a
relatively larger area as opposed to the area of the hole
itself.
● Locations
of large curvature suggest high stress
Such locations are susceptible with
concentrations.
respect to stress cracking and/or a decrease in lifetime.
● The creation
of “mini dams” which result in a less
efficient removal of the liquid, as well as higher heads
on the geomembrane.
● Cyclic
heating and cooling might cause desiccation of
underlying clayey subgrade soils.
●

Figure 1.. Photograph of waves in a field deployed and
seamed geomembrane before bactillling or covering.

These waves have given the geomembrane community a
certain amount of concern as to their behavior and/or fate
after soil backfilling and/or covering by other geosynthetic
materials.
Figure 2 illustrates some possible deformation
scenarios of geomembrane.
The usual concerns expressed
by many regulators, owners, engineers and installers are the
following:

The concern as to the ultimate fate of geomembrane
waves should certainly receive attention insofar as a firm
However, to date, all
understanding of the problem.
analyses and investigations into geomembrane waves have
been semi-qualitative,
e.g., see Giroud and Morel (1992)
and Giroud (1995). A quantitative approach which evaluates
the ultimate fate of geomembrane waves in a systematic and
controllable manner is the focus of this study which is
laboratory oriented. It is important to state that this study
does not attempt
to quantify
the performance
of
geomembranes in the field stemming from the existence, or
What it does attempt to
nonexistence, of such waves.
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quanti~ is the behavior of the waves as a function of the
following four variables; normal stress, original wave
height, thickness of geomembrane, and temperature.
Due to its common use in most environmentally related
applications,
high density polyethylene
(HDPE) geomembranes were used throughout the study. In particular,
one manufacturer’s commercially available geomembrane
was used. The only variation in material was the thickness
of the specimens, which was one of the experimental
variables. In all other cases, the thickness was maintained
at 1.5 mm which is a commonly used value in many
applications.

2

EXPERIMENTAL

SETUP AND MONITORING

Four rigid boxes having dimensions of 300 mm long x 300
mm wide x 300 mm high were used to conduct the
experiments.
The front was fitted with a thick Plexiglas
“window” to visually track and trace the profile of the
wave’s behavior.
The waves were created by using
geomembrane specimens longer than the inner length of the
test box. After each specimen was placed in the box, sand
baclctlling was started from the end to the center of the box
in a symmetrical manner.
Consequently, the “slack’ was
“pushed” toward the center and, as a result, a reasonably
symmetric wave was formed. The justification of using the
relatively small test setups to simulate situations in the
field are presented in an separate paper, see Soong and
Koerner (1998).
Along with steel reaction frames and a
hydraulic pressurizing
system,
these boxes allow a
application of normal pressure up to 1,500 kPa. This is
equivalent to a solid waste landfill of approximately 125 m
in height, i.e., a so-called “megafill”,
In addition, all four
boxes can be simultaneously
housed in a environmental
room where constant environmental
conditions can be
maintained within ranges of O to 55°C temperature and O to
98% relatively humidity. Photographs of a test box and the
environmental room used in this study are shown in Figure
3. As seen in the figure, a data acquisition system was also
available for strain gage measurements.
The experimental monitoring includes two parts: profiletracing of the actual wave specimens and strain gage
measurements.
The latter part was used to quantify the
tensile strains induced at different locations
on the
geomembrane wave specimens under various experimental
conditions.
The strain gages used in this study we~
electrical resistance (foil-type) strain gages having resistance
of 120-ohms and gage length of 12.7 mm.
With proper
configuration, this particular type of gage measures strain
within the range of *5% to an approximate accuracy of
0.25%.
The installation procedure recommended by the
gage manufacturer was followed. The surface cleaning and
preparation was considered most critical in this regard.
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Figure 3. Photographs of one of the test boxes
environ-mental room used in this study.

3

and the

EXPERIMENTAL DESIGN

Four series of 1,000-hour experiments were designed and
performed to evaluate the effect of the four experimental
variables on the behavior of HDPE geomembrane waves.
Table 1 presents the experimental design for normal stress,
original height of wave, thickness of geomembrane, and
temperature. As seen, the effects of different variables were
evaluated by varying one particular parameter while holding
the others constant.
In all cases, smooth
HDPE
geomembranes were used and strain gages were attached to
the wave specimens at different locations with constant
readout over the duration of the tests.

Table 1. Experiments

Parameter
Evaluated

Normal
Stress

Normal
Stress
(kPa)
180
360

conducted in this study
Experimental conditions
Wave
Geomembrane
Height
Thickness
(mm)
(mm)
60

Testing
Temp.
(“c)

1.5

23

1.5

23

700

1100
Original
Wave
Height

700

14
20
40
60
80

1,0
Geomembrane

700

60

1,5

23

2.0

thickness

2.5
23

14
Testing
Temp.

700

20
40
60

1.5

42
55

4

EXPERIMENTAL

4

RESULTS

+ #1

M

The results of the experiments will be given on an
individual variable basis. The original and final (after 1,000
hours) shapes of the geomembrane waves along with the
locations of strain gages will be presented in graphic form.
Values of the maximum strain measured, along with wave
heights and height-to-width ratios, corresponding to each of
the tests will be given in table form.
4.1

3

4======

Effect of Normal Stress

As listed in Table 1, a 1.5-mm thick HDPE geomembrane
wave specimens with a 60-mm original wave height was
subjected to four different normal stresses, namely; 180,
360, 700, and 1,100 kPa. The temperature was maintained
at 23°C for all experiments over the entire duration of the
experiments, i.e., 1,000 hours, The original (same for all
specimens) and the final shapes of all test specimens,
obtained via profile-tracing through the Plexiglas window,
are shown in Figure 4.
Six strain gages, numbered from 1 to 6, were originally
bonded at the locations shown on the uppermost curve in
Figure 4 for all specimens. Gages 1 to 3 were on the upper
surface near the center and gages 4 to 6 were bonded on the
lower side of the geomembrane near the edges. This was
necessary since the gages respond more accurately under
tension than compression.

Figure 4. Original and final shapes of wave specimens under
varying normal stress (gridlines have dimensions of 10 mm
x 10 mm).
A typical strain gage measurement result of the test
conducted under a normal stress of 700 kPa is shown in
Figure 5 where the measured strain is plotted against time.
It is seen that the upper portion of this particular wave
specimen experienced considerable strain with a maximum
tensile strain of 3.490 recorded near the crest of wave. Table
2 summarizes
such information
for this series of
experiments.
As shc)wn in Table 2 the final wave height decreases with
increasing normal stress.
However, the height-to-width
ratio increases with increasing normal stress, even more
significantly.
It was seen that the effect on the height-towidth
ratio
is essentially
doubled
in
comparison

-1

0

200

400

600

Time

1000

(hours)

Figure 5. Strain measurement

700

800

results of test conducted at

kpa

Table 2. Summarized results - Effect of normal stress
Normal
Stress
(kPa)

Final
Wave Ht.
(mm)
(ori~nal)

Final
HW’
Ratio
0.47
(original)

Max.
Strain
(%)
+ 1.72
(original)

(orig~nrd)
180
360

47
42

0.47
0.51

•F1.8
+ 2.0

#1
*I

+ 3.0
i- 3.2

#l,~&3
#2&5

700
38
0.58
1100
34
0.62
1. Height-to-width ratio
2. “+” for tension, “-” for compression

Gage(s)
of Max.
Strain
#1

r,

L

with the effect on the final wave height, Since high heightto-width ratios generally indicate large curvatures and
locations of high stress concentration, the overall effect of
high normal stress is obviously unfavorable.
The maximum strain recorded in each experiment shows
that tensile strain increases as normal stress increases. This
is expected since the H/W values increase with greater
curvature.
Nevertheless, the geomembrane is tensioned
significantly less than its yield point. (Note that the tensile
yield strain for this geomembrane is in the range of 15 to
25% depending on the temperature.) Therefore, tensile yield
is not challenged in any way.
4,2

Effect of Original Wave Height

The second series of 1,000-hour experiments was designed
to evaluate the effect of the original wave height on the
behavior of HDPE geomembrane waves. Five tests using
1.5 mm-thick wave specimens were conducted.
The
original wave heights were 14, 20, 40, 60, and 80 mm,
respectively.
All specimens were subjected to a constant
normal stress of 700 kPa and maintained at a constant
temperature of 23°C over the entire duration of the
experiment.
The original and final
(after 1,000 hours)
shapes of the test specimens are shown in Figure 6.
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HDPE geomembrane waves.
Four tests using HDPE
geomembrane wave specimens with thicknesses of 1.0, 1.5,
2.0, and 2.5 mm were conducted. The original heights of
all specimens were approximately 60 mm. Owing to the
various stiffness of the geomembranes
having different
thicknesses, a constant value of original H/W ratio could
All specimens we~
not be maintained, see Table 4.
subjected to a constant normal stress of 700 kPa and
maintained at a constant temperature of 23°C over the entire
duration of the experiments.
The original and final (after
1,000 hours) shapes of the test specimens are shown in
Figure 7.

,
“ I -2.3
\

-1-2%
-1-’
I –z~k:k

I
h.

Figure 6. Original and final shapes of wave specimens with
varying original height (gridlines have dimensions of 10
mm x 10 mm).
Table 3 was developed to summarize the test results. As
seen, there was an approximate 40% reduction in height
after 1,000 hours for all waves. As to the final H/W ratio,
it increases with increasing original wave height. Note that
for waves originally higher than 60 mm, the final H/W
ratios exceeded a value of 0.5. There was no sign of
achieving intimate contact between the specimen and the
underlying subgrade after 1,000 hours, even for the wave
With regard to the
with the smallest original height.
maximum strain recorded, an increasing trend is also seen
with increasing original height.

Table 3. Summarized results - Effect of wave height
Originat Original
Wave Ht. H/W]
(mm)
Ratio
0.17
14

Final
Wave Ht.
(mm)
8

Final
H/W’
Ratio
0.14

Max. Strain
(%)

Gage(s) of
Max, Stmin

+ 0.22

#1

20

0.15

12

0.18

+ 1.2

#3

40

0.27

25

0.38

+ 2.4

#2&4

60

0.33

0.58

+ 3,0

#l,2&3

80

0.33

38
47

0.65

+ 3.4

#2&4

1. Height-to-widthratio

2, “+” for tension, “-” for compression
4.3

Effect of Geomembrane

thickness

The third series of the experiments was designed to evaluate
the effect of geomembrane thickness on the behavior of
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Figure 7. Original and final shapes of wave specimens with
varying thickness (gridlines have dimensions of 10 mm x
10 mm).

The summarized results generated by this series of tests,
including both the strain gage and the profile-tracing
monitoring, are presented in Table 4.
Table 4. Summarized

results - Effect of GM thickness

Ftnal Original
GM
ThicknessWave Ht.’ H/W*

F]naf
HIW2

Max. Strain Gage(s) of
(%)
Max. Strain

Ratio
0.24

Ratio
0,52

+

38
33

0.34
0.18

0.58
0.34

+ 3.0
+3,1

#l,2&3
#l,2,4&5

38

0.21

0.32

+ 3.3

#2,3,4&5

(mm)
1.0

(mm)
27

1.5
2.0
2,5

1. Original wave height= 60 mm
2. Height-to-width ratio
3. “+” for tension, “-” for compression

2.53

#5

As shown in Table 4, with the only exception being the
1.0
mm-thick
geomembrane
wave,
the
following
First,
the thickness
of
observations
were made.
geomembrane has very little effect on the final height of
There was an approximate 40%
geomembrane waves.
reduction in height after 1,000 hours for all waves. In other
words, the original height essentially determined the final
height
of the geomembrane
waves.
Second,
the
geomembrarte thickness did show a significant effect on the
final H/W ratio of the waves. That is to say, the final H/W
ratio decreases with increasing geomembrane thickness.
The latter observation can be interpreted in an alternative
manner. That is, for waves with the same original height,
thicker geomembranes resulted in smaller but wider voids
beneath the wave. Third, the maximum strain recorded in
each experiment shows that tensile strain increases as the
thickness of geomembrane increases.
4.4
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Effect of Testing Temperature

The fourth series of experiments was performed to evaluate
the effect of testing temperature on the behavior of HDPE
Three sets of experiments,
each
geomembrane waves.
consisting of 1.5-mm HDPE geomembrane waves with
original heights of 14, 20, 40, and 60 mm, were conducted
at temperatures of 23, 42 and 55°C.
The original shape of all waves were formed at 23°C with
approximately
100 mm of sand backfill over them.
Temperature was then increased, as necessary, to the desired
value. This was meant to replicate field situations whe~
the exposed geomembranes
experience an increase in
temperature after placement and seaming.
The test boxes
were then filled with sand, followed by a decrease in
temperature back to 23”C, to simulate the demase in sheet
temperature of the field deployed geomembranes after the
geotextile protection and drainage layers are placed. After
approximately 24 hours, a constant normal stress of 700
After another hour, temperature was
kPa was applied.
increased from 23°C to the desired value and maintained for
the rest of the experiment.
The last step was intended to
simulate a possible increase in the sheet temperature over
the lifetime of landfills.
The original and final shapes of the test specimens, at
three different temperatures, are shown in Figure 8. The
summarized results generated from both parts of the
The values of
monitoring
is presented in Table 5.
maximum
strain listed in the table correspond to the
maximum final (after 1,000 hours) strain.
As seen in Table 5, temperature has only marginal effect
For
on the final wave height and the final H/W ratio.
waves originally shorter than 40 mm, the maximum
measured strain increases with increasing temperature.
For
waves c~riginally higher than 40 mm, however, the
maximum strain shows no clear trend with increasing
temperature.

I I I

l~i

t

Figure 8. Original and final shapes of wave specimens
having various original heights monitored at different
temperatures (gridlines have dimensions of 10 mm x 10
mm).

Table 5. Summarized results - Effect of temperature
OriginalHt.

Temp.

Finat

(“c)

Wave Ht.
(mm)

(mm)/
H/W1 ratio

14 I 0.17

20 I 0.15

40 I 0.27

60 I 0.33

Final
HtW 1

Max.

Gage(s) of

Strain

Max. Strain

Ratio

(%)

23

8

0.14

+ 0.22

#1

42

10

0.19

+ 0.6

#4

55

5

0.20

+ 1.3

#2

23

12

0.18

+ 1.2

#3

42

14

0.21

+ 1.6

#4

55

12

0.30

+ 2.1

#4

23

25

0.38

+ 2.4

#2&3

42

25

0.42

+ 3.2

#3

55

25

0.40

+2.1

‘1

23

38

0,58

+ 3,0

#l,2,3&5

42

30

0,52

+ 4.9

#l,2,3&5

55

28

0.55

+ 4.9

#l,2&5

1. Height-to-widthratio
2, “+” for tension, “-” for compression
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SUMMARY OF TEST RESULTS

6

Summarizing remarks, subdivided according to the physical
manifestation of the wave, are as follows:

The above summarized observations

●

✎

✎

✎

●

●

Wave heights decrease with increasing normal stress.
An average of 40% reduction in wave heights was
observed after 1,000 hours.
Varying thicknesses of geomembranes had only a
marginal effect on the final wave heights.
Varying temperatures (after the wave was formed) had
only a slight effect on the final wave heights.
The final wave heights recorded from all experiments
varied from 5 to 47 mm.
Contact with the subgrade was not achieved after
1,000 hours, even fo~ the smallest
highest testing temperature.

Reard in~ the height-to-width
●

✎

✎

●

●

●

●

●

✎

✎

●

●

●

wave at the

(H/w) ratio:

The height-to-width
ratio of the waves inc~ased
(approximately
linearly) with increasing
normal
stress.
The height-to-width
ratio of the waves increased
(approximately
linearly) with increasing
original
wave heights.
The height-to-width
ratio of the waves demased
with
(approximately
linearly)
increasing
geomembrane thickness.
Varying temperatures had only a marginal effect on
the final height-to-width ratio of the waves.
The final height-to-width ratios of the waves recorded
from all experiments varied from 0.14 to 0.65.

Re~ardin~ the tensile strain at the end of the experiments:
The tensile strain at the maximum point of curvature
of the waves increased (approximately linearly) with
increasing normal stress.
The tensile strain at the maximum point of curvature
the
waves
increased
(approximately
of
logarithmically) with increasing original wave height
of the waves.
The tensile strain at the maximum point of curvature
of the waves increased (linearly) with increasing
geomembrane thickness.
The tensile strain at the maximum point of curvature
of the waves increased with increasing testing
temperatures for waves originally smaller than 40
mm.
The tensile strain at the maximum point of curvature
of the waves showed no clear trend with increasing
testing temperatures for waves originally higher than
40 mm.
The tensile strains recorded from all experiments were
as high as 4.970.
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have resulted

in the

following conclusions:

Remrditw the wave heights:
●

CONCLUSIONS

●

✎

7

Geomembrane waves, which are induced in the field
during placement and subsequently maintained during
seaming, distort greatly upon the application of even a
nominal normal stress. The distortion accentuates the
height-to-width ratio of the wave.
Over the 1,000-hour experimental time of stress
application for the main series of tests, the waves did
significantly decrease (approximately 40%), however,
they never disappeared.
The maximum tensile stresses occur at locations of
maximum tensile strain. These locations are on the
anticipated side of the waves, i.e., tension along the
upper surface of the wave near its crest and tension
along the lower surfaces where the wave curvature
changes to accommodate the horizontal subgrade
beneath the wave. Note that compressive stresses occur
on the opposite side of the geomembrane but they are
of less concern than tensile stresses.
The maximum tensile strain measured in this series of
twenty-five 1,000-hour experiments was 4.9%. Note
that yield of HDPE geomembranes is in the range of
15 to 2570 strain (depending on the temperature), thus
yielding of the geomembrane is not suggested.
It is important to note that this study did I-Q address
the possible implications of the waves, their possible
leakage scenarios, nor long-tern performance of the
geomembranes involved.
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Installation Procedure and Welding of Geomembranes in the Construction of
Composite Landfill Liner Systems - Focus on “Riegelbauweise” Ulrich B. Averesch, Dipl.-Ing.

Institut fiir Baumaschinen nnd Baubetrieb, RWTH Aachen, Aachen, Germany
RolfTh. Schicketanz, Dipl.-Ing.
Ingenieurbttro Schicketanz, Aachen, Germany
ABSTRACT: For an optimal composite sealing system one has to achieve, among others, that the geomembrane lies on the
mineral layer in a so called “intimate contact”. This requires a practically flat placement of the geomembranes over the whole
area. The problems which you have to deal with when placing the geomembranes are to get the rnamdhcturing conditioned
imperfections under control as well as the waves in the geomembranes caused by sun or global radiation in order to achieve
a flat surface before putting loads on the whole surface. This can be done by the “Riegelbauweise” (“Fixing Berm
Construction Method” FBCM). Procedural and equipment parameters are presented.
KEYWORDS: Geomembrane Wrinkling, Installatio~ Intimate Contact, Riegelbauweise
1

INTRODUCTION

Landfills will continue to be indispensable in the foreseeable
fiture. In order to avoid emissions the entire landfill area
must be totally sealed and for this purpose cappings, side
and base liners are used. The German guidelines “TA Abfall
(199 1)“ and “TA Siedhmgsabfall (1993)” advocate that
landfill cappings and base liners consist of a combination of
a mineral layer covered by a geomembrane (composite
liner).
The composite liner consists of a minimum 75 cm mineral
layer, as designed for a domestic waste landfill, or a
minimum 150 cm mineral layer for a hazardous waste
landfill, and a geomembrane (HDPE, thickness z 2.5 mm).

This is supplemented by a drainage system consisting of a
protective and a drainage layer. The protective layer might
be composed of heavy-weight geotextiles (3.000
m2) or of
a combination of protective geotextile (1.200 g/m)-? overlaid
with sand (0/8 mm) in a thickness of 15 cm. The draimge
layer usually consists of graded permeable gravel (for
example 16/32 mm). The composite liner and the drainage
system together make up a landfill liner system, specially for
base scalings (Figure 1).
The requirements on such a liner system, climatic
considerations and the resulting scheduling commitments
demand a meticulously drawn up structural and operational
design for the implementation of the construction work and,
in particular, for the utilisation of plant and machinery
(Dornbusch et al. 1996),

Figure 1. Composite landfill liner system for hazardous waste (Germany).
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2

PROCEDUIUL AND EQUIPM13W
PARAMETERS

3

The choice of effective plant and procedures is crucial for
the technical and economic success of any building
operation. This includes the scaling and performance-related
coordination of the equipment line which must cwrespond
to the particular requirements.
The various procedural steps in constructing a composite
liner with a drainage system and the corresponding
machinery are described in Averesch 1995 and are
summarized in Figure 2 in the form of a process and an
equipment line.
This paper focusses on the final procedural steps,
beginning with the “Surface Treatment”.

I

I

Equipment Line

I

Treatment

s
I

Transportation

I

m

c1

Foot Drum Roller
Compactor, Vibratory
Tamper
Trench Compactor
(Smooth Drum Roller)
Pad

Compaction

n

Bulldozer, Rotary Hoe
Harrow, Grader
Dragscraper
Hydraulic Excavator
Smooth Drum Roller
Tandem Roller

Surface

Treatment

I

Placement

of

Geomembrane

I
Auto-Welding Machine

I

Hydraulic Excavator
Wheel Loader

Figure 2. Process and equipment line.
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SURFACE TREATMENT

The creation or rather the smoothing of the surface of a
mineral layer poses the greatest difficulties for both
personnel and machines. In order to obtain the intimate
contact between the mineral layer and the geomembrane for
the composite sealing effe@ the clay surface must be plane,
smooth and h
of foreign matter, gravel or other objects.
The surface of the mineral layer should not contain single
grains of more than 10 mm diameter. Such grains must be
My embedded in the clay matrix. No mineral grains with
sharp edges are allowed at the surface. According to the
geornembmne approval directive set by BAM 1992 (Bundesanstalt fiir Materialforschung und -priifimg, Federal Institute
for Materials Research and Testing), the surface of the
compacted mineral layer must be absolutely clear of any
abrupt changes in the surface structure, The BAM
requirements allow for steps of at most 5 mm and level
deviations of maximum 20 mm beneath a 4-m slat (sCreed)
placed on top of the layer. Intolerable are deep dry-cracks, a
wet or dusty-dry surface of the mineral layer during the
installation of geomembrane, even when the required
thickness of the mineral layer is achieved (Schicketanz
1992).
These requirements on the clay surface demand the
utmost care in the implementation of the construction. This
operational step can take up the same amount of time as the
installation and compaction of an entire three-layer mineral
liner (Averesch 1993).
Pad foot imprints cannot be levelled out by a smooth drum
roller, even when using heavy models. Smoothing of the
surface of a mineral layer according to the requirements
demands a special procedural implementation.
The
following combination of techniques is favorable: the top
layer must be superelevated (about the height of the pad
feet), then compacted by foot drum roller. The additional
millimeters will then be taken down by heavy Ievelling
machines, For the smoothing process suitable machines are
bulldozers without grousers (bogdozer model), graders or
dragscrapers pulled by light tractors. The lighter the
machine, the less damage will be done to the compacted clay
layer, i.e. by track imprints.
Due to the possible development of shearing (which poses
a threat to stability on embankments) and the subsequent
breakdown in homogeneity, it is questionable to add fhrther
in-situ treatment of the earthen material by rotary hoe and
harrow before the final surface treatment. However, this
technique elimimtes all disrupting imprints or surface
roughness and a pre-smoothed
surface of crumbly
consistence is achieved.
A surfhce prepared in such a way has to be fiuther treated
by a combination of smooth rollers, consisting of heavy
rollers (9-13 t) with smooth drum and ballon tyres, and light
tandem rollers. INtially, one roller with smooth drum
compacts the prepared surface; this can be carried out
-~
or statically. Further roughnesses, such as small
hollows and wheel-prints of the rollers can only be removed
using light compacting machines; any further passes using
heavy rollers will create new defects. Suitable machines are
tandem rollers with smooth drums and, possibly, dynamic
vibration. The edges due to the shifting of the roller can be
virtually avoided if the drums are displaced slightly with
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Figure 3. Equipment line for the construction of a mineral layer.

each transition (about 1/3 of the breadth of the drum). One
possible process line for the implementation of the above
procedural steps is shown in Figure 3,

4

INSTALLATION

OF GEOMEMBRANES

The installation of geomembranes poses another challenge
to personnel, because they cannot drive over the clay surface
with heavy machines and even inappropriate footwear might
leave
intolerable
imprints.
The
heavy,
rolled-up
geomembrane can therefore only be brought in on and
placed from on-site roads outside the construction section.
Hydraulic excavators are most useful for this purpose.
Spreader bars attached to the boom can pick up the
geomembmne rolls fium both sides of the steel cylinder core.
The hydmulic excavator can access the geomembrane across
the trench to the construction section from outside. The
geomembrane can be unrolled either by lifting the rolls onto
jacks at the construction section side and pulling down on
the geomembrane manually, while maintaining a smooth
underside or the entire roll with its core can be unrolled onto
the construction section (with auxiliary support using ropes
on embankments). Both installation techniques involve
manual work.
Wheel loaders can generally be used for transporting the
geomembmnes on site, but because of their limited reach are
less suitable than hydraulic excavators with long cantilevers
or telescopic booms.

5

WELDING OF GEOMEMBRANES

The geomembranes are welded at the edges with auto
welding machines according to the DVS-Guideline 2225,
Part 4 (1996). They become plasticised by an electrically
heated and controlled heating wedge, and the edges are then
pressed together by two pressure rollers and welded. The
machine
is entirely controlled by micro-processor.
Furthermore, all the welding parameters and quality
assurance data are memonze~
such as welding speed,
wedge temperature, welding pressure, ambient temperature,
temperature of the membrane surface, date, time, machine
number and installation contractor, company’s logo and
number of weld or site. The machines should have a serial
interface so that a site’s overall installation design can be
monitored and depicted by PC with a graphics program
(long-term documentation, database). In addition it is
possible to monitor all the welds visually with the limiting
values on screen simultaneously, and thus defects can be
located immediately.
The need for simple landfill base geometries must be
reiterated here as this will reduce the number of welds
required.

6

INTIMATE CONTACT
(“RIEGELBAUWEISE”)

WITH MINERAL LAYER

The required flatness of the geomembranes has often been a
matter of controversy (Figure 4). The geomembrane sealing
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component has to be in full surface contact with the next
sealing component - the mineral layer - so that the
surcharges lead to an intimate contact. It is possible to
observe many different on-site techniques being applied in
order to achieve this result. Despite all the problems
mentioned previously, it is possible to achieve an evenly
placed geomembrane on a flat surface if the personnel and
contract management are efficient and the installation is
carried out conscientiously.

should not exceed a distance of more than 30 to 50 m in
order to avoid transverse contraction of the geomembranes.
In the evening the lower temperature causes the
geomembrane to become flat and subsequently the whole
area can be spread with the protecting or drainage mineral
layer either during the same night or in the early morning of
the next day to prevent the built-up of condensed water
underneath the geomembranes as well as the formation of
new waves (figure 5).
The grading of the mineral protective layer to the
designed level and the placement of the drainage layer is
carried out some days later during normal day time, since a
direct heat effi on the geomembranes is prevented by the
complete coverage and thus also no new waves can form.
The installation of geomembranes in composite liners to
cover the entire surface evenly is made possible by the
utilisation
of the physical
characteristics
of the
geomembrane, and if the welders are experienced in their
wok they can weld the geomembranes without creating any
pockets in spite of the waves which invariably exist. This
has been confirmed by on-site observations and is to be seen
in figure 6 to 8.

Figure 4. Example of a wavy geomembrane,

Intimate contact between the mineral layer and the
geomembrane requires a flat placement of the geomembrane
over the entire area. This can be achieved using the
“Riegelbauweise” (“Fixing Berm Construction Method”
FBCM) which has been developed and described by
Schicketanz et al. 1991.
HDPE has a heat expansion coefficient of a factor of
approx. 20 times higher than, for example, steel. This
expansion can be used to attain complete flatness of the
geomembmne in the cooler evening hours which could never
be achieved by mechanical means.
The imperfections caused by the production and delivery
of geomembranes as well as the waves in the geomembrane
caused by sun or global radiation have to be under control in
order to achieve a flat surface before the surface can be
covered with the protective and drainage material.
Aczmding to the method of “Riegelbauweise” (FBCM) the
geomembranes
are placed following a layout-plan of
placement in the morning on the prepared mineral liner
surface. After about 1 hour (to adapt to the ambient
temperature) the geomembranes are adjusted and stretched a
little to eliminate the waves in the geomembrane condition
on delive~ and unrolling. Then the geomembranes are fixed
with sandbags to prevent wind suction etc. After welding
and testing of the seams and cleaning of the geomembrane
surface, the geosynthetic protecting layer is spread.
Before it gets cooler in the evening, so called cross“fixing-berms”, consisting of protecting sand layer or
drainage gravel, are placed on the geosynthetic protecting
layer at the ends of the geomembranes and at special
locations
(e.g. hollows,
grooves, toes) to fix the
geomembranes and keep them in position. The fixing berms
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Figure 6. Example of a flat geomembrane on a landfill slope.

Figure 7. Example of a flat geomembrane on a landfill
bottom.

1.

Spreading of the geomembrane
in the morning

2.

Adapting to the ambient
temperature

3.

Adjusting, stretching and welding
during the warmest period of the
day

4.

Spreading of the protective
geosynthetic after cleaning of the
geomembrane surface

5.

Setting of the “fixing berms”
before ambient temperature
drops

6.

After flatness of the
geomembranes is achieved, the
protective geosynthetic shall be
spread and be ballasted with the
protective sand or filter gravel
layer in the same evening or
early in the next morning.

....
..----->

.,..
.. .:. .,
.-.

Figure 5. Flat placement of geomembrane by “Riegelbauweise”.
1998 Sixth International

Conference

on Geosynthetics

-311

Figure 8. Example of a flat geomembrane on a landfill
bottom.

7

STRESS LOAD ANALYSIS

The highest surface temperature measured in Germany on
geomembranes of 2.5 mm thickness under direct sun
exposure was not more than 600 C.
Since the fixing berms are placed later in the atlemoon on
the already cooling geomembranes, one can consider the
temperature of the fixed geomembranes to be approx. 400 C.
When covering the flat geomembrane with geosynthetics
and protective sand layer or filter gravel, the temperature is
usually not less than 15 “C. With a temperature difference of
AT= 25 K and a coefficient of linear thermal expansion of
1.7 x 10-4/K the geomembrane will contain a strain of about
0.425 Y.. At an accepted modulus of elasticity of about 600
MPa (MDPE) the induced stress is approximately 2.55 MPa,
about 15 ‘X. of the yield stress (about 17.5 MPa) of a
common BAM-approved MDPE geomembrane (Seeger, S.
and Mueller, W. 1996). This very low contraction stress
level will additionally be reduced by stress relaxation while
the geomembrane is in seMce. The service temperature of
the geomembrane can - due to the increased leachate
temperature - for the first 10 years be reckoned with up to
about 35 “C.
Therefore and on account of the MDPE resins used in
Germany for geomembranes we see no danger of stress
cracking or other kinds of failures when applying the
“Riegelbauweise”.

8

INSTALLATION OF PROTECTIVE LAYER AND
DRAINAGE BLANKET

Analogous to the geomembrane, the protective geotextile
can only be accessed to the placement area from the outside
because it is not possible to allow heavy machinexy to drive
on the mineral
layer or on the geomembrane.
Correspondingly,
there exists no actual installation
equipment. Hydraulic excavators with articulated or
telescopic booms are suitable.
This procedural step causes further implementation
problems because geomembrane and geotextile cannot be
accessed by heavy machinery. Bulldozers are therefore not
312-1998
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very suitable because of their high machine weight and
shearing force which would impact on a geotextile or
geomembmnq ifabulldozer is used it should be a bogdozer
model with plastic tracks.
The extensive installation of filter gravel by hydraulic
excavator and excavator mats is out-dated because of its
inetliciency. The use of hydraulic excavators with telescopic
or articulated booms is feasible. They can reach the
placement area from outside or from special construction
roads on the placement area which are higher than 1.0 ~
that is laterally, with the help of a long cantilever (range
about 12 m). Because of its excellent levelling capacities the
hydraulic excavator with a telescopic boom and power
levelling shovel (cutting breadth 2.5 m) has proved useful on
various sites.
A competitive alternative to hydraulic excavators are
snowcats. The machines, originally designed for winter
sports, have a low dead weight (2-6 t) and broad tracks (2 x
1.5 m), so that only low shearing forces and ground
pressures (0.040 - 0.050 kg/cmz) are transmitted to the
geotextile and geomembmne and no waviness in the
geotextile or geomembrane will arise due to the installation
of the protective layer. By way of comparison: a bulldozer
exerts a ten times higher specific ground pressure than a
snowcat.
Snowcats have proved effective on site. Even in slopes,
especially if geogrids are installed, filter gravel can be
pushed and placed easily and economically.

9

GEOSYNTHETIC CLAY LINERS (GCL)

At present the possible consequences
of wrinkled
geomembranes in combination with underlaying GCLS are
still under discussion. Some experts fear, that leakage paths
may form or, moreover, hydrated bentonite might migrate
into the hollows under the wrinkles.
Especially this fact reinforces the need of a flat
imtailation of geomembranes to prevent wrinkles as much as
possible to prevent any kind of flow path between the
mineral sealing system and the geomembrane.
If wrinkles cannot be prevented during the installation
phase it should be required to strengthen the internal shear
strength of needle-punched GCLS to increase the internal
shear strength and prevent the movement of bentonite
laterally in the GCL. The use of non reinforced GCLS or
partly reinforced GCLS (e.g. stitch bonded) would be critical
for this application. Heerten et al. (1995) have demonstrated
in their publication that there is a m-relationship behveen
peel strength of the GCL and internal shear strength.
Various testing programs have proven that GCLS can
transmit a high shear strength in a needle-punched product
without showing any creep behavior or pulling out of the
fibers.
In any case, it is suggested - especially in base seals -to
use GCLS with an appropriate peel resistance value and in
addition have the geomembrane installed in such away that
wrinkles are avoided. Furtheron it is suggested that above
items are construction quality controlled and should be
already considered in the design phase and during the
tender.

10

SUMMARY AND OUTLOOK

The choice of effective plant and procedures is crucial for a
technically and economically succesful construction project,
along with the scaling of the equipment to correspond to
requirements and the coordination of the equipment
according to capacities.
Suggestions
for a f-ible
equipment line for the
construction of a composite liner incorporating a protective
and a drainage system have been made above. The
implementation of such a landfill liner system is highly
demanding of persomel and machinery and requires the
efilcient implementation of construction procedures. In
addition, various marginal conditions and risks as well as
exacting schedule requirements increase the demands and
thus exacerbate an already tense situation. The requirements
which have to be met by a landfill liner system, weather
factors and the resulting scheduling commitments, demand
careful planning and sequential organisation of the
construction work and particularly in the choice of
machinery. Approved effectiveness of machine~, personnel
and procedures are part of the performance-related
requirements.
The landfill designer has to provide simple, even, noncurved geometies for the landfill base. Landfill designers
should not seek to increase landfill volume by means of
complex geometies, because in this way qurdity is reduced
and the use of efktive technology is prevented.
It N possible to construct a successfid and economical
composite liner with intimate contact of the layers by using
the “Riegelbauweise” (FBCM), if it is carried out careii.dly
and by well experienced persomel
under effective
management by the contractor.
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BENTONITE MIGRATION IN GEOSYNTHETIC CLAY LINERS
Timothy D. Stark
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ABSTRACT: Since the introduction of geosynthetic clay liners (GCLS) to waste containment facilities, one of the major
concerns about their use has been the hydraulic equivalency to a compacted clay liner. Field observations and laboratory test
results show that the thickness, or mass per unit area, of hydrated GCLS can decrease under normal stress, especially around
zones of stress concentration, such as a sump or wrinkles in an overlying geomembrane.
In a liner system, this decrease in
GCL thickness can lead to an increase in fluid flux, regulatory non-compliance, and a decrease in leachate attenuation
capacity and containment time. In a cover systeu a reduced thickness of bentonite may lead to an increase in tilltration or
gas migration through the GCL. Suggestions for protecting hydrated bentonite from stress concentrations are presented.
KEYWORDS:
1

Geosynthetic Clay Liners, F1OWRates, Fluid Barrier, Permeability, Shear Strength

INTRODUCTION

In recent years, geosynthetic
clay liners (GCLS) are
increasingly being selected to replace compacted clay liners
(CCLS) in composite liner and cover systems for waste
containment facilities. Some of the advantages of GCLS
over CCLS are: (1) lower and more predictable cost, (2)
prefabricatedhanufactured
quality, (3) easier and faster
(4) reduced
need for field hydraulic
construction,
conductivity
testing,
(5) availability
of engineering
properties,
(6) more resistance
to the effects of
wetting/drying
and freeze/thaw
cycles, (7) increased
airspace resulting from smaller thickness, and (8) easier
repair. Some of the disadvantages of GCLS versus CCLS
include: (1) a potential for lower internal and interface shear
strength, (2) a possible large post-peak shear strength loss in
reinforced GCLS, (3) lower puncture resistance, (4) smaller
leachate attenuation capacity, (5) shorter containment time,
and (6) possibly higher long-term flux because of a
reducticm in hydrated bentonite thickness under the applied
normal stress (Anderson and Allen 1995 and Anderson
1996). Koemer and Daniel (1995) concluded that GCLS
can be considered hydraulically equivalent to CCLS if
puncture and bentonite thinning do not occur.

2

BENTONITE MIGRATION IN GCLS

Field experiences,
including the GCL slope stability
research project in Cincinnati, Ohio (Koerner et al. 1996),
show that bentonite will absorb moisture because of its high
matric suction potential. An increase in water content is
accompanied by an increase in compressibility regardless of
the normal stress at which hydration occurs (Terzaghi et al.
1996).
Koemer and Narejo (1995) showed that if a circular
piston is applied to a hydrated GCL, the bentonite will flow
away from the load and the hydrated thickness of the GCL
beneath the applied load will decrease. They concluded that

the soil covering a GCL must have a thickness (H) greater
than or equal to the diameter (D) of the loaded area to
adequately protect the GCL. Fox et al. (1996) presented
results of similar GCL bearing capacity tests using three
cover soils: a clean sand, a fme gravel, and a medium
gravel. They recommended an H/D ratio between 1 and 2
to protect the GCL for this range of cover soils. The U.S.
Army Corps of Engineers (United States 1995) requires a
minimum cover soil thickness of 0.45 @ instead of an I-I/D
ratio, before conslmction equipment can operate on top of a
GCL.
The thickness of hydrated bentonite also may decrease
under nonuniform normal stresses that may be imposed by
the waste placed above the liner system.
Stress
concentrations in a liner system can cause hydrated
bentonite to migrate to zones of lower stress. Stress
concentrations are ubiquitous in a liner system, especially
around a sump, under leachate collection pipes, at the edge
of an anchor trench, at slope transitions, and around slope
benches. Bentonite migration maybe particularly important
in sump areas because high hydraulic heads in a sump can
increase leakage rates. In fact, Tedder (1997) recommended
additional protection for sump areas. Stress concentrations
can also be induced in a cover or liner system by a subgrade
that contains stones or is uneven ruder contains ruts prior
to GCL placement. Another possible mechanism for stress
concentration development is local differential settlement
caused by natural variations in foundation compressibility
and shear strength, i.e., bearing capacity.

3

MIGRATION AT GEOMEMBRANE WRINKLES

The presence of wrinkles in an overlying geomembrane
creates zones of nonuniform normal stress, which can cause
hydrated bentonite to migrate into the airspace under the
wrinkle. Figure 1 presents a typical pattern of wrinkles in a
recently installed black, smooth high density polyethylene
It can be seen that the liner has a
(HDPE) geomembrane.
1998

Sixth International

Conference

on Geosynthetics

-315

number of wrinkles, especially around the sump located in
the foreground. (Note: sandbags in middle of photograph
for scale.) The photograph was taken in the morning which
probably reduced the number of wrinkles. In addition, there
are a number of places around the sump and subsequent
piping that lead to stress concentrations.

Figure 1. Typical pattern of wrinkles in a smooth HDPE
geomembrane liner and around a sump.
Koemer (1996) and Soong and Koemer (1997) discussed
the progress of a current research project investigating the
fate of wrinkles in geomembranes.
Current results indicate
that the shape of a wrinkle or wave can change with time
and normal stress, but the height does not appear to reduce
substantially under a range of normal stresses. In additio%
Eith and Koemer (1996) and Koemer et al. (1997) described
a municipal solid waste lrmdtlll double liner system that was
The double liner
exhumed after eight years of service.
system was constructed in 1988 and exhumed for a lateral
expansion. After exhumation, a number of large wrinkles
were found in the geomembrane.
These observations show
that wrinkles are not removed afier installation, and can be
long-term zones of nonuniform normal stress acting on an
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underlying GCL, The lack of intimate contact due to
wrinkles can result in hydrated bentonite migating into the
airspace under the wrinkle.
Anderson and Allen (1995) and Anderson (1996)
showed that the thickness of a hydrated GCL can be
reduced significantly in the vicinity of a geomembrane
wrinkle. A normal stress of 958 kPa was applied to a
hydrated GCL in the presence of a geomembrane wrinkle
using a one-dimensional compression apparatus. These
tests
were
conducted using a steel and plexiglass
consolidometer measuring 0.3 m by 0.3 m. Two needlepunched GCLS were used in these compression tests. Both
products consisted of woven upper geotextiles and
nonwoven lower geotextiles. The non-woven geotextile of
the GCL was placed on a horizontal layer of compacted
sand while the woven geotextile was in contact with the
geomembraue.
Both GCLS were hydrated under a normal stress of 9.6
kPa for 72 hours. The moisture content of the bentonite
after hydration ranged from 100 to 150Y0. A 1.5 mm thick
smooth HDPE geomembrane with a 50 mm wrinkle, as
suggested by Giroud ( 1995), was placed on top of the GCL.
Sand was then compacted along the sides and top of the
wrinkle.
The normal stress was applied using a loading fkame
with a load cell at an average rate of 4.5 kN/min in onedimensional compression. The normal force was increased
for approximately 3.5 hours until a normal stress of 958 kPa
was achieved.
This normal stress was maintained for 3
hours and observations of the bentonite behavior were
made. The shape or width of the wrinkle changed slightly
but it did not disappear due to the normal stress of 958 lcpa.
The hydrated bentonite migrated toward the void under
the geomembrane wrinkle where the normal stress was at or
near zero. The thickness of the GCLS under the wrinkle was
20 to 25 mm while the thickness farthest away from the
wrinkle was less than 2.5 mm. The nominal manufactured
thickness of the GCL was 7.0 mm. In addition, the upper
woven geotextile separated from the GCL under the wrinkle
and conformed to the shape of the wrinkle. This was caused
by the additional pressure of the migrating bentonite
breaking or pulling the needle-punched fibers out from the
woven geotextile in the low conftig
stress area under the
wrinkle, Along the edges of the GCL, where the bentonite
was in compression, the needle-punched fibers remained
intact.
In summary, the test results presented by Anderson and
Allen (1995) indicate that migration of hydrated bentonite
toward the area under a wrinkle in the 1.5 mm thick smooth
HDPE geomembrane can occur. The migration of bentonite
into the wrirddes of a geomembrane also has been observed

at an operating landfill in Ohio (Evans 1997).
The migration of hydrated bentonite has implications for
meeting regulatory requirements, including mass of
bentonite per unit area and hydraulic performance. Thus, it

seems prudent to ensure a minimum long-term thickness or
mass per unit area of hydrated bentonite to maintain
hydraulic performance, leachate attenuation capacity, and
Ieachate containment time in a GCL liner system. In a
cover system, a minimum long-term thickness of hydrated
bentonite should be maintained to reduce water infiltration
and/or gas migration out of the landfill.
The reduced
thickness in a cover could be caused by vehicle traffic, slope
transitions or benches, and geomembrane wrinkles.

4

POSSIBLE SOLUTIONS

A number of possible solutions were considered to eliminate
or reduce the potential migration of hydrated bentonite in a
liner system. One possible solution is to use a CCL because
of the low compressibility of the highly compacted soil,
Another solution is to encapsulate the bentonite between
two geomembranes to reduce the amount of hydration and
the resulting increase in compressibility,
This can be
accomplished with planar geomembranes or geomembranes
with protrusions.
Multiple layers of GCL also can be
installed at known points of stress concentration, e.g., surnps
and changes in slope. The multiple layers of GCL initially
provide a thicker layer of bentonite.
Another possible
solution involves reducing stress concentrations in the
subgrade by smoothing changes in the geomet2y, reducing
ruts, and removing rocks. The geomembrane also should be
installed with a limited number of wrinkles. This can be
accomplished by using geomembranes that are light-colored
(white), exhibit a high ftiction coefficient (textured), and/or
are flexible (Giroud 1995).

5

GCL is fabricated by bonding one nonwoven geotextile to
the geonet, filling the geonet with bentonite, and bonding
the second geotextile. The internal structure facilitates
bonding of the geotextiles and protects the bentonite, or
other impermeable material, from the overlying normal
stress. Heat bonding usually results in a strong bond
between a geotextile and geonet, which has been observed
for geosynthetic drainage composites.
This bonding
significantly reduces the potential for internal failure or
shear through the bentonite. The internal structure also
provides some puncture and tensile resistance to the GCL.
If additional tensile resistance is required, the geonet could
be replaced with a thick geogrid, Other variations of the
modified GCL include the use of an internal configuration
or structure that differs from a geonet or using a
geomembrane that incorporates an internal structure (Stark
1997).

5.1

Hydraulic Conductivity of Modified GCL

Stalcup and Rad (1994) conducted a falling head hydraulic
conductivity test in accordance with ASTM D5084
(Standard 1993a) to evaluate the hydraulic conductivity of
the modified GCL. The modified GCL described herein
consisted of two 265 g/m2 nonwoven geotextiles heat
bonded to a geonet. The geonet was tilled with 5 kglm2 of
bentonite.
The modified GCL was consolidated at a confimingstress
of 35 kpa and then hydrated, The hydraulic conductivity
value of 4x10-]] rnhec was measured using falling head
hydraulic gradients ranging from 27 to 5. This value is in
agreement with values (2 to 5x10-11 rnk) reported for
existing fabric encased GCLS (Geotechnical Fabrics Report
1997),

MODIFICATION OF EXISTING GCLS
5.2

long-temn
Another technique
to ensure a *u222
thickness of hydrated bentonite is to modifi existing GCLS
to include an internal stmcture or stabilizer element. The
stabilizer element would reduce the compression, and thus
lateral squeezing, of hydrated bentonite in response to the

stress concentrations in a liner or cover system. The internal
structure would also protect the bentonite from concentrated
stresses applied during handling, stockpiling, and
construction, and may provide additional resistance to
accidental puncture. Confiiing the bentonite in an internal
structure will provide better assurance of the thickness or
integrity of the bentonite. This protection is already
provided in some bentonite waterproofing applications. It is
anticipated that the bentonite would fill the entire depth of
the internal structure. Therefore, the initial thickness of the
GCL, or internal structure, would correspond to the desired
bentonite thickness.
The modified GCL described herein utilizes a geonet as
the internal structure or stabilizer element. This modified

Shear Strength of Modified GCL

Swan (1994) conducted 0.3 m by 0.3 m direct shear tests in

accordance with ASTM D5321 (Standard 1993b) to
evaluate the shear strength of the modified GCL. The
modified GCL was hydrated and sheared at the same normal
stress. Two normal stresses, 100 and 290 kpa, were used in
the tests. The modified GCL was allowed to hydrate for 24
hours under tap water immersion. The shear stress was
applied at the rate of 1.0 mmhninute, as indicated in ASTM
D5321. In both tests, failure occurred between the upper
geotextile and a special direct shear gripping surface. The
bond between the upper and lower geotextiles and the
geonet did not fail or show any degradation. Table 1
presents the peak shear stress and secant friction angle for
each test. These angles of internal fiction correspond to a
linear failure envelope that passes through the origin and the
peak shear stress. The resulting friction angles are large,
and comparable to the peak friction angle of a textured
geomembranelnonwoven geotextile (265 g/m2) interface
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(Stark et al. 1996).
Table 1. Direct shear test results on modified GCL.

-

Figure 2 presents the shear force-displacement
relationships from the two 0.3 m by 0.3 m direct shear tests
on the modified GCL. No post-peak strength loss was
observed in the test at a normal stress of 100 kPa. In fact
the shear force-displacement relationship increases with
increasing shear displacement due to necking or stretching
of the geonet. The test at a normal stress of 290 kPa
exhibited a reduction in shear force and friction angle of
approximately 6 kN and 9 degrees, respectively. The postpeak strength loss is mainly attributed to the pulling out
and/or tearing of the filaments from the nonwoven
geotextile during shear (Stark et al. 1996). The geonetalso,
necked or stretched during this test.
w

-EzEzEE1
Normal stress

❑

290 kPa

applied at an average rate of about 2.5 kl%hnin, instead of
4.5 IcPahnin, until a normal stress of 958 kPa was achieved.
As a result approximately 6 hours of loading was required
to obtain a normal stress of 958 kPa. However, this loading
rate is still probably faster than actual lsndlllling.
Both modified GCL specimens were hydrated using the
procedure described by Anderson and Allen (1995). The
water content of the bentonite in the modified GCL after
hydration was 172?40.The specimen without bentonite was
also hydratei but moisture contents of the geosynthetics
were not measured. After the normal stiess was removed,
the specimens with and withoht bentonite were measured to
determine the variation of thickness across the specimen in
the presence of a winkle.

5,3.1 Moditled GCL with bentonite
Table 2 presents the thicknesses of the GCL specimen
with bentonite before and after loading to a normal stress of
958 kPa. The thickness of the GCL prior to hydration under
a normal sress of 9.6 kPa for 72 hours was about 5.5 mm.
The thickness of the modified GCL increased slightly
from approximately 5.5 mm to 5.8 and 5.9 mm along the
right and left edges, respectively, during the hydration phase
of the test. This is attributed to bentonite swelling into the
nonwoven geotextile at a normal stress of 9.6 kPa. The
thiclmess also increased slightly under the wrinkle at the
center of the specimen. It is anticipated that this increase in
thickness is also due to expansion of the bentonite during
hydration.
Table 2. Thickness of modified GCL with bentonite.

Normal stress = 100 kPa

,~m
Shear displacement

(mm)

Figure 2. Shear strength of modified GCL after hydration
(after Swan 1994).

5.3

Compressibility of Modified GCL

One-dimensional compression tests were conducted on the
modified GCL in the 0.3 m by 0.3 m consolidometer used
by Anderson and Allen ( 1995). The tests were conducted in
the presence of a geomembrane wrinkle to demonstrate
protection of the hydrated bentonite. The testing was
performed both with and without bentonite in the geonet to
geosynthetic
between
bentonite
and
distinguish
compressibility.
For comparison purposes, the normal stress (958 kPa)
and duration of the maximum normal stress (3 hours) used
in the previously described tests by Anderson and Allen
(1995) were used to test the modified GCL. However, to
better simulate landfill loading rates, the normal stress was
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application
of normal
stress of958
kPa
Change in
II thiclmess I
after loading

1

5.4

10.1

5.5

-0.5

+4.4

-0.3

I

Under a normal stress of 958 kPa, the GCL thickness at
the outer edges decreased slightly to approximately the
original thickness of 5.5 mm. This decrease is attributed to
compression of the geotextile, compression of the geonet,

and possible squeezing of hydrated bentonite through the
upper nonwoven geotextile toward the wrinkle or into the
underlying bentonite. The bentonite probably initially
migrated into the upper nonwoven geotextile during
hydration under a normal stress of 9.6 kpa.
The interesting behavior occurred under the wrinkle near
the center of the specimen where the thickness increased by
4.4 mm.
Examination of the specimen after testing
indicated that the increase in thickness was caused by
bentonite swelling vertically into the nonwoven geotextile,
the geotextile and geonet not being compressed under the
wrinkle, and the geonet being slightly compressed along the
edges and forcing hydrated bentonite toward the wrinkle
area. It is also possible that hydrated bentonite in the
nonwoven geotextile was squeezed or pushed from the left
and right edges to the area under the wrinkle. It is important
to note that the nonwoven geotextile remained bonded to the
top of the geonet in the vicinity of the wrinkle instead of
separating from the GCL as was observed in tests performed
on a needle-punched GCL by Anderson and Allen (1995).
In summary, the modified GCL maintained a minimum
thickness of 5.4 mm (near the initial thickness of 5.5 mm)
after hydration and loading to a normal stress of 958 kpa in
the presence of a geomembrane wrinkle.

not have to be reduced or modified because the bentonite is
protected by the internal structure. The modified GCL also
utilizes materials already approved and accepted for waste
containment facilities,

Table 3. Thickness of modii3ed GCL without bentonite.
Thickness

lefi edge
(mm)

under
wrinkle at
center (mm)

Thickness at
right edge
(mm)

5.6

5.5

5.7

5.4

5.7

5.3

-0.2

+0.2

-0.4

Thickness at

Test
Condition
After
hydration &
prior to
loading
Atler
application
of normal
stress of 958
kpa
Change in
thickness
after loading

5,3.2 Modified GCL without bentonite
6

Table 3 presents the thickness of the modified GCL
specimen without bentonite before and atler loading, The
thickness of the GCL after hydration for 72 hours under a
normal stress of 9.6 kpa was approximately 5,6 mm. As
expected, the thickness of the modified GCL remained
approximately constant during the hydration phase of the
test because no bentonite was placed in the geonet. Afler
loading to a normal stress of 958 kpa, the thickness at the
left and right edges of the modified GCL showed little, if
any, compression which is similar to the modified GCL with
bentonite. The GCL thickness under the wrinkle remained
essentially unchanged.
Comparison of Tables 2 and 3 shows that the modified
GCL with and without bentonite exhibited similar
thicknesses along the edges after loading to a normal stress
of 958 lcpa. The only discrepancy appears to be the area
under the wrinkle where some hydrated bentonite swelled
into the nonwoven geotextile and may have been pushed
from the edges through the nonwoven geotextile to the
wrinkle area.
In summary, the use of an internal structure in a GCL
may provide some assurance of the minimum thickness or
mass per unit area of the bentonite after installation. The
long-term thickness can be prescribed by using an internal
structure height that meets the desired thickness or mass per
unit area. In addition, stress concentrations caused by
handling, installation, uneven subgrades, rocks, sumps,
piping, slope transitions, and geomembrane wrinkles will

CONCLUSIONS

Hydrated bentonite can migrate to areas of lower normal
stress due to stress concentrations. Stress concentrations are
ubiquitous in a liner system, especially around a sump and
pipe locations, at the edge of an anchor trench, around slope
transitions and slope benches, under geomembrane
wrinkles, and above an uneven subgrade or rock. Possible
solutions to eliminate or reduce the migration of hydrated
bentonite include using a compacted clay liner,
encapsulating the bentonite between two geomembranes to
reduce the amount of hydration and the resulting increase in
compressibility, installing multiple layers of GCL at known
stress concentrations, eliminating stress concentrations in
the subgrade by smoothing changes in geometry, reducing
ruts and removing rocks, and/or installing geomembranes
with a limited number of wrinkles. The number of wrinkles
could be reduced using a geomembrane that is light-colored
(white), exhibits a high coefficient of fi-iction (textured),
ancVoris flexible (Giroud 1995). Another alternative is to
modifi existing GCLS to include an internal structure or
stabilizer element as described herein. The stabilizer
element appears to protect the bentonite from stress
concentrations thereby reducing bentonite migration and
provide additional puncture resistance.
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ABSTRACT: To produce HDPE geomembrane sheets, heat is mixed with polymer pellets. The produced melt is
then forced through an extruder and cooled down. Since thermoplastic material are lmown to have memory, heat
treatment can access this memory and spell out some important information about the future behavior of the
produced shq
in particular if heat welded seams behavior is concerned. From the hypothesis that seam behavior
will be controlled

by parent material

thermal treatment

and their reaction measured.

reaction

to thermal treatment.

than the one of flat extruded
significant

diii%rtmces.

behavior under the same Conditiom difl%rent HDPE

Moreover,
sheets.

the variability

DSC analysis

Jn that respect,

sheets were subjected

From more than 1500 tests, il.m blown extrusion

thickness

of their reaction

confirmed
variation

through

these differences
is an important

sheets showed

out the sheet itselt is much less
while tensile tests cannot

parameter.

It was

1

past 15 years, worldwide landfill technology has
rapidly adopted the use of high density polyethylene
(HDPE)
as a low permeability
liners. This

In the

geomembrane
material covers today most of the
marketplace related to flexible membrane liners (FML).
Since most of heir use is concentrated in environmental
protection t%cilities, their long term behavior is then of
the utmost importance.
create

continuous

treatment

HDPE extrusion, thermal treatment

INTRODUCTION

To

see any

fbund that thin

geomembranes
swell more significantly
than the thicker ones. Finally, results reveals that thermal
procedure can be applied to ident@ type of extrusion process of any given HDPE geomembranes.

KEYWORDS: geomembrane,

to
less

liners

over

a

lar-e

surf%ce, HDPE geomembrane sheets are produced in
continuously enlarged width and field welded through
polymer fiision. As heat comes in the first stage of
sheets production, heat is again supplied at the sheets’
interfhce as welding procedure goes on. Heat supply is
then one of the major ccxnponent of any HDPE
geomembrane sheet.
Today
the geqmthetic
society works
intensively to understand basic properties of HDPE
geomembranes as well as their long term behavior. It is
understood that long term pefiorrnance of liners could
substantially be affected by inappropriate or excessive
welding conditions such as too high roller pressure,
overheating of the sheets and thermal shock within or in
the vicinity of the fused area (Rollin et al, 1989). So

sheet’s reaction to heat transfbr and thickness variation
as of some irnpotice.
Struve (1993) has explained in details seven
categories of parameters that afkct wedge welding of
geomembranes.
All of them are related either to
welding process, ambient weather, on-site conditions or
technical

ability

of the

operators

to

control

wedge

welder parameters. None of Struve’s categories refix to
behavior of the sheet itself (stress relaxation, molecules
orientation). Koemer (1993) underlines a large number
of operational variables, mentioning that a the type of
the geomembrane, its thickness, its texture, the
temperature of the sh% and the orientation of the sheet
probably all play a part in some respect N.
None of the reviewed authors had shown the
influence of heat transfer to sheet itself except if this
heat transfer exceed what the material can support. As
a consequence, it seems that the only intrinsic prope~
of the geomembrane sheet really taken into
consideration for the selection of welding conditions
(pressure and heat transf%r) is geomembrane’s thickness
(Rollin & Fayou% 1991, Struve, 1993). Maybe because
only part of geomembrane thickness (20°/0 to 30°/0
according to Maranda, 1995) participates in welding
process.
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All engineers agr~
on the importance
of
welding temperature on the quality of a final seam.

& (%)= (QGinsl
- Xidjd)xd

None however ask how geomembrane

where : ~
ST-)

this

welding

reaction,

temperature

understod

molecular
property
scientists.
Vermeersch

during

very

little

itself responds

what

as relaxation

orientation
took

e.g.

is

its

and/or of

of stresses

heat

attention

application.
of

to

thermal
This

that thermal

behavior

itself is an important fktor in selection
welding
conditions.
They carried
from geomembrane

on
the
geomembranes sheet is shown in Figure 1.

width

of

of geomembrane
of geomembrane
out

a

F“”----=l-=l

thermal

that

there

are

KiE!I!+
.....J
;

stability tests. The results

difference

between

thermal

In this paper the authors
on

geomembrane

thermal
sheets.

an effort to verifi

loan

present

treatment

of

T2 behavior

/

:

Iocm
●

~

HDPE

120sm

;

-

m

differ

!

~tiocm

of a

This research was undertaken

if geomembranes

from one geomembrane

(TZ)

results

ilcm$

:Icm

behavior of different seams samples.

Figure 1. Location of samples on geomembrane sheets

to another and if it could play a

role during wekling and influencing, T* behavior of
seams.
Results of T2 testing of HDPE gemnembranes
are presented and discussed in this paper. The testing
program was fmused on geomembrane sheets only. At
this step of research seams were excluded from the
program.

THERMAL TREATMENT (T*) TEST

The test consists of immersion of the geomembrane
samples into a hot (145”C) silicone bath placed in an
oven under controlled temperature conditions and for a
given time. Standard minimum time of immersion was 5
minutes while stan&rd maximum time of immersion
was 120 minutes. The initial size of samples was 6 cm
x 1 cm, with the length (6 cm) taken in the machine
direction, while width is in the transverse direction.
Thickness of sample was also measured prior to
immersion. At selected intervals of time of immersion
samples were removed horn the bath and then air cooled
to room temperature. Their dimensions in machrne
direction (MD), transverse direction (TD) and sheet
thickness (ST) were measured. The observed
dimensional changes were analyzed and the deformation
values were calculated using the following equation :
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In addition to thermal treatrmmt testing some
samples were analyzed by Differential Scanning
Calorimetry thermal analysis procedure. Their tensile
property was tested by ASTM D638-91.
Seven (7) commercially available HDPE
geomembranes of 40, 60 and 80 roils of thickness have
been selected for this testing program. Their properties
specified by manufacturers are given in Table 1. Three
(3) of them were produced by flat extrusion pnxess and
four (4) by blown film process. More then 1 500
samples have been tested during the program.
3

RESULTS

3.1

Thermal Treatment ~2) Test

Figure 2 shows a shape of samples of three
geomembranes after 120 minutes of testing according to
T2 procedure.
Figures 3 shows distribution of dimensional
deformations of three parameters : machine direction,
transverse direction and thickness. It can be noticed that
thermal treatment (TT’) behavior of blow film extruded
geomembrane is much more unifbrm than the one
manuf%tured by flat extrusion process. Also,

differences are observed between two flat extruded
geomembranes.

a)

“n

;

I

.

-74
-76

Table 1. Properties of tested geomembranes as speeified
by manufkturers
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Figure 2. Samples of 40 roils geomembranes after 120
minutes of thermal treatment

Figure 3. Thermal treatrmat results (dimensional
deformation) m rdation to sample position on the
geomembrane sheet; a) rnaehine direetiq b) transverse
direotion, c) thickmss
Photos of samples after T2 in relation to sample
location on the width of geomembrane sheet are
presented

in Figure 4. Figure 4a shows samples

extrusion prows
Figure 4b shows

mantictured
samples

geomembrane

of blown

of fiat
while

film mantictured

column on these Figures represents samples
taken at the same area of sampling. Three physical
phenomena were observed during sampling. Fir% a
one. One
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highshrinkage in machine direction was observed. It is
clearly seen in Figure 2, where samples after T2 are
compare to original dimensions of the sample. %con~
welling process was obsemed in all samples. Finally,
less pronounced changes were observed in transverse
direction of each specas ~ be observed m Figure
2. Thir& a variation of MOrmation in transverse
direction was noted on the thidmess of samples, as can
be see in Figure 2, geomembmne C.
Figure 5 shows changes of dimensional
dehnation with time for machine direction dimension
(Figure 5a) and for thickness (Figure 5b). These
Figures also indicates the d.ii%erencesin TT behavior for
dii%mt initial thickness of geomembranes. k can be
noted that the dimensional deformation changes of the
80 roils geomembrane are less pronounced than the ones
of the 40 roils geomembrane. Thermal Treatmwrg %MD versus

a)

limo, at 14&C

a)
“0 ~

m.

45

40 roils
80 roils

‘A.

-50

‘A.

.55

%MD

k

-6”1

45

1~

75

Note: (a) shape of initial sample, before the thermal
treatment
Figure 4. Photos of deformed samples after T2 test m
relation to their position geomembrane sheet
a) flat extrusion geomembraneb) blown film geomembrane
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Table 5. Values of fbsion temperature

Tensile test (ASTM D638-91)

3.2

Samples of NO geomembranes, identified as B (flat
extrusion) and C (blown film) were analyzed for their
tensile behavior. The series of ASTM D638-91 tests
were carried out on samples collected from the edge and.
horn the center of geomembranes.
Tables 3 and 4 summarize tensile tests results
fbr both geomembranes.

Gmmmwes ID

Peak FusionTememlum ( “c)
F~ae

samPb Loca@l
(-=4)

~B
(FlatEstlush)

I

I

130.1

130.1

131.1

127.3

Table 3. Tensile test (ASTM D638-91) results of two
geomembranes, C (blown film) and B (flat extrusion) edge samples
P

Yield
- strength(N)

- elongation(%)
- displacement
(mm)
Braak
- strength(N)
- elongation(“h)
- displacement
(mm)

VahmaCv VahlaaCv

vakm b

values

Cv

116
12.9
3.2

2.7
3.0
3.0

12a
9.6
2.4

0.7
3.0
3.0

117
12.1
3.0

4.5
4.5

10.4
2.6

3.0
3.0

2?2
235.3

;;
7,1

939s5
249.9

::
0.6

199
7325
183.1

6.1
3.1
3.1

218
907.0
226.0

6.2
4.0
4.0

0.9 122 1.4

Center
S&e:

4.0

mg
127.52°C

4.d

4a

ao

us

Sa
samra

%

d?..

Table 4. Tensile test (ASTM D638-91) results of two
geomembranes, C (blown film) and B (flat extrusion) center samples
Parameter
vD
values Cv
Yield
- strength(N)
- elongation(Y.)
- displacement
(mm)
Break
- strength(N)
. elongation(%)
- displacement
(mm)

T3
values Cv

MO
Values Cv

00
TY
Values Cv

115
12.7

2.6
5.2

126
9.6

0.5
1.7

126
11.3

4.0
3.5

133

1.6

11.3

4.1

3.2

5.2

2.4

1.7

2.8

3.5

2.8

4.1

~ff3
240.2

;;
7.2

212
754.6
108.7

10.1
10.8
10.6

219
855.2
213.8

16.2
8.2
8.2

219
14.3
9!36.6 9,7
234.7
9.7

Edge
Sue: 5.5 mg

3.3

13155”c

Differential Scanaing Calorimetry

DSC analysis was applied to measure the fbsion
temperature of two geomembranes. Samples for testing
were taken from two locations on the geomembrane
width, the edge and the center. Typical curves of DSC
analysis for samples of flat extruded geomembrane B
are shown in Figure 6 while values of fision
temperature are summarized in Table 5.

Figure 6. Examples of DSC curves for samples of
geomembrane B

1998 Sixth

International

Conference

on Geosynthetics

-327

4

DISCUSSION

4.1

General

The spectication of tested geomembranes, given by
manuf%turers, are very similar, as shown in Table 1.
Also, simple statistical analysis of standard deviation of
tensile results obtained during this program indicates
that there is no signikmt difirence between tensile
property (ASTM D638) of HDPE geomembranes.
However, Tz indicates significant difference in
thermal behavior of tested geomembranes. The visual
obsem-ation indicates clearly that a shape of sample at
the end of T2 depends on type of process as well as, in
particular in case of flat extruded geomembrane, on
position of samples on geomembrane sheets - Figure 4a.
It can be also noted that the dimensional changes are
very rapid at the beginning of thermal treatment and
slows down with time, showing a tendency to
equilibrium after about 60 minutes of treatment.
These differences in thermal tr=tment behavior
of the geomembranes were never taken into
consideration in selection of welding parameters.
4.2

Differences between geomembranes

T2 deformation ratio distribution curves (Figure 3)
indicate a significant difference in thermal behavior of
blown film and flat extruded geomembranes.
Large differences in transverse direction and
thickness deformation ratio can be noted fix tested
geomembranes (Table 2 and Figure 2). Machine
direction deformation ratio varies very little, b@veen 82% to -84’%o.The deformation ratio data indicates that
the tested geomembranes react differently to
temperature applications e.g. their thermal treat2nent
behavior is different.
Simple statistical analysis of tensile test data
presented in Tables 3 and 4 indicates that there is fair
statistical discrepancy for the strength at yield in the
transverse direction measurements between two
geomembranes. There is no statistical diiYerence
betsveen all other tensile testing parameters of both
geomembranes.
4.3

Differences on the width of geomembranes

Blown film extruded geomembranes (manuf%turers A
and C) do not show large differences in deformation
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ratio on the width of shq Figure 3 and Table 2 for all
three, machine direction, transverse direction and
thickness). On the other hand, flat extrusion
geomembranes (manufacturers B and D) show different
T2 behavior at the edge and in the center of the
geomembrane sheet as shown in Figure 3.
The transverse direction (T’D) and thiclmess
deformations varied signi.flcantly as can be noticed in
Table 2. Transverse direction deformation varies
be@men25V0to 100’?4o
for the samples taken at the edge
of geomembranes and between -5°/0 to 25°A for the
samples fkom the center of the sheet. The negative VaIue
of the deformation of the sample in the center of the
sheet could be an effect of the medium plane shrinkage.
Thickness varies even more drastically, at the edge its
deformation ratio for the same initial thickness of
geomembranes varies between 200% to 500’%0while m
the center sample between 375% to 500%.
Statistical analysis of tensile tests data indicates
that there is no significant discrepancies between tensile
behavior of geomembrane samples taken from the edge
and from the center of tested geomembranes.
DSC analysis cmfi.rms the &lYerences in
thermal behavior of geomembranes noted during T2
tests (Table 5). Similarly to T2 results, a nonuntiorm
behavior on the width of geomembrane sheet is
observed for flat extruded geomembrane. As can be
seen in Table 5, &ion temperature of the samples taken
fkom the edge of the sheet is 131.1°C, while the center
samples have fusion temperature 127.3”C. The DSC
values of the blown film extruded geomembrane
indicates tiorm
thermal behavior of the width of the
geomembrane. A slight di.f%erencein fhsion temperature
of two geomembranes can also be noted in Table 5.
4.4

Thickness of geomembrane

The thinner geomembranes generate a higher
deformation ratio then the thicker ones. Thus, it can be
concluded that that the relaxation of thermal stresses m
thesegeomembranes are easier.
5

CONCLUSIONS

1. The typical specification of HDPE geomembranes,
given by well known mam.d%cturers, shows no
HDPE
differences
important
between
geomembranes.sheets. Tensile test results are very

2.

3.

4.

5.

6.

6

similar for all the tested HDPE geomembranes from
dii%rent manui%cturers, indicating no significant
dii%erencesbetween geomembranes.
The study reveals important ditierence in reaction to
thermal treatment (thermal stresses relaxation) of
different HDPE geomembranes. These difl’eremes,
were never taken into consideration in selection of
welding parameters.
Blown ti
extruded geomembranes indicates quite
uniform reaction to both T2 and DSC analysis. ‘Ihe
deformation ratios and the fh.sion temperature values
are very similar for the samples taken from diHerent
locations of the geomembranes.
On the other hand flat extruded geomembranes
show significant dHerences in thermal behavior of
the samples taken at the edge and at the center of the
geomembrane. These differences are codirrned by
DSC tests.
T2 confirms that the thickness is an important
parameter in thermal behavior of geomembranes. It
was found that the thin geomembranes swell under
thermal treatment more significantly than the thicker
ones.
Finally, results reveals that T2 procedure can be
applied to confirm the we of extrusion process of
any given HDPE geomembranes.
RECOMMANDATIONS

More fictual data is needed to understand thermal
behavior of geomembranes to confirm authors
observations.
Influence of thermal treatment (thermal stresses
relaxation) on HDPE geomembranes seams is still little
unknown. It is clear, however, that this behavior can
have an influence on seaming process. It is thus
recommended to relate the observed thermal treatment
behavior of HDPE geomembranes to their seams
quality.
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The Influence of the Welding Parameters for I-IDPE Geomembranes
A.L. Rollin and F. Montgrain, Solmers International, Longueuil, Canada
P. Laileur and L. Maran@

Ecole Polytechnique, Montr&d, Canada

ABSTRACT: When in service, particularly in landfills, High Density Polyethylene (HDPE) may present kwtu.res at the
edge of seams upon the welding conditions used and their durability is questionned. Seams were performed in situ using a
hot wedge welding machine and two commercial HDPE geomembranes l,5mm (60 roils) thick. The evaluation of seams
quality and its adjacent sheet has been petiormed by measuring properties using eigh (8) different tests: seam shear and
peel ,strcn@, sheet c~stallinity by the differential scanning calorimeter techrtiqueand by the gradient column methd,
residual stress in seam and membrane samples by dimensionnrd changes in hot air and in silicone oil; seam brittleness
level by the impact test developed
at Ecole Polytechnique and a high-sensitivity impact standard test. Temperature
profile has been obtained simulating heat transfert involving a hot wedge machine using the method of finite dMerences.
The simulation of the temperature profile indicated that the polymer sheet melts on about 20 to 30% of its thickness.

Thermal gradients were found to be excessively high around the boundaIY of the melted zone, of the order of 50°C/mm of
sheet width. It has been shown that the stress goes from compression in the weld to tension in the sheet indicating that the
welding process does not induce stresses in the geomembrane but rather a stress gradient. Since it is known to be
precursor of the stress-cracking phenomenon. Recommendations are made on the need to still improve welding machines
and monitor welding. The measurement of the stress gradient build during seaming using the hot oil bath testing
procedure should be investigated throughoutly to adapt it to HDPE geomembranes.
KEYWORDS: Geomembrane, Seams quality, Welding parameters, Heat transfert simulation
1

INTRODUCTION

1.1 The Concern
Often engineering structures fail because a geomembrane
contains an unexpected flaw that is introduced, or
gradually develops and becomes of a critical size that can
causes rapid unexpected failure (Peggs 1994). Controlling
welding process variables is then vital to achieving
consistent wedge welds (Struve 1993). The various welding
machines must monitored the desired variables to achieve
consistent results over the widest possible range of field
conditions and good well trained technicians must ensure
that their machine performed well. It has been shown that
seam quality is significantly influenced by speed welding
temperature, surface conditions and applied pressure
(Peggs 1990, Rollin 1889a and b, Rollin 1991a7 Rollin
1993, Rollin 1994, Strove 1993). These parameters may
also signit3cantly affect the long term behavior of the
adjacent geomembrane. Thus, seam assessment criteria
should include parameters for the adjacent geomembrane.

identified normal and conditions II to IV being closer to
non-acceptable
limits.
The welding
procedure was
performed under controled conditions with the same
machine such that the parameters influencing the seam
quality are the welding speed, the welding temperature and
the applied pressure as presented in Table 2.
Table 1. HDPE sheet properties
Bheat pmpartyfidentltkatton
Thiciinaes (mm)
Tensile strength: yield poird
machine direction (MPa)
width direction (Mpa)

GM A

GM B

1,65

1,5

20,52
20,4~

19,23
18,58

Table 2. Welding conditions

1.2 Seams
Sheets cjf hvo commercial HDPE geomembranes l,5mm
thick (shown in Table 1) were seamed in situ using a hot
wedge welding machine (Maranda 1995) and the welding
parameters were selected to span a wide range of
acceptable conditions (Struve 1993): condition I being

The infiuence of these welding parameters in the seam and
in its adjacent sheet could be obtained by testing samples
taken in the seams and in the sheet at distances from the
center of the seam as shown schematically in Figure 1. It
should be noted that samples collected at locations 1 and 2
are approximately 3,0mm thick.
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the SDC. The results
indicate similar percentage of
crystallinity in both membranes ranging from 75 to 790A.

g
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Figure 1. Schematic of a seam sample
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2. EXPERIMENTAL

651 . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .

3

The evaluation of the seams and their adjacent membrane
has been performed by measuring properties using eight
(8) different methods. Firstly, a shear and a peel tests were
performed on samples of produced seams to assess their
acceptability as evaluated in the field by measuring their
shear and peel strengths and identifying the location and
the nature of the break. The ASTM D816 and D4437
moditled test procedures were performed at a rate of
50mm/min. A total of 120 samples were tested and the
results of the peel strength are presented in Table 3 and
compared to Struve 1993 results. In all cases the Film Tear
Bond criteria was respected.

‘

~

I

~o ~

o

1

2
Dlatance

3

riwn

4

5

weld center (cm)

Figure 2. Sheet crystallinity by SDC
Two hundred (200) samples have been tested using the
density column standard ASTM procedure. The results
indicate a crystallinity ranging from 76,5 to 78,2°/0 with a
slight decrease in crystallinity at the seam edge located at
lcm from the weld center. It is interesting to note that this
location corresponds to the melted polymer zone limit
occuring during the welding process.

Table 3. Seam peel resistance results
g

It is generally accepted to identi@ the quality of an HDPE
seam by calculating the critical ratio of the measured
strength to the sheet strength at its yield point. As
proposed (Peggs 1985) this factor should be greater than
90% for the shear resistance and 80% for the peel
resistance. The calculated ratios for the shear test are all
above the criteria and below for the peel test as presented
in Table 4.
Table 4. Seam shear and pen resistance ratios

:$M@T@Mw.:t’es@@WM@t?4”’
“~MA”” :@*

*M

I

99,7

102,9

II

103,4

101,3

Ill

101,1

101,8

Iv

103,1

103,2

76.8
76;9
79,7
74,1

71.9
66;3
71,6
65,6

,#kl.re?sts*

.!

*?ltb (%].
I

II
Ill
Iv

The sheet crystallinity of the samples as a function of its
location from the center of the welds has been calculated
using a Scanning Differential Calorimeter (see Figure 2)
and the density column method ASTM D 1505 (see Figure
3). Fourty (40) samples were tested at a rate of 10°C/min in
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Figtut 3. Sheet crystallinity by density column method.
Residual stresses in samples were identified using two
dimensional stability tests: in hot air ASTM D 1204 and in
hot silicone bath. Samples of 10cm long and lcm wide
were placed in a oven at 130°C for an hour and samples of
6cm long in hot silicone oil at 140°C for 300s. The
measured changes in the transverse direction (X axis) were
in all cases the most drastic for both membranes (see
Figure 4 for hot oil results) while the changes in the
machine direction (Y axis) and the thickness (Z axis) were
less pronounced (see Figures 5 and 6 for hot oil bath
results). In Figure 4, the stresses go from compression in
the weld to tension in the sheet indicating that probably the
welding process did not induced stresses in the membrane
but rather a stress gradient. This stress gradient is probably
resulting from the relaxation of stresses within the sheet,
stresses induced during the manufacturing process and not
from the welding process. In any event this stress gradient
is most probably responsible for seam brittleness..

2,5

10

GMA

I

5
0
=:

.........................

. . .. . .. . . .. . . . ... . . .. .. .. . . . .. . .. .. .. .. . . . .. .. . ..
+

........................

1

01
0

-15

6

8
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Distance tiwm weld caster (cm)

0

4
Di~tenee

F@ure

4

2

Figure 7. Dynatup apparatus impact test results

from2weld eente~(cm)

Transverse direction dimension variation

4.

Obtained results indicated that the stress relaxation within
the sheets were responsible for a decrease in the machine
direCtiOn (sample width) of apprOXiInately 70~0 while the
thickness increased by 2,5 times its value. The presence of
the stress gradient in samples located at lcm and 2cm from
the weld center can be observed on Figures 5 and 6.

In the Dynatup device, an hemiWhere rod of 12mm in
diameter is dropped on a 76,2mm x 76,2mm sample with
an impact energy ranging from 15 to 30J. The obtained
results indicate that a greater impact energy has been
necessary to rupture the samples within the weld than
within the sheet itself. Visurd observations of rupture
samples indicated that the mecanisme of rupture was
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Figure 8. Ecole Polytechnique impact test results
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Similarly the median impact energy necessary to rupture
l,5mm thick geomembranes GMA and GMB samples
obtained with selected welding conditions (I to IV) are
compared with already published data (Struve 1993, Rollin
1993). Overall, the results obtained over such a wide range
of welding parameters are consistent. The higher values
obtained of serie V are certainly related to improved
machine design.

Figure 6. Thickness direction dimension variation
Seam brittleness can be detected using an impact test (
Rollin 1991b). Samples were submitted to two impact test
procedures: the Dynatup instrument and the impact test
developed
at Ecole Polytechnique (Rollin 1991b). The
results are presented in Figures 7 and 8

Thermal shock to HDPE sheet during welding can initiate
stress carcking. In order to obtain the temperature
gradients imposed on geomembrane during the welding
process, temperature profile has been obtained simulating
heat transfert involving a hot wedge machine and using the
method of finite differences as shown schematically in
Figure 9.
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wedge and a large thermal gmdient of the order of
50°C/Inm of sheet width is loca~ ~~een
1,5 ~ 2,0cm
from the center of the weld. The sheet surface temperature
is approximately 55°C at a welding speed of 3m/rnin and
raises to 75°C for a welding speed of 2mhnin. The
simulated temperature profiles indicated that excessive
thermal gradients are generated at the boundary of the
melted zone.
3. CONCLUSIONS

transverse directienweld cemtu

. &ure

9. Heat transfert

through the membrane

The temperature profile within the sheet at a specific time
is function of - the welding
speed and ‘tie wedge
temperature. Using the thermal conductivity equation in
two dimensions for a transitional regime (1281 points),
setting the heat transfert to both sheets identical and using
a typical
75mm long and 37mm wide brass wedge,
temperature profiles were obtained for a wide range of
welding speed and temperature. The conductivity of the
membrane was set at 0,48 W/m-°C (the HDPE conductivity
is not affected by the black carbon content (Mesloh 1990)),
of the wedge at 147 W/m-°C and at 0,0426 W/m-°C for air.

temperature

gradient
29 o~mm

—

d~

47 O1-Jmm

From the results obtained in this experimental study, the
following conclusions can be drawn:
- the hot wedge welding process of HDPE geomembranes
is responsible for stresses relaxation in manufactured
sheets leading in the generation of large thermal
gradients at the edge of the seams
- during the hot wedge welding process only a small
fraction of the polymeric sheet is melted: 0,3mm in its
thickness and 0,5mm at the edge of the weld
- the measurement of the dimensional variations of seams
in hot oil bath or in an oven simulates best the welding
process and is very sensitive to locate residual stresses
in manufactured sheets
- the results obtained fkom most test procedures did not
clearly dillerenciated between the welding conditions
- the simulated temperature profiles indicated that
excessive thermal gradients are generated at the
boundary of the melted zone and that a minimal
fraction of the polymer is melted during the welding
process
Recommendations are made on the need to still improve
welding machines and to monitor welding parameters to
lower the thermal gradient at the seam edge. The
dimensional variations test standard should be investigated
throughoutly since it can be performed easily. It would be
interesting in the future to corrolate the impact energy
measured by the impact test with the stress gradient
generated with the hot oil bath testing procedure.
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Assessmentof Seam Quality~d Optimizationof the Welding Process of HDPE
Geomembranes
G. LUders
Bundesanstalt fir Materialforschung und -prtlfung, Berlin, Germany
ABSTRACTS: Using GM’s made of two dflerent commercial resins 50 double track fusion seam test samples were pradu~ by
systematic variation of some welding parameters. The results of short texm and long term peel tests were correlated with the I-StiO
of the thickness reduction of the seam ~ to the thickness of the molten surface layer Lo. The ratio q/L. is an important process
parameter, reflecting the interaction of welding parameters. Thus, all seams appear to be quite acceptable in the short term tes~
indepadent of the ratio S/La However, the long term tests sevealed peeling of the seams and the time to failure $stiongly depends
where the lifetime was improved by a factor of 5 to
on ~ / LO.We found a pronounced maximum in the failure time atq/LO’0.7,
10. It is therefm shown that the long tam peel test is appropriate to evaluate the quaMy even of acceptable seams. An optimization
of the welding process is possible. Time plots of peeling, micrographs of the tlacture surface and annealing experiments indicate
that the time to failure depends on the structural and thermal homogeneity of the seam at given welding conditions.
KEYWORDS: Geomernbranes, weld seams, peel separation, failures, quality assurance

I

INTRODUCTION

In the construction of composite landfdl liners, HDPE
geomembranesheets are placed and welded together one by one
over the mineral layer to form a single large-area geomembrane
liner. Appendix E of german TA Abfall (1991) and TA
Siedlungsabfall (1993) states the suitability of the geomembrane
and the welding technolo~ must be verifkd under a process of
certification. The relevant BAM Guidelines (BAM 1992),
which are based in the main on the requirements of DVS 2225
(DVS 1991-1996), consider welding to be the only suitable
seaming method. The Clarification section of the BAM
Guidelines states that a suitable test method and fiirther
knowledge on the mechanical long-term performance of the
weld seams and their dependencies on the welding parameters
are still required to enable seam quality to be evaluated.
In the following paper the initial results of our investigations
will be detailed with regard only to the welding parameters used
in one and the same hot wedge welder of a caM.ruction-sitetested type. These are comected to earlier long-term peel tests
in which peel of the weld area was observed but no relationship
between failure time and welding parameters could be
established (Bielefeld et al. 1991).

2

REMARKS ON WELD SEAM BEHAVIOUR UNDER
DESTRUCTIVE LOADING

AS is well known, short-texm mechanical testing methods such
as tensile shear tests per DVS 2203 (DVS 1985), are not able
to differentiate appropriately the smength of overlap weld seams.
It is not the weld area itself but the base material adjacent to the
seam edge which always sutlers brittle or yield failure, this is
txxause the weld area is stillkned locally and the test pericds are
not long enough to activate any processing-related defects in the
seam plane (Knausenberger et al. 1983). The process which
enables the determination of seam quality in tensile tests on
hole-notched hot wedge butt weld seams, i.e. a tensile load

perpendicular to and hole-notching in the weld plane, is not
fsasible fmoverlap weld seams in geomernbranes. In Iong-term
tensile tests, too geomembrane weld seams always fail in the
base material near the seam edge. Establishing a relationship
between failure time and seam geome~
and welding
parameters is dif%cult for a number of reasons (Bielefeld et aI.
1991). Peel tests per DVS 2225 can basically only differentiate
between ‘good* (meeting the requirements) and ‘poor’ seams,
however they can h used on construction sites and form part of
QC/QA. In peel tests, too, the weld area remains undisturbed
while the base material elongates at the seam edge. The
maximum tensile force is measured, from which yield stress can
be calculated. The weld area only peek if welding conditions
are far below the requirements of the Guidelines, based on
extensive practical experience. It is only this type of ‘poor’
seam which permits measurement of peel resistance.
What seam quality evaluation should (or must) be based on still
remains to be determined (IWNer and Lades-s 1995):
Seam edge break with an undisturbed weld area under
practice-relevant (long-term) tensile loading, or
failure of the weld area under long-term peel loading.
The general belief that peel forces do not occur in the field
during landt511construction and operation and are therefore
irrelevant in practice have lately been proved incorrect by the
discovesy of peeled seams in excavated geomembrane samples
(Peggs et al. 1994). Analytical considerations on seam performance in short-term peel tests have revealed that the stress
maximum in seam edge yield related to the yield stress in the
base material, known as the Film Tearing Bond (FTB per NSF
1993), fails to provide any information on seam quality. Its
evaluation must, therefore, be based on the failure, i.e. peel, of
the weld area @eggs 1996).
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3

EXPERIMENTS

3.1

Geomembranes

Two BAM certified geomembranes, based on ethylene-butene
copolymer (GM1 ) and ethylene-octene-copolymer (GM2) both
with a narrow moleeular mass distribution were used in the tests
(Table 1).

Table 1. Materials properties (in part, manufacturer’s

data)
GM

1

2

Density

[g/cm’]

0.942

0.943

MFI

[s/10 rein]

1.6

2.5

190/5 ‘

possible to concentrate the investigation on one speefic pm.
seam ( GM1 on part seam 1, GM2 on part seam 2 ). Weld
seam failure time was determined on at least six test specimens,
taken tiom diffemmtparts of the seam at at least 40em intervals.
Testing was carried out in mechanical advantage test set-ups
with horizontal load lever compensation in water at 80”C
containing 2°Aby mass surfactant and timeielongation recorded.
Following a 10 minute pre-loading period at 10VOof the main
load, the test load was applied automatically (test start).
Breaking with no deformation over the long term is not
representative of realistic conditions for seam peel so a test load
high enough to obtain relatively short failure times could be
chosen. A 4 N/mm linear load was chosen for GMI and 6
N/mm for GM2, which prevented yield in the seam edge and
ensured uniform seam failure due to a fast peel. The results
obtained exhibited a normal distribution. The arithmetic mean
of a minimum of 6 (maximum 18) measurement results was
used as the failure time.

MFR190121.61
190/5
~1~

9

9

4.8

3.4

Carbon black

[% by mass]

2.1

2.2

Yield stress

~hnrn’]

18

16,8

T= (DSCpeakmaxirnum)

~

c]

125

124

Thickness

[mm]

2.5

2.5

t Melt flow index at 190 “C under a 5 kg loading

3.2

Weld Seam Sample Preparation

Welding was prformed using a hot wedge welding machine of
a construction-site-tested me known world-wide.
Roller
pressure and speed were transferred mechanically to the two
part-seams by rollers above and below the geomembrane.
Welding parameters were recorded using a data acquisition
witi memoIY cards and evaluated using DOS software.
Two ‘open’ thermo-elements in the hot wedge (HIV) contact
areas to measure the interface temperature of the geomembrane emerging at the HW tip during test welding (not quite
correct!).
The lower limit of the gap difference between the rollers on
the left and right part-seams was 0,05 mm
Width of the part seams 15 mm; total length of a weld seam:
9rn, range of length applied lm to 8.5m selected from the
seam length range for which, according to the welding
records, the roller pressure was constant and equal to the
nominal value.
- Test specimens from the weld seam samples were sawned
across the seam and finally planed down on each side to a
width of 15 mm+ 0.05.
3.3

Long-term Peel Test

The investigation was aimed at finding the relationship of failure
time as a function of the welding parameters and not at
determining the absolute values of failure time. Preliminary
tests indicated that there was no significant difference in
parameter depmdency between the two part seams. Thus it was
338-1998

Sixth International

Conference

on Geosynthetics

4

RESULTS TO THE RELATIONSHIP BETWEEN
FAILURE TIME AND REDUCTION IN THICKNESS

Failure time was investigated in long-term peel tests on weld
seams which differed in the wmbination of their welding
parameters. Seam variants produced at
- hot wedge temperatures
- roller pressures
- welding speeds

TW
F

v

280; 35U 400 and 450”C
800; 1100 and 1400N
0.8; 1.5 and 2.5 rnlmin

were tested. In short-term peel tests per DVS 2225 all but one
seam yielded at the seam edge and thus they comply with the
requirements.
Seam strength measured as peel resistance always increases
with decreasing thickness until the minimum melt flow is
reached (Potente 1977). Beyond this (S = 0.1 - 0.2mm) the
seam peels no ti.rther and at this point yield stresses at tie seam
edge, which are of course independent of the reduction in
thickness and without exception lay on a high plateau, can be
measured. Because peel in the weld area and yield at the seam
edge are two completely different failure types the results are not
therefore suitable either fm establishing a definition of a welding
factor, or for including this in a closed relationship with the
welding parameters (Michel 1995).
seam strength measured as failure time reacts to every change
in process conditions. The reduction in thickness behaves in
parallel or inversely with failure time, i.e. the relationship is
undefined similar to the that with failure time in tensile shear
tests (Bielefeld 1991). For a meaningful relationship between
seam quality, measured as failure time in peel tests, and process
parameters to be formulated, the reduction in thickness alone is
not suitable. A new reference quantity is therefore needed.
With regard to butt welded seams, the so-called the ratio in
thickness reduction is used (Michel 1988).
When applied to hot wedge welding, the reduction in
thicknesss is, analytically speaking, the distance by which the
gap between the two rollers is reduced until the selected roller
pressure F reaches equilibrium with the flow resistance of the
molten material of the two sheets (Figure 1). Flow resistance
can be compared with normal stress o ~1when molten material

RATIO IN THICKNESS REDUCTION s / LO
USED TO OPTIMISATION OF THE WELDING
PROCESS

5.

THE

Reduction of the thickness w
with roller pressure F = flow resistance
Flow resistance = (normal stress 022)= f ( V, b)
Reduction in thickness
w= f(F, V,T)

Melt depth
La= f(T, V(tri))

theological
process conditions

While microscopic measurements are not appropriate to
measure the input molten layer Fourier’s equation for nonsteady heat conduction in the following derivation (Michel
1995) was applied to calculate melt depth Lo.

LO- 1.905(1 - ec)~~

thermal
process conditions

0=-

sll L
Ratio in thickness reduction

--#;

5
---

b

----

L*.J . . . . . . . . . . . . .

..CJ22
.......p~2

-----------021

---- -------------;sd2
--./- ... ............................ .

v

T=-TM
Tm-Tw

TC= crystalline melting point for HDPE (table 1); TOM= geomembrane tempera-,
TM= temperature at the hot wedge tip
@WP),depending on the selected speed and nominal value TW
(used as interface temperature); e, = temperature (dnensionless); tM= pre-head period, calculated for a 7cm effective HW
length, a.m = effective thermal conductivity, according to
(Potente 1977); 1.905= correction factor.
Failure time values measured in long-term peel tests and the
ratio fOof the yield stress from short-term peel tests to the yield
stress in the base material are plotted in Figure 2 as a fiction
of the ratio in thickness reduction.

Figure 1. Scheme to explain terms in the ratio in
thickness reduction

is exposed to a shear stress 021e.g. in a cone-plate-viscorneter.
It is perpendicular to the shear plane and equals force F,
required to prevent the cone and the plate tlom drifting apart,
i.e. to keep their distance constant. In equilibrium with roller
pressure F, flow resistance is a timction of speed V and melt
depth Lo.
The melt depth depends on tAe HW temperature and the preheat paid ~ i.e. on speed, too. It can be therefore considered
as the result of the thermal histo~ of the geomernbrane. The
melt depth predetermines not only the melt depth in the
geomernbrane, however, but also, simultaneously, the most
important initial geometric condition for the melt flow in the
seaming phase.
The ratio of the reduction in thickness to melt depth - the
ratio in thickness reductions/L.
- is then approximately the
ratio of the thickness of extruded to input melt under the above
equilibrium conditions in the seaming phase, i.e. a measure for
melt flow. Thus the ratio in thickness reduction ought to
represent a parameter for the combination of all the process
cxmditionsto which seam properties could be related. Whether
this is actually the case in a welding process, in which
rhecdogical and thermal conditions are determined by partly
freely chosen and partly dynamically adjusted parameters, will
be investigated following.
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Figure 2.Failure time tr in long-tam peel test and yield stress
ratio f. in short-term peel test as a fimctionof the ratio in
thickness reduction d
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Over almost the whole range of ~ / L. between Oand 1the yield
stressmtioexhibits a high plateau at f. =0.9, as is alreadywell
known(Michel1995). However the failure time obtained as an
averageof allvaluesxeachesa maximumat q / LO= 0.7 for both
resins. Compared to the shortest failure time measured the life
time was improvedby a factor of 5 to 10. For bun weld seams
a maximum was found at ~ / ~ = 0.75 (Michel 1988). This
agreement is surprising cmaidering the rather ditlkmnt seam
-tia
and processes involvedin the two welding methcds.
Sum the lociofmaximumof t he failure time coincide for weld
seams of both materials (GM1 and GM2), x /L. = 0.7 can be
cur-sided as an invruiableoptimizationvalue for HDPE, i.e. in
the range around this .#LO value (e.g. 0.5-0.9 in Figure 2) the
interactionof the selectedweldingparameters is optimum with
regardto the productionof the seams investigated.An analysis
of the dependencyof the failure time on each of the adjustable
parametm (T, V,F) aloneturned out not to be appropriate. For
the welding practice it is on the other hand of importance to
determine the optimumvalues for the adjustableparameters F
and V in order to keep thes / L.-value in the above optimum
range. Thus the dependencyof the failure times on V and F is
shown in figure 3 and 4 by assigningthe respective values for
V andF to eachof the data point of figure 2 (as in figure 2 each
data point is given by its failuretime and the corresponding
~ I LO-value.
Figure 3 shows the areas characterizedby the average seam
melt depth L. with failure times contained in them and placed

In Figure 4 it can be seen clearly that failure time attributedto
roller pressures F=800 and 1I00 N and velocities V=l.5 and

0.8m/min exhibits high values in the marked q / Lo range
between 0.5 and 0.9.
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It can be seen that seams with long failure time require melt
depths between 0.75mrn and 0.90mm, i.e. reaching the failure
time maximum depends decisively on the pre-heat conditions pre-heat period and temperature.
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Figure 4. Failure time tr as a function of the ratio in thickness
reduction st/L.: (a) with roller pressure F as a curve parameter,
(b) Withspeed V as a curve parameter

To formulate the optimum parameter combination in Table 2
temperature must be taken directly as a welding parameter,
because it does not represent an optimization variable.
Table 2. Optimum parameter combinations
GMqILOLOFVTw~
increase

1

2

[mm]

~

[m/
mini

~C]

0.5s

0.75

800

1.5

400

24-34

0.78

0.90

1100

0.8

350

24-32

0.50

0.75

800

1.5

400

286-430

0.75

0.90

1100

0.8

350

286-597

~]

The wider the ~/LO basis of tAemaxima attributed to the single
the easier the optimization. They can be then made
easily to coincide, thus the comespondmg parameter
combination can be determined by the same reduction in
thickness ratio. The results in Table 2 indicate that low to
medium roller pressure values and velocities result in the
m
MU *.
This does not exclude however that other
parameter combinations, in particular when they are graded
more closely than in this work may provide even better results.
Pre-requisite is however that the actual pre-heat conditions
ensure adjusting the reduction in thickness ratio. This is no
more the case at e.g. 2.5mh-nin(Figure 4b, GM], open triangle).
Here the pre-heat time is so short that the geomembrane cannot
be molten deep enough (Figure 3, LO= 0.5mm, open circle). An
‘optimum’ ratio in thickness reduction can then be achieved
though with an extremely high roller pressure, but the failure
time is only increased slightly (Figure 4a, 1400 N, GM1, open
triangle 1, 1600 N, GM2, rhombus). A calculative estimation
suggests that the effkctive HW length must be a minimum of
1lcm to achieve LO= 0.75mm at 2.5rnhnin.
On the other hand Figure 3 indicates clearly (GM2, solid
triangle I) that failure time also remains short at LO= 0.75mm
when roller pressure was too low (Figure 4a, F = 600 N, solid
triangle 1). In order to increase melt flow of ~ / L. = 0.1 with
regard to failure time optimization, either LOmust be increased
up to 0.9mm (solid triangle I in Figures 3 and 4a) or even
better F must be increased up to 800 or1100 N.

moltenkolid transition zone for butt weld seams (Egen 1985)
and also observed in peeled weld seams (Bielefeld 1991;
Gehde 1992). The question of whether or not this failure
criterion holds for weld seams of all parameter combinations
was investigated.
In Figure 5 e.g. failure time of annealed weld seams (2h and
120”C) is mrrtpared with the failure time of non-annealed weld
seams (GM1, Figure 4a). The annealing effkct depends on the
s /LO position and is maximum at high roller pres-sures.

Rr7r
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1

Figure 5. Failure time trof anmzded”(T) and non-annealed weld
seams of GM1 as a fimction of the ratio in thicknessreduction
sfL. with roller pmsure as a curve pammetcr
‘ 2h/120°c
The time plot of peeling measured as clamp distance against
time is uniform for all seam samples with high failure time
(Figure 6a). Scattering increases with decreasing failure time.
The steep increase becomes unsteady and is otkn charact~
by a step at the begiming (Figure 6b).

ADDITONAL REWS
ON THE RELATIONSHIP
BETWEEN SEAM PROPERTIES AND FAILURE
TIME

T35OIF11OOIVO.8
Lo = 0.92

The causes of the qualitydetermining properties of a weld seam
deviating from those of the base material are nearly always
attributed to the consequences of a thermo-theological
restructuring process. The positional variable secondary
crystallisation in the thermally effkcted zone (Kamenowa et al)
and the flow-induced crystallisation in the zone influenced by
shear (Kojima 1979; Aciemo et al. 1978) leave a
morphologically unhomogeneous seam area weakened by the
complex effect of flozen-in stresses (Ehrenstein 1979). Failure
was consistently predicted in the frbrillar shear structure in the

0,6

0.4

40

st /Lo=

mm;

0.75

%=597h
—peeling
------after

of the seam
brittle crack start:

peeling

or stretching

---------------------------------------

---------

0!

---1

1
(6a)

1998 Sixth International

10

100

1000

time [h]
Conference

on Geosynthetics

-341

T3501F8001V

40

2,5

LO=0.5m

m;sll

LO= 0.04

% = 26,7

h; peeling

of the seam

E
;

20

J,.
0
10
(6b)

100
time

1000

8a.Fracture surface of a GM] seam sample [16x]; @LO=0.69
F241L detail: transitionseam centre to side; weldingdirectionl

[h]

Figure 6. Distance between the clamps Ein the peel test as a function
of time: (a) GM2 seam samples of high failure time trand high melt
depth I..+(b) GM2 seam samples of low trand small h
Simple microscopic illustration of the ffacture interfaces of
peeled seams shows that there are inhomogeneities there which
Srehmcteml “ “cof some parameter combinations (Figures 8ad). The reds illustratedhere excmplatorily provide indications
fm seam quality,which is explained in a summarised way using
the scheme in Figure 7.
View

in the seaming

plane

8b Fracture surface of a GM1 seam sample [1OX];~0=0.04
t~6 h; VI I; detail: seam centre vortexing and lacking in

molten material; welding direction -

%. Fracture surfkccof a GMI seam sample [6.5x]; #LO=O.17
t~3. 5 h; F TI; detail: seam centre containing no molten
material; welding direction I

Figure 7. Melt flow in the weld area (schematic)
In the final phase of the welding process orientations left
behind by melt flow in the loading plane tleeze quickly.
Considering the melt flow illustrated schematically by arrows it

becomes clear that the more the (bright) transitional area is
affected by the relative movement of the (dark) molten mass
towards the seam edge, the more widespread the development
of fibrillar shear structures. At high roller pressure and a low
temperature orientation spreads as far as into the bead (a in
Figure 7) which is then often split at the end of the peel process
in the centre (Figure 8d).
342-1998 Sixth International Conference on Geosynthetics

8d. Bead near test channel of a GMI seam sample [6.5x];
s,/LO=0.56;~8.6 h, T 11; F 1f; detail: splitting and adhesion
rupture due to extensive orientation, welding direction >

Because of the heat content transported to the seam edge by the
molten material a relaxation back into the spherulitic structure
and regaining of strength isotropy can be expected (bin Figure
7).
This is not only of special importance in seams with small melt
depth L. where it may explain the step in plots of Figure 6a. It
could also explain that seams with tilcient high heat content
(LO l;T I;V I )aflerbnttle groove cracking intherootofthe
bead notch tie peel fhmt runs tlequently into the geomembranes
material or the material of the residual cross section exhibits
yielding (Figure 6b), i.e. the behavior of the weld area in the
pzl test becomes similar to that of the geomembranes material
due to the more extensive annealing afler welding.
At high velocity, vortexing occur in the molten mass (c in
Figure 8, Figure 7b), as has already been suggested as elastic
turbulemx for extreme flow conditions in butt weld seams [20].
In all three cases the molten mass maybe displaced from the
centre of the seam (Figure 7c). On peeling only adhesion
ruptures can be then observed in the centre of the seam between
two each other close adjacent interfaces.
The farther the ratio in thickness reduction from the position
of the ftiure time maximum, the greater the extent of structural
and tkrrnal inhomogeneity. Correspondingly, seams with long
failure times peel evenly and leave bright fracture interfaces,
finely structured probably by crazing (Figure 7a). With
decreasing failure time mixed failure increasingly prevails,
consisting of extensive yielding of more or less flat, spliced
ribbons and adhesion mptures in plane areas which exhibit a
large number of faults and a shortage of molten material due to
vortexing ancihx high orientation. In such cases seams fail both
in and near the weld plane.

7

SUMMARY

AND

CONCLUSIONS

Hot wedge weld seams in long-term peel tests always fail due to
peel in the weld area. Failure time and access to the open seam
ensure an assessment of seam quality.
The absolute values of failure time depend closely on the
geomembrane’s material. They are between one and 40 hours
at 80 ‘C in water with 2°/0surfactant (GM 1, 4Nhnrn), however
they may reach in spite of high loads even several hundred hours
(GM2, 6N/mm). The relationship between failure time and
welding parameters can be illusbated convincingly by using the
ratio of the experimentally obtained reduction in thickness ~ to
the calculated melt depth L. of the geomembrane, i.e. the ratio
in thickness reduction ~ IL. as a reference figure. The ~ J L.
locus of failure time maxima with the parameters melt depth,
roller pressure and speed may serve to optimize welding
conditions and process-relevant seam quality assessment. It can
also be used to recognize the limitations of hot wedge welding,
such as
principal limitations: the pre-heat conditions cannot be
fl-eelychosen but must be adjusted to the welding speed and
practical limitations for the actual material and the welding
machine used.
For seam quality standard q I LO= 0.7 can be used which has
been experimentally established as an invariant optimization
quantity for HDPE. Parameter combinations near this value, i.e.
falling in tie range 0.5 to 0.9, are supposed to provide only

seams of good quality. Whether or not this finding holds under
construction site conditions, it will be investigated in the
!iXure.
Failure time and failure perform-mu depend closely on the
~ and extent of melt flow. Peel performance and annealing
in seams suggest the consequences of rheologic phenomena,
such as frozen-in orientation and melt vortexing in the seam
centre and the displacement of molten material horn the seam
centre. The farther the ~ /LO value from the optimum range
0.5-0.9, the stronger these phenomena.
A structural and thermal inhomogeneity over the seam width
indicates that in such cases the seam strength also ditfers
widely. It is, as a rule, higher in the lateral segments of the
weld area into which molten material flows, thus making heat
available to reduce orientation by relaxation.
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ABSTRACT: Bituminous geomembranes have been tested with hand-held ultrasonic equipment for twenty years. Colas has
developed a mechanised seam tester for seam widths of up to 20cm, offering greater precision, reliability and speed. R
consists of a 20cm-wide horizontal cylinder in which 24 ultrasound pick-ups bathe in a liquid medium. The rubber
membrane conforms to irregular surfaces and is constantly wetted to provide intimate contact with the geomembrane. A
VDU displays the data. Testing proceeds at a rate of 100 metres of seam per hour, compared with 50-80m per day with
manual apparatus. The machine will work equally well on sloping linings. Readings are made every millimetre as the it
progresses. Flaw detection resolution is 5mm2 but the software only registers flaws larger than 1.5 cm2.
KEYWORDS:
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Seams, Testing, Geomembranes,

COLETANCHE@ REINFORCED BITUMINOUS
GEOMEMBRANE

geomembrane
is
Coletanche
reinforced
bituminous
manufactured in 4m-wide rolls and consists basically of a
needle-punched
infinite
polyester
fibre
geotextile
impregnated
with
R1 00/40
blown
bitumen
or a
bitumen/elastomer
mix. Thickness ranges from 3 .3mm to
5.6mm.
The geomembrane
therefore
meets
French
Standard NFP 84500, which requires that a geomembrane
must be more than lmm thick and more than 1.5m wide
with a permeability
coefficient expressed as the flow
passing through it of less than 10-i m3/mz per day. The rolls
are unwound on site with a 20cm overlap for the hot air
seam.
The permeability coefficient of this geomembrane is very
low over the whole width (the Darcy K coefficient is less
than 10-13m/s) but when assessing
overall
in-place
watertightness, one must consider any damage sustained by
the geomembrane as it is laid, and seam quality. Since the
bituminous
geomembrane
is thick and reinforced,
it
displays excellent resistance to puncturing by the granular
covering material frequently applied as protection. It is also
robust in terms of chance damage during the laying
process, such as puncturing by a stone wedged in the sole
of a workman’s boot, a frequent source of damage to
thinner membranes’.
This means that it is very often
sufficient simply to test seams to ensure that the whole
waterproofing system meets the specification.
Seam testing is also relevant to PVC, HDPE, EPDM and
other types of geomembranes although not for geosynthetic
clay liners which are not geomembranes
under the NFP

Quality Control.

84500 definition because they cannot be welded together.
Geomembrane
seam testing methods include the electric
comb, double weld with central channel, and vacuum and
ultrasound apparatus. The last-mentioned
method yields
what can be considered an X-ray image of the seam,
immediately identifying flaws that need repairing.

2

MANUAL ULTRASOUND

TESTING

Bituminous geomembrane seams have been tested for the
last twenty years with hand-held ultrasound apparatus3
working
in the 1-3 MHz frequency
band. Figure 1
illustrates the return echoes that are picked up and
displayed on the oscilloscope when there is no discontinuity
in the ultrasonic waves crossing the seam between the
emitter and receiver. Figure 2 shows the echo pattern when
the seam is flawed.

3

AUTOMATED

3.1.

Test Machine

ULTRASOUND

TESTING

The CAC 94 automatic machine was designed in 1994 for
automatic testing of seams widths up to 20cm. It weighs
200kg and has two steering wheels and two drive wheels. It
tows a horizontal rubber cylinder, 21 cm wide, filled with a
conducting liquid, and contains 24 ultrasound pick-ups, set
back 1cm from the cylinder wall so that they are unaffected
as the rubber deforms when traveling
over irregular
surfaces. A spray bar meters a wetting agent ensuring
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continuity between the ultrasound gear and the test seam.
The positions of the flaws detected are marked on the
membrane. The machine also carries a computer with
liquid crystal screen.
TRANSDUCER

B: Wetting agentitop membrane interfzice
C: Top membrane/bottom membrane interface
D: Bottom membrane/underIying
soil interface.
Figure 3 shows the echo received from a sound seam.
while figure 4 is the echo from a flaw at interface C. Figure
5 shows the display when no wetting agent is used.
Readings are made every millimetre as the machine moves
along the seam. Each transducer sweeps a strip parallel to
the direction of travel. Each strip is subdivided into virtual
rectangles for ease of processing and recording. This
produces a grid map, with each rectangle measuring 9mm
x 5mrn approx. Adjacent flaws must aggregate more than
1.5 cmz in size, otherwise they are ignored by the software.

Hot Seam

4

kure

1.

No Flaw

This machine progresses at a rate of 100m per hour. as
compared with 50-80m per day with hand-held apparatus.

VALIDATION

PROCEDURE

The machine was validated by comparing the results from
manual and automatic testing of a seam 1.5m long and
20cm wide into which 0.2mm-thick brass inserts of various
shapes had been placed. The inserts produce the same
signature as an air bubble of the same area. The inserts
ranged in size from 50 cm2 to 1.5 cmz and were scattered
in random fashion in the seam.
It was found that the map produced by the automatic
machine resembled a radiographic
image whereas the
manual procedure aggregated multiple adjacent flaws into
a single flaw, and sometimes failed to detect flaws that
were known to exist (Table 1, figure 6).
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✎✚✎
✌✌
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✎✎✌✌✎✎✎✌
❑
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5

PRACTICAL APPLICATIONS

5.1

Preparation

Before use on site, transducer response is checked by using

a standard

JL__L_
El

m

la

5,2

~ieure 2. One Flaw

plate of constant thickness

and acoustic

impedance. The machine is then calibrated on a single
thickness of the geomembrane as delivered to site in order
to check that transducer response always indicates a flawed
seam.

Examples of Field Use

Figures 3, -1and 5 show the interfaces encountered by the

The machine has been used both on the flat and on sloping
linings such as at the Strasbourg municipal solid waste
incinerator bottom ash stabilizing yard in 1996. At the
38m-high Ortolo rocldll dam in Corsica with bituminous
geomembrane upstream facing sloping 1 vertical for 1.7

ultrasound waves:
A: Transducer/conducting

horizontal, the machine was winched up from the toe to the
dam crest; seams were 70m long.

3.2
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H’ bladder

Liquid

\

u

J“”ngagen’

Figure 3: NO FLAW

Fgure 4: ONE

Figure 4:

FLAW

NO WETTING AGENT

In all. field tests have revealed seam flaws needing repair
amount 1.01-2 O/OQ
of total seam footage.

6

CONCLUSIONS

Seam quality control using the CAC meehanised seam
tester is now standard practice. The stated goals of
precision, reliability and rapidity have been achieved. It
would appear that this test has led to an improvement in
seaming quality.
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Table 1. Comparison of Manual and Mechanised Testing of Geomembrane Seam with Brass Inserts - Seam Wdith 20cm,
Length l,5m
Insert
Area
(cm’)
1.5
1.5
2.0
10.0
10.0
1.5
1.5
1.5
1.5
2.0
1.5
2.0
2.0
2.0
2.0
6.0
1.5

Area from
Manual Test

(cl

3.0

2.5

0.0

0.0

10.5

9.6

0.0

1.9

32,5

28.3

54.0

1.5

1.5

1.5

1.5

1.5

3.0

7.5

5.3

5.0

13.0

9.0

4.0

12.5

8,3

1.5

2.3

1,9

2.0

0.0

1.0

1.5

1.5

1.5

1.5

1.0

1.3

0.0

0.0

0.0

0.0

2.0

1.0

1.5
1.5
2.0
0.0
8.8
3.8

1.5

1.5

1.5

1.5

— . ..

..

Figure 6. Map generated
1.5m, scam width 20cm

Mean
(cm’)

Area from CAC 94 Automatic Machine

2.6
2.6
2.2
11.0
8.7
1.7
0.0
2.6
1.3
1.7
0.0
1.7
2.2
1.7
1.7
6.1
2.2

1.5

24.0

50.0
-—

2,

Mean
(cm’)

2.6
2.6
1.7
13.0
13.0
2.6
0.0
2.6
2.2
2.6
0.0
2.6
1.7
1.7
2.6
5.6
2.2

3.0
3.0
1.7
12.0
8.2
2.6
0.0

50.0

2.6

1.7

2.6

2.5

1.3

3.0

1.3

2.3

1.7

3.0

2.6

2.2

12.0

13.0

13.0

12.3
9.2

7.8

8.2

9.1

2.2

2.2

2.2

2.3

0.0

0,0

0.0

0.0

1.7

2.2

1.7

2.6

2.2

1.7

2.2

1.3

2.2

1.8

2.6

1.7

1.7

3.0

2.2

0.0

0.0

1.7

1.7

0.6

3.9

2.6

1.7

1.7

2.4

3.5

1.3

1.7

2.6

2.2

2.2

1.7

1.7

2.2
1,9

3.5

2.2

2.2

3.0

2.5

8.2

5.2

8.7

5.6

6.6

2.2

1.3

2.2

1.3

1.9

57.0

50.0

55.0

58.0

54.0

Insert
(see
map)
A
B
c
D
E
F
G
H
I
J
K
L
M
N
o

:

R

... .....

by CAC 94 machine

in validation

test with insert identification

(see Table). Seam length
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Evaluating the Stress Crack Resistance of HDPE Seams
R.W. Thomas
Vice President and Technical Director, TRI/Environmental, Inc., Austin, Texas, USA
ABSTRACT: Forty three (43) field seams were collected over the constmction seasons of 1995 and 1996 in the United States.
The seams were made from sheet supplied by at least 4 different manufacturers, were both smooth and textured, and included
fision and extrusion welds. The seams also ranged in thickness from 1 to 2 mm and were made by at least 5 different types of
welding machines. The stress crack resistance of these seams was determined by a constant load test at 80°C. Results showed
that 30~0 of the seams failed in less than 100 hours and that extrusion seams were more susceptible to crack formation than
fusion seams. The main failure modes for the seams were also determined. Fusion seams broke primarily through the top sheet
at the root of the squeeze-out bead. Extmsion seams showed five different failure modes but the most prevalent one was a crack
directly through the extruded bead. This mode of failure raises important questions about the stress crack resistance of the
welding rod used to make extrusion seams.
KEYWORDS: HDPE, Geomembranes, Laboratory Tests, Stress Cracking, Seams
1

INTRODUCTION

The phenomenon of slow crack growth (stress cracking) in
HDPE geomembranes has been studied for over ten years and
is still not well understood. Certain resin characteristics like
density, molecular weight molecular weight distribution and
co-monomer type and distribution are believed to affect stress
crack resistance, but it is not known exactly how. Therefore,
this is one property of HDPE that needs to be continually
monitored for quality assurance and to minimize the potential
for field fractures. The main way to evaluate a materials
stress crack resistance is with ASTM D5397, “Evaluation of
Stress Crack Resistance of Polyolefin Geomembranes Using
Notched Constant Tensile Load Test”. This test is one of the
best tools available for evaluating the stress crack resistance
of smooth geomembranes and its development has directly
led to improved resins and a reduction in the numbers of
stress cracks that have occurred in the field.
The test has several limitations, however. First, it has
limited use as a QC/QA tool because it is a relatively long
test. The most common performance requirement for an
acceptable geomembrane is a failure time greater than 200
hours under a load of 30’?4.of the yield strength when tested
by the appendix to D5397. This is over eight days which is
too long for a QC/QA test. One way to accelerate the testis
by increasing the temperature (Hsuan 1995, Thomas 1997).
Secondly, this test cannot be performed on textured
geomembranes or seams. Tests on textured sheet are
important because the texturing processes create flaws in the
surface of the sheet and it is important to know if these flaws
can lead to stress cracks. Tests on seams are important
because historically, nearly all of the stress cracks found in
the field started at a seam.
A modification of ASTM D5397 was developed several
years ago in Germany by workers at a Federal Institute called
Bundesanstalt fUr Materialforschung and prtifung, or BAM
(Miiller 1992). This test was subsequently used in the USA to

study stress cracking of textured geomembranes (Thomas
1993), and different types of seams (Thomas 1993, 1994,
1995). The test has been called the BAM test, and is a
constant load stress crack test that is run at a higher
temperature (80”C vs. 50”C), uses a specimen with more
surface area (1 O cm2 vs 0.5 cd ) and does not involve a
notch.
The purpose of this study was to use the BAM test to study
the stress crack resistance of selected HDPE seams installed
in the USA during the constmction seasons of 1995 and 1996.

2

EXPERIMENTAL PROCEDURES

2.1

Seam Samples

Forty three (43) seam samples were collected from sites all
over the USA. It is believed that they are a fairly good
representation of the types of seams being made. Specific
information is not known about all of the seams, except for
the site they were from. However, it is known that they
included sheet made flom at least 4 different manufacturers
and the seams were made by at least 5 different brands of
welders. Otherwise, the exact resin, sheet manufacturer,
installer, and welding machine were not known. All of the
seams studied passed destructive peel and shear tests.
Thirty eight (38) seams were made from 1.5 mm (0.06 in)
sheet, two were made from 1.0 mm (0.04 in) sheet, and three
were made from 2.0 mm (0.08 in) sheet.
The seams were divided into four main classes. They were
textured/fision,
smootldextrusion, and
smooth/fision,
textured/extrusion. Seams joining smooth sheet to textured
sheet were considered to be textured seams. The numbers of
each type are given in Table 1. An attempt was made to keep
a balanced sample set, but this was not possible. It was more
diftlcult to obtain extrusion seams because they are tested less
frequently than fusion seams.
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Table 1. Types of field seams evaluated.

Table 2. Summary of average failure times (43 samples).

Seam Type

Failure
Tirne(hrs)

Number of Samples

Textured
Fusion

Smooth
Extrusion

Textured
Extrusion

3 (20VO) 3 (27%)

5 (7 1%)

2 (20%)

100-200

1 (7%)

2 (18%)

1 (14Yo)

4 (40%)

200-300

3 (20%)

o (0?40)

o (Ovo)

2 (20’%0)

>300

8 (53%)

6 (55Yo)

1 (14?40)

2 (20’XO)

15

Smooth/Fusion

<100”

Textured/Fusion

11

Smooth/Extrusion

7

Textured/Extrusion

10

2.2

Smooth
Fusion

The BAM Stress Crack Test

The test specimens were rectangular bars, cut with a die and
of the dimensions 1.25 cm x 15.2 cm (0.5 in x 6.0 in). They
were mounted in modular lever arm devices, each capable of
holding 5 specimens. The stress crack solution was 5%
Igepal CA-720 in DI water, the test temperature was 80 +
1“C, and the applied stress was 4.0 MPa (580 psi).
The test was run by fwst mounting five replicate specimens
in shear into a test device. This means that the top sheet was
placed in one clamp and the bottom sheet on the other end of

the seam placed in the other clamp. Then, the device was
mounted onto the side of a constant temperature bath
containing the stress crack solution. After about five minutes,
the loads were applied to the lever arms and the timers on the
devices set to zero. Placing the load on the specimens within
five minutes is believed to allow them to become loaded more
gradually, since they had not yet reached the test temperature.
As each specimen failed, it tripped a switch causing the timer
to stop. If no specimens failed within a specified time, the
experiment was terminated.

3

RESULTS AND DISCUSSION

3.1

Failure Times

In nearly all cases, the average reported is the result of five
test specimens. In two cases, specimens slipped from the
grips, so the remaining 3 or 4 failed specimens were
averaged. The average failure times of the 43 seams ranged
from 17 to over 500 hours. Since the main focus of this paper
was on fast failure times it was decided afier a few months to
terminate the tests once they reached 300 hours. The
variability in the average failure times was relatively constant
among the different sample types. A summary of the results
in terms of failure time ranges is shown in Table 2.
These results clearly show that extrusion seams are more
susceptible to cracking than fhsion seams. Most of the fision
seams lasted over 300 hours while only a few of the extrusion
seams did. Also, most of the extrusion seams failed in less
than 200 hours, with 41V0 failing in less than 100 hours.
Overall, 13 of 43, or 30°A of the seams tested failed in less
than 100 hours. Eight of the 13 failed in 50 hours or less.
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Two important questions that need to be addressed are:
1. Why do some seams fail more quickly than others?, and
2. How good is good enough?
The first question is related to a number of factors which
affect the stress crack resistance of the seams. First, the stress
crack resistance of the base sheet is an important
consideration. The generally accepted minimum value for a
geomembrane is 200 hrs, when tested by the Appendix to
ASTM D5397. Most of the resins on the US market today
have average stress crack values from 500 to 1000 hours.
There are also a couple of resins that can easily exceed 2000
hours in this test. It has been shown that seams made from
great resins will be less susceptible to stress cracks than seams
made ffom average resins (Thomas 1995).
A second factor which affects the stress crack resistance of
the seams is the welding process itself, During seaming,
events can occur which may affect stress crack resistance. It
has already been shown that the geome~ of the hot wedge
and drive wheels is an important factor (Thomas 1995).
Additionally, the wedge temperature, drive roller pressure,
and welding speed are important variables. During extrusion
seaming, the surface of the sheet is ground and preheated
before the extrusion bead is put in place. Over-grinding can
leave stress crack initiation sites in the joint, as can
overheating. The quality of the welding rod is another
variable. It may or may not be made from the same resin as
the sheet. And, even if it is, its stress crack resistance can be
compromised by high temperatures or long dwell times in the
extrusion gun.
A belief held by the author is that, in general, one can
hardly do anything to hurt an excellent resin, but average
resins can produce seams that might be considered
unacceptable. Again, it is important to decide what level of
performance is desired. Obviously, a seam that lasts 200
hours in this test is better than one that lasts 100 hours, but
how does one know that a 100 hour seam is not acceptable?
The answer to this question is important because even
though seam samples can fail in an accelerated test does not
mean the seams will fail in the field. On the other hand, it
would seem prudent to expect some minimum performance
to fi.nther reduce the potential for field failures. Fast failure
times might also be indicative of correctable quality problems
in the seams.

One way to consider how long a seam should last is by

comparing seam results with results from ASTM D5397
performed at 80”C (Thomas 1997). Results from that study
showed that the test is accelerated by at least 8 times when
run at 80°C and a load of 20°/0 of the yield stress. That
means that 200 hours in the notched test at 50”C is about
equal to 25 hours in the test at 80°C. Obviously, if a seam
breaks as quickly as a notched sample, the seam would
essentially be like a defect equivalent to a razor blade cut to
a depth of 20% of the thickness of the sheet. So, one would
expect a seam sample to last much longer than a sample with
a notch in it. Therefore, a seam requirement of 100 hours in
the BAM test would suggest that the seam was 4 times more
resistant than the minimum required notched sheet stress
crack resistance. The stress crack resistance of the seam is
definitely a result of both the stress crack resistance of the
sheet and the amount of stress placed into the seam during the
seaming process (Thomas 1995). That means that the 100
hours minimum time could be reached by a good resin with
a significant amount of internal stress in the seam, or a
minimally acceptable sheet made into a seam with very little
internal stress. Either way, 100 hours seems to be a
reasonable and obtainable value.
3.2

The total number of specimens available for failure mode
analysis was 42 even though there should have been 60 since
12 fusion samples with 5 replicates failed in less than 300
hours. However, three sets of seams tested early in the study
were discarded and three individual specimens slipped from
the grips.
There were five different failure modes observed for
extrusion seams. They were: 1) failure through the extrusion
bead, 2) failure through the top sheet under the extruded bead,
3) failure through the top sheet at the edge of the extruded
bead, 4) failure through the bottom sheet under the bead, and
5) failure through the bottom sheet at the edge of the extruded
bead.
The distribution of these failure modes through the samples
tested is shown in Table 4.
Table 4. Extrusion seam failure modes (70 sDecimensl
Failure Mode

Number (% of Total)

Through the extrudate

43 (61’Yo)

Top sheet under bead

4 (6’Yo)

Top sheet at edge of bead

3 (4%)

Failure Modes

The modes of failures for all of the specimens that broke were
examined independently from the failure times. The failure
times are greatly influenced by the resin, but the locus of
failure can provide valuable information about the “weak
lw’ in the seam. The crack will start at some location under
stress that contains a flaw.
There were three different failure modes associated with
double track fusion seams. They were: 1) a crack in the top
sheet at the base of the squeeze-out bead, 2) the same location
in the bottom sheet, and 3) a crack forming in the sheet away
fi-omthe weld. Only one sample cracked in the sheet. It was
a textured sheet seam and the fact that it failed in the sheet
suggested that the sheet itself was more susceptible to cracks
than the seam. The crack appeared to start at a thin spot in
The distribution of the failures modes
the geomembrane.
found in the fhsion seams is shown in Table 3. It is clear
ti-om these results that most of the fhsion seams tested failed
in the top sheet. This was true for both smooth and textured
seams.

Table 3. Fusion seam failure modes (42 specimens).
Failure Mode

Number (% of Total)

Top sheet at squeeze out

27 (64%)

Bottom sheet at squeeze out

10 (24’?ko)

In the sheet

5 (12VO)

Bottom sheet under bead

12 (17VO)

Bottom sheet at edge of bead

8(11’%0)

The most common and surprising failure mode was directly
through the extruded bead. This occurred over 60’%of the
time and was more common in smooth seams than textured
seams (80°A vs. 480A). The most surprising fact about this
failure mode was the length of some of the cracks. There
were beads that were over 7.6 mm (0.3 in) tall. This failure
mode suggests that the stress crack resistance of the welding
rod itself needs to be considered. It is possible that either a
different resin is being used to make the rod, or the rod is
somehow damaged during the extrusion process.
Failures through the top sheet either under the bead or at
the edge of the bead were relatively rare. There were only 7
specimens that failed this way and 6 of them were textured.
Failures in the bottom sheet either under the bead or at the
edge of the bead were the second most common modes. Most
of these were found in textured sheet ( 15 vs. 5). In fact, there
were no failures in smooth sheet that occurred at the edge of
the bead, they all failed at a location under the bead. Close
examination of one of the samples that failed under the bead
showed that the cracks grew from grinder marks that had not
been remelted during the extrusion process.
The failures at the edge of the extrusion bead in textured
sheet may have been a result of sheet thinning in that area. It
is reasonable to assume that if the sheet thins, it would have
a higher stress causing cracks to grow there more quickly.
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Of the failures cataloged above, the ones that failed in less
than 100 hours are examined again in Table 5. These results
give an indication why the seams failed so quickly.
Table 5. Failure modes of 13 seams failing in <100 hours.

Seam Type

Failure Mode

Sm./Fusion (3)

100% - top sheet at squeeze out

Tex./Fusion

66% - top sheet at squeeze out
33% - in the sheet

(3)

Sm./Extrusion

(5)

Tex./Extrusion (2)

100’%.- through the extrudate
50% - bottom sheet under bead
50% - bottom sheet edge of bead

Close examination of these 13 seams shows that causes of
early failures can be found in most cases. The smoothhsion
seams all failed by a crack in the top sheet at the base of the
squeeze out bead. It was discovered that one failed because
of a bad resin. The failure time of the sheet by the notched
stress crack test was 65 hours, which is much less than the
The other two appeared to be
required 200 hours.
overheated. One was a 1.0 mm (0.04 in) seam that had large
ripples throughout the seam. The other was a 1.5 mm (0.06
in) seam that had been distorted to the point that the crosssection of the seam was shaped like a stretched out letter Z.
Two of the textured/fision seams failed in the top sheet at
the root of the squeeze out and the other failed in the sheet.
The seams looked acceptable, but it was possible that there
were thin spots at the edges. The seam that failed in the sheet
was made fi-oma textured sheet that appeared to have many
thin spots. It also failed quickly (51 + 4 hours), which
indicates that the stress crack resistance of the textured sheet
itself should be considered.
All of the smooth/extrusion seams failed through the
extruded bead. This mode of failure proves that the stress
crack resistance of the welding rod needs to be controlled.
All of these seams would probably have surpassed 100 hours
with a higher quality welding rod.
The textured/extrusion seams all failed in the bottom sheet,
with half cracking at the edge of the bead and half cracking
under the bead. It appeared as if sheet thinning was the cause
of the failures at the edge and overheating caused cracks
under the bead. The sample that cracked under the bead
showed puckering underneath the bottom sheet.
This brief analysis suggested that the seams that failed in
less than 100 hours all had some type of quality defect. This
supports the selection of 100 hours as a minimum acceptable
failure time, It is strongly believed that all of these times can
be easily improved by learning more about the relationship
between the seaming process and the stress crack resistance
of the resulting seams.
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SUMMARY AND CONCLUSIONS

This paper presented results of stress crack tests performed
on 43 field seams made in the USA during the construction
seasons of 1995 and 1996. The failure times and the
different failure modes were reported. The results obtained
lead to the following conclusions.
1. Extrusion seams are more likely to fail by stress cracking
than fusion seams. This is extremely important when one
considers the appropriateness of cutting holes in fision
seams to test them and repairing the resulting hole with an
extrusion seam.
2. The main failure mode for extrusion seams was a crack
through the extruded bead. This means that the stress
crack resistance of the welding rod is a new and important
consideration.
3. Seams that failed in less than 100 hours likely had quality
defects that can be corrected.
4. The BAM test has proven to be a very effective tool for
evaluating the quality of seams. More work is required to
discover why seams break quickly and how to make
seams that survive longer in this test. Longer times in the
BAM test will certainly improve the reliability of a
geomembrane over its service lifetime.
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1

INTRODUCTION

Geomembranes have been used ahnost all over the world
for about three decades. During these years the variability
of applications of geomembranes has been constantly
increasing.
Nowadays,
the environment
in which
geomembranes
are used is very different from an
application the another.
Among all the problems encountered by engineers and
scientists in this context of technological diversity, the
question of durability is one of the most important in terms
of engineering and scientific complexity.
The problem of geomembrane durability has been
addressed by researchers like Haxo (1989) and Koemer
(1990). Their pioneering work, besides setting the bases for
future research, enabled considerable enhancements in
material developpement and engineering practice. But not
all has been done! To the simple question “how long will
this particular geomembrane perform in this particukir
case of application’?”, no simple answer can be found, and
moreover, no widely accepted method can be found to
answer it. Most of the time, and particularly when
environmental issues are at stake, the answer is cxucial.
The lack of a ready-made method to evaluate the
durability of geomembranes is mainly due to the fact that
in many cases, physical, chemical and biological stresses of
the geomembrane and their effects on the material are not
very well known. This, in turn, is due to the lack of
measurements, either of the stresses themselves or of their
separate aging efftis on the geomembrane geomembranes.
An objective of the study presented herein is to set up

the bases of a method to accelerate the aging of by
increasing the value of pertinent individual form of stresses.
Our final goal is to predict the durability of geomembranes
under given conditions.
The research program involved four ikench
laboratories:
(Agricultural
and
CEMAGREF
Environmental Engineering Research Institute), INERIS
(National Institute for Industrial Environment and Risks)
and LIRIGM (Research Laboratory on Geology and
Mechanics,
Grenoble
University),
LRPC
(Regional
Research Laboratory of Civil Engineering of Lyon), under
financial support fkom ADEME (National Agency for
Environmental Protection and Energy Saving).

2

AGING OF GEOMEMBMNES:

THEORETICAL

FRAMEwoRK.

2.1

Definitions

The following definitions and theoretical framework to
aging studies are based on welkstablished
methods in the
field of polymer aging (Verdw 1984). These methods have
been validated and successfidly applied in such domains as
automobile, electronic equipment, pipes, etc...
Aging is defined as a slow and irreversible evolution of
materiaJ properties under environmental stresses.
Durability should not be amfused with aging. It is the
ability of a material or a structure to withstand aging in
such a way that its properties remain in the limits of
acceptability for a given use.
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The service life of a material or a structure is the time
during which its properties
remain in the limits of
acceptability
for a given use. Irs order to estimate the
service life of a geomembrane, it is not only necessary to
predict its aging but to define the limits of acceptability of
its properties.
Natural aging is defined as aging under condition in use.
Artificial aging is defined as aging in a specific,
controled device, either in to the laboratory or on site. The
quality of artificial aging depends on its closeness to natural
aging.
Artificially accelerated aging is defined as accelerated
aging by the means of artificial conditions.
Aging
mechanisms are supposed to be similar to those occuring in
field ccmdition but in an accelerated way.
Aging environment is a set of external factors likely to
influence aging of a material or a structure.
It has to be underlined that aging depends on numerous
environmental parameters: some parameters can be isolated
and others are interacting.
The typical example to illustrate this lack of data
concerns the long-term behavior of geomembranes used in
landfill barriers. The physico-chemical
environment
to
which a geomembrane is exposed at a landfill bottom is
generally reducing and light-free. These conditions are
thought to be favorable
to geomembrane
durability,
because polymers are usually affected by photo-oxidation
aging processes which can reasonably be neglected here.
On the other hand, the leachate in which the geomembrane
is continuously immersed is a complex aqueous solution of
low concentration chemicals which have a potentially longterm deteriorating
effect on geomembranes,
especially
when combined with mechanical stress and temperature.
This already complex situation is fiut.hermore complicated
by the extreme difficulty
of in situ observations :

solicitation measurements are very scarce and sample
collection and analysis is impossible most of the time. It is
therefcme necessary to develop tests in which aging
mechanisms are similar to those occuring in field
condit~ons but in an accelerated way.
The effect of interacting chemical and mechanical
stresses can be illustrated by the now famous example of
stress cracking of High density polyethylene (HDPE)
(Hsuan et al., 1993) fiu-ther developed in part 3 of the
present article.

3

ACCELERATED AGING: TESTS AND RESULTS

Results presented herein concern HDPE geomembrane 2
mm thick and flexible polypropylene (FPP) geomembranes.
The main reason for this presentation is that full results and
interpretations are available on the HDPE material and that
FPP is quite new.
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Chemical, thermal and mechanical aging conditions have
been selected on the base of literature. Different
geomembrane types have all been immersed in the same
immersion medium at 23 and 60 ‘C, under constant uniaxial
tensile strain (5’%0for HDPE and 10°A for FPP). The
synthetic immersion medium (SIM, presented in table 1) is
an aqueous solution of selected active chemicals, considered
as a collection of aging-triggering agents. The SIM is
designed to age the geomembranes without modifying
natural aging mechanisms, each solvent representing a
chemical family, known to be interacting with
geomembrrmes.

Table 1. Initial SIM composition
Com~ound

Concentration

Cyclohexanone
Phenol
Perchlorethylene
Xylene
Heptane
Surfactant
pH

30 gfl
3 gll
0.1 g/1
0.1 gfl
0.1 gJl

10 gll
2

Samples are regularly taken out from the tanks (every 2
months with a maximum immersion time of 8 months).
Samples are then weighted (before and after drying at 60”C
(or 30°C for samples immersed at 23”C) during 48 hours)
and tested using analytical and mechanical methods.
3.1.

Results On HDPE Samples

Physico chemical analysis was presented in “Accelerated
aging tests for geomembranes used in landfills”
(Maisonneuve et al.,1997). As it is thought that aging first
affects the surface of geomembrane, such analysis cannot
detect changes at the surface of the material because the
polymer is melting due to the high temperature during
analysis. Surface analyses would be more appropriate. More
thorough experiments are underway. Only Oxidative
Induction Times (OIT) which gives the time for oxidation in
isothermal conditions decreased (table 2). It shows a loss of
antioxidants.
Duquennoi et al. (1995) also noticed a small loss of
ester-type antioxidant after 27 months, in leachate at 50”C.
Tensile tests and shear tests show a decrease in strength
at yield (table 2) and an increase in strain at yield with aging
on both seamed and non seamed samples.
To confirm this result, the relaxation modulus has been
assessed by measuring the stress in a sample maintained at a
freed strain. The residual modulus is higher in stressed nonimmersed samples at 23°C than in stressed samples

immersed in the SIM at 60”C for the same fixed strain
(table 2).
It can be induced by the internal lubrification in the
polymer due to the absorption of components.
Moreover, we also detect an increase in strain for
samples immersed in water at 60°C, during the same time,
but no change happens for samples in SIM, at 23°C. This
change is an important result because Giroud (1984) has

demonstrated that failures of HDPE geomembranes are
governed by the yield strain on the order of 10?4o.
Castaldo (Eurogeo, 1996) noticed similar mechanical
variation for 3 different HDPE immersed in a synthetic
medium at elevated temperature (50”C and 70”C).
A possible interpretation of these observations is that
modification of mechanical properties at yield described
above depends first of temperature.

Table 2. Variations between 8 months aged HDPE samples
and reference HDPE samples for different tests and
analyses
Variations* (%) in
water,
60°C

SIM,
60°C

strength at yield

1

-0.5

strain at yield

3.2

5.4

Tests
tensile test

shear test

peel test
relaxation

3
strength at yield
4
strain at yield
No significant results
modulus
air, 23°C

-15.2

10.8
SIM,
60°C
-83
-87.6
2
0.5

-70.7
non seamed sample
seamed sample
-79.5
0.1
mass
before drying
o
after drying
No significant results
thickness
No significant results
density
Soon available results
permeation
No significant results
DSC
-56
Time to oxydation
OIT
TG
Soon available results
MFI
No significant results
* Aged samples are immersed 8 months in pure water and

HDPE) is stress cracking. To induce it, notched samples are
immersed in different media (SIM, surfactant in solution or

pure water) under constant stress. Two types of break can be
developed:
- Ductile break obtained with a stress large enough to
produce a fast yield point: Interlamellar chain tension
produces intra-crystallite break.
- Brittle break obtained with a smaller stress: Break
occurs in the amorphous zone (inter-cnstallite break).
Our first results on HDPE immersed in SIM show the
transition from brittle break to ductile break which occurs at
about 40°/0 of the stress at yield. When comparing results
obtained with SIM and with water, the influence of the
immersion medium is noticeable: No break was c)bserved in
water after 2000h, whereas break occured after 10h for
HDPE in SIM for the same stress level.
The immersion medium has a growing reactivity with
high pH, a low viscosity and a low surface tension (Courard,
1996). We can compare our result to results found by Hsuan
et al (1993) : they compare the effect of different incubation
media. The medium composed by 10°/0IGEPAL C0630 in
90% tap water will be seen to be a very aggressive
incubation liquid compared to other fluidslike 100°/0 tap
water or air (i.e. no liquid immersion).
To induce stress cracking in field, it must have a point at
which a crack can initiate (simulated by notched sample in
laboratory). Condition of a crack initiation point could be an
imperfection scratch, carbon black agglomeration or other
anomally but will most likely be at the location of a seam
(Carson,92).
These data clearly show solvent absorption by the
geomembrane, increased both by temperature and the SIM.
3.2

Results On FPP Samples

This geomembrane is a robber modified polypropylene
and it is very difficult to characterizethe molecular properties
because the different components interact during physico
chemical analysis: it is then impossible to separate them. In
this particular case, physico chemical analysis do not appear
to be good indicators of aging. More thorough experiments
are underway.
. . .. . . . . . . . . . . . . . . . . . . . . . ..

~

. . . . ... . . . . . . . . . . . . . . . . . . . . . ..
4 . . . . . . . . . . ..

in SIM, at 60”C; they are then tested after drying 48h at
60”C. The relaxation test compares stressed sample in air
and in SIM during 8 months.

o

50

100

150 200 250 i

displacement (mm)

1
A very important phenomenon to be considered for
semi-crystalline polymers in the visco-elastic state (like

Figure 2. HDPE and FPP tensile test.
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Like HDPE, we focused our research on mechanical
tests. The yield point is not as distinct as in HDPE (figure
2) because of the Ethylene Propylene Rubber included in
PP. However, in tensile tests, we observed a decrease of the
pseudcl- yield strength, as in HDPE,
Mass variation, measured after 2 months immersion
tests are presented table 3.
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Table 3. Mass variation on FPP
T = 23°C
T = 60”C
SIM
SIM
+ 5 ‘h before drying
+ 5 YObefore drying
+ 20/0after drying
- 0.5V0after drying
Water
Water
+ 1YObefore drying
+ 2°h before drying
O% after drying
O% after drying

Absorption is noticeable for samples immersed in SIM and
water. In water immersion, the variation is reversible. In
SIM, at 60”C, the mass is inferior to initial mass, the
copolymer seem to be attacked by the solvents. In SIM, at
23”C, solvents are still present in the copolymer after
drying, the heat to extract solvents during drying is
probably not important enough.

4

CONCLUSION

Physico chemical analysis did not evidence aging
phenomena on HDPE and FPP, except for the loss of
antioxidants.
We suppose that for both HDPE and FPP, modification
of mechanical properties at yield fwst depends on
temperature.
Stress cracking tests show the importance of the
immersion medium to develop cracks. This phenomenon is
very important because break is obtained under the same
conditions on site and during our experiments.
Solvent abso@ion by immersed samples depends both
on temperature and on immersion medium.
HDPE and FPP geomembranes have a good resistance
to the applied stresses. Additional analyses are necessary to
correlate mechanical stresses with a change in structure,
Similar modification are noticed on accelerated aging
geomembrane and on ‘natural’ aging geomembrane: this
accelerated aging process seems to be a good way to
understand the long term behavior of geomembranes. Next
step consists on determining accelerated aging factors by
comparing the effects of accelerated aging to the effects of
aging on site. Other materials and solicitations should also
be considered.
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Performance of Flexible Polypropylene Geomembranes in Covered
and Exposed Environments
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ABSTRACT: The U. S. Department of Interior, Bureau of Reclamation (Reclamation) began investigating the long term
properties of flexible polypropylene (fPP) geomembranes as early as 1989. This paper presents the performance of fPP
geomembranes at two field test sites in which the geomembranes were either covered by soil or partially exposed to direct
sunlight. The buried fPP continues to have good mechanical properties after 6 years, The particular stabilization package
used in the exposed fPP was found to be inadequate to prevent ultraviolet (UV) degradation. The exposed section of the
geomembrane
showed cracking after 26 months. Furthermore, the UV degradation was substantiated in a laboratory
acceleration test using a UV weatherometer. This indicates that UV weatherometer exposure and subsequent testing can be
used for screening to evaluate the UV resistance of differently formulated fPP geomembranes.
KEYWORDS: flexible polypropylene, geomembrane, ultraviolet resistance,

1

INTRODUCTION

In 1989 Reclamation began a study on the laboratory
evaluation of a new type of geomembrane that was being
developed. This new geomembrane is a co-polymer of
propylene and ethylene (Kilius and Shah, 1995). It is
generically referred to as flexible polypropylene (fPP).
The laboratory studies gave rise to two separate field
installations. The fPP geomembrane involved in these two
case histories was supplied by one manufacturer who also
formulated the stabilization package.
The first field installation by Reclamation of a fPP
geomembrane was in April, 1992. A 0.75 mm (30 roil)
thick geomembrane was used as liner in a test section of a
canal near Belle Fourche, South Dakota, United States. The
geomembrane was placed directly on the soil subgrade and
covered with 0.4 m (16 in) of soil. Thus the geomembrane
was fully covered during the duration of the test program.
Coupons were retrieved from the test section after 3, 4 and
6 years. The possible changes in physical and mechanical
properties were evaluated.
The second field installation was in May 1994. A 1 mm
(40 roil) thick fPP geomembrane was used as a liner in a
salinity gradient solar pond near El Paso, Texas, United
States. Details of the concept and principles of solar pond
behavior have been described by Lichtwardt and Comer,
1996. The geomembrane in the upper portion of the pond
was not covered and thus it was exposed directly to the
ambient environment, The geomembrane in the lower
portion of the pond was covered by a brine solution which
varied in concentration, with fresh water on the surface and
concentrated brine on the bottom. The geomembrane at the
bottom of the pond reached temperatures as high as 90”C.
In order to monitor the geomembrane properties during the

testing period, test strips were installed on the northern
slope of the pond. The strips were retrieved at different
time intervals so that the change in material properties
could be evaluated. Additionally, laboratory acceleration
tests were performed on this 1.0 mm thick geomembrane in
order to evaluate the long-term behavior of fPP material.
Two accelerated incubation protocols were carried out:
water incubation at elevated temperatures and accelerated
weathering incubation using an ultraviolet weatherometer.
This paper presents the results obtained from both field
sites so that the performance of fPP geomembranes under
two different service conditions can be compared and
contrasted. In addition, data obtained from the laboratory
and field coupons will be compared in order to assess the
merit of the respective acceleration tests.

2

fPP GEOMEMBRANE USED AS A CANAL
LINER

Belle Fourche Irrigation District Personnel prepared a
previously determined leaking 150m (500 ft) long section
of the Belle Fourche canal for placement of a
geomembrane. This preparation included removing all
protrusions (e.g., stress) in the subgrade which were larger
than 20 mm (3/4 in,). A fPP geomembrane was selected for
this test site to examine its long term performance in a canal
lining application. The fPP was factory fabricated into
panels so that the only seaming required was a transverse
weld between ends of the adjacent panels. Panels were
folded, rolled, and placed on pallets which were delivered
to the job site.
The 0.75 mm (30 roil) unreinforced fPP was handplaced in the canal as shown in Figure 1. The ends of the
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Table 1. Properties of Belle Fourche buried fPP
geomembrane sheets and seams. (values are the average of
5 replicates)
1995
1994
1997
Year
Geomembrane sheet
15.1 (A)
14.8 (A)
14,2 (A)
Tensile stress
15.4 (B)
14.7 (B)
14.8 (B)
(kN/m)
1253 (A)
1233 (A)
1173 (A)
Tensile elongation
1315 (B)
1206 (B)
1200 (B)
(%)
0.064 (A)
0.065 (A)
0.063 (A)
Graves tear
0.066 (B)
0.067 (B)
0.064 (B)
(kN/m)
Field Seams
().11 (A)
0,077 (A)
0.055 (A)
Peel strength
0.066 (B)
0.065 (B)
(m)
0.085 (B)
0.18 (A)
0.15 (A)
0.14 (A)
Shear strength
0.18 (B)
0.17 (B)
(kN)
0.13 (B)
Factory Seams
0.15 (A)
0.16 (A)
0.16 (A)
Peel strength
Figure 1- Hand-placed the fPP geomembrane in the canal.
0.15 (B)
NIA (B)
0.16 (B)
(kN)
0.22 (A)
0.22 (A)
0.22 (A)
Shear strength
adjacent panels were to be wedge welded. However,
0,21 (B)
NIA (B)
(kN)
0.21 (B)
problems were encountered welding the fPP geomembrane
Note: (A) = Above the waterline
in the sun using a welder which was originally designed to
(B) = Blow the waterline
weld high density polyethylene (HDPE) geomembranes.
N/A = not available

Therefore, the panels were welded using a hot air gun aided
by a hand-held roller. These seams were determined to be
adequate since canal linings are not generally required to
provide 100 percent seepage control.
Following placement of the geomembrane, coupons
were attached to the geomembrane both above and below
the water for monitoring purpose. The geomembrane was
then covered by a protective layer comprised of 0,2 m (8 in)
of soil topped by 0.2m of sand and gravel so as to provide
for erosion resistance.
2.1

Test results of field coupons

Transport of water in this location is provided during the
summer months only. Therefore, the test coupons were
removed following 2, 3 and 5 irrigation cycles, i.e., 3,4 and
6 years of duration. The results of mechanical property
testing are reported in Table 1.
The mechanical properties of tensile, tear, and seam
peel and shear have not changed significantly over the 6
years that the fPP has been buried. Whether the soil
covered geomembrane is above the water line or beneath it
does not seem to have an effect on the mechanical
The unreinforced fPP continues to have
properties.
excellent elongation properties and adequate tensile and
seam properties.
Water district personnel
report that the fPP
geomembrane has stopped the seepage problems that were
present prior to the installation.

3

fPP GEOMEMBRANE
POND LINER

USED AS A SOLAR

Five test sample strips were installed on the north slope of
the solar pond noted in the introduction. However, the
strips were placed 6 months after the pond being
The length of the strips extends from the
constructed.
anchor trench to the bottom of the pond so that coupons
from different zones of the pond can be taken for analysis.
Parallel to the field study, coupons of the geomembrane
were evaluated by two laboratory accelerated incubation
methods: UV degradation and thermo-oxidation. Both field
and laboratory coupons were tested for their tensile
properties and melt flow rate (MFR). Table 2 gives the
method used for each test and the parameters that were
monitored. The results obtained from the field and
laboratory coupons are presented in this section.
Table 2. Tests and test parameters

used in the solar pond

study.
Test
Tensile
MeltFlowRate

Test Parameter
break stress/breakstrain
valueat 2.16 Ksd230°C

3.1

ASTMMethod
D 638 Type IV
D 1238

Test results of retrieved field coupons

The field sample strips were retrieved after 6 and 12
months duration. Coupons were taken from six different
zones along the length of the strip. The zone location and
exposure condition of the coupons are described in Table 3.
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Table 3. Description of
Code
Zone
1
Trench
2
Exposed
3
Upper Liquid
4
Middle Liquid
5
Lower Liquid
Base Storage
6

the field coupons
Exposure Conditions
ambient temperaturelnoUV
ambient temperature/UV
waterlambienttemperatureflimitedUV
brine solution at 30-50”C
brine solution at 50-70”C

I

. .. . . ...{..

. .

tb
,,

t
1

I

1

2

3
Zone

Figure 2. Properties
locations.

3.2

-+break stre,ss
-- A -- break strain
——.——
melt flow rate
A

brine solutionat 70-93°C

Tensile tests were only performed in the machine
direction of the geomembrane. For each coupon, five
tensile replicates and three MFR replicates were tested. The
average values were compared to their corresponding
original value to obtain the percent retained value. Figure 2
shows the percent retained of each test at six different zones
as described in Table 3. After 12 months, both tensile
properties and MFR value of the geomembrane remained
largely unchanged, although MFR values at the exposed
zone are higher than the other zone locations.
However, after 26 months of service, before the 24
month old strip sample being retrieved, cracking was
observed on the geomembrane in the exposed zone, ie.,
Zone 2. This indicates that the geomembrane was
undergoing UV degradation. Coupons were cut from the
geomembrane in this particular zone for property
evaluation. The change in properties is shown in Figure 3.
The tensile break stress and break strain have dropped
approximately 5070 whereas the melt flow rate value
increased 400%. On the other hand, the geornembrane that
was covered either by soil or solution did not show any
cracking, and their properties remained almost the same.

I

200

-Abreak stress-6month
-- A -- bresk stress-12 month
~

.

5

15
20
Service Time (months)

25

30

Figure 3- Properties retained of field coupons in Zone 2.

3.2.1 Water incubation study
The water incubation test was meant to simulate the
effect of high temperature on the geomembrane in a liquid
medium. Water was used instead of the brine solution due
to the difficulty of maintaining the salt concentration,
Coupons were incubated in separate water baths at
temperatures of 55, 65, 75 and 85°C. The incubated
coupons were removed from the baths on three month
intervals. Tensile and MFR tests were performed on the
retrieved coupons. Figure 4 shows the property retained
values of the geomembrane coupons during the 12 months
of incubation at 85°C. There is essentially no change in the
properties, since the change is within the variation of the
test method itself. Similar behavior was observed at the
three lower incubation temperatures.

bresk s@ain-6 month

- -A -- bresk stin-12 month
—.—
melt flow rate-6 month

““-

-- ● - - melt flow rate-12 month

---

.
4

1

T

5

6

1,,,1,,
2

Location(see Table 3)

retained

10

of field coupons

o
at different

Test results of laboratory coupons

The long term durability
of this particular
fPP
geomembrane
was evaluated
after exposure
to two
laboratory
accelerated
procedures:
water incubation at
elevated temperatures and ultraviolet exposure.

I

I

I

I

4
6
8
10
Incubation Time (months)

T,

i

12

14

Figure 4. Changes in properties of geomembrane incubated
in water bath at 85°C.
3.2.2

UV exposure study

To simulate field conditions of the geomembrane located in
the exposure zone (Zone 2 of Table 3), geomembrane
coupons
were incubated
in a fluorescent
UV
weatherometer. The incubation procedure was according to
ASTM D 5208. The condition of the incubation was set to
be 5 hours of UV light at 60”C followed by a 3 hours
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●

exposed geomembrane was subjected to during its 26
months of service life.
Step 2- Calculate the total UV energy being generated
by the weatherometer during 7500 hours of incubation.
The weatherometer is equipped with UVA-340 lamps
with peak emission at 343 nm. The UV energy from

295-400 nm is 39 W/mz.
The actual W light time in 7500 hours= 7500 * 5/8
= 4687 hr.
The total energy generated = 4687 hr * 39 W/mL

60
●

Figure 5. Changes in properties of UV exposed coupons

condensation at 50”C. Coupons were removed from the
apparatus
after 500, 1000, 3500 and 7500 hours of
incubation time. Tensile and MFR tests were performed on
the removed coupons.
The test results are presented by
plotting the property retained against the incubation time, as
shown in Figure 5.
The tensile break stress and break strain do not show
changes until 3500 hours after which their values decrease
significantly.
For the MFR value, it gradually increases
after 1000 hours. It was impossible to measure the MFR
value for the 7500 hour coupon due to its rapid flow. The

increase in MFR value indicates that a chain scission
reaction is taking place in the polymer. The UV degradation
probably started between 3500 and 7500 hours.
Furthermore, many regions in the 7500 hours coupons
became so brittle that cracking resulted during cutting of
the test specimens. Thus, the break stress and break strain
at 7500 hr could be much lower than values that are shown
in Figure 5.
3.3

Correlation between field and laboratory studies

4

= 658 MJ/m2.
Step 3- Compare the results of the previous two steps
where it is seen that the field (696 MJ/m~) is quite close
to the laboratory (658 MJ/m2) which is encouraging
insofar as laboratory simulation studies are concerned.

CONCLUSION

In the two case histories reported in this paper, buried and
exposed fPP geomembrane were monitored for changes in
the as-received properties. The buried fPP canal liner

continues to retain essentially all of it’s mechanical
properties after 6 years of service. The field performance
indicates that the geomembrane has stopped the seepage
problems that were present prior to the installation. For the
exposed fPP geomembrane, cracking was observed after 26
months, indicating that this particular stabilization package
is inadequate to protect the geomembrane under the site
ambient environment. An accelerated laboratory test using
a UV weatherometer showed good correlation to the field
performance. Thus, it seems that the UV weatherometer
could be used to evaluate different UV stabilization
packages being used in the fPP geomembrane.
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coupons exposed for 7500 hr. Also cracking was observed
in the field after 18 months. This suggests that the UV
degradation of the geomembrane can be estimated using the
fluorescent UV weatherometer. The correlation between
the UV acceleration test and the field condition can be
quantified based on the total UV radiation energy as
described by Hsuan and Koerner, 1993. The calculation
procedure is presented as follows:
.
Step 1- Determine the total W radiation energy in the
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Table 2- Status and information on the commercial pipe samples
Code

Pipe
Producer

Diameter
(inch)

Profile

Resin Composition

Status

1

I

18

Type S - annular

100% virgin resin (VR- 1)

R

2

I

18

Type S - annular

Blended resin - reprocessed resin (RR-1)/post consumer resin (PCR- 1

R

3

I

18

Type S - annular

Blended resin - (VR-1/RR-l/PCR- 1)

R

4

II

24

Type S - annular

100% virgin resin (VR-2)

R

5

III

24

Type S - annular

Blended resin - two virgin resins (VR-3)I(VR-4)

R

6

111

24

Type S - annular

Blended resin - (VR-3/PCR-2)

R

7

IV

24

Type S - annular

100% virgin resin (VR-5)

P

8

v

24

Type S - annular

100% virgin resin (VR-6)

R

9

II

24

Type S - helical

100% virgin resin (VR-7)

R

10

I

24

Type S - annular

100% virgin resin (VR-8)

R

11

II

36

Type S - annular

100% virgin resin (VR-2)

R

12

v

36

Type S - annular

100% virgin resin (VR-9)

R

13

IV

36

Type S - annular

100% virgin resin (VR-1O)

P

14

I

36

Type S - annular

100% virgin resin (VR- 1)

R

15

I

48

Type S - annular

100% virgin resin (VR-1)

R

16
Note:

R
II
48
Type S - Honeycomb 100% virgin resin (VR-11)
Type S - This type of pipe has a full circular cross-section, with an outer corrugated pipe wall and a smooth inner liner.
Corrugation may be either annular or helical.
Virgin resin (VR] = material in the form of pellets, granules, powder, floe, or liquid that has not been subjected 10
use or processing other than that required for its initial manufacture.
Retwocessed resin (I@= regrind or recycled-regrind material that has been processed for reuse by extruding and forming
into pellet or by other appropriate treatment. (The reprocessed resins typically are not in-house materials, but are
sold by other manufacturers that make different types of products).
Post consumer resin (PCR) = materials generated by a business or consumer that have served their intended end use, and
that have been separated or diverted from solid waste from the purpose of collection, recycling and disposition.
R = received
P = promised to be delivered before the end of November.
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ABSTRACT A fracture mechanics methodology for predicting the life expectancy of PE geomembrane liners under service
conditions is presented. The approach builds upon the experience and success gained in developing a lifetime assessment
capability for PE natural gas pipes. It combines slow crack growth testing with fracture mechanics analyses to pnxlict the
life expectancy of the liner. Correlations for the time for initiation of crack growth and the crack growth rate with the stress
intensity factor are developed. It is demonstrated that the bidirectional shifting method and shift functions, developed for PE

pipes, can also be used to quantify the influence of temperature on the failure process in PE geomembranes. The correlation
for the crack growth rate can be integrated for the field loads to predict the liner’s life expectancy. This approach can be used
to establish the admissible initial defect size for a prescribed loading and service life, and as a basis for specifying inspection
requirements, and quality control and assurance standards.
KEYWORDS: Geomembranes, Stress Cracking, Fractures, Temperature Effects, Failures
1

INTRODUCTION

Geomembranes am used to line evaporation, ash and other
ponds of electrical power stations in the United States,
Canada and Europe in addition to solid waste and hamrdous
waste landfills.
Geomembranes m often used as the
primary barrier to prevent intrusion of contaminants into
the adjoining soil and ground water. l%erefo~, long-term
durability is essential to the xeliable performance of these
barriers.
Premature failures of a number of uncovered liquid
impoundment and solid waste lining systems in North
America and Europe have occurred (Peggs et al. 1988). In
many instances these failures could be traced to cracking
originating at scratches and gouges produced during the
installation of the geomembrane, near seams or at other
stress risers. Frequently, the driving fome for the failure of
liners in uncoved ponds is due to thermal contraction
stresses that may result from huge changes in ambient
temperature with the onset of the winter season if proper
precautions are not exemised in the design and installation
of the geomernbrane.
While several different materials have been used in
geomembranes, high density polyethylene (HDPE) is often
the material of choice because of its better chemical
resistance to degradation by harsh chemicals and aggnxsive
leachates. Like other polymers, polyethylene is a
viscodastic material and, therefore, is susceptible to timedependent failures at stresses significantly less than its yield
strength. Stress rupture tests are frequently performed to
evaluate the susceptibility of a geomembrane material to

time-dependent failure.
A typical test is the notched
constant tensile load (NCTL) test (ASTM 1993). In this
test a dumbbell shaped face-notched specimen is subjected to
a constant tensile load in the presence of a surfactant (e.g.,
Igepal) at an elevated temperate, and the time to failure as
a function of the applied stress is measured. Examples of
the application of this test method to HDPE geomembrane
materials along with data can be found in Hsuan et al.
(1993) and Lord et al. (1993). Failure at the higher stress
levels is characterized by a ductile collapse of the remaining
ligament or net section. By contrast, the failure at lower
stresses exhibits little ductility at the macroscopic level ad
generally results from slow crack growth (SCG). The latter
failures are often sefened to as brittle because of their slitlike appearance even though there is evidence of ductility at
the microscopic level.
To date, no quantitative relationship between the time to
failure in an NCTL test and the actual service life of a
geomembrane liner has been established. Until recently, a
similar situation existed for the time-dependent failure of PE
natural gas distribution pipes which exhibit the same vpe
of service failures as geomembrane liners. Over the last
decadea fracture mechanics methodology has evolved under
support from the Gas Research Institute that permits
making lifetime forecasts for medium and high density PE
gas pipes and fusion joints for the system operating
conditions (e.g., internal pressure and temperature)
(Kaminen et al. 1990, Popelar, S.F. et al. 1991, Pfeil et al.
1993). In this methodology slow crack growth tests,
performed on laborato~ fracture specimens, are used to
develop empirical relations for the time for initiation of
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crack growth and the rate of crack growth as a function of a
measure of the crack driving force and temperature. In these
tests, temperature and stress are used to accelerate the failure
process. The influence of temperature on the crack growth
resistance and the life expectancy is quantified through
bidirectional shifting (Popelar, S.F. et al. 1993, Pfeil et al.
1993). These data and the crock driving force for defects in
the pipe or its joints are used to determine the life
expectancy of the component for prescribed operating
conditions.
Because of the many similarities between the hmedependent failure in PE geomembrane liners and gas pipes,
it is reasonable to expect that the technology developed for
predicting the life expectancy of medium and high density
PE gas pipes and butt fusion joints can be extended to
geomembrane applications. The objective of this paper is to
demonstrate that the accelerated testing and fracture
mechanics methodology developed for PE natural gas
distribution systems can be extended to make realistic and
useful fo~asts for the durability of geomembranes at
A long-range goal is to identify
service conditions.
manufacturing, seaming, construction, quality assurance,
and maintenance procedures that will help ensure the failurefree, long-tam service performance of geomembranes.

(e.g., the geomembrane liner) to predict the crack growth
history in the latter under its loading.
In general, the stress intensity factor can be expressed as
K=~@Y(a/W)

(1)

where P is the applied load per unit width, a is the crock
length, W is the thickness or dimension of the body in the
direction of potential crack growth, and Y(a/W) is a
dimensionless function that depends upon the geometry of
the cracked body.
2.2

Life Prediction

Suppose that the crack growth rate da/dt and the time ti for
initiation of crack growth determined in laboratory SCG
tests conducted at temperature T can be correlated with the
stress intensity factor and can be expressed fictionally as
~ = F(K;T)

(2)

ad

2

FRACTURE MECHANICS METHODOLOGY

t, = G(KO;T)

2.1

Stress Intensity Factor

where KOis the initial stress intensity factor corresponding
to the initial crack length aO. Laboratory tests are frequently
conducted at temperatures greater than the anticipated service
temperature in otder to accelerate the crack growth process.
Provided that the fracture mode remains brittle, stresses
greater than those experienced in the field are often applied
in laboratory tests to further accelerate the failure process.
The stress intensity factor accounts for diffenmt stress
levels.
Popelar, C.F. et al. (1990) and Popelar, C.F[. et al.
(1991), (1993) have demonstrated that material property data
for medium and high density PE natural gas pipe materials
gathered at temperature T can be translated to an arbitrary
reference temperature T~ (e.g., the service temperature)
through bidtictional shifting. Bidirectional shifting of
SCG data requires that time t and the stress intensity factor
K be replaced by the reduced time tia~and K%, respectively.
The horizontal a~ and vertical b~ shift functions are given,
respectively, by

The stress and strain fields exhibit a r-[’2singularity at the
tip of a crock in a linear viscoelastic continuum (Kanninen
The strength of these fields is
and Popelar 1985).
determined by the stress intensity factor K which depends
linearly upon the applied load and is a function of the cmwk
length and the geometry of the crocked body. Expressions
for stress intensity factors of different flawed bodies can be
found in fracture mechanics handbooks (e.g., Tada et al.
1985). Strain concentrations at the crack tip in a polymer
usually result in the formation of a narrow rarefied (cnmxi)
zone emanating from the tip. Crack growth proceeds by
systematic formation and failure of the cramd zone. This
zone is not explicitly included in the development of
expressions for the crack tip fields. If the size of the cmzed
zone is small compared to the size of the region over which
the singular fields dominate, then it carI be argued that
whatever happens within the crazed zone must be controlled
by the singular crack tip fields. The local crack tip fields
will be identical in two flawed bodies for the same loading
mode (e.g., Mode I) if their stress intensity factors are equal.
Therefore, the crack growth time history in one body can be
expected to be the same as that in a second body of the same
material, thickness and temperature if their stress intensity
factors are equal. Hence, data gathered from one body (e.g,,
the test specimen) can be transfemxl to the second body

366-1998

Sixth International

Conference

on Geosynthetics

(3)

a, = exp[-o. 109(T – T, )]

(4)

ad
b, =exp[O.0116(T

– T,)]

(5)

where T and T~ ate expressed in degrees Celsius or Kelvin

(Popelar, C.F. et al. 1990). The horizontal shifting is
based upon the classical time-temperature superposition
principle for the rate process phenomenon
in
thermorheologically simple materials.
Because of its
semicrystalline nature, PE is a thermorheologically
complex material. Vertical shifting is quid
in addition
to horizontal shifting to account for variations in its
mechanical properties (e.g., slow crock growth resistance)
resulting from changes in its crystallinity with temperature.
Consequently, Equations (2) and (3) for the crack growth
rate and time for initiation of crack growth at the arbitrary
temperature T~ become
~ = a~F(Kb,; T)

(6)

ad
t, = G(K,,b~;T)/

a,

transition time of approximately 20 hours at 50”C in a 10
percent Igepal solution.
Blanks, 102-mm long by 12.7-mm wide, were cut from
this material. A centrally located face notch was sliced into
the specimen at a very slow rate with a scalpel blade to
minimize damage. The notch depth was systematically
varied from 289’ioto 57% of the liner thickness.
The
notches were oriented parallel to the extmsion direction.
Grips were attached to the specimens so that the test
section was 75-mm long. Figure 1 is a schematic of the
SCG test setup which is located in a precision oven for
performing controlled elevated temperature tests.
The
specimen is dead loaded through the core of a liner variable
differential transformer (LVDT) which is used to measure
the load-point displacement of the specimen that is
automatically mxnded with an A/D board and a PC. Tests
were performed for different combinations of load, initial
notch depth and temperature.

(7)

I

Equation (6) can be viewed as the nonlinear equation of
motion for the crack tip and Equation (7) provides the initial
condition. The integration of Equation (6) subject to the
initial condition of Equation (7) provides the failure time

tf=t,

.f
J

da
+~
a~ ,0 F(Kb,; T)

at the reference temperature for isothermal loading wherein $
is given by Equation (7) and % is the final flaw size that
may be determined from a criterion for unstable cnxk
growth. Equation (8) can be used to predict the life
expectancy of a geomembrane for a pmcribed loading ad
initial flaw size A or, conversely, to determine the
permissible initial flaw size for a prescribed design life ad
loading history. The methodology provides a rigorous
approach for establishing a quality assurance program which
currently relies upon rules of thumb for which there may be
no theoretical basis (e.g., scratches and gouges deeper than
ten percent of the geomembrane thickness are not
permitted).
The task of making estimates for the life expectancy of
geomembranes reduces to one of establishing the
correlations in Equations (2) and (3), demonstrating that
they hold irrespective of the load and initial flaw size, ad
justifying the use of the shift functions of Equations (4) awl
(5). The process of establishing these correlations is
described in the following sections.
3

m
1

.%@
conditioner

(8)

SLOW CRACK GROWTH TESTS

The 2-mm thick material used in the tests is a HDPE
material taken from a liner that served as an uncovered cap
of a mixed waste landfill. It had an NCTL ductile/brittle

b
lkd

Wsight

Figure 1. Schematic of slow crack growth test setup.
Figure 2 depicts a typical measured variation of the loadpoint displacement with time for a test conducted at 81“C.
A careful examination of the xecord reveals an inflection
point nearly 25 hours after loading. Emprical data show
this point to be the time for initiation of crack growth.
Prior to this time the displacement is due to viscoelastic
creep of the specimen, and afterwards the displacement is
due primarily to crack growth and secondarily to creep.
Failure of the specimen occurred approximately .53 hours
after loading. Depending upon the initial value of the stress
intensity factor and test temperature, typical test durations
may vary from a few days to several weeks or more.
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Figure 2. Typical measured load-point displacement history.

Figure 3. Crack length history deduced from measured load-

point displacement record of Figu& 2.
4

SLOW CRACK GROWTH RESULTS

Prior to crack initiation, the SCG test can be viewed as a
creep test from which the creep compliance of tie material

can be determined. This creep compliance is used in a quasi
nonlinear viscoelastic fracture model (Popehir, S.F. et al.
1993) of the specimen to deduce the crack growth history
from the measured load-point displacement record. Figure 3
shows the crack growth history deduced from the load-point
displacement xecord in Figure 2. The validity of this
approach was established by comparing the measured -k
length at the end of the test with the deduced length. The
local slope of the curve in Figure 3 provides the crack
growth rate ddd~ and the crock length and load determine
the corresponding stress intensity factor K per Equation(1).
Figure 4 shows the correlation of the stress intensity
factor with the crack speed for tests conducted at 61“C ad
81“C. The straight lines represent the best least square
power law fit to the respective data. While there is some
scatter in the data, the stress intensity factor appears to be an
appropriate fracture mechanics parameter for characterizing
SCG — considering that results arc for a variety of loads
and initial notch lengths. Figure 5 depicts the correlation of
the time for initiation of crack growth ti with the initial
stress intensity factor KOhorn tests at 61‘C and 81“C. The
accelerating influence of an elevated temperate on the crack
growth rate arsd the initiation time is clear from these
figures.
The bidirectional shifting method, using the shift
functions established for PE gas pipe materials, can be used
Figures 6 and 7 depict,
to develop master curves.
respectively, the resulting master curves at a mfemnce
temperature of 81“C for the crack growth rate and the time
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Figure 4. Correlation of the stress intensity factor and the
crack growth rate at61 ‘C and81 “C.
for initiation of crack extension.
These master curves
exhibit good coherence with the shifted 61“C data
interspersed with the 81“C data. Note that the reference
temperature is completely arbitrary and has no influence
upon the coherence of the master curve. The straight lines
are best least square fits to the data and are given by
da/dt = F(K; 81”C) = 6.8K5’

(9)

al-d
t, =G(Ko;810C)

=5.44 x104K~

(lo)

liner’s installation temperature is 50”C. While the ambient
temperature was assumed to remain constant in this
example, seasonal changes can be included. In this case not
only will the thermal stress and, hence, the crack driving
force vary with time, but also the shift functions will vruy
with time. These time-dependencies must be taken into
consideration when integrating the equation of motion for
the crack tip, Equation (6).
The purpose of Figure 8 is simply to illustrate the
fracture mechanics methodology and several simplifications
were made in developing it. The influence of stresses other
than thermal ones is neglected and will further reduce the life
expectancy. The mean data for the initiation time and crack
growth rate were used. A more detailed statistical analysis
could be used to provide predictions for a prescribed
contlkmce level which may additionally nxluce the life
expectancy by as much as a decade.
5

CONCLUSIONS

An investigation of SCG in a HDPE geomembrane material
has been performed. A fhctum mechanics methodology for
predicting the life expectancy of geomembranes for service
conditions has been developed and demonstrated for a surface
crack that grows through the thickness of the liner. The
methodology, which is based upon earlier developments for
PE natural gas pipes, can be used to predict the life
expectancy of a liner for prescribed service loads and size of
an initial defect, or to determine the permissible initial
defect size for prescribed service loading and life. SCG tests
at different temperatures were conducted for specimens
having various initial notch depths and loads. Correlations
between the stress intensity factor and the time for initiation
of crack extension, and the crack growth rate demonstrate
that the stress intensity factor is an appropriate measure of
the crack driving force in this HDPE material. Coherent
master curves for the initiation time and crack growth rate
were obtained using the bidirectional shifting method ad
shift functions developed for PE pipes. The accdemtecl
testing approach, presented herein, permits developing
long-term
durability
cfitical SCG data for making
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Temperature Effect on the Stress Crack Resistance of High Density
Polyethylene Geomembranes
Y.G. Hstsan
GRI, Drexel University, Philadelphia, PA 19104
ABSTRACT: The current status of stress crack resistance testing of HDPE geomembranes is the single poirlt notched
constant tensile load (SP-NCTL) test per ASTM D 5397-appendix, Since more than 200 hours is required to arrive at an
acceptance decision, the quest is to use higher temperature to reduce the testing time. The results of this study indicate that
the testing temperature can be increased to 70”C to obtain the maximum acceleration on the failure time. IJsing this
temperature, instead of the current standard temperature of 50”C, results in an additional acceleration factor of 4.7 over the
factors inherent in the test method itself. Using 70”C it is possible that a quality control procedure can be crafted to give a
“go/no go” result within 48 hours.
KEYWORDS: stress crack resistance, slow crack growth, polyethylene, geomembrane.
1

INTRODUCTION

Stress cracking as defined in ASTM D883 is “an external or
internal crack in a plastic caused by a tensile stress less than
its short-term mechanical strength”. The stress cracking
mechanism can be divided into two categories: rapid crack
propagation and slow crack growth. Cracking that is caused
by the rapid crack growth mechanism takes place extremely
fast and generally extends to a large area by shattering in a
dendritic pattern. This type of failure does not commonly
occur in the high density polyethylene (HDPE)
geomembrane unless subzero temperatures exist (Peggs
1990). Comparatively, cracking that is induced by the slow
crack growth mechanism proceeds relatively slowly and is
generally limited in its extent. The crack propagation rate
varies with the material, magnitude of the tensile stress and
temperature. Cracks caused by slow crack growth have been
observed in HDPE geomembranes used as surface
impoundment liners. (Hsuan, et. al., 1993; Peggs and
Such field observations indicate the
Carlson, 1988).
importance of slow crack growth resistance of HDPE
geomembranes with respect to their long term performance.
An effective test method should be utilized to assess such
property in the minimum amount of testing time.
In the United States, the ASTM D 5397 “Notched
Constant Tensile Load (NCTL) Test” is the standard method
to evaluate slow crack growth resistance, generally called
the stress crack resistance (SCR), of HDPE geomembranes.
The incubation conditions specified in the method include a
constant temperature immersion at 50°C and a specific
incubation solution which consists of 10’% surfactant
(Igepal@ CO-630) mixed with 90% tap water. Both the
temperature and incubation solution have an accelerating
effect on the crack propagation rate, in particular the
temperature (Lord et. al,, 1993). However, in the HDPE
polyethylene pressure gas pipe industry, 80”C is the
commonly used incubation temperature to accelerate crack

growth rates (Brown 1993). For HDPE geomembranes,
Thomas and Siebken (1997) performed the NCTL test at

80”C using a different surfactant (CA-720). They have found
a good correlation between test results at 50”C and 80°C
incubation. However, there was no available data at the
intermediate temperatures.
This paper presents the result of a series of NCTL tests
performed at temperatures of 50, 60, 70 and 80°C in an
incubation medium of 10% CA-720 and 90% water. Two
different geomembranes were evaluated to verify the effect of
temperature on crack growth rate in such a surfactant
solution environment.

2

TEST MATERIALS

Two commercially available HDPE geomembranes were
included in this study. They are designated as Samples A
and B. The nominal thickness of both samples is 1.5 mm.
The geomembmnes were produced by different manufacturers
and by different processes: blown sheet and flat sheet
extrusion. The density, crystallinity and melt inclex values
are given in Table 1.

Table 1. Material properties of Samples A and B.
ASTM
SampleA Sample B
Property
Method
0.9492
D 1505
0.9490
Density (g/ml)
D 1238
0.29
0.15
Melt Index (g/10 min.)
D 4037
123
124
Heat of Fusion* (J/kg)
* Heat of Fusion is directly proportional to crystallinity of the
polymer

TEMPERATURE EFFECT ON TENSILE
YIELD BEHAVIOR

3

The tensile yield properties of the geomembranes was
evaluated according to ASTM D 638 Type IV. These data
are necessary since the NCTL test is performed at given
percentages of the yield stress. Furthermore, the yield stress
1998
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varies with temperature and it must be evaluated
accordingly. Tests were performed in an environmental
chamber in order to achieve the designated temperatures
which varied from 20 to 80”C.
Thornas and Siebken (1997) found that the yield stress
decreased as the test temperature increased in a linear
relationship. Similar behavior was also obtained for the two
geomembranes used in this study. Figure 1 shows the effect
of temperature on the yield stress of Samples A and B. The
slope of the line, which may be related to the percent
crystalli nity of the polyethylene, is 0.23 MPa/°C.

pronounced. In both geomembrane samples, the second
peak became the predominant yield peak at temperatures
above 70°C. Lucas et. al. (1995) have proposed that the first
peak corresponds to the yielding of original perfect
crystallite in the material. The second peak is induced by
the yielding of the newly formed crystallite. As the test
temperature increases, the energy requirement for secondary
recrystallization is reduced. A greater amount of less perfect
crystallite can be melted and recrystallized. As a result, an
enhanced second yield peak is obtained, particularly above
70°c.
In this study, the first yield peak was used to analyze the
temperature effect on the yield stress, and it was also
utilized to calculate the applied stress of NCTL tests.
4

TEMPERATURE EFFECT ON STRESS
CRACK RESISTANCE

The stress crack resistance (SCR) of Samples A and B were
evaluated by the NCTL test. This section presents the test
details and results of the NCTL tests.
203040506070

4.1

8090

Temperature (“C)
Figure 1. Tensile yield stress at different temperatures.
Besides lowering the yield strength, the increase in
temperature actually influences the yielding behavior of the
test specimens. Figure 2 shows the stress/strain curves of
Sample A at different test temperatures. The yield region
consists of two peaks, refxred to as double yielding. This
complex yielding behavior was observed in a variety of
polyethylene
copolymers by Lucas et. al. (1995). As
temperature is increased, the first yield peak gradually
diminishes whereas the second yield peak becomes more
20

15
3

21°C

g
~
k
z

40”C

10

NCTL Test Procedures

The NCTL test was performed according to ASTM D5397
at temperatures of 50, 60, 70 and 80”C. The incubation
solution used in the test consisted of 10% surfactant with
90% of water. Instead of a minimum of 10 applied stresses
as rtquired in the standard method, only the lower stresses
that induce brittle failure were utilized.
This included
applied stresses ranging from 15 to 30% of the yield stress
at room temperature. Three specimens were tested at each
stress level. The failure time of each specimen was seceded
to the nearest 0.1 hour. The average failure time was used
in the data analysis.
Due to the high elevated testing temperatures used in the
study, a different surfactant was used than the one specified
in the standard method. As explained by Thomas and
Siebken (1997), the surfactant CO-630, which is a type of
ethoxylated alkylphenol compound, becomes immiscible
with water in a temperature range of 52-56”C. Thus another
type of ethoxylated alklphenol, CA-720, was selected due to
its high immiscible temperature range, that being 86-90°C.
Furthermore, CA-720 is rather sensitive to NaC1. If it is
mixed with 10% NaCl solution, the immiscible temperature
range drops to 56-60”C. To minimize such effect. deionized
water was used throughout the study.

5

4.2
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Figure

2. The yield behavior
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NCTL Test Results and Analysis

The NCTL test data are presented by plotting percent yield
stress against average failure time on a log-log scale.
Figures 3 and 4 present the brittle response curves for
Samples A and B, respectively.
The slopes of these curves
are very similar, indicating that the same failure mechanism
took place in all tests.

1

40

0.9
0.8

30

0.7
0.6

20

0.5
0.4
I

10

I

I

100

1000

J

104

0.3

10

Failure Time (hours)

I

I

100

1000

104

Failure Time (hour)

Figure 3. NCTL test response curves for Sample A.
Figure 5. Normalized

stress vs. failure time for Sample A,
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Figure 4. NCTL test response curves for Sample B.
Figure 6. Normalized
In the above curves, the failure time decreased as the
testing
temperature
increased,
indicating
that
eraek
propagation was accelerated by the temperature.
However,
the acceleration seems to slow down between 70 and 80”C
in comparison to the lower temperatures.
The actual
temperature effect on the failure time is unable to be
evaluated by presenting the data using percent yield stress at
room temperature, as shown in Figures 3 and 4. This is
because the yield stress also deereased as temperature
increased.
To determine the temperature dependence on the time to
failure, the applied stress at each test temperature is
normalized to the corresponding
yield stress at that
temperature. The normalized stress (IS/OY) data is plotted
against average failure time on a log-log scale as shown in
Figures 5 and 6 for Samples A and B, respectively. The
resulting curves me somewhat different to those appearing
in Figures 3 and 4. The 70 and 80°C lines overlap one
another.
This implies
that there is no temperature
acceleration at elevated temperatures above 70”C. In other
words, at a same percent yield stress, a similar failure time
will be obtained at temperatures of 70 and 80”C and
presumably
(although
not
evaluated)
still
higher
temperatures.
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stress vs. failure time for Sample B.

Conversely,
from 50 to 70°C, temperature clearly
accelerates the crack growth rate. The relationship between
temperature and failure time can be expresseci by the
Figure 7
Arrhenuis equation, shown as Equation 1.
presents an Arrhenuis plot at four different normalized
stresses for both Samples A and B. A linear relationship is
obtained. The same behavior was also found for Sample B.
The activation energy of the failure mechanism is found
from the slope of the lines to be 73.5 kJ/mol.
(1)

t[ = A exp (E/RT)

where:
k=
A=
E=
R=
T=

failure time (minutes)
constant
activation energy (= 73.5 kJ/mol)
gas constant (8.31 J/mol.K)
temperature (K)

Similar tests were performed by Lu and Brown (1990)
on a HDPE pipe resin in foreed air ovens at temperatures
from 24 to 80”C. A linear relationship between failure time
and inverse temperature was obtained up to 70°C. Also the
linearity eased at 80°C for the low applied stresses. The
failure time at 80°C was somewhat similar to that obtained
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at 70°C. This may suggests that the unexpected SCR
behavior found at 80”C test on geomembranes was not

the failure time at 70°C is 4.7 times faster than that at
50°c,

induced by this particular test environment but by the
change in the material, such as secondary recrystallization.
Tests performed in both water and air could verify whether
the unexpected behavior observed at 80”C is due to internal
or external factors. Such experiments are currently ongoing.
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Figure 7. Failure time against inverse temperature at
different normalized stresses for Samples A and B.
Regarding the temperature acceleration factor (AF), at
the same normalized stress value of 0.5, the average AF of
two tested samples between 50°C and 70°C is 4.7. Using
the current SCR specification (GRI-GM 10, 1997), a
minimum failure time of 200 hours at 3090 yield stress of
room temperature at test temperature of 50°C is required.
After being normalized to the yield stress at corresponding
test temperature, the 30% becomes 50% of the yield stress
at 50°C. Thus at the same normalized stress, i.e., 50’%0yield
stress at 70”C, the failure time will be 4.7 times faster,
reducing the testing time to 43 hours. (Note that the 50%
yield stress at 70°C is approximately equal to 20% of the
yield stress at room temperature).

5

SUMMARY AND CONCLUSION

The effect of temperature
on SCR of two HDPE
geomembrane samples was evaluated at temperatures of 50,
60,70 and 80”C using the brittle region of the NCTL test.

Additionally, tensile tests were performed at these
temperatures to obtain the corresponding yield stress (which
decreased linearly as temperature increased).
For the NCTL test results, the failure time demased as
temperature increased. From 50 to 70”C, the failure time
increased exponentially with the temperature. However, the
acceleration seems to cease between 70 and 80”C.
The results of this study indicate that the maximum
temperature that can provide acceleration in performing the
NCTL test is 70”C. At the same normalized stress value,
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Antioxidant Depletion During Thermal Oxidation of High Density
Polyethylene Geomembranes
Y. G. Hsuan
GRI, Drexel University, Philadelphia, PA 19104
Z. Guan
GRI, Drexel University, Philadelphia, PA 19104
ABSTRACT: In this study, forced air oven aging was utilized as the acceleration procedure to simulate the thermo-oxidation
process in five high density polyethylene (HDPE) geomembranes containing different antioxidant packages. The
geomembrane coupons were incubated at four different temperatures; 115, 95, 75 and 65”C. After a predetermined period of
time, incubated coupons were removed from the oven and subsequently evaluated for the consumption of antioxidants, along
with possible changes of physical and mechanical properties. The consumption of antioxidants with time was monitored by
both standard oxidative induction time (Std-OIT) and high pressure oxidative induction time (HP-OIT) tests. The results
indicate that both 01’T tests can effectively track the consumption of antioxidants that consist of hindered phenols and
phosphates. However, for antioxidant packages that contain thiosynergists or hindered amines, the HP-OIT is the appropriate
test. The study also demonstrates that the tensile break properties of the geomembrane remain unchanged until all the
antioxidants are consumed. Based on the reduction rate of OIT, the depletion time of antioxidants at a 20°C site temperature
was extrapolated using the Arrhenius equation. The average depletion time of hindered phenol and phosphite types of
antioxidants is 80 years. The addition of thiosynergists and hindered amines further extended the depletion time in an amount
which is still under investigation.
KEYWORDS: oxidative induction time, aging, polyethylene, geomembrane, oxidation.
1

INTRODUCTION

High density polyethylene (HDPE) geomembranes have
been widely used as liquid barriers in landfill applications
for both liners and covers. Since geomembranes in such
applications are typically covered by soil or by other
geosynthetics; neither sunlight nor elevated temperatures &
of concern. However, oxidation remains as a key degradation
mechanism regarding the long-term durability of the
material, For protection against oxidation during the service
period, antioxidants are added into the formulation of the
geomembrane. As long as antioxidants are present in the
material, the physical and mechanical properties of the
geomembrane can be preserved (Hsuan and Koemer, 1997).
Thus the long term performance of HDPE geomembranes is
greatly dependent on the depletion time of the antioxidants.
There are many different types of antioxidants and each
performs somewhat differently.
Oven aging is the most

commonly used laboratory incubation method to investigate
the performance of antioxidants in polymers (Gray, 1990;
Gugumus, 1996). Coupons are incubated in forced air ovens
at elevated temperatures for a sufficient time so as to deplete
the anitclxidants and start the oxidative degradation process.
At that time, the physical and mechanical properties of the
material begin to degrade. The temperature of the ovens
should be high enough to increase the reaction in order to
obtain results within a reasonable time frame, but cannot be
too high that the reaction mechanism and material’s
structure are altered. Temperatures as high as 110”C to
120°C have been utilized in evaluating HDPE
geomembranes by researchers (Gray, 1990; Thomas and
Ancelet, 1993; Yim and Godin, 1993).
In this study, five different commercially available
HDPE geomembranes were incubated in four ovens at

temperatures of 115, 95, 75, and 65”C. The incubated
coupons were periodically removed from the ovens and were
then evaluated for their remaining antioxidants using two
types of oxidative induction time (OIT) tests together with
the physical and mechanical properties.

2

INCUBATION TEST PROCEDURES

Tlte oven aging incubation procedure was performed
according to ASTM D5271. Coupons with dimensions 100
mm wide and 180 mm long were taken from each
geomembrane sample. The coupons were freely hanging in
forced air ovens maintained at temperatures of 115, 95, 75,
and 65°C.
Specimens were taken from the incubated coupons at a
monthly intervals for antioxidant evaluation. They were
taken at three month intervals for physical and mechanical
tests.

3

EVALUATION TESTS

Properties of the incubated coupons were monitored by
thermal analytical, physical and mechanical tests. Table i
shows the tests that were included in this study.
Table 1. Test used to evaluate incubated geomembranes.
Property Evaluated
ASTM Method
Test
Amount of antioxidant
D3895
Std-OIT
Amount of antioxidant
D5885
W-em
Molecular weight
D1238
Melt Index
Stress and strain
D638 -IV
Tensile
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The depletion of antioxidants were monitored by two
OIT tests. OIT is the time required for the geomembrane
test specimen to be oxidized under a specific pressure and
temperature. For the same antioxidant package (type and
amount), the OIT is proportional to the quantity of the
antioxidant
(Howard,
1973).
However,
for different
antioxidant packages, direct comparison between two single
OIT values cart be misleading and caution must be used.
Once the polymer starts to oxidize, there will be either a
cross-linking reaction or a chain scission reaction taking
place, resulting in a change in molecular weight. The melt
index test is a qualitative method to assess molecular weight
of polymers. A decrease in melt index value indicates an
increase in the molecular weight (i.e., crosslinking) and vice
versa. Melt index tests were performed only at the
incubating temperatures of 115 and 95°C.
As the oxidation proceeds further, it will eventually
induce changes in the engineering properties such as tensile
properties. Five tensile parameters are included in the
analysis: modulus, yield stress and yield strain, and break
stress and break strain. It should be recognized that break
strain has the greatest sensitivity towards molecular changes
in the polymer. Again, only coupons at the two higher
incubation temperatures were tested for tensile properties.

4

to a much higher OIT value in Samples D and E. This is
because these two arttioxidants have a maximum effective
temperature below 200°C (Fay and King, 1993).
Subsequently, their performance cannot be properly
evaluated by the Std-OIT test which uses an isothermal
temperature of 200°C. On the other hand, at an isothermal
temperature of 150°C in the HP-OIT test, the presence of
these two types of antioxidants was able to be assessed.
Thus, the HP-OIT is the proper test for antioxidant
packages containing thiosynergists or hindered amines.

5

TEST RESULTS AND DISCUSSION

Since the focus of this paper is on the depletion
antioxidants, the OIT results will be emphasized.
5.1

of the

Results of Std-OIT and HP-OIT Tests

The test data indicate that the normalized Std-OIT ckrased
exponentially over time regardless the antioxidant package
type, see Figures 1 and 2. The reduction behavior was very
similar for Samples A, B and C. On the other hand, the
OIT depletion rate of Samples D and E increased greatly at
incubation temperatures 95°C and 115°C, particularly for
Sample D.

TEST MATERIALS

Five commercially

available HDPE geomembranes
were
included in the study. They are designated as Samples A to
E. All samples have a nominal thickness of 1.5 mm. The
five geomembranes were produced by four manufacturers.
They included both blown sheet and flat sheet extrusion
processes. The physical and chemical properties of the
original unaged material were evaluated and the data is
presented in Table 2.
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Figure 1. Change in percent retained of Std-OIT values at
an incubation temperature of 65°C

Note:
1. a = hindered phenols & phosphates
b = hindered phenols, phosphates & thiosynergists
c = hindered phenols, phosphates & hindered amines
2. MI = melt index

3. Std-OIT = Standard OIT
4. HP-OIT = High pressure OIT

package
in
each
Regarding
the
antioxidant
geomembrane,
only the type (not the quantity) of each
antioxidant component was known.
The original Std-OIT values were very similar in all five
samples even though they contained different antioxidant
packages. Contrary, a large difference in the HP-OIT values
was observed. The thiosynergists and hindered amines leaded
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Figure 2. Changes in percent retained of Std-OIT values at
an incubation temperature of 95°

In comparison, the HP-OIT exhibited different responses
depending on the antioxidant package, as shown in Figures
3 and 4. Samples A, B and C which contained the same
antioxidant types behaved similarly;
their OIT values
decreased exponentially
with incubation
time at all
incubation temperatures.
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slower rate than samples with only phosphite and hindenxi
phenols.
5.2
Comparing Std-OIT, HP-OIT and Other Material
Properties
In order to demonstrate the importance of the antioxidants
toward the long term physical and mechanical properties of
the geomembrane, changes in MI value and tensile
properties are compared to the two OIT results at incubation
temperatures of 115 and 95”C.
Since Samples A, B and C contain the same antioxidant
types, their properties behaved in a similar manner
throughout the incubation period. Sample A was selected to
represent this group of three samples. Figures 5 and 6 depict
the change of each property with incubation time at 95°C
and 115“C, respectively.
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Figure 3. Changes in percent retained of HP-OIT values
at an incubation temperature of 65”C.
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Figure 5, Changes in properties
95°C for Sample A.
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Figure 4. Changes in percent retained of HP-OIT values at
an incubation temperature of 95”C.

Similar to the Std-OIT, Sample D which consists of
thiosynergists also showed a rapid depletion in OIT values
at 95°C and 115°C incubation temperatures. However, the
OIT value maintained almost unchanged after the
significantly drop in the first 90 days. The rapid reduction
in OIT values at 95°C and 115°C suggest that substantial
amount of thiosynergist was quickly consumed at these two
Since the depletion
elevated incubation temperatures.
occurred within such short period, as indicated by the HPOIT results, volatilization probably was the primary
consumption mechanism rather than oxidation. There may
be a high concentration of thiosynergists near the surface of
the coupons. The depletion rate for the remaining additives
seems to be relatively slow and is sufficient to protect the
geomembrane from being oxidized.
For Sample E, which contained hindered amines, its OIT
value decreased exponentially

with time but at a much

-20FlLliii,i
o
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Figure 6. Changes in properties
115°C for Sample A.

with incubation

time
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Based on Figures 5 and 6, the behavior of this group of
geomembranes can be summarized as follows:
●

The depletion of antioxidants using both Stci-OIT and
HP-OIT measurements were very similar. Actually, a
linear correlation was found between them. Thus either
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one of the tests can be used to evaluate these types of
antioxidant packages.
Regarding the correlation between OIT and tensile
properties, the data at 115°C indicates that tensile break
properties remain essentially unchanged as long as
antioxidants are still present. After 180 days, the tensile
break properties dropped significantly when both OIT
values approached zero.
As for the MI value, it behaved differently at these two
incubation temperatures.
At 115”C, the MI value
decreased steadily with time even though the OIT was
still at a fairly high value. Such behavior was also
observed by Thomas and Ancelet (1993) under similar
test environment.
However, at 95”C, the MI value
remained largely unchanged while the Std-OIT value
decreased to 20%. Hsuan and Koerner (1997) observed
essentially no changes in MI value as the Std-OIT
decreased to less than 10% at temperature of 85°C in a
soil incubation condition.
The decrease in MI value at 115°C probably was due to

cross linking resulted tlom oxidation reactions. Since
the onset of the melting peak begins at about 60°C and
reaches the peak at 128”C, some amount of the
crystalline phase are in the molten stage at 115“C.
Such change in microstructure can substantially
enhanced the oxidation degradation which most likely
not occurs at the low service temperature. Thus the
incubation temperature at 115°C seems to be too high
to evaluate the durability of HDPE geomembranes.
Regarding the MI value in evaluation of polymer
degradation, it probably has a higher sensitive than the
tensile test. However, it may be difficult to establish a
correlation with the tensile behavior. Data from longer
incubation times could verify this hypothesis.
For Samples D and E, their change of properties with
time at 115°C me given in Figures 7 and 8, respectively.
The Std-OIT and HP-OIT behaved very differently for both
samples.
In Sample D, the Std-OIT value gradually
decreased to less than 5% in 270 days, whereas the HP-OIT
value maintained at 20% after the initial rapid reduction. In
spite of the low Std-OIT value, the tensile properties
remained unchanged.
Sample E is somewhat similar to
Sample Din their Std-OIT results. After 270 days, the StdOIT value reached 2% while the HP-OIT value was still at
60%. Clearly, the presence of hindered amines was being
detected by the HP-OIT. At the same time, the tensile
properties showed no significant changes. The test data
further confined
that the HP-OIT test reflects more the
“true” state of the antioxidants
present in these two
geomembranes.
The Std-OIT test measures mainly the
depletion of the hindered phenol and phosphite antioxidant,
Regarding the MI value, again a reduction was only
detected at 115°C in both samples. Sample D showed the
least ckease
in the MI value than all other four
geomembranes.

140

0
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Figure 7. Changes in properties with incubation time at
- 1l~°C for Sampl~ D

0
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Figure 8. Changes in properties
115°C for Sample E.
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The significance of antioxidants to the longevity of the
geomembranes has been qualitatively illustrated. It is of
value to use this data to quantify the depletion time of the
antioxidants, since within this time period, the engineering
properties of the geomembrane are unchanged. In this
section, the methodology used to predict the depletion time
of the antioxidants is based on OIT reduction rates obtained
from three elevated incubation temperatures.
Data obtained
from the 115°C is not included due to the possible changes

in the material’s structure as stated earlier. Furthermore,
Samples D and E were not analyzed. The evaporation of the
antioxidants in Sample D, make the high temperature data
not possible to be analyzed. For Sample E, the current
reduction in the HP-OIT value at the lower incubation
temperatures me too small to actually predict the depletion
rates.
For Samples A, B and C, the depletion of OIT decreased
exponentially with time. The generalized equation for Off
depletion curves as those shown in Figures 1 and 2 can be
expressed by Equation (1). The depletion rate of the OIT at
each incubation temperature can be determined by curve
fitting.

where:
OIT
Sixth International
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ANTIOXIDANT DEPLETION TIME

OIT = P* exp(- S“t)
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= OIT time (min.)

(1)

P
s
t

= original OIT of the geomembrane
= OIT depletion rate (min./day)
= incubation time (days)

(min.)

The next step is to extrapolate the OIT depletion rate to
a lower (and site specific temperature), using the Arrhenius
equation described in Equations (3) and (4).
S = A*exp(-WRT)

(3)

in(S) = in(A)+

(-E/R) *(l/T)

(4)

where:

OIT depletion rate
Activation energy of the antioxidant
depletion reaction under this test
condition (kJ/mol)
gas constant (8.3 1 J/mol.K)
test temperature in absolute Kelvin
(degrees K)
constant

S =
E=

R=
T=
A=

A linear relationship is established between in(S) and
inverse temperature.
Figure 9 shows the Arrhenius plots
for the Std-OIT testing of Samples A, B and C. Similar
behavior is also obtained for the HP-OIT.
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Figure 9. Arrhenius plot for Std-OIT test data.

The resulting activation energies of these samples are
very similar regardless the type of OIT test, since similar
reactions are being evaluated. The average activation energy

value (slope of the lines in Figure 9) is 36 kJ/mol.
Based on the resulting Arrhenius equations, the OIT
depletion rates at a typical site specific temperature can be
extrapolated. To select a site specific temperature, Koerner,
G.R., et. al. (1995) and Yazadini, et. al. (1995) found that
the temperatures at the base of two municipal landfills in
Pennsylvania and California vary between 19 and 22”C.
Thus 20”C was used as the extrapolation temperature to
calculate depletion rate using Equation 4. Using the
obtained depletion rate, the required time to deplete all the
antioxidants in the coupons at 20°C was calculated using
Equation 1. However, before proceeding with the
calculation, two boundary conditions must be established.
They am the intrinsic OIT values that a pure unstabilized
(i.e., no antioxidants) HDPE resin can possess in the two

respective OIT tests. Both Std-OIT and HP-OIT tests we~
performed on a pure HDPE resin. The Std-OIT was

measured to be 0.5 minutes and HP-OIT to be 20 minutes.
These two values are taken to be the OIT values when
essentially all of the antioxidants in the incubated HDPE
OIT time in
geomembranes are consumed (i.e., the
Equation 1). Table 3 shows the time required to consume
all antioxidants from the three coupons at 20”C. In other
words, these are the predicted antioxidant depletion times at
temperature of 20°C under the simulated test conditions
presented in this study.

Table 3. Required time to consume all the antioxidants
Antioxidant Depletion Time (year)
Sample
HP-OIT
Std-om

A
B

c

60
80
100

70
50
110

The predicted lifetimes from both Std-OIT and HP-OIT tests
Sample
B showed a
are reasonably close, although
unexpected low value using the HP-OIT test. The overall
average lifetime of this antioxidant package under the test
environment is 80 years, This is substantial y shorter than
the predicted value obtained from a separate incubation test
that simulated a landfill liner condition. In that case, a 200
year depletion time was found (Hsuan and Koerner, 1997).
This difference can be contributed by two factors.
One is
caused by the different oxygen concentrations between the
two incubation environments. In the forced air oven, the
concentration of oxygen is relatively high (21%) and is
constantly being circulated. Comparatively,
the oxygen is
limited in a simulated landfill incubation test.
Second is

due to the evaporation of the antioxidants. The constant air
circulation in the forced air oven can accelerate the
antioxidant diffused out from the polymer as well as oxygen
diffused into the polymer. Thus the forced air oven
incubation procedure is a very severe test condition. It does
not represent typical field situations, since at least one side
of the geomembrane is always in contact with soil even for
exposed applications.
Nevertheless, the air oven incubation is an ideal index
test procedure for the evaluation of different antioxidant
packages and for manufacturing quality control purposes. It
can achieve the desired result within a relatively short time.

7.

SUMMARY AND CONCLUSION

The consumption
of anitoxidants in five commercially
HDPE geomembranes
incubated in forced air ovens at
elevated temperatures of 115, 95, 75 and 65°C was assessed.
The results can be summarized as follows:
●

The OIT test is ideally suited to track the depletion of
antioxidants in the geomembrane.
The OIT value
decreasd exponentially with incubation time in most
of the tested geomembranes.
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●

●

●

●

●

●

For geomembrane Samples A, B and C that contain
combination of hindered phenols and phosphates, the
Std-OIT test can be used as well as the HP-OIT test.
For geomembrane Samples D and E that contain either
thiosynergists or hindered amine, the HP-OIT is the
appropriate test.
The 115°C incubation temperature is too high for aging
evaluation. In addition, geomembranes that consist of
thiosynergists, should not be incubated at temperatures
95°C and above due to the rapid evaporation of the
thiosynergists.
The antioxidants in the geomembrane must be
completely consumed before the physical and
mechanical properties begin to change.
The antioxidant depletion time was predicted using the
Arrhenius equation and found to be approximately 80
years for Samples A, B and C.
For Samples D and E, which contained thiosynergists
or hindered amines, the depletion time appears to be
long,er in comparison to Samples A, B and C. The
depletion times of these two antioxidant packages =
still under investigation.
The time of 80 years for depletion of antioxidants is

shorter than the ~esults obtained from a separate study
using a simulated landfill incubation setup. In that
study, the predicted antioxidant depletion time is 200
years. The differences in these two values is caused by
the amount of oxygen available. In this study, oxygen
is constantly circulating in the forced air oven. While
this incubation method is appropriate for research into
different types of antioxidants or for manufacturing
quality control, it does not represent in-situ condition.
Due to the significance of the antioxidant to the longterm durability of geomembranes, the performance of the
antioxidants
in the geomembrane
should be properly
evaluated by the user community (designers and/or owners).
Since the Std-OIT and HP-OIT tests can effectively monitor
the overall amount
of antioxidants
present in the
geomembrane, the consumption rate of different antioxidant
types can be compared and verified after the geomembrane is
incubated in a properly designed procedure.
In a recently developed manufacturing quality control
specification for HDPE geomembranes (GRI, 1997), the
antioxidant packages are being evaluated. A minimum of
100 minutes of Std-OIT or 400 minutes of HP-OIT is
recommended.
Also the consumption rate of the antioxidant
is limited to 55% for Std-OIT and 88% for HP-OIT, atkr
the geomembrane is exposed in a foreed air oven at a
temperature of 85°C for 90 days.
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Selecting A Geomembrane
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ABSTRACT: As the number of available geomembrane materials Polyethylene (FE), Poly (vinyl chloride)
(PVC), Polypropylene (PP), ChlorosulfonatedPolyethylene (CSPE), Polyester (PET), Polyurethane (PUR), and
their alloys) increases and their range of applications widens, it is becoming more important that the proper
selection of matmial, and even resin within one materialtype, be made. This cannot be done on an emotional
basis, nor can it be done without a thorough knowledge of geomembrane peflormance. A tOChlliCdy
based
protocol is presented for selecting a material for each specific geomembrane application. The important
parametersfor each geomembrane application are identified and rated on a scale of 1 to 5 in terms of their
ltolOforeach
of the
significance to the prqject. fiecandidate material sarethe nratedonasealeof
parameters. The two ratings are multiplied and then totaled for each material to provide a technically based
overall rating of geomembrane materials for the specific project. Examples are provided for different types of
facilities, which highlight the materials, opemtions and maintenance characteristics that influence the
performanceof geomembranes in differentlining applications.
KEYWORDS: Geomembraue,liner, design-by-function
1

INTRODUCTION

The selection of a geomembrane material for landfill
or liquid impoundment lining systems is ofien W
on the prescriptions of fderal, state or provincial
regulations, or is based on the selection of the
material that will most easily proceed through
For the past
WProP*
Frmiprocesses.
several years high density polyd.hylene (HDPE) has
enjoyed the position of ge4xnembrane4f40ice x
in*
‘l-IDPE”has become almost synonymous with
However, in a *
the word “geomembrane”.
instances, such as for the containment of black liquor
at pulp mills @eggs et al, 1993), fix the containment
of nitric acid and due to inadequate specification of
resin properties, this has led to liner tilures. In such
instances alternative materials or resins would have
or
provided better seMce, but the knowledge
appropriate
mechanisms for the selection of the better
matwiah or resins were not in place or were ignored.
The conditions under which geomembraneaare used
in lining systems are wide and varied.
Geomembranes are requiredto provide service as the
only,
primary,or secondary liner of basal lining
systems. The single, or primary geomembrane may
be exposed to ultraviolet radiationor may be covered

with soil, or it may be covered with a wide rsnge of
liquid chemicals. The primarygeomembrane maybe
placed on an imported well-prepared soil layer, while
a secondary geomembrane (never exposed to W
mdiation except during instahtion) may be placed on
a not-so-well-prepared (rough) natural subgmde.
While the primary geomembrane may be constantly
exposed to a chemical the secondary geomembrane
will nog or should not. If the primary geomembrane
isexposedto Wradiati~
it may also beexposedt.o
wide variations in temperature (if liquid levels are
varied) while the secoduy geomembrane is not
exposed to such wide chsnges in temperature. Thus,
the service conditions experienced by primary and
seadary geomembraneain the same basal liner may
be quite different.
There are similar, and more,
differences required for the perilormance of
geomembranes in landtlll caps and floating covers,
when compared to basal liners. Geomembranes in
caps are subjected to differential settlement
permanentshear stremes, temperaturevarhtkm, and
perhaps vegetation root penetmtion that basal liner are
not. They must be able to tolerate deformation flu
more readily than basal liners. Then there are
different requirements h geomembranes used as
canal liners, dam fiwings, vertical cut-off walls, fuel
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fhrm secondary containmen~ and portable storage for
fuel and water.
There are many geomembrane materials mailable
today - HDPE, Very Low Density Polyethylene
Polyethykne
(VLDPE), Linear LOW Density
PEs, Poly (vinyl chloride)
(LLDPE), cwxtnkd
(PVC), PVC alloys, Polypropylene (PP) (reinforced
and unreinforced), Ethylene Propylene Diene
Monomer (EPDM), Chlorosulfonated Polyethylene
(CSPE), Bitumen (roll and spray products),
Pdysulfide (I%), Polyurdane (PUR) (roll and spray
products), and Polyester (PET) - all with differeut
chamcteristics. With this wide range it
l=f~
is inappropriateto assume that one material, even a
regulatmy prescribed one, will provide opeven adequa@ performance. Even thou~ llliuly
regulations and project specifications allow “proven
equal’’ mterids, thetime andexpense of proving
equality are more thsn most i%cility owners are
willing to incur. Thus, innovation and progress are
stifled.
Itisalso neceasaryto understand *just
asthere
are many different geomembrane polymers, so there
are many different HDPE resins with diil?erent
. .
While all of these have
p=f~
~
Vexy similar conveationai density, and
deformation characteristics, tkir
long mechanical durabilities (stress ruptureresistance) can
vary by a fhctorof more than 1000. Thus, specifying
“HDPE” alone is akin to requiring a bridge to be
made simply out of “steel”. One needs to be much
more specific to obtain adequate or optimum
performancefrom the installed fhcility.
Themfbre, a technical approach based on polymer
and
@ Ormance, geomechanics, cmstrdbility,
otharhctorsh asbeend evelopedf wthesehxtkn
of
the moat appropriategeomembrane fw each project
Cost considerations then
specific application.
become asecondary, ratherthantheprimary, reason
fix material selection. By using this approach the
increasing number of geomembrane fkilures that are
occuning might be reversed.

2

METHODOLOGY

The first stepinthe proces8istQiCk@ify all of the
fSctors thatare
@OrWltfbrthesucc=@
Ofthegeomembrane
inthespedfic
p=f~
application in the specific project. As previously
~suchfactor
swillbedifkent
fbrpb
ad secondary liners, caps, and_
covers. Not
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only should basic material mechanical, physical, and
chemical performance be consider~ so also must
indlation
conditions (temperature, wind), time
belxveen instalMon and designed service eunditions,
and
maintenance
~
m~
requirements. Will the l&ifill linedcmver be left
_
beforewasteis placed? Will select*
ti
placed as the fuat layer? Will the liquid level be
com
or high in winter and low in summer, or vice
versa? Willthe owners want to make their own
repairs? A complete listing should be made of all of
these requirements.
Thesecond
stepistoidenti&
the relative
sigdknce
of each of these parameters
(requirements) onascale
oflto5,
with5 being
“most significant” and 1 being “of little (but still
some) significance”.
Thus, W resistance for
an exposed leachate lagoon liner will receive a 5
_
while
fir a secondary basal li.neritwill
receive a 1, unless for some during
instdidaq sectiom of it were to be lefi exposed for
some time, when it might receive a 2. Clearly, these
rating are somewhat subjective and are based on the
of the rater.
~
Sane of the hctors and their relative significance
in solid waste and liquid impoundment facilities are
and 2 respectively.
Note
listed iu Tables 1
that that these should not be considered complete
fix any real fiacility since environmental conditions
have not been defined. Also note the diiTerences
bdween primary and secondary gcomembrane liner
requirements.
Whenall thesignificant pammeterafbreach of the
geomembrane components have been identified and
ra@ a number of candidate geomembrane materials
(three to five) should be dentified.
Clearly,
experkm and judgment are usually required to
develop theinitial’short
list’ of candidate
geomembranes. Costshould not beaihctor atthis
stage of the selection process.
ofeachof
these candidate
~~
materials isthenrated against each of the ~Uirf3d
pwuxbxa
on a scale from 1 (poor) to 10 (excellent).
Ascaleofl
to10foronly3
or 5 materials allows
empksis to be given to extremely good or poor
as required.
TIE complete
ti~
SYcan be presented as
~1~
x
shown in Table 3.
‘x& significance and performanceratings (lto5 and
1 to 10) are multiplied to provide an a@st.ed rating
fbr eachpammeterhnaterialcombination. All of the
adjustdratings foreach-timthentidto

TABLE 1

Some Landfill GeomembranePammetemand Their Signifieanee
PARAMETERS
5

SIGNIFICANCE
Secondary
3

1*

3

2

4

Oxidation Resistance

4

2

4

Flexibility For Subgmde Contact

5

4

5

Bisxial StresslStrain

4

3

5

Puncturestrength

1

1

1

Lea&ate Resistance

W Resistance

5

Punc@e Stmin

5

I

InterfaceFriotion

I

3

4

Loss

Resistance

Of Additives

5

5

I

I

I

1

Sealability (Window)

TABLE 2

3

I

I1

5

I

3

I

2

1

3

I

I

I

3

I
I

condensates

Pond Liner and Floating Cover Pammetem awl Their Sipibnce
SIGNIFICANCE

I

I
I
I

Liquid Resistance

I

5

Wmsismce

I

2

Oxidation
Resistance

I

3

I
I
I

I
4
5

I
I

5

I

SubgmdeContrwt

5

1

Biaxial Stress/Strain

4

3

Punaure Streagth

1

4

4

1

PUt@Mre

strain

Intdace Friction

I

Las of Additives
Sealability (window)
Detail Sealability

4

I

I

I

3

4
1

3

3
1

I

1
2

5

stresscrackingResistance

t

3
2

4

PARAMETERS

t

I

5

1

I

I

I

5

1

Detail %mability
Assuming no

5

5

5
1

Number Of Field Seams

I1

I

I

Stress Cracking

5
1

1

1

4
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TABLE 3

Rating Procedure
MATERIAL 1
Sig.

PARAMETERS

Perf.
B

A

MATERIAL 2

Adj.

Perf.

AxB

c

Adj.
AxC

MATERIAL

3

Perf.

Adj.

D

AxD

REQUIRED

~

TOTAL
Sig. - Signifkance

A
B, C, D
F, G, H

1-5
1-1o
Totals

Per. - Perfbmance

F
Adj. - &justed
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H

1 little importance, 5 ve~ important
Performanceof materialfor this Parameteq 1 poor, 10 good
Rating of each materialto meet service requirements,highest is best.

generate the final material rating. The highest value
identifies the most technically appropriate materhd
fix that specifk geomembrane application.
Only
now should thctorasuch aa cost be considered. And
withthis xonegenemtesa
meana ofpartidly
demonstmtkg “equivalency” of differentmaterMs.
Amwith~cmtrivd
rating ayateaL.=@==
~
Theremay
je-dti~~~
besmnet echuidp ammetmefevenid@
importance
thatarc netadequwdy rdectcd inasubjective tabukw
nwing. Forexamplc, ddeving am.inimumawqtabk
f&Xoref saf6tyfm alopcstab@isdten
afmdam@d
design critraktbatmuatbcmetwith necanpmi=.
In
thiscaae thcrcia anabsdutcpaastfM~
that
Qmdida@gawmbwa
mustmattequldiiy ibrfurthcr
evaluation. SlopcataMity analyseaona_p@@
mayreveal
tbatellly
auaggn=hdy
textured
geomembranewill bcableto satiafytheru@em@%d
thst tcxtumd polyethylene ~~~XnatelMawdlab kthatiammubcmd withsuchaurfkcs.
Buttbenthc a@d&mceefthat&ctor enthc$lmss _
R@tance lnayhavc to bcgivcnmorcwcight aa well.
ThUa,tbetdmlarmntrixweukltbenshittita emphaahtypcqtearangeef
ara&of~
xavailablepolyethylenepmprdea.
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EXAMPLES

Four skuatiom, all of which are contriv~ and all of
which are itltelltiody
incomplete (SO as not to
become ‘prescriptions”), are described below.
CASE 1 - THE PRIMARY AND SECONDARY
GEOMEMBMNES OF AN MSW LANDFILL.
The secondary geomembrane will be placed on a
coarse stony subgrade in a cold winter with the
placed
on a (3CL in the fbllowing hot
pm
summer. The prinuuy geomembrane will be covered
immdately. Local regulators are aware of PP, and
PVC, but are most comfortable with HDPE.
In this use the seconday geomembrane will have to
tolerate subgrade scratching damage during
indlation and will have to tolerate puncture strains
fkomthe coarse subgrade. It will have to have some
rewtance to W radiationsince it may be exposed for
upto6 montha. It will also have to have a low
expansion coefficient so that excessive wrinkles are
not tbrmed at the high summer temperatureswhen it
will be covered.
The evaluation presented in Table 4 indicates HDPE
is most acceptable for the primary geomembrane,
while PP is most suited fix the seconday
ganembrane.

While it is an accepted &t that a composite liner
constructed fkom a geomembrane and mineral
layer/GCL pthe optimum hning aystenq
similar recogdion has not effectively been given to
the benefits of using two different mterids in double
geomembrane lining systems, where the negative
geomembrane are
_
of the primary
complemented by the positive aspects of the
wmldary. Thus the chemical rdstawe and strength
of an HDPE geomembrane can be complemented by
the strain tolerance, low expansion coefficient
flexibility, and stress cracking resistance of a more
flexible geomembmne. The seconky geomembrane
doea not requirethe same chemical resistance since it
isnotconstmdy exposed tothecmtaindliqukl
but
itwillconfbrm battorto theaubgrade because of its
flexibihty@r
ovi&gab etterco enpositeactioa
than
will HDPE).
In cold environmmts Cumpmsation
wrinkiea in a flexible sewndary geomembrane will
not present a problem when placing an HDPE
Pm
geomemb-,
also with compensation
Wrinkles,ontopofk
asmighthappen iftheprimary
HDPE geanembmne were placed on top of a
wrinkled wundary HDPE geomembrane. There is
muchtobe aaidfor having primary audseudary
geomembranes made ikom dii%rentmtwials. @Jote
thattbedectiion touaeditbmtmata
idsforprimary
andsecdary
lineramay alsoneed to take into
account theneed toweldthe primary and secondary
liners together in the anchor trench to prevent water
fromentering thehkde tectionsy stem.
This isa
iutothe
site-specific issue that could be kmpmted
ratingprocedure.)
CASE 2 - THE EXPOSED PRIMARY
GEOMEMBIN A PULP MJLL BLACK
LIQUOR POND that will be installed in the summer
inalaatio
nwherewinter ~--40”C. Thepond willmostly beemptye’xceptf6r
three-week plant n@wmamX periods. “Detergents”
will not * skimmed off the liquor. T& black liquor
entersthepond siteatatempemture of82°C.
Although e%brbar
emadetoreduceth etempemture
of the black liquor by cascdng or spraying it into the
pond, the liquid ia still relatively warm. But is this
neawaryifexposed blackliner sregldarly~
-d
tempemturesof80”Cin the summer ~?
resistancetotheliquor is of extreme impwtanceasia
theconcern
of thermal amtmction of the
geomembrane at low
winter temp~.
Compensation wrinkles may need to be built-in in the
summer insMation.

Table 5 indicates PP and CSPE appear to be
technically the most suitable matwiah.
CASE 3 - A CO-DISPOSAL (MSW/CDD)
LANDFILL CLOSURE CAP where temperatures
vay somewhat but are never very high. InstalMon
occurs in the summer.
The waste is subject to
differential settlement. There is an active landfill gas
removal system incorporated in the lining system.
Theg eumembraneis placed on a GCL on 3:1 slopes.
The cap will have to tolerate the strains of
diflkrential aettleme@ and the stresses induced by
some &mpmtum changes. Maximum temperatures
arenot so high that loss of plasticizers from PVC is of
corwem.
Table 6 indicates that PVC is technically the
optimum gemnembrane. However, slope stability
analyses indkate tbt the interfhce friction between
PVCandtheunderlying GCLianot adequatetomeet
theminimum requiredfkctorof aafetyofl.5.
Inthis
case, considemtion of a well-textured LLDPE is
warnmtd if ita intdhce shear strengthis able to meet
the requirements.
CASE 4 - AN UNDERGROUND CONCRESERVOIR for atomge of krigation water fm a golf
Cuurse. There are many square concrete pillars
supportingthe roof. All corners between pillars and
floor, and walls and floor, are right angles. There are
cracks in the floor.
Table 7 indicateathat a spiny on polyurea liner is the
optimum liner for this application.
Clearly these examples have been contrived to
generate difftmnt solutions and should not be
considered complete, either in the parameters of
si#i&awX,
norin
the aelection Ofcandidatc
geomembrane mterhds, but they do provide
==@of the types of thought processes and
evaluationa that are required for the successful
selection and fimct.ioningof a geomembrane. There
isnotonegeomem brane material that will be suited
for all applications.
Even though this methodology may lead the
specifier to an appropriate geomembrane material,
Carestill needato betakeninthedetda
Of the final
specification. For ewunple, when spec@ing HDPE,
thestress rupturepdomanw
chamcteristica (stress
cracking resistance) should be matched with the
criticality of the specific lining indlation.
Finally, it should be noted that there are many
benefits to be gained from using differenG but
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TABLE 4

MSW Landfill: Overview of Liner Selection Process

,

PARAMETER
P

o
3

HDPE

SIG

PP

P

s

s

s

s

Lcaehatekaanee
welding window

5

3.

2

5

7

14

7

35

10

adj.
40
20

PUIKAUestr&ill

3

5

5

15

5

25

10

30

10

50

8

24

8

40

stress mwking
resistance
Expanw“onwefiicient
N@h SellSit=iV&

5

5

6

30

6

30

9

4s

9

45

8

40

8

40

3

5

5

15

5

25

10

30

10

50

6

18

4

2

5

5

10

1

3

8

8

25
24

8
7

14
7

8
7

40
21

10
4

20
4

10
4

30
50

w

5
8

3

3

10
10

1

3

1

3

3

9

3

9

3

30
30

30

3

10
10

30

1

3

1

3

7

21

7

21

RegllMOly

Swx@iin Ce

CQA-ability

rat.

P

rate
10

resistance

X&
50

Pvc

P

10

at!j.
30

rate
8

254

196

rate
8
10

adi
24

*
5

@i.
25

5

adj.
15

50

s

10

5

25

287

194

*

12

171

242

p.S=%cmdary
Sig = Significallee

TABLE 5

Black Liquor Pond

PARAMETER

HDPE

SIG

Black liquor resistance

5

Perfoml.
1

stress Cfaekingresistance
Wntnction

5
4

4
4

PP

CSPE

Perform.
7
20
16
40

9
7
7

Perfixm.
6

adj.

45
28
35

10
10
10

30
50
40
50

W resistance

5

8

Numbs of field seams

4
3
3
1

3

12

3

12

6

24

10

30

8

24

1

3

6
3

18
3

6
10

18
10

3
1

9
1

Total seams
Rq3auaMlty

..

Puncturestrain

144

207

207

TABLE 6

Landfill Closure Cap

PARAMETER

SIG

Gas permeability
Biaxial straintolerance
Mmateumtact
Tkmal expansion
Inte&ce fiction
Stress cmcking resistance
Sealability

1
5
5
4
5
5
1

Pvc (embossed)

HDPE (tmtured)
e.
8
10
10
12
40
20
4

m~
8
2
2
3
8
4
4

-~

LLDPE (textured)

M.
4
45
45
20
20
45
4

4
9
9
5
4
9
4

100

mo~
6
8
7
2
8
8
4

e.
6
40
35
8
40
40
4
173

183

TABLE 7 Cuncrete Reservoir
PARAMETER

I

SIG

HDPE

I

Fff~

o
a

htimate support
Stress cracking resistance
Biaxial strain
Biaxial strength
Number of seams
Chemical resistance
Thermalexpansion

5

2

4

4

4
10
4
10
2

5
4
3
1
3

PP

I
adj.

10

l=f—~

I

*.

6

30

16

8

32

20
40
12
10
6

7
7
4
8
6

35
28
12
8
18

SPRAY POLYUREA

l=f~e
10
10
9
4
10
6
9

adj.

50
40
45
16
30
6
27

I

complementary, mataids for the primmy and
~
gmmof double lining systems.

4

CONCLUSIONS

A simple technically based procedure has been
developed for the seleotion of the most appropriate
geomembrane matmial for project speoific
applications. The procedure takes into account the
requirements of the
~~~
fhcility as well as the mecbnid,
physical, and
. .
chemical perfibnnancechm@emW s Ofthe mated.
“ for a basic
‘& p~
also provides informatmn
assessment of technical equivalency of diffkrent
matmhls.
As with all engimxring wnstmdion materials,
experience, judgmex and a knowledge of the
performanceof such materiah in such i@htiOIIS
is
essential
in order
to
mobilize the optimum
of the finished product.
ti~
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ABSTRACT: This paper presents the preliminary study on heat-insulating performance of the geomembrane composite. The authors find that generally the thermal diffusivit y of the geomembrane composite is slightly smaller than
that of the concrete and 10-30 times smaller than that of simple geomembrane, and will decrease with the increase of
thickness of geotextile associated with geomembrane. In this paper, a typical dike is presented as a application case
for checking the heat- insulating effect of geomembrane composite. It is expected that the geomembrane composite
will be used in the place of the concrete as the heat-isolating layer in civil engineering,
KEYWORDS:

Geomembrane composite, Thermal diffisivity, Laboratory test, Heat insolation

1 INTRODUCTION
Geomembrane composites is a material composed by
the geomembrane and geotextile, Since it has multifunction such as seepage prevention and drainage,
geomembrane composite was successfully widely applied in civil engineering in China, such as, in the main
ccrfferdam at Shuikou Hydroelectric Station (Tao,
1989), in Lijiaqing earth dam (Tao, 1990), in the Core of
Zhushou Reservoir dam (Tao, 1993), in the Xiaolingtou
Rock-fill dam (Tao, 1996) to replace the clay or concrete
impervious barrier and sand cushion.
The geomembrane composite is usually associated
with the geotextile (in general needle- punched geotextile). The geotextile associated with the geomembrane is
of fiber structure, thus is non- homogeneneous, porous
and anisotropic.
These characteristics
make the
geotex.tile to have good heat-insolation performance, so
that the geomembrane composite has both geomembrane and geotextile properties as well as impervious
and heat- insulation functions, Formerly, the people
have not attached importance to this special property of
the geotextile.
The aim of this paper is to investigate whether the
geomembrane composite is able to be used as
heat-insolation layer in civil engineering.
Analytic results indicate that the seepage- prevention and heat-insulation effect of the geomembrane composite is fairly significant. So, the geomembrane composite can be used as a new type of engineering material to
replace the concrete impevious and heat-insulation liner
in civil engineering. It is a new application field in civil
engineering for the geomembrane composite.
2 HEAT CONDUCTION EQUATION
AND THERMAL DIFFUSIVITY
2.1 Heat Conduction Equation

Based on the heat conduction theory and energy conservation law, differential equation of heat conduction in
termes of rectangular coordinates for the non- homogeneous and anisotropic area with inner heat source is
2

2

ay

az

2

( x 9X

at
—
=a

37

~+aY~+az~

)

+—

A

Cp p

(1)

where t—temperature; r—time; a— thermal diffusivity;
A—inner heat generated per unit volume; p -– density;
Cp —specific heat at constant pressure.
From Eq .(1) it can be seen that the main characteristic for heat conduction is thermal diffusivity, a, which
is defined by
),

a=—

p

c,

where 2 denotes the thermal conductivity.
The parameter, a, denoted the area where inner
heat propagates per unit time. Since p is the mass density, the specific heat CP mast have the dimension of heat
per unit mass and per temperature difference. If the specific heat is based on unit weight, the specific weigth y
must be used in place of p. Therefore the dimension of
the thermal diffusivity, a, is m2 / h.
Thus, it follows the research on thermal diffusivity
of geomembrane composite first in laboratory.
2.2 Thermal Diffusivity of Geomambrane Composite
Geomanbrane
composite is a kind of thin plate
material, according to the transient thermal diffusivity
theory of infinite plate (Chapman, 1974), a test apparatus which is suitable for transient thermal diffusivity of
infinite plate is developed. The test apparatus consiste
of water tanker composed by a heating chamber and a
measuring chamber, of a auto-temperature controlling

1998 Sixth International

Conference

on Geosynthetics

-389

Table

1

Test results of thermal

diffusivity

No,

Specifications

Thermal diffusivity
(m’ /h)

1

Single geomembrane PVC with a thickness of 0.5 mm

0.06211

-

2

0.5 mm PVC with 250 g / mz NPGT on both sides

0.00798

-

0.00502

-

3

0.5 mm PVC GM with 300 g / m2 NPGT

4

0.5 mm PVC GM with 400 g / m2 NPGT on both sides

0.00358

-

5

0.5 mm PVC GM with 450 g /m’

NPGT on both sides

0.00269

-

0.5 mm PVC GM with 500 g / m2 NPGT on both sides

0.00207

-

Single geomembrane PVC with a thickness of 0.7 mm

0.05946

“

0.7 mm PVC GM with 300 g / m’ NPGT on both sides

0.00475

-

0.7 mm PVC GM with 500 g / m2 NPGT on both sides

0,00201

-

Concrete with a thichness of 100 mm

0.002995

-

6

,

7

●

8
9

1

10

Note: GM—

geomembrane

composite;

NPGT—

needle-punched

system, and of a auto- detecting system. Geomanbrane
No.6, N0,8 and No.9, and single
composite
No.2geomembrane No. 1, No,7 are used in the tests as shown
in Table 1.
The thermal
diffusivity
of the concrete
plate
(No.10)
obtained
by use of the test apparatus
above- mentioned is 0.002995 m’ i h, it is similar to that
(0.003’2 m2 / h) obtained by use of “Measuring Apparatus for thermal
diffusivity
of Concrete”
in “The
Hydaulic Concrete Test Codes” approuved by the Ministry of Water Resources and Elctric Power of China in
June 1982. Therefore, the test apparatus developed for
determining
the thermal diffusivity of geomembrane
composite is reliabile.
From Table 1, it can be seen that
–- The thermal diffusivity of geomembrane composite is :similar to that of concrete and it is relatively small
and generally belongs to 10-3 m2 / h;
—- The thermal diffusivity of geomembrane composite decreases with increase of thickness (or mass per
unit area) of the geotextile associated with the

Figure 1. Computation
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on both sides

nonwoven

geotextile.

geomembrane;
~
— For the single geomembrane, the thermal
diffusivity is the largest, it decreases slightly with increase of thickness of the geomembrane.
3

HEAT-INSULATING
PERFORMANCE
OF GEOMANBRANE COMPOSITE

As a calculation example, the authors take a dike installed between the intake and outlet of a power station,
the dike axis is parallel to the coast line, so a discharge
channel on one side of the dike near the coast is formed
and is protected from the action of waves, while the other side of the dike fronts to the open sea. The water
level, owing to the draining of heat water, in the
discharge channel will be slightly higher than that of the
open sea. The calculation profile of the heat-insulation
liner within the dike is shown in Figure 1.
The dike is situated on the alluvial-slope from the
land, The composite lining is placed below the base of
the whole discharge channel, and extended within the

section of dike and boundary conditions.

on Geosynthetics

dike to the distance of 5 m perpendicular
to the side-slope
and the elevation of 7.5 m. Both sides of the impervious
liner are filled with gravels 20-80 mm in granular diameter as a transition layer, the thickness being 1 m on both
sides.
Eq, (1) is employed for calculating heat- insulating
performance of the dike. For the inner thermal source of
the discharge channel, it is prominent that heat transfer
induced by j oint seepage of the geomembrane
composite
will cause temperature
rise of water, and the following
can be written.

channel is 10 U higher than that of the seaward side of
the dike, 31.3 C is employed; for the temperature of the
dike surface above the water surface of discharge
channel, 24 ‘C is used because there is a rise of the
temperate of 2.7 C due to the solar radiation according
to data of concrete gravity dam; the other boundaries are
treated as adiabatic boundary (d T/ d n = O) (see Figure
1).
The thermal diffusivities of various media for the
heat-insulation
calculation domain of the dike are shown
in Table 2.
Table

2

Thermal

(2)
Materials

where, 8 denotes temperature rise of sea water; Q, therm-

3.1 Bcmndary Conditions and Calculation Parameter
The region for heat-insulation calculation is 100 m long,
and 110 m wide, from the foundation elevation of –8,0 m
to the crest elevation of 12.0 m. There are 5 joints in the
composite along the dike.
Temperature boundary: for the temperature of sea
water, local annual average atomspheric temperature, i.
e. 21.3 ‘C is used; for water temperature in the discharge
channel, because the temperature of water in discharge

Figure

2,

Contours

of temperature

I

0.20

I

0.01

Mild clay

I

0.002

Sea water

I

0.50

I

0.00207

Cobble boulder

al seepage discharge induced by the joints of the compo-

site; W, temperature rise per unit volume of hot water in
discharge channel.
Generally, there is a joint every 20 m of width for the
geomembrane composite in engineering practice. Owing
to the seepage discharge of heat water caused by the j oint
can maintain constant for a certain head difference, so
the temperature rise due to heat transfer per unit volume
caused by seepage discharge is also constant, for
example, in the case calculation carried out by the authors, the constant value W= 10C / m3 have been obtained, Then the inner thermal source can be considered
as a constant, thermal diffusivity of the geomembrane
composite liner is assumed to be isotropic.

diffusivities of various media
1
Thermal diffusivity
(m’ /h)

Medium

coarse sand

Composite

N0,6

0.002995

Concrete (No.1O)

3.2 Calculated Results and Their Analyses
The calculated results for heat- insulation calculation of
the dike are shown in Figure 2 and indicate that
(1) The heat- insulating effect of composite NO.6 is
fairly significant: a large quantity of heat conduction is insulated,
(2) Owing to the temperature discontinuity between
the water surface and the dike surface on the discharge
channel side, there is a large temperature gradient at their
interface,
(3) The boundaries of the foundation and both sides
of the dike in the heat-insulation calculation domain are
treated as adiabatic boundaries, so the distribution of
temperature rise contours is similar to the shape of the
placement of the composite, and the temperature rise contours of other part present almost uniform perpendicular

rise distribution

for geomembrane
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distribution.
(4) Calculations for the dike with concrete heat-insulating wall are carried out, as shown in Figure 3. one can

of the sea domain and discharge channel are still complex
to be resolved, so the authors have to make some simplifications.
(3) The thermal diffusivity and heat insulating effect

find that the temperature rise contours are obviously concentrated on the position of placement of concrete. It can of geomembrane composite is about the same of
be seen that the heat-insulating effect of concrete is also concrete, however, the geomembrane composite is a soft
material and can be suitable to the dynamic condition of
satisfactory.
(as
earthquake),
Moreover,
(5) Comparing Figures 2-3, it can be seen that the engineering
the
distributions of temperature rise contours on the seaward geomembrane composite have other advantages: low
side of the dike are aImost identical; the reason is that cost, easy construction and maintenance, So that it is exseaward boundary of the calculation domain is treated as pected that the geomembrane composite will be used in
an adiabatic boundary. Therefore, the determination of place of concrete as heat-insulating material,
the boundary conditions is the key to the analysis of the
temperature field. The exact determination of dike sur- REFERENCES
face temperature and seawater temperature, and the exChapman, A. J., 1974. Heat transfer, New York, The
act determination of boundary locations and conditions
Macmillan Company,
of the sea domain and discharge channel are still complex
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to simplify these problems to show the heat-insulation efHydraulic Station, Technical Report S 8931, Nanj fect of the composite.
ing Hydraulic Research Institut. (in Chine:ie)
4

CONCLUSIONS

This paper has presented the preliminary study on the he
at- insulating properties of the geomembrane composite,
it can be seen that the geomembrane composite has both
the propoties of geomembrane and geotextile. Therefore,
the geomernbrane composite has good impevious and he
at-insulating property. The following conclusions can be
obtained.
(1) The thermal diffusivity of geomembrane composite is ussually samll and is similar to that of concrete. It
decreases with increase of the thickness (or mass per
unit area) of the geotextile associated with the
geomembrane.
(2) The heat- insulating effect of the geomembrane
compclsite is remarkable, and it can prevent most of the
heat conduction accrocint the geomembrane composite.
For the calculation, the exact determination of boundary
conditions is the key to the analysing the temperature
fiels. But the exact determination of boundary conditions
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cation of Geotexctile Composite Liner for Infiltration Prevention in XiaoLingTou Rock- Fill Dam,
International,
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3
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No.1,
pp.125-136,
The Ministry of Water Resources and Electric Power,
PRC of China, 1983, Hydraulic Concrete Test
Codes (SD 105–82), Beijing, Water Resources and
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Prediction of the UV Ageing of Polypropylene Geotextiles - Landfills case
O. Artieres

Dr.-Ing., Bidim Geosynthetics S.A., Bezons, France
S. Gaumet
Dr., CNEP (Centre National devaluation de Photoprotection), University BIaise Pascal, Clermont-Ferran4 France
C. Bloquet
Dr., France D&chets, Gargenville, France
ABSTRACT: Gedextiles may be exposed to long weathering periods when used as a filter in drainage systems or
geomembrane protection layer in specific applications such as landfills. There is therefore an urgent need to develop
specific products able to offer the required durability of their functional characteristics for several months or years. The
paper presents a methodogy to assess the UV durability of polymers. This mechanistic approach firstly analyses the
chemical degradation process of the polymer when exposed to naturrd weathering. Then it describes the rules able to
control artificial accelerated ageing by keeping all the parameters into a representative range. The experimental
investigation on polypropylene geotextiles in landfills is proposed as an example of this methodology.
KEYWORDS: Ageing, Geotextiles, Landfills, Ultraviolet Effects, Weathering Resistance
1

INTRODUCTION

Geotextiles are made of polymers, the most common being
polypropylene, polyethylene and polyester. These pure
polymers are sensitive to UV radiations which cause
catalytic photoaidation
reactions. These reactions in turn
lead to breaks in the molecular chains, causing the
degradation of the products. Polymer chemists have been
aware of this phenomenon for a considerable number of
years (but, we will see, the chemical mechanisms have only
been discovered recently). They have found anti-W and
anti-oxidant stabilisers able to halt these reactions. These
molecules are mixed with the polymer before it is melted.
In most earthwork
applications,
geotextiles
are
unwrapped and quickly covered in soil. Geotextile
manufacturers have therefore adjusted the quantity of
stabiliser into the polymer so that the products are not
damaged after a few weeks’ exposure. In such conditions,
and in absence of any other chemical or mechanical
erosion, geotextile will last for decades, as demonstrated in
the sites built since the mid-sixties. Geotextile samples
taken from a 25 years old earthdam have shown for
example no significant damage @elmas et al. 1994).
The damage becoming apparent on some geotextiles
used in waste containment sites within periods ranging
from 3 months to 2 years (Gisbert et al. 1997) stems from
the disparity between these historical applications on one
si&, and the new constraints of landfill operation on the
other side. In these applications, geotextiles are ofien
installed on slopes as filter above a drainage layer or as
geomembrane protection. They maybe exposed for several
months or years to weathering before being cover~
instead of several weeks in current earthwork applications.
When geotextiles are exposed to sunlight for the whole
period during which the site is in operation, special
protection must be designed. One solution should be to

cover the geotextiles by a thin layer of soil. Another
possibility is to impregnate them with a protective resin.
One example of this technique is the Maraval’s Ovefflowdike in southern France (Ke~
1977). The gcotextile
reinforced wall of the dike is exposed to permanent
weathering. No deterioration has been observed on the site
since it was built in 1976. A third possibility is to adjust
the W stabiliser content to the period of exposure.
In response to this specific requirement a research
program has been set up by Bidim Geosynthetics,
producer, and France IXchets, landfill opmator, to assess
the effective lifetime of geotextiles laid in landtlll, with the
technical support of C.N.E.P. institute, from ClermontFerrand University, sp!cialised in photodegradation of
polymers. The paper focuses specially on the methodology
used to assess the ageing of polymer products. Its
principles are quite new in the area of geosynthetics even if
it is used for several years in other industrial sectors @ipes,
cars, fine arts, etc.. .). Some important results are given in
the case of polypropylene geotextiles, but most of the
principles apply to other types of geosynthetics.

2

AGEING METHODOLOGY

The methodology used in this study to predict geotextiles
lifetime combines two complementary analyses on:
. Polymer durability through a mechanistic approach, as
proposed by Blake Pascal university (Lemaire 1996);
. Product lifetime through a fictional
approach.
2.1

Polymer Durability

2.1.1 The conventional method: the simulation approach
A large part of the research and development on polymer
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durability is based on an empirical approach developed in
the early 1950s, with the expansion of polymeric materials.
Laboratory testing was set up to reproduce the phenomena
causing the degradation of the polymeric systems on a
shorter time scale. Those systems were handled as
macroscopic
units characterised
by their physical
properties. The polymeric substrate was treated as a “black
box”
to
which
all
the
possible
environmental
physiochemical
stresses-light,
heat, mechanical, ~,
liquid and gaseous water, ~, pollutants-were
applied.
The devices designed for laboratory ageing experiments
tried to simulate qualitative and quantitative environmental
stresses as exactly as possible. For example, the choice of
xenon light sources in simulation units (Weather-O-Meter,
Xenotest) instead of medium-pressure
mercury was
justiikd on the fact that the spectml distribution of the
light emitted as a semicontinmnn was close to that of
daylight (except in the range 240-300 nm which needs to
be strictly filtered out). However, the fun&mental concepts
of photochemistry, especially the existence of vibrational
relaxation of excited states in the condensed phase, would
allow the relevant use of medium-pressure arcs.
But the stress simulation approach has some negative
aspects:
●
The control of the temperature of the exposed surfaces,
which is an important parameter of photoageing, is not
seriously considered.
●
Water sprinkling designed to simulate rain could be
questioned as well, because many of the effects of water
are not produced in this manner. The first effect of
water on a solid surface is to provoke the mechanical
abrasion of the external oxidized layers and to wash out
low molecular weight compounds that have migrated to
the surface of samples.
●
The degradation criteria are mainly based on the
variations of the physical or mechanical properties.
This “black box” approach connecting macroscopic and
microscopic changes could not be rationales@ because
many different chemical evolutions could have the
same physical consequences.
●
It is difficult to identi@ the actual origin of an observed
degradation if many physical and chemical stresses are
applied simultaneously.
●
As there is no control of the real chemical reactions
occuming inside the polymer, the environmental
stresses should be applied at their exact level with a
time scale as close as possible to the real time scale in
outdoor conditions and without accelerated conditions
to ensure relevancy.
Therefore, any relationship obtained with the simulation
approach between, on one hand lifetimes in natural
weathering conditions, and on the other hand lifetimes in
artificial ageing, is nothing more than an experimental
cmrelation whose variations cannot be explained.
Despite these difficulties, the simulation approach has
been developed steadily since 1950. Most standards are
based on such experiments, and in many cases, results are
394-1998

Sixth International

Conference

on Geosynthetics

consistent with the long-term behaviour of the polymer.
Still many predictions have caused significant accidents,
especially when the degradation criteria were based on
laboratory results. The simulation approach had both
succeeded and failed without being able to explain it.
2.1.2 The mechanistic approach
With this approach, the polymer durability is predicted
ffom its chemical evolution which is observed when
relevant physico+hemical
stresses are applied. When a
polymeric material is submitted to moderate environmental
stresses, the degradation of most physical properties is
attributable to chemical ageing : the polymer should be
treated as a “photochemical” reactor in the presence of
light and as a “thermal” reactor without light. Therefore, it
should be possible to pinpoint the exact nature of the
chemical events responsible for the physical detriment.
The mechanistic approach requires therefore to control
both the analysis methods assessing the polymer chemical
evolution and the laboratory accelerated conditions.
2.1.3 Analysis of the chemical evolution of the polJmer
The analysis and follow-up of the chemical evolution of a
polymeric material submitted to light, heat, a, H.zO, and
other potentially degrading elements occurring in artificial
conditions-as
well as in natural weathering or real use
conditions-have
two advantages. Firstly, they alllow the
correlation to be relevan~ based on the comparison of
ongoing chemistry. Secondly, because the extent of the
chemical evolution can be related to the exposure duration
in either average (weathering) or well-defined (artificial
ageing) conditions, the lifetime in-laboratory conditions
can be converted into lifetime in-use conditions.
This analysis is complex for the following reascms:
●
The analysis should be carried out in the solid state;
●
The degradation products should be considered at very
small concentrations;
. Chemical evolution includes many mechanisms.
But usually, the most important route involves a photooxidation or a thermo+xidation
mechanism
whose
products are formed in concentrations high enough to be
observed in vibrational spctrophotometry.
It allows
identification of the main intermediate oxidation products
(i.e., hydroperoxides,
ketonic groups, and idcoholic
groups), the main conversion route of those intermediate
products, and the major final products that accumulate in
the matrix (e.g., acidic, ester and lactonic groups).
2.1.4 The recommended accelerated testing
Acceleration is at the moment the recommended technique
due to the impossibility of extrapolating data collected in
nonaccelerated conditions. But the usual techniques of
homogeneous kinetics cannot be applied to handle the
chemical transformation of a polymer matrix through

ageing due to the complexities of the reactions that take
place and because of the heterogeneity of a semicrystalline
matrix which is oxidized in only a very small part of its
amorphous zones.
CNEP and Blaise Pascal University formulated a set of
principles that provoke accelerated chemical evolutions in
solid polymers and that obey the same mechanisms as the
nonaccelerated evolutions :
●
For each polymer system, the ageing process should k
controlled via chemical analysis so that both ageing
processes have the same intermediate products, the
same conversion pathway for each intermediate, and
the same final products or fictional
groups
accumulating in the matrix.
●
Acceleration
should be stopped when chemical
distortions such as enhanced cross-linking resulting
from biradical recombination are observed.
●
Photoageing acceleration should take place as a result
of high light intensity and high temperatures. It should
not result from shorter wavelengths
of light.
Temperature increase should be limited so that the
photothermal transformation will exceed any pure
thermal conversion.
●
Mechanical
stress does not generally
intluence
chemical reaction rates, but it does mod@ the
correlation between the chemical evolution and the
variations of physical properties.
Accelerated testing is only valid when one unique
dynamic process controls the ageing in natural and
artificial conditions. In many outdoor uses of polymeric
is the main
detrimental
systems,
photcwxidation
mechanism. Thus, the artificial conditions must accelerate
photo-oxidation
without introducing
some irrelevant
control attributable to an oxygen starvation effect or to a
stabilizer migration. In the first case, oxygen diffusion is a
competitive dynamic process that does not exist in
environmental conditions. In the second case, stabilizers
are expected to migrate on the time scale of natural
weathering, an equivalent migration should be introduced
into the artificial conditions. Dark periods throughout
exposure are sometimes required for that reason.
When low temperature thermoadation
is the
weathering
controlling
&trimental
mechanism
in
conditions, it is difficult to accelerate ageing simply by
increasing temperatures. In that case, acceleration should
be limited and analytically controlled.

characteristic must therefore keep the required value only
for a short term period corresponding to several weeks,
except for specific applications as discussed before such as
landfills, where the product is not immediately covered.
On the contrary, fictional
characteristics must exceed
the designed service values during the whole setice ltie of
the work. The lifetime of geosynthetics should be evaluated
through the variation of these functional characteristics.
Table 1 gives the corresponding fictional
characteristics
in case of the geotextiles for filtration and geomembrane
protection studied in this program (CFG 1995).

2.2

Identtication

Geosynthetic lifetime

Many of the studies undertaken on geosynthetic lifetime
after weathering
refer to the loss of mechanical
characteristics
of the product, specially the tensile
resistance. If this approach is relevant for products for
which tensile strength is a functional characteristic for the
long term, such as geotextile or gcogrid for reinforcement,
in most of the other geosynthetic functions, tensile strength
is mainly required during installation
stage. This

3

EXPERIMENTAL

STUDY

The ageing methodology previously discussed was applied
in the case W ageing of polypro~lene
geotextiles in
landfills.
3.1

Geotextiles

2 typs of geotextiles representative of the products used in
landfills for the filtration and for geomembrane protection
fimctions were exposed to outdoor weathering and artificial
ageing. Their characteristics are given in Table 1.
3.2

Natural Weathering

3.2.1 Gutdoor sites
Four European sites at different latitudes were chosen for
their specific climatic conditions (Table 2). Gmtextiles
were installed in June 96. A weathering period of 1 year is
already available.

Table 1. Characteristics of the analysed geotextiles (1)
Protection
Filtration
Function
Protection etlkiency
Opening size (3):
Functional
llopnl*lo~
of a geornembrane:
characteristic
1.0 kN + 0.:2 kN (2)
Permittivity (4y
2,8 S-l * 0.4 S-l
Thickness (5Y
4. Omm*O.2mm
Tensile strength (6):
Characteristic Elongation (6):
35 kN/m + 3 kN/m
for installation 75 YO+ 10 ?’0
Dynamic perforation:
Dyn. perforation:
22mm+2
mm(T) 10mm*2rnm
(7)
Polymer:
Type:

Polypropylene
Polypropylene
Continuous filament Continuous filament
needle-punched
needle-punched
nonwoven
nonwoven
500 g/m2
180 g/m2

Mass (8):
Nctm : (11 Average value and relative variation ranges rndudrng product

effkkwy
for a H-DPE1.5
and teat kkt.ions%r this sludy (2)prdwlien
nun geomembmne:increaseof pundure reaiatancedue to the gectextile (TW
P84507] (3) NF G3801Z (4) NF G38016; (5) EN 964-1; (6) EN 1S0
10319; (7)EN 918; (8): EN965
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Table 2. Climatic conditions of the outdoor sites
Site
Villepan “sis Aubi&e
Bellegarde
City
Paris
Clermont Nfmes
France
country
France
France
Latitude
48”5N
45°5N
43°5N
Longitude
2°E
3“E
4“E
Altitude
80 m
330 m
60 m
Annual sun
1600 h
1800 h
2700 h
exposure
Annual global 18 J/mZ
50 J/m’
radiance
.1 O(-J
+5 “c
Min. Monthly +3 ‘C
Aver. Temp.
+25 “C
+24 “C
Max Monthly +19 “C
Aver. Temp.

Oria
Almeria
Spain
36°5 N
2°w
200 m
3000 h
Figure 1. Panels for outdoor exposure
direction).

(MD: Machine

+12 “c
+25 ‘C

Tensile st.ren@, Thickne

~~

3.2.2 Geotextile installation

Dynamic perforation/

The geotcxtiles were exposed in a Southwards direction
and inclined on a 45° angle to meet extreme conditions. As
described on figures 1, 2 and 3, the exposed area allows a
sampling of strips at 4 ageing periods. The size of each
strip is stilcient to carry out the tests listed in Table 1.
Test specimen are localised in such a way that the effect of
the product heterogeneity is low. The variations between
the strips are mainly due to the action of weathering.
The geotextiles were fixed on a HDPE geomembrane to
reproduce the current landfill situatio% except in
Clermont-Ferrant
where the smaller sized samples are
exposed on a frame allowing air circulation on both sides.

sta~c punctureGT alcae

Figure 2. Positioning of the test specimen on a strip!of
geotextile for protection (2.5 m x 0.5 m).

Dynamic Perforaticnz

Permitiivity

Figure 3. Positioning of the test specimen on a strip of
3.3

Artificial ageing

geotextile for filtration (2.5 m x 0.5 m).

In outdoor conditions, the most detrimental effect on
polypropylene systems results from the photothermal
oxidation due to the UV, heat and Ch conjugated
influences. Water has been shown not to be a major stress
(see $ 2.1.1). The ltietime prediction of PP systems is
therefore based on the experimental results obtained in
SEPAP 12.24, an unit in which the accelerated
photoageing is attributable to the combined effect of light
intensity and heat only. The acceleration factor is largely
dependant on the nature of the polymer (Lemaire 1996).
This unit described by Tang et al. (1982) is built as a
parallelepipedic chamber with medium-pressure mercury
arcs lamps located at each of the 4 corners. They emit
between 280 and 405 nm and a borosilicate double
envelope filters out any low-intensity radiations with wave
length < 290 nm. The emissions are delivered with a
constant intensity and a spectral distribution over 4000 h.
As long as the relative percentages of short and long
wavelengths are considerwl the medium-pressure mercury
source emission is a closer approximation to daylight than
xenon source emission.
24 samples fixed on a rotating support in the centre of the
receive
a homogeneous
distribution
of
chamber
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radiation. The temperature of the exposed surface of a
reference film is controlled and maintained (constant
between 50 and 80”C (*l”C). The reference film is chosen
to have the same surhce properties (same colour and
processing) as the other 23 samples. This unit was used in
our study with a temperature of 60°C.

4

POLYPROPYLENE

(PP) PHOTOOXIDATION

As discussed before, the control of the accelerating factors
applied during artificial ageing is based on the knowledge
of the type and rate of the chemical reactions occuring in
the polymer during outdoor exposure.
4.1

Chemical mechanism

The mechanism of PP photothermal oxidation has been
thoroughly examined for many years by most groups
working in polymer. The most recent and the most
complete version of the photooxidation mechanism is
presented on Figure 4 (Delprat et al. 1995; Vailkmt et al.
1994). The proposed mechanism is based on:

“

●

I

Figure 5. FTIR spectrum of 2 filtration geotextiles samples
after 6 months
weathering.
V: Villeparisis
on
geomembrane -C: Clermont-Ferrand without support.

c-I,+’

+“OH

-?+

’=2

‘.,

Figure 4. The main photooxidation route of PP

the i&ntification of the various photoproducts formed
on the macromolecular chains, observed through FTIR
spectrophotometric
microspectrophotometric
and
measurements, with or without derivatization reactions,
. the identification of the various low molecular weight
products through mass spectrometry.
The complete picture could be usefhl when the main
oxidation route is well identified among all the possible
conversions of intermediate products. That main route is
represented on Figure 4. Among the final photoproducts
which accumulate in the matriz the chain end acidic
groups CH3—C-COOH
were selected as “critical
photoproducts”, i.e. products of which the concentration
was found to be correlated with the variations of functional
characteristics.
From direct comparison of the formation rate of the
critical photoproducts between the accelerated conditions
of a SEPAP 12.24 unit and the first phase of in-use
weathering conditions, the lifetime of unstabilized PP
●

materials could be predicted.
The lifetime of stabilized PP is predicted horn the
comparison of the 10ss rate of stabilizers between artificial
accelerated conditions and natural weathering.
4.2

Identification of the Polymer Ageing

Using the correlation between the variations of physical

properties and the variation of the critical product
concentrations
under accelerated conditions,
we can
determine the lifetime of the polymeric material, in the
artificial condition. This result is converted into an
estimate of the lifetime in weathering conditions using a
predetermined
acceleration
factor
based
on
the
corresponding chemistry.
The loss rate of stabilizers and the chemical evolution of
the polymer is analysed using FTLR (Fourier Transform
Infia Red) spectroscopy in photoacoustic mode (PAS). This
technique allows the analysis of the first 15 pm :near the
surface of non translucid samples without specific
preparation of the samples.
The FTIR spectral
evolutions
and the observed
stoechiometry events at the molecular scale are the same
with artificial ageing and outdoor weathering. This proves
that SEPAP 12.24 units at 60°C reproduce well the outdoor
PP ageing. For example, the growth of the main critical
photoproduct (acid) is followed at 1720 cm-’. A typical
FTIR spectrum is given on Figure 5.

5

BENEFITS OF THE METHODOLOGY

When the main target of the experimental
definition of the type and cmtent of the UV
used in the geotextiles produced by one of
general results of great significance must be
5.1

study was the
stabiliser to be
the authors, 2
pointed out.

Influence of the Support

Even with lower climatic conditions (Table 2), the
photooxidation rate in Villeparisis was found to be much
higher than in Clermont. Spectrophotometric analysis of
the Villeparisis samples shows that the UV stabilisers
totally disappeared and that the concentration of the main
critical photoproduct is about 3 times higher than in
Clermont (Figure 5). The explanation corresponds to a
1998
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problem of air circulation arround the sample : when
samples are laid on a geomembrane, air ckwn’t circulate
and
the
geotextile’s
temperature
increases.
The
geomembranes acts also as a dark body which accumulates
the sun energy and maintains the surrounding temperature
at an high level over a longer period. Therefore, the
stabiliser loss rate, the oxi&tion kinetic and the correlation
between accelerated ageing and outdoor exposure cannot
be the same. In this case, as discussed in $ 2.1.4, the
acceleration procedure has firstly to take into account this
migration of stabilisers by keeping dark periods, and
secondly to adjust the temperature of the ageing chamber
at least to the level measured on the site by controlling the
stoechometry of the reactions
This result points out 3 main conclusions. Firstly, the
convential approach would not be able to explain these
differences of behaviour. Secondly, the stabilisation level
of a geotextile laid on a geomembrane must be much
higher than for a geotextile laid on a soil with the same
weathering conditions and during the same period.
Thirdly, each specific application need specific outdoor
exposure. It is false to extrapolate existing data to another
situation.
5.2

protect the geomembrane
against high strain, the
geotextile thickness is also a major factor to decrease the
local stress (Wilson-Fahmy et al., 1996).

6

CONCLUSION

The geotextile lifetime exposed to a long period of
weathering should be assessed by combining : (i) the
evaluation
of the polymer durability based on a
mechanistic approach to be sure that the same chemical
reactions occur betsveen natural weathering and artificial
ageing, (ii) the changes of the functional characteristics of
the products, instead of the tensile strength when it is not
justified.
This methodology applied in the case of geotextiks used
in landfills shows the efficiency of these tools to explain
the high level of ageing when they are laid on a
geomembrane.
Finally, the designer should use the functioxmal
approach to speci@ minimum values for each crf their
essential characteristics that the geosynthetics have to keep
before being covered.

Geotmtile Durability
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3.7 S-l (+327.)
Thickness :
4.2 mm (0?40)
Tensile strength
-25 ‘A
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Geosynthetic Proficiency Testing
G. R. Kocmer
Geosynthetic Institute, Drexel University, Philadelphia,

PA USA

ABSTRACT:
A major tasks of the Geosynthetic Accreditation Institute’s Laboratory Accreditation Program (GAI-LAP) is
monitoring and evaluating laboratory test data measurement reliability. The program has developed data bases for assessing

measurement reliability among geosynthetic testing laboratories. This paper describes the data base development and how
it is utilized as a benchmarks from which proficiency test results are evaluated. It is felt that this type of an accreditation
program is more challenging in assessing a laboratory’s capability of performing specific tests than are programs that only
check the existence of a quality system. While a quality system is indeed important to a laboratory performing tests, it is the
actual test-by-test capability that is ultimately important to the end user of geosynthetic test results. It is this type of
capability that is monitored and evaluated by the program.
KEY WORDS: Geosynthetic, laboratory testing, proficiency testing, precision, bias.

1

BACKGROUND

Test data reliability and quality are indeed worldwide
concerns. A laboratory is not only expected to work
efficiently but also expected to provide quality results in
accordance with a well conceived quality system.
Upon observing questionable laboratory results in the
recent past and realizing that many geotechnical and
materials testing laboratories were starting fledgling
geosynthetics
test laboratories,
the Geosynthetic
Accreditation Institute (GAI) under the umbrella of the
Geosynthetic Institute (GSI), began Geosynthetic
Accreditation Institute’s Laboratory Accreditation
Program (GAI-LAP) in 1995. The program is intended
to assure that a laboratory is capable of properly
providing advertised tests.
Program representatives audit laboratories based on two
international quality standards. The labs are directed to
use ISO Guide 25 as their model for conducting business
and encouraged to draft their quality manual, as per 1S0
9003. Although the program suggests the use of these
standards, it does not profess to be affiliated with 1S0.
Rather, the program is a hybrid one which tailors the
above two standards to serve the immediate needs of the
geosynthetic testing community. Also it should be made
clear that this program does not “certify” laboratories, per
se, nor the results that come from them. The intent of the
accreditation program is to provide credentials to a
laboratory showing that it has met requirements in
regards to equipment and documentation for specific
standard test methods.
Figure 1 shows a flow chart which highlights the
accreditation process. As can be seen in the flow chart,
there is considerable exchange of information and
When
documentation
prior to an actual audit.
successfully fulfilled, an on-site audit is conducted. At
the audit, documentation, procedures and general
laboratory protocol are first verified. When completed
the auditor proceeds to supply the laboratory
technician(s) samples of geosynthetics for which a data
base exits. The technician prepares test specimens, tests

them in accordance with the appropriate standard and is
required to have results fall within + 2 standard deviation
of a data base average. After progressing through the
laboratories repertoire of tests an audit report is prepared
summarizing all general and specific deficiencies. At the
closing meeting these deficiencies are brought to the
Upon closing these
attention of management.
deficiencies, the laboratory’s accreditation is granted and
a fee is paid.
Laboratory
Requests
Information
A

a

Program
Responds with
Application and
Directory

Every 5th Yeer
FAIL

Annual
Notification of
Quality Changes

AUDIT

+

&

PASS

Pay Fee

Add Up To 7 Tests Per Year

*

Annual ProficiencyTests
Approximately33% of

Receive Certificate and
Listed in Directory

Accredited Tests

Figure 1. Program flow chart.
In subsequent years, the laboratory enters into a loop
where off-site proficiency
testing is required
for

approximately 20% of the laboratory’s accredited tests.
Every five years an on-site audit is conducted. In 1996
and 1997, proficiency testing was carried out among 19
laboratories. Using Geosynthetic Institute’s laboratory as
a reference, submitted results are compared with
established data base averages.
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At present, 80 data bases have been generated which
involve 11 different rolls of “standard” geosynthetic
materials. These materials are the following:
●
●
●
●
●
●
●
●
●
●
●

HDPE smooth geomembrane
HDPE textured geomembrane
VFPE smooth geomembrane
PVC geomembrane
Scrim reinforced PP geomembrane
Needle punched nonwoven geotextile
Slit film woven geotextile
GCL
Geonet
Stiff geogrid
Flexible geogrid

One hundred test specimens are cut from samples of
these rolls and are conditioned prior to testing. In order
to obtain representative test specimens from the samples,
no more than 10 specimens are cut from a particular roll
width. In addition, no specimens are taken within 300
mm of the roll edge. All data base test specimens are
evaluated
on the same equipment,
by the same
technician. No more than 10 replicates of any given test
are perfcmmed in a single day. The data base results are
statistical y analyzed by JMP@ (1994). This computer
program is a user friendly statistical software package.

A histogram and control chart are generated for each data
base. Values such as mean and standard deviation of
each datti set are determined.
Proficiency data bases are repeatability rather then
reproducibility data bases. Repeatability testing is
defined as “conducted in one laboratory by one
technician on the same piece of equipment. ” Conversely,
reproducibility testing is defined as “conducted at several
laboratories by various technicians on different pieces of
equipment .“ This has created some anxiety with
participating
laboratories
because two standard
deviations of a repeatability database is a smaller window
of acceptability than that of a reproducibility data base.
In addition, such a small window (+ 2CJ = 95%
confidence limit) is unprecedented in geotechnical
testing industry to which geosynthetic testing is often
compared. Many federal agencies such as AASHTO
(1995) and ASTM (1993) use a 99% confidence limit (f
30) as their grading requirement.

2

Results of the 1996 and 1997 proficiency
tests are
presented in Tables 1 and 2 respectively. The tables are
subdivided into two parts illustrating numeric results of
the data bases and an analysis
of the laboratory
submittals with respect to them. Data bases are described
by the average (Avg. 1), upper control limit (UCL) and
lower ccmtrol limit (LCL). In this regard, the UCL is
defined as “plus two standard deviations of the data base
average” where the LCL is defined as “minus two
standard deviations
of the data base average. ” In

Sixth International
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5 = data within A 0.5 standard deviation of average,
4 = data within& 1,0 standard deviation of average,
3 = data within ~ 1.5 standard deviation of average,
2 = data within* 2.0 standard deviation of average, and
1 = data> 2.0 standard deviation of data base average.
Finally, the above numeric ratings are averaged on an
individual test basis, by way of a grade point average
(GPA). This number can be thought of as a score for
how well the submitted results match the data base in
question. Five (5) indicates a good match where two (2)
signifies a poor one. Note that a grade of one (1) is
considered unacceptable and requires corrective action to
be taken on the part of the submitting laboratory,

3

DISCUSSION

Depending on ones perspective the results presented in
Tables 1 and 2 hold promise as well as disappointment.
As can be seen in Table 1 the task of constructing a
geosynthetic data base for a particular test and material is
achievable. During the course of conducting this effort
there have been many skeptics. Discussions about aging
of the test material, damage during transit and vagueness
of the test standards have been encountered. After 2
years of work, and 178 attempts at matching with 28 data
bases, the merits of this exercise are apparent.
When the average GPA is calculated for both 1996 and
1997, a score of 3.5 is obtained. This quite respectable
value highlights the success of this overall endeavor.
As far as test scores are concerned it is seen that three
groupings can be considered.

Tests with statistical results between 5 and >4, e.g., Melt
flow index (D 1238), Transmissivity (D 47 16), Thickness
(D 5199), Break Stress (D 638), Break Strain (D638),
Density (D 1505), Mullen Burst (D 3786), Mass/Area (D
5261), Peak Friction Angle (D 5321), and 2% Secant
Modulus (D 5323).
Tests with statistical results between <4 and >3, e.g.,

PROFICIENCY TEST RESULTS

400-1998

contrast, laboratory
submittals
are illustrated
by an
average (Avg. 2), maximum (Max.) and minimum (Min.)
of the results submitted that year. In addition, results are
rated based on the following grading requirements which
represents a 95% confidence limit of each data base in
question.

on Geosynthetics

Geomembrane Tear (D 1004), Permittivity (D 4491),
10% Modulus (D 882), Apparent Opening Size (AOS)
(D4751), Puncture (D4833), Thickness (D5 199), and
Residual Friction Angle (D 5321).
Tests with statistical results between <3 and >2, e.g.,
Specific Gravity (D 792), Grab Tensile (D 4632), Yield
Stress (D 638), Yield Strain (D 638), Stiffness (D 1388),
Carbon Black Content (D 1603), Trap Tear ( D 4533),
Wide Width Tensile (D4595).

Table 1. 1996 proficiency
#
1
2
3

ASTM
D638
D792
D 1.004

4

D1238

5
6
7

D3786
D4491
D4595

8
9
10
11

D4632
D4716
D5 199
D5321

#
1

2
3
4
5
6
7
8
9
10
11
12

test results.

Description
Yield Stress
Specific Gravity
Geomembrane
Tear
Meltflow Index
condition P
Mullen Burst
Permittivity
Wide Width
Tensile
Grab Tensile
Transmissivity
Thickness
direct shear

Description
Yield Sress
Yield Strain
Break Stress
Break Strain
D882
10% Modulus
D1OO4 Geomembrane
Tear
D1 388 Stiffness
D1505
Density
D1603
C.B. Content
D3786
Mullen Burst
D4491
Perrnittivity
D4533
Trap Tear
D4595
Wide Width
Geotextile
D4751
AOS
D4833
Puncture

ASTM
D638

units
kN/m
—
N

Lab Submittals
LCLC Avg. 2d Maxe
Minf
24.7
29,2
30.8
27.5
0.956 0.954
0.946 0.955
231
240
227
223

Rating
54321
222203.5
0
1 1 3
120202.6

1.2

1.4

1.0

1.2

1.35

1.2

30100

5.3
0.91
36.6

5.9
1.21
43.6

4.8
0.61
29.6

5.6
0.82
41.1

5.8
1.20
43.4

5.2
0.61
36.6

36100
2
1 20
002103.0

kN
m2/sec
mm
degrees

1.6
4.2
0.69
16.4

1,8
5.0
0.79
19.3

1.4
3.4
0.58
13.5

1.6
4.4
0.66
17.3

1.7
4.8
0.66
19.0

1.5
4.1
0.66
15.5

002102.3
40100
100005.0
1 00

g/cm
~m3
MPa
~ -1
N
kN/m

Data Base
Avg. la
ucLb
LcLc
28.9
30.5
32.0
15.0
17.4
19.8
45.5
60.6
53.0
539
697
855
62.9
117.0
89.9
227
240
254

Lab Submittals
Mme
Min f
Avg. 2d
27.0
32.6
31.0
15.0
24.8
18.0
47.3
56.4
48.5
1819
630
782
158.8
62.9
83.9
249
229
236

GPAg
0

2.6

4.5

g/10
min.
MPa
See-l
N/m

units
kN/m
%
kN/m
%
MPa
N

mm
N

Data Base
Avg. la
UCLb
27.8
31.0
0.951
0.956
231
240

1

3.6
3.5

4.6
1

0

3.5

Rating
54321
04143
12324
47100
910024.3
40211
01000

GpAg
2.5
2.5
4.3

2.0

3.6
4.0

5.8
0.948
2.34
5.3
0.95
774
36.6

10.3
0,951
2.41
5.8
1.3
930
43.6

1.2
0.945
2.27
4.8
0.6
619
29.6

16.7
0.949
2.37
5.4
1.03
690
42.2

63.0
0.950
2.72
5.4
1.26
935
42.2

0.5
0.947
2.13
5.4
0.89
561
42.2

01002
230004.4
140:)2
10000
11010
221332.7
000

0.13
814
0.64
251
24.5

0.18
988
0.69
265
27.0

0.08
641
0.58
244
22.0

0.09
752
0.63
255
24,9

0.11
975
0.66
265
26.3

0.05
467
0.60
251
24.0

020013.0
322123.3
02100
500104.5
301004.5

3.7

18.0

12.0

14.7

17.0

12.0

11110

3.5

412.7

258.1

345.1

412.6

280.4

301104.0

13 D5 199 Thickness
;2
14 D5261 Mass/Area
degrees
15 D5321 Peak Friction
Angle
degrees 15.0
16 D5321 Residual
Friction Angle
335.4
MPa
17 D5323 2910Secant
Modulus
aAvg. 1 = Average of data base
bUCL = Upper control limit of data base
CLCL = “Lowercon~ol lifit of data bme

2.9
5.0
3.7
[02.0

‘Avg. 2 = Average of laboratory submittals
eMAX. Maximum laboratory submittal
‘MIN = Minimum laboratory submittal
gGpA = Grade Point Average
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The rating of one(1) for some of the tests performed by
accredited labs gives rise to concern and deserves some
discussion. It should be mentioned that not matching the
data base is not always the fault of the submitting

laboratory. If results are reproduced by the majority of
laboratories but are rated as one ( 1), the database shall be
brought into question. In addition, it should be noted that
a 9570 confidence level (*2a) of a repeatability data base
is a very small target and that there are several suspected
reasons for low ratings. The most evident being existing
confusion with respect to gray areas of some ASTM
standards.
Gray areas such as gripping, preloading,
conditioning and strain rate still persist in standard which
offer guidance instead of clearly defining test conditions.
These gray areas are most notable with performance
rather than index tests and are particularly evident for
test methods not specific to geosynthetics.
From a review of Table 1 and 2, there does not appear
to be a trend as far as category of test., i.e., physical,
mechanical, hydraulic or chemical. It was surprising to
find that physical and mechanical results were not easier
to match than hydraulic or chemical tests. In addition,

as it prevents slippage, Grip problems were encountered
with the tear test, ASTM D4533, and the puncture test,
ASTM D4833. In cases where stress concentrations was
encountered with the tear test, results were lower than
anticipated. Such conservative results are a disservice to

the material.
Conversely,
when slippage was
encountered with the tear test, results were higher due to
realignment of the specimen from a tearing mode to quasi
tensile mode. In cases where slippage was encountered
with the puncture test, results were lower due to a
“yielding puncture” rather than a “crisp rupture” of the
material.
Due to these findings, it is felt that in general

more attention should be placed on how geosynthetic
specimens are gripped prior to testing.
A related area of concern is the preload or manner in
which specimens are loaded into grips. This issue
appears to have an effect on the failure strain and
modulus results generated from data acquisition systems.
Although not a major source of problems in either the
1996 or 1997 proficiency test results, it is envisioned that
as the data base values become more refined, such
subtleties shall become significant.

trends showing that force and pressure measurements
and strain
were easier to match than deformation
measurement did not materialize.
It was surprising to note that the submitted performance

test responses matched very well with their respective
data bases. Namely, transmissivity (ASTM D47 16) and
direct shear (ASTM D5321) responses had a combined
average GPA of 4.0, However, in all cases the cross
sections examined were rather simple geosynthetic ones.
For example, a geonet between two rigid platens for the
transmissivity test and a geomembrane against a geonet
for the direct shear test were used. The effect of adding
soil to the respective
cross section has yet to be
evaluated.
It was interesting to note significant material variation
on any given roll of geosynthetic.
Such variation were
more significant
across the roll width and were
particularly noticeable with needle punched nonwoven
geotextiles.
Such results corroborate current efforts in
writing specifications around the minimum average roll
value (MARV) for geotextiles as mentined by Koerner
(1994).
Along with the positive correlations
drawn from
matching the lab submittals to the data base, there were
The first of which was the
several shortcomings.
determination
of stiffness via ASTM D 1388,
This
relatively obscure test caused a great deal of difficulty
for laboratories who have all passed an on-site audit.
While determining the corrective actions for outliers, it
was determined that unit conversion mistakes were the
root cause of the two incorrect submittals. It appears
that United States laboratories loose sensitivity for the
order of magnitude of results when reporting results in
metric units.
The second general test shortcoming was in regard to
grip slippage or stress concentration imparted by testing
grips. Ideally a grip should not initiate failure while it
should allow a specimen to break within the gage length
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SUMMARY AND CONCLUSIONS

It is felt that the work presented in this paper illustrates
the merits of geosynthetic proficiency testing. The
author believe that analyzing quantitative results (via
proficiency testing) is a more viable means of assessing a
laboratory’s quality than merely discussing its attributes.
By making proficiency testing the focus of an
accreditation program, rather than a voluntary aside, one
It has been shown that
creates a better program.
geosynthetics lend themselves well to proficiency testing
and that results within the 95’% confidence level are
attainable using repeatability data bases.
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Site Parameters Influencing Liner Strengths and the Impacts on Landfill
Stability
H. D. Sharrna
Associate, Geosyntec Consultants, Walnut Creek, California, USA
D. E. Hullings
Project Engineer, EMCON, San Jose, California, USA
F. R. Greguras
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ABSTRACT
Liners below landfills may be constructed either over relatively permeable materials (sands and silty sands
or a drainage layer) or over relatively low permeability formations (silts and clays). These conditions either allow full
drainage and consolidation of the low-permeability liner component or allow only partial drainage and consolidation.
These varying field conditions will have different impacts on mobilized liner interface strengths. The mobilized strengths
influence ‘fac~ors such as construction sequencing, ‘final height and slope of the landfill, and both static and seismic
stability. This paper presents the results of interface strengths under various subgrade drainage conditions and presents
their impacts on landfill stability and airspace by citing case histories.
KEYWORDS: Interface strength, Landfills, Liners, Stability.

1

INTRODUCTION

The importance of composite lining systems, which
include ‘both a geomembrane and low-permeability soil
components, to reduce the potential for leakage has been
recognized for years in the development of the modem
sanitary landfill.
The composite liner, however, has
introduced variables that need to be considered in landfill
design; among them the interface shear strength between
the geomembrane and low-permeability soil.
The
importance of this parameter has been recognized for
years, as evidenced in the literature references, with
emphasis placed on laboratory shear strength testing,
especially the direct-shear test described in American
Society of Testing and Materials (ASTM) D 5321.
ASTM D 5321 is an important step in evaluating
shear strengths, but leaves much to be determined by the
design engineer “to simulate field conditions.” While the
authors acknowledge the importance of simulating field
conditions, more information is required on how this is to
be done. Two variables, drainage and consolidation, that
ASTM D 5321 currently leaves unspecified, can impact
tests. In an attempt to address these issues, we offer the
following.

2

DRAINAGE AND CONSOLIDATION

2.1

Effects of Drainage and Consolidation on Shear
Strengths of Low-Permeability Soil

OF SOIL

The impacts of drainage and consolidation are described in
any number of standard soil mechanics text books (Lambe
and Whitman 1969; Terzaghi, Peck and Mesri 1996), but
a short discussion is appropriate here as it directly affects
the evaluation of interface strengths. Soils tested in the
usually
unconsolidated
undrained
(UU) condhion
represents short-term conditions. In laboratory testing,
such as triaxial tests (ASTM D 2850), the soil is not
permitted to drain either during the initial application of
confining pressure nor during shearing. Pore pressures are
not dissipated and shear strengths (S.) are constant (e.g.,
strengths do not increase with confining pressure) for
saturated cohesive soils.
Triaxial testing (ASTM D 4767) that allows drainage
during the initial application of confining pressure but does
not permit drainage during shearing is referred to as
consolidated undrained (CU). This represents soils that
have consolidated under load, but are sheared quickly so
that pore pressures generated during shearing are not
dissipated.
Shear strengths under CU, for total stress conditions,
are presented by the Mohr-Columb equation:
(1)

~=c+tstan$

where: ‘r = shear stress; c = cohesion, which is the shear
strength intercept when the normal stress is equal to zero;
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cs = total normal stress on the failure plane at failure; and,
~ = angle of internal friction.
Testing conducted at strain rates slow enough to allow
drainage during shearing represent consolidated drained

In this case, unconsolidated
strengths are typically
considered,
at least for short-term
to intermediate
condhions.
It should be noted that textured HDPE
geomembrane has been used and post-peak strengths have

(CD) conditions.
also be estimated
CU triaxial test
effective stresses.
term conditions.

been considered in the analyses.

Consolidated drained conditions may
by measuring pore pressures during the
and accounting for them to determine
These conditions typically reflect longCohesion is usually low or negligible

under drained conditions for normally
slightly over consolidated soils.
2.2

Effects of Drainage Conditions
Strengths

consolidated

on Interface Shear

For typical design and testing purposes, the lowperrneability soil is considered initially saturated.
Compacted low-permeability soil liners are usually well
compacted at moisture contents above optimum, which
results in a soil placed near saturation. Initial moisture
migration from compacted soil to the geomembrane/soil
interface due to factors, such as, thermal gradient effects is
enough to saturate the soil near the interface. Compression
under load may also increase the degree of saturation. To
model these field condhions, interface strength testing is
conducted under submerged condhions and the top of the
clay is sprayed with water prior to placement of
geomembrane.
Two distinct models are generally considered for
drainage conditions.
Low-permeability soil constructed
over a relatively permeable soil subgrade or a subdrain
should consolidate quickly, less than one year, and
consolidated shear strengths are considered (Figure la).
Liners constructed
over relatively low-permeability
subgrades or a naturally occurring layer of lowpermeability soil may not consolidate quickly (Figure lb).

p-

(a) Relatively permeable subgrade

a%i’%%1’e’%%:)
Av

Low pemneability soil
1 x 10-7 cmkec
v.
N&% N
Natural deposit
(clay, claystone, shate)

(b) Low permeability subgrade
Figure 1. Field conditions representing relatively
pe-meable and low permeability subgrades
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RELATIVELY PERMEABLE SUBGWDE

3.1

Consolidation

or

Low-permeability soil liners constructed over relatively
permeable subgrades are likely to consolidate and increase
in strength over time. Interface shear strengths between
textured geomembrane and the soil should likewise
increase in strength due to consolidation if the texturing is
sufficient enough to push the failure plane into the upper
surface of the soil as opposed to the geomembrane sliding
above the surface. The time required to consolidate the
soil near the interface is related to the soil characteristics,
specifically the coefltcient of consolidation, according to
the following equation:
~

=

TH2

(2)

Cv
where:
t = the time for consolidation to occur,
time factor
for desired
percent
T = appropriate
consolidation, H = length of the drainage path (thickness
of the layer for single drainage), and c“ = coefficient of
consolidation from consolidation test (ASTM D 2435).
For most practical purposes, 90 percent consolidation
is probably sufficient to consider the soil consolidated
and even 50 percent consolidation may be enough to
result in measurable increases in strength. The above
equation is applicable to relatively permeable subgrades
such as a natural granular deposit, Ieachate detection,
or subdrain layer beneath a primary clay liner.
In
such cases 90 percent consolidation is likely to occur
within a year (e.g., assuming a 610 mm thick layer with
c. =1 x 10-4 cmz/see).
In cases where consolidation of the soil liner can be
substantiated, testing should be conducted to reflect
consolidated conditions. For the interface shear strength
testing, we have applied the full overburden load test load
for about 16 hours and allowed the sample to consolidate
under this load prior to shearing. Generally, clay samples
25-mm-thick used in the interface shear strength test
should consolidate (80 to 90 percent) within 12 hours. The
test apparatus should allow for drainage beneath the soil
sample. In such situations, shear rates of 1 mm per minute
would most closely represent consolidated undrained
conditions. This CU strength is appropriate for modeling

seismic conditions and is an appropriate value for longterrn static conditions.

(total stress) was a friction angle of 13.5 degrees with a
cohesion of 53 kPa. The CU interface shear strength (postpeak) with textured HDPE geomembrane was represented

3.2

in a two-part curve to model non-linear behavior; a friction
angle of 10.5 degrees under loads less than 190 IcPa and
4 degrees with a cohesion of 21 Wa at higher loads. The
peak interface strength of 11 degrees with a cohesion of
39 kPa is roughly 80 percent of the CU clay strength. As
shown in Figure 2, under high loads the interface strength
falls between UU and CU triaxial soil strengths. Note the
significant drop in post peak interface shear strengths from
peak strengths that has been associated with plastic clays.

Soil Testing

One of the short comings of the direct-shear testing
(ASTM 1) 5321) is that drainage conditions are not easily
controlled. When simulating consolidated condhions, the
impact of consolidation during shearing is probably not
significant compared to initial consolidation prior to
shearing.
The dissipation of pore pressure during
shearing, however, does have an impact of whether the test
can be considered drained or undrained. While attempting
a CU test, true undrained conditions can not be achieved
since some dissipation of pore pressure is allowed during
shearing. True CD conditions may be approached if shear
rates are low enough to prevent pore pressures from
accumulating. Shear rates slower than 0.1 mm per minute
are usually required which results in shearing times in
excess of one day.
In an attempt to overcome these short comings, the
authors typically conduct shear strength testing on the soils
alone using triaxial testing where drainage conditions can
be controlled. Unconsolidated undrained triaxial shear
testing for saturated samples is conducted to represent
short-term strengths,
This strength should represent
worst-case conditions and be lower than the consolidated
interface shear strengths under typical refuse loading
(greater than 240 IcPa). UU strengths may be used to
analyze interim refuse slopes where consolidation of the
soil liner may not yet be appreciable.
Consolidated undrained triaxial shear strengths should
represent the upper limit of strength. This testing is
important, however, in that it reflects the effects of
consolidation on soils and is conducted under known
drainage conditions. In addition to triaxial shear testing,
consolidation tests may also be conducted to determine
coefilcients
of consolidation
under various load
increments. This is important, along with fill sequencing,
in determining how much consolidation may be achieved.
3.3

(Sharma, et al. 1997). Consolidation tests resulted in a
coeftlcient of consolidation around 1 x 10-3cm2/sec which
allows for significant consolidation of the clay within
months. The landfill was designed using CU post-peak
interface strengths. The stability of interim refuse slopes
was also checked using the UU triaxial soil strength.
Peak 114 kpa

I
Site A

CH soilltextured HDPE
PI= 42, LL = 75
93% RC @ OMC + 3%
“CU” conditions

Peak 74

kpa

A\

v-

vest-peak 36

Wa

192 kpa

Peak 42 IcPa

96 IcPa

!

1

I

I

1

I

I
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70

Case Histories

$)

Displacement (mm)

(a) Shear stress-displacement relationship
3.3.1 Compacted clay/HDPE liner system
_

Consolidated shear strengths were used in the design of a
municipal solid waste landfill along the California Central
Coast (Site A). Low-permeable
soils were available for
soil liner construction from a nearby borrow source, while

subgrade soils were generally sands that allowed for
consolidation. Groundwater was more than one meter
below the liner.
At 93 percent relative compaction (ASTM D 1557),
the UU shear strength of the soil met the required 38 kpa
short-term strength. The CU triaxial compression strength

~

200,

& 150- z=
Sp
g
E 100%
: 50 %
U20
O 50

I

13.45

100 150 200 250 300 350 400 450 500

Normal stress (kPa)
(b) Shear strength envelopes

Figure 2. Interface strength for consolidated conditions
(Site A: permeable subgrade)
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The static stability analyses for fill sequencing

3.3.2 Admix soiVHDPE liner system
Another MSW site in the Southern California area
(Site B), where the excavated subgrade materials are
predominately coarse-grained sandstone, required either

imported low-permeability clay or screening site material
and admixing with 7 percent high-swelling sodium
bentonite.
To achieve static stability (factor of
safety = 1.5) and seismic deformation (average 6 inches)
requirements, an admixed low-permeability material was
specified. A field test pad fill confirmed that the admixed
material could meet the field permeability requirement of
1 x 10-7 Cds.
A saturated, UU triaxial compression strength of 76.8
kpa and CU triaxial compression strength (total stress) of a
friction angle of 19.5 degrees with a cohesion of 23.8 I@a
were achieved on the selected admix soil design with
specimens remolded at 92 percent of the maximum dry
density (ASTM D 1557) at 5 percent above optimum
moisture content.
Two series of saturated direct shear interface tests
(ASTM D 5321) between the selected admix soil and the
1.5 mm thick textured high-density polyethylene (HDPE)
geomembrane were performed (Figure 3). The first series
of tests were performed under partially consolidated
conditions where the soil was submerged for at least
16 hours under a 6 kpa overburden pressure, the load
ramped to the selected normal overburden pressure, and
then sheared at 1 mm per minute. The second series of
tests were performed under similar consolidated conditions
described for the first series testing, the load ramped to the
selected normal load, and the soil was allowed to
consolidate under the full load for 1 to 4 hours (80 to
90 percent consolidated) prior to shearing.
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were

performed using the saturated, interface shear strength
envelope for partially consolidated soil condhions. The
seismic stability analyses were performed using the
saturated, interface shear strength envelope for the
The basis for using the
consolidated site conditions.
higher strength envelope to assess seismic and long-term
static conditions is due to the following:
●

●

●

●

The coefllcient of consolidation from a laboratory test
performed on an admix specimen ranged from 1 x 10-3
to 2 x 10-3cm2/s.
A low-permeability admix material will be underlain
by predominately coarse-grained materials which will
provide a drainage path.
The thickness of the low-permeability admix material
is limited to 0.6 m, therefore, about 90 percent of field
consolidation should occur within 30 days.
The probability of the design earthquake occurring
before completion of 90 percent of consolidation is
very small.

4

LOW-PERMEABILITY SUBGRADE

4.1

Testing

Low-permeability subgrades are slow to drain and do not
permit rapid consolidation of the soil liner.
With a
constant unsaturated vadose zone beneath the liner,
consolidation of the soil liner is probably inevitable (on a
long-term basis), but should not be counted on for near
term conditions (during landfill operations).
Direct-shear interface strength testing in these cases
should be conducted to simulate UU conditions as closely
as possible. As noted earlier, however, consolidation and
drainage during shearing (ASTM D 5321) do not allow
testing under true UU conditions. To approximate this
state, the soil sample is placed under a setting load (6 to
24 IcPa) and submerged overnight. The full load is placed
immediately before shear (immediately in this case means
applying the load quickly in stages of about 50 IcPa per
minute).
The amount of the setting load may have
minimal
impact at high overburdens,
but should be
considered
carefully especially
for testing under low
overburdens (50 kpa or less).
Triaxial testing under saturated UU conditions should
also be performed to develop soil strength data under
controlled drainage conditions.
Slope stability analyses
should be performed for both direct-shear interface and

triaxial strengths. Although interface strengths should be
no greater than the internal soil strengths, consolidation
during testing may have increased the interface strengths
resulting in a higher interface strength than soil strength.

Testing

under CU conditions

is not required for this

scenario since consolidation is not expected under this field
condition.
4.2

Case Histories

4.2.1

Compacted high plasticity clay/HDPE over shale
subgrade

A site in the San Francisco Bay Area is being developed as
an MSW landfill over a foundation consisting largely of
shale (Site C). Excavated weathered shale is recompacted
as a 610 mm-thick soil layer over the shale. A dendritic
patterned subdrain system is being installed to collect
isolated subgrade seeps, but the spacing of the drainage
trenches is thought to be too large to dissipate pore
pressures in the soil layer in the near term.
Testing under UU conditions has resulted in an
interface shear strength friction angle of 7.5 degrees under
normal stresses less than 290 kPa with a slightly lower
frictioin angle under higher stresses (Figure 4). The
friction angle for lower stresses under CU conditions is
about 10 degrees. The soil itself has an undrained shear
strength of 34 kpa. These relatively low strengths have a
significant impact on allowable refuse slopes and landfill
capacity.
The interface shear strengths have limited
landfill refuse heights to 100 feet to maintain a minimum
static factor of safety of 1.5 with a maximum allowable
seismic displacement- of 1 foot.

To avoid staging over long periods and to potentially
increase refuse slopes, we are currently evaluating
enhancing the subdrain system and improving the clay
strengths. Remembering that the relatively low post-peak
strengths are associated with plastic clays, we have
initiated testing a blended soil consisting of 75 percent clay
(site shale) and 25 percent on-site silty sand. The blended
soil has a lower plasticity index and a CU interface
strength approximated with a friction angle of 16 degrees.
Together with the enhanced subdrain, the higher strengths
may permit a substantial vertical expansion. Testing under
UU conditions is underway to determine if adequate
strengths can be achieved without enhancing the subdrain
system.
4.2.2

Compacted
high
claystone subgrade

plasticity

clay/HDPE

over

A similar situation occurs in a Colorado landfill (Site D)
where the landfill is constructed largely on claystone.
Interface shear strength (between clay and HDPE) testing
for the first composite-lined cell for this landfill resulted in
an adhesion of 19 kPa and friction angle of 9° for CL type
soil and adhesion of 9.5 kpa and friction angle of 5° for
CH type soil (normal load range from 100 to 500 IcPa)
under undrained conditions (Figure 5). On-site clays with
lower elasticities (CL soil with PI equal to about 20 to 22)
have higher strengths, but were diftlcult to identify in the
field, and selectively excavate in suftlcient quantities to
construct the low-permeability soil layer.
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The low interface shear strengths, barely suftlcient for
originally permitted refuse slopes, have impacted vertical
expansion
plans.
Current permitted
capacity
is
19 million m3 but expansion plans were to increase the
capacity to 37 million m3. The initial thought was to
provide a subdrain to allow the clay to consolidate, but
initial interface testing under CU conditions at 290 kpa
normal load showed minimal increase in strength over UU
conditions (a shear strength of 56 kpa compared to 53
kPa). The current plan is to admix bentonite with on sitesilty sands (similar to Site B) or blend the plastic clays
with sand (similar to Site C) to achieve a shear strength
with an internal friction of 16 degrees.

5

CONCLUSIONS

AND RECOMMENDATIONS

Based on the results of laboratory tests, analyses, and case
histories cited in this paper, the following conclusions and
recommendations can be made:
Subgrade drainage conditions should be considered in
the soil and interface strength testing program and
eventual landfill liner design.
For relatively permeable subgrade conditions, CU
triaxial and interface tests (with normal loads allowed
to consolidate)
should be performed.
For lowpermeability subgrade conditions, UU triaxial and
interface tests (where shearing occurs immediately
upon application of the full normal load) should be
performed.
The application
of UU or CU interface shear
conditions for fill sequencing analyses depends on
project-specific soil characteristics, fill sequencing,
and drainage conditions.
Differences in UU and CU strengths vary ranging
from negligible difference (Site D) to differences only
at large normal loads (Site B) to about 20 percent
increase in CU strength over UU strengths (Site C).
For compacted soil liners consisting of highly plastic
clays (CH), exhibiting
low undrained interface
strength, blending the clay with sandy material should
increase interface shear strengths while maintaining
This approach can provide
low permeability.
additional airspace for landfills with slope stability
constraints.
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ABSTRACT: Geosynthetic clay liners (GCLS) are oflen used as one layer of a composite landfill liner, with a
geomembrane
forming the other layer. GCLS offer significant advantages over compacted clay liners in terms of
their ease of installation.
Some recent experience with the testing and use of a variety of GCL products is presented
particularly with respect to complex liner systems on steep slopes in Hong Kong, which require caret%l consideration
to determine appropriate internal and interface shear strengths to be used in design.

KEY WORDS: Geosynthetic Clay Liners, Geomembranes, Protection, Interface and Internal Shear, Slopes.

1. INTRODUCTION
Geosynthetic clay liners (GCLS) have been rapidly
adopted as an alternative for compacted clay liners in
many landfills around the world, and they have been
widely used in composite liners for landfills in Hong
Kong.
Hong Kong has a mountainous terrain, with many steep
sided valleys, or canyons, which have 25° to 40° natural
side slopes rising from near sea-level to a height of a few
hundred metres. Three new landfills are being constructed
and operated in these valleys, and the liner systems are
being placed on some very steep and high slopes. With
building development at the toe of these landfills, stability
is an important issue.
Multilayer lining systems using geomembranes and
GCL’S can have relatively low internal and interface shear
strengths, so they have the potential to act as a slip planes,
and oiten form the weakest link in stability considerations.
The naturally low shear strength of the bentonite
component of GCL’s has required careful measurements
of their strength, with due consideration to the use of

Depending
on various design and availability
considerations, these drainage layers may comprise
crushed granitic rocks (with a geotextile cushion to protect
the liner) or geonets. A typical arrangement is shown in
Figure 1.
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Figure 1. Typical Hong Kong Composite Lining System

these measurements in design.

2. TYPICAL COMPOSITE LINER
A

typical

Hong

Kong

landfill

liner

comprises

a

geomembrane
overlying a geosynthetic
clay liner.
A
groundwater
drainage layer is usually placed below the
liner, and a Ieachate drainage layer is placed above the
liner.

The geomembrane is usually a 2mm thick sheet of high
density polyethylene (HDPE), with either textured or
smooth surfaces. The GCLS are usually needlepunched
with woven or non-woven geotextiles on each side of the
bentonite, which may be in powder or granular form.
Whilst powdered bentonite can be more effective in terms
of distribution and hydration performance, it can be more
difficult to retain within the GCL during transportation
and placement.
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GCLS based on woven geotextiles offer the capacity for
better tensile strength at less elongation, compared to nonwoven geotextiles. However, the non-woven geotextiles
are more effective at retaining the bentonite gel, although
there may still be enough weeping to reduce the interface
shear strength.
The tendency for bentonite to weep
through woven geotextiles allows these materials to have
better self-sealing properties at the overlap joints.
Products using non-wovens require additional bentonite at
the seams, which some manufacturers introduce at the roll
edge during manufacture,
Some GCLS have a woven geotextile on one side and a
non-woven on the other side, and some have a composite
geotextile with a woven material within the non-woven
base.

3. DESIGN ISSUES TO BE CONSIDERED
3.1 Maximum and Minimum Induced Stresses

The maximum depth of waste planned for Hong Kong’s
landfills is currently around 150 metres. With a possible
unit weight of 1.4 tonnes/cubic metre (Cowland et al,
1993), this depth of waste could impose a stress of around
2000 kPa on the GCL. At the other extreme, the depth of
soil overlying a GCL in a landfill cap may be less than
one metre, giving rise to an induced stress as low as
10kPa. In addition, the stresses on a GCL on a side slope
will vary from the top to the bottom of the slope. So the
normal stresses to be considered in the GCL shear
strength testing programme may need to range from 10 to
2000 kPa.
Although high ultimate loadings may be expected, it is
still possible for a slip failure to occur at low normal
loads during construction of the liner, caused by the
downctrag of an overlying granular Ieachate drainage or
protection layer.
3.2 Degree of Hydration
The internal and interface shear strength of a GCL usually
decreases as it becomes wet.
Although the overlying
geomembrane
will help to keep it dry, with the typical

lining system there is a groundwater drain immediately
below the GCL. Experience has shown that with its high
affinity for water, the bentonite component of a GCL will
soon start to become hydrated even when only a small
amount of moisture is present in the underlying drainage
medium.
Some designers try to keep the GCL dry by encasing it
between two geomembranes. However, the long term
effectiveness of this measure, given the possibility of
minor leaks or other damage or deterioration of the
geomembrrme, is unknown.
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Examination of two liner systems, where it was known
that
heavy
rainfall
had
penetrated
through
the
geomembrane,
and remedial action was required, has
shown a surprising extent of lateral moisture travel along
the GCL/geomembrane
interface.
It was observed that
water easily travels through compressed wrinkles in the

geomembrane to wet a large surface
underlying GCL.

area of the

3.3 Relevant Shear Surface
The bentonite layer within a GCL can have a low shear
strength, especially when hydrated, resulting in a low
internal shear strength through the mid-plane of the GCL.
In addition, the bentonite can be squeezed through the
openings of the geotextiles, producing a low fi-iction
surface at the interface between the GCL and the adjscent
material.
Exhumation after a construction failure has shown that
slip surfaces can pass through the mid-plane of the GCL,
and also along interfaces between the GCL and adjacent
layers. Thus, the testing should be arranged 10 examine
both these potential failure modes.

4. GCL SHEAR TESTING CONSIDERATIONS
Shear strength parameters of GCLS for both internal and
interface shear are determined following the form of the
standard American Society for Testing and Materials
(ASTM) test method D 5321-92 for geosynthetics (ASTM,
1992).
However, when this test method was first
developed for geomembranes and geotextiles, GCLS were
not considered and there is on-going work to further
develop this ASTM test method for GCLS.
It is generally considered that the shear box slhould be at
least 300 mm square, as smaller boxes will introduce
excessive edge effects and give distorted results,
particularly if granular materials are involved. Figure 2
illustrates schematically a large scale shear box. A
constant normal compressive stress is applied to the
apparatus and one section of the box moves in relation to
The shear force and corresponding
the other.
displacement is recorded and shear stress is plotted against
normal compressive stress.
Although ASTM D 5321-92 provides guidance for shear
displacement rates, with emphasis on the need for slow
rates to dissipate pore water pressures, a lot of testing has
been carried out using a default shear displacement rate of
60 mndhr.
The GCL is usually hydrated in the shear box, under the
design normal load, for 24 hours just prior to shear.
However, more information is needed on the impact of
different hydration times and boundary materials.

Normn Loading
{
Upper Box (F}xeci)
300 x 300 mm
Geomembrane

~

T

Lower

G

Box

(Traveling)
Force

300

x 400

mm

Figure 2. Typical Interface Shear Test Device

5.

A SITE SPECIFIC TEST PROGRAMME

During a recent project, the deformation and
strength of the interface between a smooth HDPE
geomembrane and a needle-punched GCL, resting on
coarse granular material, was examined. The main issues

were the deformation imposed on the geomembrane by the
interaction of the various granular surfaces and protective
layers of geotextile, and the shearing capacity of the
various interfaces in the liner system.
5.1 Deformation Testing
The deformation testing was carried out in a large scale
geostatic test apparatus as shown in Figure 3, and as
various
described by Frobel & Winneke (1993).
combinations of geosynthetics and granular layers were
under consideration for different stages in the design
development.
The geostatic test is a relatively new performance test
intended to provide a view of behaviour under field
The layers of geosynthetic and
loading conditions.
granular materials are placed into a cylindrical vessel,
where they are subjected to appropriate loadings, with
submergence to achieve hydration as required.
Deformation is measured by the use of a highly
deformable thin zinc plate which is placed under the
geomembrane and which retains the deformed shape on
disassembly. As yet, there is no standard test method for
this new test.
Testing of protection layer materials for this project
included both 1050 and 1200 gram/m2 needlepunched
non-woven geotextiles. The results indicated that the
deformation performance of these very heavy products
was influenced more by the tightness of the needled mat
than by small variations in unit weight.

5.2 Degree of Hydration
Two series of hydration tests under load were carried out
for this project. In the first, a number of GC.L samples
were hydrated for 24 hours under a constant confining
stress of either 175, 350, 700 or 1000 kPa. The moisture
content in the samples under 175 kPa confining stress was
found to be in the range of 75 to 90Y0 after 24 hours.
Samples hydrated under larger stresses were found to have
lower moisture contents, with values of 40 to 50V0being
measured after 24 hours under a load of 1000 kPa.
In the second series, specimens of a GCL were hydrated
for different times under a stress of 10 kPa or a stress of
700 kPa. Initial hydration occurred more quickly under
the lower stress, however, in neither case was hydration
complete after 24 hours. These results are shown in
Figure 4, and can be compared with Stark (1996) who
found that a GCL under a load of 40 kPa was still
hydrating after 250 hours.
It is strongly recommended that the degree of hydration
(i.e. moisture content of the GCL) must be reported with
the shear strength results.
5.3 Interface Direct Shear Testing
The interface direct shear testing for this project was
carried out in a 300 x 400 mm direct shear box, using the
various combinations of geosynthetics and granular layers
that were under consideration in the design.
It was found that 10-20 mm angular drainage gravel
under a GCL significantly deformed the interface between
the GCL and an overlying geomembrane, whiclh increased
the interface friction angle by about 2 -3°, but it had a
detrimental effect on the integrity of the geotextile
components of the GCL which allowed the bentonite gel
to weep.
Non-woven geotextiles appeared to more successfully
contain the bentonite gel than woven geotexti Ies.
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6.

SHEAR BOX TEST METHODOLOGY

Some of the many apparatus set up questions for GCL
shear testing that are not answered by ASTM D 5321-92
include hydration method, loading period, displacement
rates and fixing methods. The following discussion is
based on direct experience.

6.1 Gripping Methodology
It is important that the gripping methodology for testing
the internal shear strength of GCLS be carefully
considered.
One system is to use sharp, one-way serrated steel
surfaces that grip into the surface of the geotextile on
either side of the GCL to uniformly force the shear plane
into the hydrated bentonite/fiber structure. In addition,
extensions of the GCL fabric are wrapped around the top
and bottom plates to effect a positive tensile strain across
the full width of the GCL fabric. Bolting of end sections
is not recommended, due to tearing at bolt holes and
disturbance of the specimen.

6.2 Hydration
After hydration under load, the normal stress applied
should not be relieved before shearing. Thus, the sample
should be hydrated in the shear box, unless a method can
be found to maintain the normal stress during specimen
transfer to the shear box. In view of the need to hydrate
for some time, and the scarcity of large shear boxes, this
issue requires further development.
6.3 Displacement Rate
Signillcant pore pressures are generated within the
bentonite clay component of a GCL, and thus
displacement rates reflecting consolidated-drained (CD)
conditions should be considered.
The ASTM test method D 3080-90 (ASTM, 1990), gives
a method for calculating the time to failure to achieve CD
conditions.
By using the time to failure from
consolidation tests, and a required total displacement
during shear (20 to 30 mm for reinforced GCLS), the
displacement rate can be calculated. These displacement
rates should be in the range of 1 to 10 mm/hr in order to
reflect CD conditions.
For instance, it was found in one programme of GCL
interface shear testing that the friction angles measured at
a displacement rate of 2.4 mndhr were 1 -2° lower than
at a displacement rate of 60 mm/hr. Faster displacement
rates will result in indications of higher internal shear
strength and should be avoided for design test purposes.

6.4 Area Corrections
In a square shear box, the contact or stressed area of a
GCL
decreases
with
increased
displacement.
Consequently, the compressive stress decreases, resulting
in an increase in shear stress. So, it is important to apply
an area correction, especially for larger displacements for
GCL tests run under CD conditions. Alternatively, a
shear box which has one half of the box longer than the
other can be used to keep the shear area constant,

7. USE OF SHEAR STRENGTH DATA IN DESIGN
Having obtained strength data from carefid testing, the
designer needs to consider various aspects in the use of
this data in design.
7.1 Peak or Residual Strength
With increasing strain, needlepunched GCLS typically
exhibit shear strengths that rise to a peak and then fall to
a residual value.
The difference between peak strength and residual can
be relatively small for interfaces but can be quite large for
internal shear. With needlepunched GCLS the peak shear
strength is based on mechanical rather than friction bonds
and is usually achieved after 20-30 mm of displacement,
and thus the question of whether to use peak or residual
strength is very significant.
Based on limited knowledge of landfill failures it would
be unwise for the designer to rely on peak strength
throughout the lining system. From a finite element back
analysis of the Kettleman Hills Landfill failure, Byrne
(1994) found that the onset of progressive failure
mobilises residual strengths on the side slopes, although
the peak strength may still be relied upon for a proportion
of the base.
As noted by Koemer (1994), the analysis of side slope
liner stability is complicated for a multi-layered liner and
leachate collection system. The unit load of the waste
gravitationally induces shear stress through the leachate
collection system onto the liner and then onto the
Depending on the
groundwater collection system.
frictional characteristics of the surfaces involved, it is
possible that only a portion of the induced shmr stress is
transmitted to the layer below.
It is possible therefore, when a low friction slip surface
is built into the upper part of the system, that some
interfaces may not progress past their peak strength.
However, extensive laboratory and field measurements,
and a thorough finite element or finite difference analysis
of the stresses and strains in the system would seem to be
needed to determine whether individual interfaces should
be designed using the measured peak or residual strengths.
1998

Sixth International

Conference

on Geosynthetics

-415

7.2 Deformation of the Shear Surface
With a coarse granular leachate drainage layer above the
lining system, and high normal loads, it is likely that the
shear surface will become deformed. This deformation
may result in an increase of the interface friction angle.
However, in order to utilise this increased ffiction angle,
the designer
needs to be confident
that the same
deformation will occur in the laboratory and the field.
The gravel used in laboratory tests needs to be truly

representative of the gravel used in the landfill. Also, the
normal loads in the laboratory tests should be varied to
ensure the deformation would still exist with lower than
expected normal loads in the field.

model the existing or design site conditions using the
actual site soil materials and geosynthetics specified in the
design.
It is not adequate to simply state the required GCL
friction angle in the specifications for a project.
Designers must speci$ in detail the test parameters
required to generate design oriented values.
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7,3 Lmdfill Loading Sequence
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Load should be placed above the GCL as soon as possible
after installation, in order that it does not get the chance
to go into free swell and weaken, due to any moisture that
may be available.
With a low strength lining material being placed on
steep slopes, it would appear that there is a high chance
of a slip occurring. However, Giroud and Beech (1989)
have demonstrated that many of the stability problems
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have the potential to act as slip planes, as the bentonite
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strengths obtained from relevant and independent testing
into the design of the landfill. The designer needs to
consider the complete range of loads that may be exerted
on the GCL, the possible degree of hydration, and all
For drained shear strength
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parameters, it is important to maintain a low rate of strain
during the test.
The determination of GCL shear strength needs to be
both material specific and project specific. With the rapid
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and methods of bonding them together, it is not possible
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know the shear strength characteristics of the individual
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THE EXPERIMENTAL SHEAR STRENGTH EVALUATION OF GEOMEMBRANE - CLAY LINER AND GEOMEMBRANE - GEOTEXTILE
INTERFACES
R. F1OSS
Professor, Institute for Foundation Engineering, Technical University of Munich, Germany
J. Fillibeck
Research Associate, Institute for Foundation Engineering, Technical University of Munich, Germany
ABSTRACT: When calculating the slope stability of geomembrane-lined slopes in waste disposal applications, the shear
behavior between the lining components have to be evaluated. The paper discusses the shear strength of compacted clay liners (CCLS), CCL/geomembrane
and geomembrane/geotextile
interfaces. The dependence between matric suction of the
CCL and shear strength is shown. Shear tests between compacted clay liners and geomembranes demonstrate the influence
of several test conditions (e. g. duration of consolidation, shear speed, normal stress and water content of the CCIL).In ad-

dition, 1000 hours creep tests between geomembranes and geotextiles were conducted to evaluate the long term shear
strength behavior.
KEYWORDS: Shear strength, Testing, Friction, Geomembranes, Compacted Clay Liner
1 INTRODUCTION

According to the relevant regulations, composite sealing
layers - consisting of a mineral seal (compacted clay liner,
CCL) a geomembrane (GM) and a geotextile protection
layer (GT) - are current state of the art in Germany. Prior
to installation, it needs to be proven that shear forces are
transferred into the subsoil from the top of the cross section
downward. The starting point of such slope stability proofs
are shear box tests which determine the maximum transmittable shear forces within the sealing system. As the test
conditions under which such shear box tests have to run
are not yet clearly defined, the Arbeitskreis Grundwassserschutz AK-GWS (Working Group ‘Groundwater Protection’) initiated a research project to investigate the influence
of various test conditions on the shear strength of the sealing system. Triaxial tests with CCLS under saturated and
partly saturated conditions were carried out to show the influence between matric suction and shear strength. Direct
shear tests between CCLS and GMs demonstrate the influence of drainage conditions, texturing of the GM and matric suction in dependent on the normal stress. Further tests
were carried out on the long term effects of the shear
properties between GTs and the GMs. The results of the research project which were carried out at the Institute for
Foundation Engineering at the Technical University of
Munich are given below in an abridged format.

2

the kaolinite clay) were used for the investigation. Table 1
illustrates the characteristics of these three clays.
Table 1. Characteristic mmmitudes of the testing soils

Clay

Kaolinite
clay

WL(%)

58,8

73,6

Wp(%)

21,9

29,8

Pti (~m’)

1,63
20,2

1,43
27,1

WR(%)

Mixed grained

materiaJ

1,95
11.0

The clay used for the investigation were placed near
optimum moisture content and compacted with standard
proctor-energy. As a protection layer a mechanically bonded PP-nonwoven was used in these tests. The nonwoven
had a mass per unit area of m. >1200 g/m2 (DIN EN 965)
at a thickness of d = 8 ram (DIN EN 964 TI-2).

3 SHEAR STRENGTH OF PARTLY SATURATED
COMPACTED CLAY LINERS
CCLS are generally installed partly saturated in the field.
The degree of saturation decisively influences the shear
strength of the CCL and also the interface CCL/GM, as
shown below.

CHARACTERISTIC DATA OF THE MATERIAL
3.1

Tests with one smooth GM and three textured GMs were
carried out. All four GMs were manufactured of HDPE
having a thickness of 2.5 rum. Furthermore, two highly
plastic clays (a clay called 11A and a kaolinite clay) and a
mixed grained soil (mixture of a coarse grained soil and

11A

Theory

Because of capillary and adsorptive forces partly saturated
soils tend to absorb water. A negative pore water pressure
incurs (suction), which is dependent on the grain size and
pore size distribution of the soil. The discrepancy between
1998
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pore water pressure w and the pore air pressure ~ within
the sample is described as matric suction. Referring to Bishop (1955) the matric suction increases the intergra.mdar
pressure a’ (1). The parameter x depends on the degree of
saturation S, of the soil. For saturated soils it can be stated
that x = 1 and for “dry” soils x = O. The effectiveness of
the matric suction can be described as a pre-stressing of the
soil.

Figure 1 shows the result on a stress diagrrunm The increase of the shear strength as a result of capillary forces at
lower normal stresses can clearly be recognized. At the same time it is noticed that while the mean stress increases,
the rnatric suction decreases. When the values reach 800
kN/m2, the sample’s stresses are so high that the formerly
partly saturated samples have changed into saturated
samples by way of consolidation.

f#=CT-Ua+x(Ua-UW)

According to Coulomb the shear strength Zf of saturated
soils is expressed by the effective cohesion c’ and the effective angle of the internal friction @.
‘1)

E-;

o
Tf = Cf +G’tan(f)’

20340060081X)l~

(2)

Fredlund et al. (1978) define the matrix friction angle qb
(3). They assume that the parameter ~ is constant when the
soil is compacted to the same water content and density.
This result; in the shear strength of partly saturated SO1lS
(4),

((m+m)/z-u.)f

Figure 1. Partly saturated
wa=2370)

According

12CQ

[kN/rn’l

and saturated

to the test results,

tests (Clay 11A,

it can be summarized

that

even in ~gh saturated conditions the increase of the shear

tanqb

= Xtanf!

Tf=c’+(o’–

Ua)tall~’ + (Ua – Uw)t2Ul$lb

(3)

strength of compacted clays is considerably
high under
low confining stresses because of the matric suction. This
matric suction also influences decisively the shear behavior

(4)

of the CCL / GM interface as shown in the next chapter.

The shear parameters c’ and @ are independent of the matric suction and can be determined under saturated
conditions.

SHEAR
STRENGTH
AT THE COMPAC~”D CLAY
LINER / GEOMEMBRANE- INTERFACE

4.1 Test Description

Test Description and Test Results

3.2

4

Within the framework of the research project the shear parameter c’, q’ and qb of the clay 11A were determined at
saturated and partly saturated conditions @-Tests) using
the triaxial apparatus. The “saturated” tests were carried
out according to DIN 18137-2 at a back pressure of ~ = 5
bar. The “partly saturated” tests were carried out at a constant water content and a pore pressure of w = 4 bar. The
change of the matric suction in the “partly saturated” tests
was measured with a tensiometer located on the top pressure plate, Table 2 shows the average results of 9 tests at w. =

The following describes the influence of different test para-

meters which influence the shear test results between the
CCL and the GM. As this is the shear strength between
two different material types the shear parameters are renamed. Adhesion a and interface friction angle 5 take the
place of cohesion c and the angle of internal tliction q.
The corresponding critical condition between two materials according to Coulomb is as follows:
~f=a+atanb

(5)

Zsyo.

Table 2. Results of the triaxial test with clay 11A
R2

Wa
(Vo)

23

‘
(~;m’)

30.6

~~

~~

(-)

?)

14.6

12.8

0.92

0.87

The high regression coefficient R2 shows that the shear
strength of the partly saturated soil can be represented well
by means of the equation of Fredlund et al. (1978).
418-1998

Sixth International

Conference

on Geosynthetics

Both a 30 cm x 30 cm (30x30-SG) and a 10 cm x 10 cm
(1OX1O-SG)direct shear apparatus were used for this investigation. Within the framework of the research project the
basic comparability of both shear apparatus’ regarding the
maximum shear stress could be proven (Fillibeck and
Heyer, 1995). Since the matric suction cannot be measured
at the interface, the evaluation of the test resuks is shown
in a d~f-diagram whereas 6 is the acting total normal
stress ditTerentiated from the confhing stress. Figure 2
shows a schematical test setup of the direct shear apparatus
30x30-SG. It is important that the compaction of the soil
sample is not carried out on top of the GM and thu the soil

sample has a constant thickness so that the normal stress
be transferred evenly.
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The shear force was applied by means of a plate with webs
(Figure 3) in order to achieve a fairly constant distribution
of the shear stress across the interface.

Figure 3. The direct shear apparatus 30x30-SG as a detail

As the top part of the shear box cannot be displaced in the
vertical direction, the normat stress transfer must be
possible without signitlcant loss of stresses due to side wall

friction between the soil sample and the upper shear box.
Measurements show a reduction of the normal stress of up
to 20% due to this effect. To avoid this, two layers of teflon
foil were installed between the soil sample and the wall of
the shear box (figure 3). In addition the smallest possible
thickness of the clay layer was chosen.
In the case of the shear tests carried out in the direct
shear apparatus 1OX1O-SGthe geomembrane was also
placed in the lower shear box and the compacted soil in the
upper shear box.

The dz-behavior can be shown with two straight lines
which are valid for two different normal stress ranges
(high and low). Shear parameters can thus be assigned to
each normal stress range. Under very low normal stresses
the high internal shear strength of the CCL cannot be
transmitted to the GM, as there occurs no intimate contact
between the GM and the CCL. The shear behav~or corre-

sponds to the shear behavior of a coarse grained soil with
high friction angle and only little or no adhesion. The intimate contact improves with increasing normal stresses.
The shear properties of the test soil under higher normal
stresses develops progressively. In the high normal stress
range the best possible intimate contact is achieved.
As expected, the shear behavior between the Gh4 and the
CCL is clearly influenced by the texturing of the GM. Under high normal stresses, some textured GM/CCL interfaces can almost reach the shear strength of the respective
CCL alone.
4.3 Comparison between UU-Tests and D-Tests
As known in soil mechanics, the diHerence in shear
strength between UU-tests (unconsolidated,
undrained
tests) and D-tests (drained tests) of a fine grained soil because of existing pore water pressure is well known. The
following considers whether pore water pressure or pore
air pressure influences the shear strength of the interface
between GM and partly saturated CCL.
U’U-tests were carried out with a shearing speed of v = 10
mm/h. Such tests were compared with results from D-tests

performed with a shearing speed of v = 0.3 mm/h (after the
primary consolidation). It was assumed that possibly existing pore water and excess air could not decrease at fast
shearing rates. Figure 5 shows representative results of
tests carried out with a textured GM and clay 11 A (w, =
23%).

4.2 Drained Shear Tests with Partly Saturated CCLS
Figure 4 shows drained shear tests (shear speed after consolidation v = 0.3 rnrdh) between three GMs and the kaoIinite clay (w. = 30%). Comparatively the shear strength of
the kaolinite clay alone is shown by a dotted line.
o
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Figure 5. Comparison between UU and D-tests
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In the lower normal stress range (at 0<200
kN/m2) decreasing pore water pressures and trapped pore air pressures do not develop within the shear plane between the CCL
and the GM due to the high stithess of the CCL. At this
stage, intimate contact between the CCL and GM has not
yet developed. Only if high normal stresses are achieved,

pore water and trapped pore air pressures does develope
within the clay directly after applying the load. These pore
water and trapped pore air pressures also influence the
shear strength within the interface. These can decrease during the D-Test whereas the shear strength increases
compared to the UU-Test. In the case of an increase of the
normal stress to a > 800 kN/m2 the additional normal
stresses are only absorbed by means of trapped pore water
pressures. Consequently, the shear strength which is achieved in the UU-Test does not fkrther increase, as evidenced
by the asymptotic nature of the dz-curve in figure 5.
The question needs to be asked at which normal stresses
does differing results between drained and undrained tests
occure. The answer certainly depends on the water content
of the soil and on the compacting process used to prepare
the soil specimen. In generat when CCL’s are compacted
on the wet side of proctor-optimum it can be assumed, that
the shear speed and duration of consolidation under low
normal stresses only slightly influence the shear behavior.
Note that this condition is typical for CCL’S.
4.4

Comparison between Tests with Partly Saturated and
with Saturated CCLS

On several occasions it is assumed that the capillary and
adsorptive forces, which are responsible for the high shear
strength between CCLS and GMs, can at least partly get
lost in excessive situations. This can be the case if- for example - perspiration occurs on the bottom side of the GM
as a result of temperature differences or if rainwater is collected under the geomembrane during installation. In order
to consicler this condition, tests with saturated CCLS were
carried out according to Bemben & Schulze (1995). For
these tests the soil samples were installed into the shear
box partly saturated and subsequently consolidated in a
water bath so that the negative pore water pressure approached zero.
Figure 6 shows the results of tests which are carried out
with partly saturated and saturated samples (D-Tests) between the smooth geomembrane and the clay 11A.
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The shape of the cr/z-curve of the series of tests carried out
with the saturated CCL proceeds fairly linearly in the
whole range of the normal stress. Under low normat
stresses, the water content of the soil sample increases during consolidation (up to 70/0).Thus its strength decreases
significantly. The result of this is - in contrast to the tests
carried out with the partly saturated samples - that already
under low normal stresses a good contact between the soil
sample and the geomembrane is achieved. Under very low
and under very high normal stresses the shear strength of
the tests carried out with partly saturated samples and
those carried out with saturated samples are comparable.
Under very low normal stresses still no extensive contact is
achieved between the partly saturated CCL and the GM.
Under high normal stresses (a z 800 kN/m’) the partly saturated CCL is so excessively compressed that saturation
appears after the consolidation.
In the middle range of the normal stress, the shear
strengtA of the partly saturated tests is considerably higher
than the shear strength of the saturated tests.
4.5

Test Procedures for the Practical Application

Referring to the test results above, the following test procedures can be proposed:
For stability calculations under low normal stresses (e. g.
a s 50 kN/m2) during construction, usually partly saturated tests have to be carried out. It is recommended to
choose a water content for the shear test which is slightly
higher than the installation moisture content. To prevent
the increase of the water content of the CCL after
installation, constructive measures have to be Iaken, by
means of covering the CCL directly after its placement
with a GM and a drainage layer and installation of drainage trenches to collect the rain water. Thus shear tests can
be run at a high speed (e. g. v = 10 mm/h) with a reduced
consolidation time.
For stability calculations under low normal stresses for
the post-installation condition (e. g. landfill cap) partly saturated, drained shear tests can be used. However only if it
is ensured that the water content of the CCL cannot
increase. Field investigations have shown that this is normally the case for landtill caps. It is recommended to
choose a water content slightly higher than the installation
water content. Water saturated tests show a comparable
worst case condition.
For stability calculations under high normal stresses (e. g.
base sealing of landfills) drained tests should be cimied out
(shear speed v = 0.3 mm/h) because it is often the case that
the normal stress does not increase in such a way that pore
pressures occur. As long as the CCL can adsorb water due
to capillarity from the ground water, saturated tests should
be carried out.
Because of the nonlinear dependence between the normat
stress and the shear stress, normal stresses have to be used
for the shear tests which are close to the normal stress occuring on site. The shear parameters which are calculated

by linear regression from the test results are only valid for
the range of the chosen normal stresses. If shear tests were
carried out under higher normal stresses, an appropriate
friction angle can be used which is calculated by linear re-

that there exists a good conformity between the 30-30-SG
and the 1OX1O-SGresults.
5.2 Creep Test

gression through the origin of the coordinates.

5

SHEAR
STRENGTH
AT THE GEOMEMBRANE /
GEOTEXTILE INTERFACE

Usually shear tests between geotextiles and geomembranes
are determined by constant shear speed. However, in
practice the interface is mostly developed at a constant
shear stress which is better simulated by a stress controlled
test. Because of the creep behavior of geosynthetics, it has
been investigated in the research project, if the results of
strain controlled tests compare to those of stress controlled
tests ancl which displacements appear close to the peak
value as a function of the time.
5.1

Comparison of Stress and Strain Controlled Shear
Tests

Tests were carried out in the 1OX1O-SGand 30x30-SG
shear boxes. In both cases the geotextile was placed in the
upper shear box.
At stress controlled shear tests the failure in the interface
is induced by increasing the shear stress step by step. In
contrmt to strain controlled tests, the shear rate is not constant. After increasing the shear stress the shear rate dxldt
is measured as a timction of the time. The shear force is increased once the shear rate drops below 0.05 rnm/min. In
each case 4 shear tests were carried out at normal stresses
of 50, 100 and 300 kN/m2.
For the strain controlled shear tests a shear rate of 10
mm!h was chosen. 10x1O-SG tests were carried out at a
normal stress of 10, 20, 50, 100, 200, 400 and 800 kN/m2
and under a normal stress of 10, 20, 50, 100, 200 and 300
kN/m2 in 30x30-SG. In Table 3 the friction angles of the
shear tests between the geotextile and two different geomembranes are given,

The stress controlled creep tests were carried out in the
1OX1O-SG.The shear stress was kept constant for about
1000 hours. During this time the shear speed was monitored. The creep shear stress was determined by the chosen
stress intensity D which is defined as the ratio between the
creep shear stress and the maximum shear stress gained
from the strain controlled shear test. To analyse the creep
tests the potential equation (6) was used to describe the
shear speed dxidt in dependence of the time t.
dx
~=

A1x t-m

(6)

In a double logarithmic scale the potential function is a
straight line with the inclination -m. The smaller the constant m the more it creeps (higher creep potential). The
constant Al is the shear speed at the time t = 1. The shear
displacement x can be calculated by integration of the potential equation (7).

‘1

+&t.
-

@-m)

+x~

m#l

1-m

For t + co, and m> 1 the shear displacement x is close to
the constant ~. The tix-curve approaches a horizontal
asymptote which meets the displacement axis at x~. For m
< 1 there is no horizonti asymptote (X + m). In Figure 7
the creep curve of a test with .a textured GM under m = 300
kN/m2 and a stress intensity D = 95% is shown, Table 4
shows some test results for a textured GM.
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It is obvious from these results that the stress controlled
shear tests correspond very well to the strain controlled
shear tests. Thus the strain controlled shear test which can
be carried out easier can be regarded more suitable for the
determination of the shear parameters. Also it can be noted
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Table 3. Stress and strain controlled shear tests
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Figure 7. Creep test between the textured GM and the geotextile (D = 95’%.,6 = 300 kN/m2)
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Table 4. Results of creep tests
~
D
creep fimction

XG

X=Al/( 1-m) t(’-m)+x~
[kNlm2]

pi]

[1/100 mm]

hllml

50

90
95
90

.25o, I t-o” + 274,6

2,7

-394,7 t-o’”+ 361,0
-193,0 t-o,lz+ 185,9

3,6
1,9

95

-382,3 t-0,[3+ 280,3

2,8

300

The constant m was in all the tests higher than 1 even with
the stress intensity D = 95’%0.This means that the shear
speed decreased in such a way that the shear displacement
approached x~ for t + m (Table 4). The value x~ approximately corresponds to the shear displacement of the stress
controlled shear test. Therefore no large creep displacements are expected which is very important for landfill
applications.
tier testing the creep behavior for 1000 hours the shear
stress was increased until failure. The maximum shear
stresses rose from 10°A to 40°A when comparing with the
short term tests. This can be explained by the reduction of
the stress peaks during the creep test (redistribution of the
stress), If the shear stress is increased quickly, e. g. in the
stress or strain controlled shear test, the interface between
geotextile and GM is stressed irregularly and a progressive
failure is the consequence, If the shear stress is kept constant prior to failure (e. g. in the creep test), the highly
stressed areas of the interface can be reduced (relaxation).
As a consequence, no progressive failures occur and the
maximum shear stress after this relaxation is higher than
the one in the stress controlled test. For practical applications it is important to know, that the shear parameters from
stress or strain controlled short term tests are safe and
reliable.

6

SUMMARY

This paper treats
layers consisting
membrane (GM)
The influence of

the shear strength of composite sealing
of a compacted clay liner (CCL), a geoand a geotextile protection layer (GT).

selected test conditions on shear test results is shown.
The comparison of triaxial shear tests with saturated and
partly saturated CCLS show the dependence of capillary
and adsorptive forces (matric suction) on the shear
strength It proved that under small normal stress the shear
stress of partly saturated soils increases quite visibly due to
matric suction. Matric suction diminishes with increasing
normal stress and the shear stress response approaches that
of the saturated soils.
The matric suction also influences the shear strength of
the CCL / GM-interface. Shear tests showed a bilinear dependence between normal stress and shear stress.
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Therefore the shear
bed quite well by 2
and a lower range
stress, the influence

strength of this interface can be descripairs of shear parameters for an upper
of normal stress. Under low normat
of the shear speed and consolidation

time upon the shear strength with partly saturated CCLS is
negligible but increases with higher normal stress, Compared to tests with saturated CCLS the shear strength with
partly saturated CCLS is - normal stress dependent - recognizable higher.
At the interface between the GT and the GM the long
term shear behavior was investigated under constant shear
stress. The results of the creep tests (duration 1000 h)
showed that even under a high stress intensity the occuring
deformations decreased quite quickly. The calculated displacements are almost equivalent to the measured displacements of shear tests under contant shear speed. After the
creep tests the maximum shear forces increased compared
to the maximal shear stress measured in tests under constant shear speeds. Therefore shear tests with constant
shear speeds (e. g. 10 mm/h) are conservative and reliable,
The published test results of the investigated shear interfaces show that with suitable materials sIope inclinations
of 2.5: 1 to 3 : 1 (EI:V), safe designs utilizing composite lining systems can be achieved.
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Issues in Clay/ Textured Geomembrane

Interface Testing

Paul J. Sabatini, Gary R. Schmertmarm, and Robert H. Swan Jr.
GeoSyntec Consultants, Atlanta, Georgia, USA
ABSTRACT: This paper presents the results and interpretation of interface direct shear testing using varying shear
displacement rates and normal stresses on compacted clay/ textured geomembrane interfaces. The testing included eight
clay soils horn project sites throughout the United States and two HDPE textured geomembranes. Seventeen pairs of
interface direct shear tests were performed where one test was run at a relatively rapid shear displacement rate (fast test)
and another test was run at a slower rate (slow test). Shear displacement rates varied born 1 to 5 mm/min for the fast tests
and from 0.01 to 0.1 mm/min for the slow tests. Testing normal stresses ranged from 10 to 960 IcPa. The test results
reveal that larger shear strengths are sometimes measured in the slow test and sometimes in the fast test.
KEYWORDS: shear strength, laboratory tests, soils, geomembranes, interface testing, direct shear testing
1

INTRODUCTION

Liner and cover systems for modem landfills often contain
layers of soil and geosynthetic materials.
The shear
strength of the weakest interface within these systems,
under both long-term and short-term loading conditions, is
often required for slope stability analyses.
These shear
strengths are commonly evaluated using the results of
laboratory interface direct shear tests.
The weakest interface within liner and cover systems is
often that between a compacted clay soil layer and a
geomembrane.
In conducting direct shear tests on this

interface, pore pressures in the clay are not commonly
measured. Without knowledge of pore pressures near the
interface, it is not known whether the measured interface
shear strength is appropriate for short-term or long-term
loading conditions. This issue has been discussed by
previous investigators (e.g., Fishman and Pal, 1994).
Common practice in the United States is to perform
laboratory interface direct shear testing in accordance with
the American Society for Testing and Materials (ASTM) D
5321 test standard. The test standard includes a default
shear displacement rate of 1 mm/min for testing
soil/geosynthetic interfaces. This displacement rate is
appropriate for evaluating short-term strengths of
clay/geomembrane interfaces as it typically results in peak
strengths being achieved after a shearing duration of 5 to
50 minutes. This displacement rate may be too rapid,
however, to evaluate the long-term strength of
clay/geomembrane interfaces, particularly when the
compacted clay is at or near saturation. Many engineers
may assume that shear strengths measured using the
default shear displacement rate are conservative for both
short-term and long-term conditions.
This paper presents the results of laboratory interface
direct shear testing using varying shear displacement rates
and normal stresses on clay / textured geomembrane
interfaces from project sites throughout the United States.
Seventeen pairs of comparative results were obtained by

performing a test using a relatively rapid shear
displacement rate (fast test) and another using a relatively
slow rate (slow test). Differences in measured shear
strengths fkom the fast and slow tests are discussed. The
test results were accumulated from project-specific testing
performed by the authors’ fm between 1993 and 1995.
Although not part of a systematic testing program
designed specifically to evaluate the effect of shear
displacement rate, the results provide a set of data believed
to be valuable to practicing engineers.

2

INTERFACE DIRECT SHEAR TESTS

2.1

Test Device and Procedures

The interface direct shear tests were conducted in
accordance with ASTM D 5321 using a direct shear device
that consists of an upper shear box and a lower shear box.
The upper box measures 300 mm by 300 mm (plan) by 75
mm (high). The lower box measures 300 mm by 360 mm
(plan) by 75 mm (high).
Each test specimen included a compacted clay /
textured geomembrane interface. Although other soil and
geosynthetic materials were included in some of the test
specimens, the reported test results all involve shearing on
the compacted clay / textured geomembrane interface.
The steps used to setup each test are described below.

.

.

.

A lower bedding layer was compacted into the lower
shear box. The bedding layer consisted of either a
concrete sand or a site-specific soil.
The geomembrane was placed on top of the lower
bedding layer and attached to the lower shear box. The
direction of shear was the same as the machine
direction of the geomembrane. For some tests, the
geomembrane was wetted with a fme mist of water.
The clay soil was compacted away from the
geomembrane in the upper shear box to specified
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moisture and compaction conditions to a thickness of
25 to 50 mm and then placed on the geomembrane.
. A normal stress was applied to the complete test
specimen and the test specimen was then soaked
(submerged
in water)
or consolidated
(no
submergence) for a period of time prior to shearing.
Afier the soaking or consolidation period was complete,
the test specimen was sheared at a constant rate of
defomlation. Shearing was conducted until a peak shear
strength was measured and then continued until a stable,
large-displacement shear strength was achieved.
2.2

Soil Properties and Geomembrane Materials

Index properties, including percent passing the US
Standard No. 200 sieve (VOP200),Atterberg limits (LL,
PI), and compaction results (optimum water content, wO@,
and maximum dry unit weight, yw.w)), for the eight clayey
soils used are provided in Table 1. The soils used are
typical for compacted clay components of liner and cover
systems and range from sandy and clayey silts to sandy
clays and silty clays of medium to high plasticity.
Textured HDPE geomembranes from two different
manufacturers were used in the testing.
The
geomembranes ranged in thickness fi-om 1.5 to 2.0 mm.
Table 1. Properties
of Clav. Soils.
,
Clay Soil 0/oP200 LL
PI
No.
(%)
1

93

2
3
4
5
6
7
8

77

48

59-80
-

49
72

17
45

70
81

35

18

Notes: (1) Modified Proctor compaction

1
YO(maxJ )

Wop:”

(%)

(kN/m’)

27.2[’)

14.5(L)

14
15
13
20.6
34.3(2)
17.2(2)
12.1

18.5
17.4
18.9
16.8
13.2(2)
17.6(2)
19.4

test (ASTM D 1557)

unless otherwise noted.
(2) Standard Proctor compaction test (ASTM D 698).

2.3

Test Conditions

The compaction conditions, soaking and consolidation
times, normal stresses, and shear displacement rates for
each test specimen are reported in Table 2. For the
comparative test pairs, both tests were performed with the
same soil and geomembrane materials, target clay
compaction conditions, and test specimen configuration.
Other features of the testing were as follows:
. Target clay compaction conditions for all the tests
reflect typical values specified for landfill liner and
cover system construction, with the target water
content being above the optimum water content.
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Shear displacement rate for the slow test of each pair
was ten to one hundred times slower than the fast test.
Wetting, soaking, and consolidation conditions were
not always the same for both tests in each comparative
test pair.
These conditions reflected anticipated
project-specific field conditions and loadings.

3

INTERFACE DIRECT SHEAR TEST RESULTS

3.1

Overview

Test results including change in water content and peak
and large-displacement shear strength are summarized in
Table 2. The ratios of both peak and large-displacement
shear strength measured during fast tests to those measured
during slow tests vary ffom 0.7 to 1.4. These results are
discussed subsequently.
3.2

Influence of Normal Stress Levels on Shear Strength

Previous investigators have indicated that differences in
interface shear strength from fast and slow tests can be
attributed, in part, to the existence of drained versus
undrained conditions during shear (Bemben, 1993;
Fishrnan and Pal, 1994; Takasumi et al., 1991). Fishman
and Pal (1994) also suggested that these differences may
be affected by pore pressure generation during undrained
shear. If a saturated clay tends to dilate during shear, as
for a heavily overconsolidated material, negative pore
pressures may develop in fast tests. Conversely, if a
saturated clay tends to compress during shear, as for a
normally consolidated material, positive pore pressures
may develop in fast tests. Pore pressure development will
affect the shear strengths measured in fast tests. These
characteristics may be relevant in evaluating shear
strengths tlom fast and slow tests.
Compaction of a clay soil induces an apparent
preconsolidation pressure, pC’. For compacted clays tested
at normal stresses lower than pC’ , the clay will be more
likely to behave as an overconsolidated material and may
develop negative pore pressures in fast tests. These
negative pressures would result in larger shear strengths
than in slow tests. For compacted clays tested at normal
stresses higher than pC’, the clay will be more likely to
behave as a normally consolidated material and may
develop positive pore pressures in fast tests.
These
positive pressures would result in smaller shear strengths
than in slow tests. Although the value of p,’ was not
evaluated for the compacted clays used in the testing, the
influence of the testing normal stress was considered.
To evaluate the influence of testing normal stress, the
ratios of peak shear strength measured during fast and
slow tests were plotted as shown in Figures 1 and 2.
Figure 1 shows the results for tests performed al. relatively

low normal stresses (i.e., cr. <40 kpa), and Figure 2 shows
the results for tests performed at higher normal stresses
(i.e., cr. >40 kPa). For landfills, low normal stresses are
generally present in cover systems and high normal
stresses are generally present in liner systems.
1.4-

.

1.3-

.

m

■
E

factors include initial saturation of the clay soil and
changes in saturation during consolidation
and shear.
Saturation
conditions
during shearing could not be
assessed as sufficient water content and volume change
measurements are not available. The type and quality of
geomembrane
texturing was not considered, but it also
effects measured
strength.
Although all tests were
conducted
by the same laboratory,
unknown
testing
variability exists. Based on these uncertainties, the trends
illustrated in Figures 1 and 2 are considered preliminary.
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Figure 2. Peak Strength Ratios at High Normal Stresses.

Five of the seven comparative test results shown in
Figure 1 indicate that, at low normal stresses, fast shear
tests result in greater shear strengths than slow tests (i.e.,
peak strength ratio > 1). Eight of the ten comparative test
results shown in Figure 2 indicate that, at high normal
stresses, fast shear tests result in lower shear strengths than
slow tests (i.e., peak strength ratio < 1). These results are
generally consistent with the possible influence of normal
stress previously described. Similar trends are apparent
for the large displacement strength data.
3.3

CONCLUSIONS

The results of 17 pairs of comparative direct shear tests on
compacted clay/textured geomembrane interfaces were
evaluated. Each comparative test pair included one test at
a relatively fast shear rate and one test at a relatively slow
shear rate, and used the same clay soil, textured
geomembrane, compaction conditions, and test specimen
configuration.
Interpretation of the comparative test
results is considered prelimimuy due to unknown testing
variability, differences in clay moisture conditions, and the
limited number of comparative tests.
The test results are generally consistent with the
hypothesis that at low normal stresses the compacted
clay/textured geomembrane interface may behave as an
overconsolidated material, and at high normal stresses the
interface may behave as a normally consolidated material.
The results suggest that the interface strength measured in
laboratory direct shear tests, using a she~ rate such as 1
mm/min, may be unconservative for use in long-term
stability
analyses
of
cover
systems
and other
soil/geosyntbetic systems subjected to low normal stresses.
The results imply that it is prudent to establish projectspecific shear displacement rates, moisture conditions, and
loading conditions when evaluating the shear strength of
compacted clay/textured geomembrane interfaces.
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Table 2. Interface Direct Shear Test Conditions and Results.
Clay

Test

Soil
No.
1

No.

2

3

4

5

8
Notes:

(1)
(2)
(3)
(4)

R.C.(3),

Soaking
time
(hr)

Cons.
time
(hr)

Normal
stress, q
(kPa)

Disp.
rate
(mrdmin.)

Aw(5)

Peak shear
stress, ~p
(kPa)

Large disp.
shear stress,
~]d (I&a)

IF

13.8

32

o

o

19

1.02

5.3

8.8

7.9

Is

13.7

32.4

95,+5

o

16

19

0.10

3.2

12.5

9.3

(%)

(’??)

2F

16.7

15.4

90,+1 .5

24

0

10

5.08

9.2

9.0

2s
3F
3s
4F
4s
5F
5s
6F
6S
7F

16.7
16.7
16,7
16.7
16.7
15.8
15.6
15.6
15.7
15.8

15.4
15.5
15.5
15.4
15.4
16.3
16.6
16.9
16.2
16.3

90,+1.5
90,+1.5
90,+1.5
90,+1.5
90,+1.5
90,+1.5
90,+1.5
90,+1.5
90,+1.5
90,+1.5

24
24
24
24
24
24
24
24
24
24

0
0
0
0
0
0
0
0
0
0

10
19
19
38
38
10
10
19
19
38

0.08
5.08
0.08
5.08
0.08
5.08
0.08
5.08
0.08
5.08

7.1
6.9
5.6
5.4
5.6
8.3
10.2
6.0
10.0
5.6

6.5
13.2
10.5
23.5
18.4
7.4
5.9
12.8
11.9
18.7

x.7
-..
6.4
12.8
9.8
22,8
18.2
6.9
5.7
12.3
10.4
17.4

7s
8F
8S
9F
9s
10F
10s
llF
11s

15.6
17.8
17.9
17.8
17.9
17.9
18.0
15.0
15.1

16.6
16.5
15.8
16.5
15.4
16.4
15.6
25.9
25.7

90,+1 .5
95,+3
95,+3
95,+3
95,+3
95,+3
95,+3
90,+5
90,+5

24
12
12
12
12
12
12
o

0
0
0
0
0
0
0
0

38
48
48
287
287
958
958
138

0.08
5.08
0.08
5.08
0.08
5.08
0.08
1.02

8.7
10.0
8.3
10.0
7.3
10.0
8.0
-0.8

20.9
31
32
74
108
256
307
90

19.0
21
27
70
108
239
307
70

0

12-14

138

0.05

-1.2

79

68

12F

15.1

25.1

90,+5

o

0

276

1.02

-0.5

155

141

12s

15.2

24.5

90,+5

o

12-14

276

0.05

-1.3

152

133

13F

15,2

24.6

90,+5

o

0

552

1.02

-1.6

249

239

13s

15.0

26.1

90,+5

o

12-14

552

0.05

-0.8

263

259

12.5

38.5

95,+4
95,+4

o

0

138

1.02

1.2

59

59

o

40(7)

138

0.01

-2.3

88(6)

73

14s

7

Wi(2)

R.W.C(4)
(%)
95,+5

14F

6

~i(l)

(kN/m3)

12.4

38.5

15F

12.4

38<5

0

690

1.02

0.5

235

235

12.5

38.5

95,+4
95,+4

o

15s

o

40

690

0.01

-2.4

274(6)

261

16F

16.7

18.4

95,+2

o

5.08

0.7

177

163

16.8
16S
19.1
95,+2
24
17F
17.4
16.4
90,+4
o
90,+4
17.4
17s
16.5
o
Dry unit weight of compacted clay soil at placement.
Water content of compacted clay soil at placement.
R.C. = Target Relative Compaction= ( ~i /~(mm))
R.W.C = Target Relative Water Content= wi - wo~t
,

0

552

0
3
20

552
207
207
(5)
(6)

* 100%
(7)
. .

Tfmt/Tslow
(peak)

Tf~t/Tslow

(large
dism)

0.71

0.85

1.38

1.35

1.26

1.30

1.28

1.25

1.25

1.20

1.07

1.18

0.89

0.92

0.98

0.78

0.68

0.65

0.83

0.78

1.13

1.02

1.02

1.06

0.95

0.92

0.67

0.81

0.86

0.90

0.68

0.65

0.05
0.8
261
252
1.02
0.7
149
149
0.95
0.95
0.01
-0.1
157
157
AW = water content measured in soil adjacent to interface at end of test - wi
S!iding was not observed at the clay/geomembranc interface at peak load, indicating
that the clay/geomembrane shear strength is at least as strong as value reported.
Consolidation for test 14S consisted of 24 hr at 69
-. kPa followed by 16 hr at 138 kPa.
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ABSTRACT: Geosynthetic Clay Liners (GCLS) are increasingly popular as a barrier material in waste containment. While GCLS
have many desirable engineering properties, long-term performance issues are not documented. This information is critical for
designers and regulators to prudently implement GCLS in waste containment. With the cooperation and assistance of GCL
manufacturers and consultants, US EPA initiated a field study to examine the performance of GCLS on slopes, The project
purpose is to assess field performance and to verify design parameters associated with the application of GCLS in waste
containment applications. The two slope angles, 2H: 1V and 3H: 1V, were selected to model GCL performance in a challenging
situation. The experiment aims to reveal the internal shear properties of the GCLS by forcing the internal bentonitic clay to
provide stability for the entire cross section, The experiment is designed to force the shear plane inside the clay of the GCL.
The experimental design includes cross sections with varying GCL product and varying drainage materials.; These 13 field plots
are monitored for displacement and moisture content. The slope experiment has been underway since the Spring of 1995, and
this paper summarizes the experimental design, monitoring techniques, and interim results.
KEYWORDS:
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Geosynthetic

clay liner (GCL), Landfill cover, Solid waste containment,

INTRODUCTION

Geosynthetic Clay Liners (GCLS) are often considered in
modern landfill cover design. GCLS have consistent and
desirable hydraulic properties, and may be easier to reliably
construct in cover applications than a compacted clay liner
(CCL). GCLS provide a reasonable alternative to CCLS in
This
composite waste containment cover applications.
research effort was initiated with the assistance of GCL
manufacturers to gain greater understanding of the shear and
slope stability characteristics of GCLS.
Technical documentation covers GCL development from
their introduction as an engineering material through to their
field performance (Daniel and Estomell, 1991, Daniel and
Boardman, 1993, Daniel and Scranton, 1996, Koerner,
Technical
Gartung
and Zanzinger,
editors,
1995).
comparisons between GCLS and CCLS when used in waste
containment applications have been made between GCLS and
CCLS and are detailed in Daniel and Boardman (1993). Like
any engineering material, GCLS must be chosen for use based
on site-specific characteristics, and specifiers must understand
the impacts of changing engineering properties over time.
One property that remains unproven in the long-term is
internal shear strength which relates directly to geotechnical
slope stability. The curiosity about this property emerges
from our understanding
of the technical properties of

Shear strength

bentonitic clay, commonly used in GCLS. Bentonitic clay has
undesirable engineering properties when hydrated, such as
low shear properties under low overburden
pressures.
Relatively low overburden pressures are present in most
landfill cover applications.
Modern landfill covers contain many natural and
geosynthetic
components,
presenting the designer with
multiple stability design issues. A multilayer system contains
multiple interface friction conditions. Some materials, like
GCLS, present an internal friction situation with pctential to
change with varying moisture conditions.
Landfill covers
containing geosynthetics and/or natural barrier materials will
remain stable only if the interface and internal shear
properties remains stable over time. Landfill covers are a
common application for GCLS.
Some GCLS are specifically designed to serve in slope
These materials are made with particular
applications,
attention paid to the stabilization of internal shear properties.
This can be accomplished by joining the top and bottom
textiles with one or a combination of techniques,
The
techniques utilized for the GCLS involved in this research
include stitching, needle-punching, and heat burnishing. All
intend to feed fibers through the GCL clay material and join
the two textiles, This project focuses on only one property,
the internal shear characteristics of GCLS. Other interfaces
and shear properties were selected to be satisfactory for the
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purposes of this experiment.

2

Substrate

MATERIALS AND METHODS

Product

Utilizing GCLS being manufactured at the time of project
initiation, the project was constructed at full scale beginning
in November, 1994. Thirteen (13) test plots were constructed
and instrumented for physical displacement, and for soil and
GCL clay moisture conditions, the primary indicators of slope
stability and long-term performance.
Drainage materials were of two types, drainage sand, and a
geosynthetic drainage composite consisting of a drainage net
thermally bonded to nonwoven geotextiles on both surfaces.
Cover soils were consistent on the slopes at approximately
1 m thickness.
3

EXPERIMENTAL

DESIGN

Superstrata
GT as
Field
Placed

Top/botto

Roll
Widt
h

Joi;ing
Technique

m

NP-NW

NP-NW

heat
burnished

4.7

W-SF

NP-NW

heat
burnished

47

Bentomat
ST

NP-N W

W-SF

needle
punched

4.6

Claymax

W-SF

W-SF

stitched,
100 mm
spacing

42

HDPE-T
GM or
none

none or
HDPE-T
GM

adhesive
bonded

5.3

Bentofix

NS
Bentotix
NW

SP500

Gundse
al

Slopes of 3H: 1V (18.4 degrees) and 2H: 1V (26.6 degrees)
were selected to represent two conditions. The slopes were
intended to represent typical landfill cover applications, and
a more aggressive slope nearer the minimum factor of design
safety (for this particular experiment), respectively. Each plot
consists of two roll widths, to include a field constructed seam
running vertically along the length of the slope. Slope lengths
were to accommodate a 9.2 m vertical elevation change. This
resulted in GCL panel lengths of 29 m for the 3H: 1V slopes,
and of 20 m for the 2H: 1V slopes. Each plot is separated by
a drainage area in approximately 3 m widths to accommodate
monitoring, plot isolation and drainage.
3.1

GT as
Field
Placed

Key:

GT
= geotextile
NP-NW
= -needle punched nonwoven geotextile
= woven slit film geotextile
W-SF
HDPE-T GM= high density polyethylene,
textured both sides,

(GM orientation

varied

per plot)

Table 2 describes the configuration of the test plots and the
identi~ing
letter. The cross section of a typical plot is
presented in Figure 1 (for 3H: 1V slopes).

GCLS Involved in Study

Five products from all four GCL manufacturers (at the time of
project initiation) were included in the study. The GCLS
included in this study are described in Table 1.
Table 1. GCLS involved in study.

Recall that all plots have geosynthetic erosion control
products applied to rapidly establish vegetation, except plot
M, which is an experimental control. Project plots are similar
in construction except for these details:
1) Some cross sections contained composite barriers
consisting of a GCL overlain by a geomembrane, and
some had only a GCL used without a geomembrane, and
2) Some cross sections contained geosynthetic drainage
composites, and others had GCL overlain by sand and a
geotextile to form a drainage layer.

Table 2. Description
Plot

GCL

A

Gundseal

Bentomat ST

B

1

I I
c

Figure

1. Cross section of 3H: 1V test plot. (Scranton,

1996)
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Claymax
SP500

Bentofix N S

of ~lot cross sections
Cross Sections
(described from top to bottom)
cover/GC/GM/GCL
up)/subgrade
~

I

(bentonite

cover/GC/GM/GCL/subgrade
cover/GC/GM/GCL/s

cover/GC/GM/GCL
up)/subgrade

ubgrade

I

(NW GT side
I

3.2.3

s

[

Bentomat ST

cover/GT/granular

drain/GCIJsubgrade

cover/GT/granular

drain/GCL/subgrade

cover/GT/granular

drain/GCL/subgrade

1

I

l+=+==
up)kubgrade
I P

I
I

- Translational

Movement

Motion is monitored by a series of steel wires designed to
detect motion in the textiles that form the top and bottom of
each GCL individually. The sensors are comprised of braided
stainless steel wire encased in plastic sleeve tubing to allow
movement of the wire inside the sleeve. The wires were
connected to the GCL in a 5 row by 2 column grid along the
vertical centerline of each GCL panel. The wire displacement
sensors are attached to both the top and bottom textile of each

‘

I
I cover/GC/GM/GCL

Gundseal

GC

(bentonite

I up)/subgrade

I
Key:

GCL Deformation

= geotextile/geonet/geotextile
drainage composite,
thermally

Gh4

3.2

bonded

= geomembrane

GCL

= geosynthetlc

GT

= geotextile

clay liner

NW GT

= nonwoven

t

= replaced plots G and H,
lost prior to testing

Figure

*

= units: degrees

(Scranton,

geotextile

Location of Moisture Sensors, typical.
1996)

Instrumentation

Two key parameters that would indicate the performance of
the plots are moisture properties, to determine hydration of
subgrade and GCL, and movement of the GCL panels down
slope. To monitor this behavior, three instruments were
utilized.
3,2.1

2.

Moisture Sensor in Soil Subgrade

Subgrade soil is monitored by the use of dielectric resistance
moisture probes calibrated to the subgrade soi Is. Probes are
positioned beneath each plot. To monitor subgrade moisture,

GCL panel. This monitoring configuration would allow the
detection of translation movement and therefore, internal
shear motion. The design was slightly modified for Gundseal,
a GCL which is comprised of granulated bentonite adhered to
a geomembrane
overlain by an extremely 1ightweight
geotextile web (or in most cases, no geotextile at all).
Monitoring displacement data for Gundseal products is
difficult in this experiment due to the inability to monitor both
surfaces effectively.
The steel wires are brought to the
surface monitoring area at the crest of each slope (in two
locations per plot, one for each panel) and the wires are
exposed on tables with motion indicators attached.

gypsum blocks were employed were placed at evenly spaced
intervals in a column at three positions along the slope length.

Each prc~be has electrical leads that extend beyond the
boundary of each panel to accommodate measurement. The
location c}fthe sensors is shown in Figure 2.
3.2.2 Moisture Sensor in or near Bentonitic Clay
Sensors at the GCL/subbase interface are similar in function
to the gypsum blocks used for soil subgrade, but consist of
fiberglass wafers.
These probes were inserted into the
interface between GCL and soil subbase.
On occasion,
probes are inserted into the clay portion of a GCL blanket.
Sensors are calibrated to function in site soils. The GCL
bentonite probes were placed in a similar grid as the soil
subgrade sensors, with electrical leads that also extended
beyond the boundary of each panel.
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crest of Ted P

All Geosynthetics above the
Mid-Plane of the GCL Were Cut,
Including the Upper Geotextile or
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GCL (If Present)
‘
)
i
--x>

Geomembrane
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.::
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~~~~~~~

.
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Drainage Layer
Figure

5.

Severing of overlying geosynthetics.

Results are being collected as the project progresses. This
paper provides a brief overview and discussion of data
collected up to the point of writing. Below is a discussion of
events that have occurred.
5.1

Hook

Figure

4

4.

Cross-section

CONSTRUCTION

of displacement

gauge location.

SEQUENCE

Construction
of each plot followed
the following
chronological sequence:
.
Subgrade preparation (wet conditions prevailed)
.
GCL deployment
.
Geomembrane
deployment
and seaming (where
required)
●
Drainage layer installation (either geocomposite or
GCL/sand/geotextile)
●
Cover soil emplacement
.
Removal of bottom buttress
●
Installation of erosion control geosynthetics
●
Hydro seeding of slope surface
4.1

EXPERIMENTAL

COMMENCEMENT

Near the end of construction, the largest supportive force, the
soil toe buttress (necessary for construction) was removed,
and the overlying geosynthetics were then severed, marking
the beginning of the experiment.

5
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- Short Term

Shortly after construction, two interface shear slides occurred,
Two slopes (former plots G and H) were lost in translational
slides at 20 and 50 days after construction, respectively. In
each case, the underlying GCL (in these cases, a woven slitfilm material interfaced with textured geomembrane), which
remained intact. The two plots were later replaced with
another plot P. These slides revealed no useful information
regarding internal shear properties.
All other plots remained stable throughout the construction
process, showing minimal motion.
5.2

Field Performance

- Long-Term

Experiments formally began with the severing of overlying
geosynthetics. This was done so that the geosynthetics could
not contribute to slope stability in a tensile fashion, Textiles
and/or geomembranes were carefully severed at each layer.
For GCLS other than Gundseal, only the bottom geotextile
remained intact.
For Gundseal, only the geomernbrane
remained intact (for bentonite up applications).
After
severing, it is primarily the clay that resides within any
individual GCL that resists movement on each plot,

5.2.1
RESULTS AND DISCUSSION

Field Performance

Interface Slides

Plot F experienced an interface slide between the underlying
GCL and the overlying geomembrane at approximately 10
months into the experiment. As with the post-construction
slides discussed earlier, the GCL remained on the slope, while
overlying materials slid. Panel F was constructed such that
the clay of the GCL was positioned
between two
geomernbranes, and this arrangement should prevent massive
hydration of bentonitic clay within this cross section. Yet
wetting of the GCL progressed
quickly, indicating a
malfunction in slope construction or site management.
5.2.2

Subbase Failure

In May of 1997, approximately 700 days into the experiment,
Plot I experienced a subbase failure in the soil beneath the
plot. Subbase soils were found to contain a pocket of highly
plastic clays, and over time, the slope became unstable and a
soil slide occurred. The GCL was performing satisfactorily
until this event occurred.
5.2.3

Investigative

Disassembly

In June of 1997, approximately 730 days into the exp~riment,
Plot K was experiencing significant tensile stretching (little
evidence of any internal shear), on the order of 900 mm of
This plot was
stretching over a length of 16.5 m.
disassembled in an attempt to learn from the plot before any
slide occurred.
Disassembly allowed access to the GCL,
which was observed to be intact.
5.3

Data Summary

Data is summarized in Table 3. The table shows indications
of deformation and hydration status at the time of writing. As
can be seen from this data, some motion is detected on 2H: 1V
plots at the time of writing,
6

Plot

PROJECT STATUS

This effort will continue as long as possible. Monitoring
continues on a monthly basis. Final technical project reports
will be forthcoming from the authors and US EPA in 1997
and upon project conclusion.

Table 3. Project data summary at approx. 750 days.

Maximum
Total
Deformation
(mm)

Maximum

Hydration

Status

Differential
Deformation

(mm)

GCL/
Subgrade

Subgrade

A

30

10

low

moderate

B

30

25

low

moderate

c

30

1()

wet

lNet

35

15

wet

wet

E

30

10

moderate

wet

F

Slid

wet

wet

wet

wet

30

moderate

wet

75

moderate

moderate

125

moderate

moderate

unknown

unknown

wet

wet

low

low

&

H--H-

EE
M
N

30

10

P
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ABSTRACT:
This paper summarizes the results of a study which uses the recently developed Optical Profile
Microscopy technique (Dove and Frost, 1996) as the basis for investigating the role of geomembrane surface roughness
on the shear strength of geomembrane/geotextile
interfaces. The results show that interface friction can be quantitatively
related to the surface roughness of the geomembrane. The peak and residual interface strengths increase dramatically
through the use of textured geomembranes as opposed to smooth geomembranes. For the textured geomembranes, the
peak interface strength is mainly mobilized through the micro-texture of the geomembrane, however, the residual
interface strength is primarily attributed to macro-scale surface roughness which pulls out and breaks the filaments from
the geotextile. The results of this study can be used to provide a quantitative framework that can lead to a significantly
improved basis for the selection and design of geotextiles and geomembranes in direct contact.
KEYWORDS:

1

Geomembranes,

Geotextiles, Surface roughness, Interface strength

INTRODUCTION

Geomembranes are commonly designed to be in contact
with soils or other
geosynthetics.
A textured
geomembrane
with roughened top and/or bottom
surfaces is used to increase the shear resistance
mot)ilized with soils or other geosynthetics
as
compared to the shear resistance mobilized along
smooth
geomembrane
interfaces.
The
recently
developed Optical Profile Microscopy (OPM) technique
(Dove and Frost, 1996) can be used to provide a
quantitative
measure
for
of surface
roughness
geomembranes and enable the role of geomembrane
surface
roughness
on
the
shear
strength
of
geomembrane/geotextile
interfaces to be investigated.
It has been observed that geomembrane
surface
topography affects not only the shear resistance but
also the shear mechanisms operating at the interface.
Stark et al. (1996) investigated the interface shear
strength between geomembranes and geotextiles using a
torsional ring shear device. They reported that the
textured geomembranes yielded a substantial increase in
interface shear strength over smooth geomembranes
(Figure 1).
Based on a quantitative measure of surface roughness,
the relationship
between
surface roughness
and
geomembrane/geotextile
interface shear strength is
evaluated in this paper. More importantly, the role of

geomembrane surface roughness on the shear
mechanisms of geomembrane/geotextile interfaces is
investigated.

; Smcath snd Textured rieomembrand
~ GeOrcxtilernterfare

o

103

2(s3

?w3

41X)

5(KI

Normal Stress (kPa)

Figure 1. Comparison of failure envelopes for smooth
and textured geomembrane/geotextile
interfaces (tier
Stark et al. 1996).
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EXPERIMENTAL

2.1

Surface Roughness Parameter
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The surface roughness
of geomembranes
can be
chamcterized by the recently developed Optical Profile
Microscopy (OPM) technique (Dove and Frost, 1996),
The OPM technique uses digital image analysis to
quantify the profile roughness on three cross-sections of
a geomembrane oriented at 120 degrees to each other.
Theoretically, the two-dimensional profile roughness
parameter, R~, is defied as the ratio of the actual
length of the profile to the projected length of the
the three-dimensional
surface
profile.
Similarly,
roughness parameter, R~, is detined as the ratio of the
actual aa of the surface to the projected area of the
surface. Values of Rs can vary from 1.0 for perfectly
oriented surfaces to infinity, theoretically, although the
resulting
surface roughness
parameter
ranges, in
practice, from about 1.05 for “smooth” geomembranes
“heavily
textured”
1.70
for
to
greater
than
geomembranes.
Since the measurement of real ma of geomembrane
surface is not an easy task, the surface roughness
parameter, R~, can be derived, in practice, from the
stereology-based
relationship
(Gokhale and Drury,
1990). More details of this procedure is provided by
Dove and Frost (1996).
2.2

fabric manufactured by Amoco with a mass per unit
area of 6, 10, and 16 oz/yd2, respectively.
2.4

Specimen Preparation

The geomembrane
specimens
were glued to the
underside of a 1/4 inch thick 4 inch square aluminum
plate using a spray epoxy. The geomembranes were
oriented so that the machine direction of the roll was
parallel to the shear direction of the plate. The adhesive
was allowed to cure for 24 hours under a normal stress
of approximately 10 kPa. The geomembrane was then
trimmed flush with the rem and side edges of the
aluminum
plate,
leaving
excess
geomembrane
extending
from
the leading
edge. The excess
geomembrane was then wrapped completely i~ound the
leading edge of the plate, cemented, clamped and
allowed to cure overnight.
The geomembrane
aluminum plate combination was then bolted to the
underside of a 4 inch square aluminum block (Figure
2). This configuration prohibits relative displacement
between the geomembrane and the aluminum plate. It
also provides a smooth leading edge, allowing the
geomembrane to be sheared against the geotextile
without peeling back and folding under.

Surface Roughness Characterization
2.5

Three coupons oriented at 120 degrees to each other and
approximately 50mm in length are taken from the
geomembrane samples. The three sections are placed
vertically into a mold filled with a plaster of Paris
mixture,
After the mixture hardens, the polished
surfaces are captured with a CCD camera and evaluated
using an image analysis system (Dove and Frost,
1996).
2.3

Geomembrane

Geosynthetics

Used in the Interface Shear Tests

One smooth and three textured HDPE geomembranes
which are considered to be representative of the range of
textures and texture patterns presently available to
designers were utilized in this study. In addition, four
different geotextiles were used.
- Dura Seal HD and Friction Seal HD geomembranes
manufactured by National Seal Co.
- GSE Friction Flex geomembrane manufactured by
GSE Lining Technology, Inc.
- Pcdy-Flex textured HDPE geomembrane manufactured
by Poly-Flex, Inc.
- Trevira Spunbond 110/550 geotextile : Continuous
filament polyester nonwoven needle punched fabric
manufactured by Hoechst-Celanese with a mass per
unit area of 16 ozlyd2.
- Amoco #4506, #45 10, and #45 16 geotextiles : Staple
filament polypropylene nonwoven needle punched
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Geotextile Specimen Preparation

The geotextile specimens, approximately 6 inches tide
by 10 inches long, were glued to a flexible
geomembrane backing using a spray epoxy. After
curing overnight,
the geotextile
- geomembrane
combination was placed on the testing platform of the
direct shear apparatus, with the machine direction of the
geotextile parallel to the shear direction (Figure 2). The
geotextile was secured by fastening a 1 inch wide metal
bracket along the rear and two side edges of the
specimen. The geomembrane backing was used to give
the underside of the geotextile added rigidity. The
backing in combination
with the metal brackets
eliminated the relative displacement that would take

Normal Load

Alummum
Block

Bolt

1/

\

Alum””.

‘~

‘Pphed’”ad

Testing Platform

[ Not Scaled]

Figure 2. Schematic geomembrane/geotextile
shear test configuration.

interface

place if the geotextile was fastened directly to the metal
testing platform of the direct shear apparatus.
2.6

Interface Shear Tests

A modified large displacement
direct shear test
apparatus was used to measure the shear strength of the
geomembrane / geotextile interfaces. This device was
used to permit large displacements and hence residual
conditions to be achieved in the tests. The tests were
conducted at normal stresses of 50, 100, and 150 kPa.
The geomembrane was placed on top of the geotextile,
after which the normal stress was applied via a metal
cross arm and series of dead weights (Figure 2). The
geomembrane-aluminum
block was then fastened to the
direct shear arm and sheared at a constant rate of 0.08
inlmin,
A load cell and LVDT mounted on the
app:uatus were used to measure the shear force and
displacement, respectively. The test data was colleded
and displayed on a computer via a LabView data
acquisition system.

Table 1. Results of surface roughness
Average
Standard
GeomemR.
Deviation
brane
1.09
NSC Dura
Seal
1.25
GSE
0.03
Friction
Flex
NSC
1.51
0.05
Friction
Seal
Poly-Flex
1.68
0.12
Textured

germinations
Texture
Descriptor*
Smooth
Slightly
Texhutd
Moderately
Texhued
Moderately
/Heavily
Textured

* : Proposed by Dove and Frost (1996)

----

+JSC

------

(smnoth)

GSEFF

(Texwed)

‘NSC

~oly+lex

3

RESULTS

3.1

Geomembrane Roughness Determinations

-- . . . . .

The average values

of Rs determined for each
geomembrane sample along with the standard deviation
are shown in Table 1, R~ values measured in this study
agreed well with those from the previous study reported
by Dove et al. (1997).
3.2
Effect of Geomembrane
Interface Shear Strength

Surface Roughness

on

Figure 3 shows typical plots of the shear stress horizontal displacement relationship for geomembrane/
nonwoven geotextile interfaces. As expected, the tests
performed using the more textured geomembranes result
in a higher peak strength. It is also shown that as the
surface roughness of the geomembrane increases, the
displacements required to achieve peak ond residual
strength increase. One interesting aspect of the plot is
the relative shape of the different curves. The stressdisplacement
curve corresponding
to the smooth
geomembrane results in an initial rise in strength
which remains constant once the peak strength is
mobilized. The stress - displacement curves for the
more textured geomembranes,
however, exhibit an
initial rise and well defined peak, followed by a deawzse
to a residual state. This trend is consistent throughout
the various
textured geomembrane
/ nonwoven
geotextile combinations
tested. This is principally
attributed to the fact that sliding of the geotextile is the

t ---
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Figure 3. Typical stress-displacement
geomembranes/Amoco #4510 geotextile.
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Figure 4. The impact of reusing geomembrane.

1998 Sixth International

Conference

on Geosynthetics

-435

main mechanism for smooth geomembrane interfaces,
however the pulling out and tearing of the filaments
from the geotextile and the breaking of micro-textured
asperities from the geomembrane are key mechanisms
for textured
geomembrane
interfaces.
This
phenomenon
is well defined by investigating
the
impact of reusing geomembranes.
Figure 4 illustrates
the impact
of reusing
a
geomembrane specimen on the shear stress - horizontal
displacement
relationship
for Poly-Flex
textured
geomembrane / nonwoven geotextile interface. This
plot shows the results of a series of four tests, the first
of which involved using both a virgin geomembrane
specimen and a virgin geotextile specimen. In the other
three tests, the original geomembrane specimen was
reused and sheared against a new geotextile specimen in
each test. In addition to reducing the magnitude of the
peak interface strength, reusing the geomembrane
specimen also effects the shape of the shear stress horizontal displacement curve. The test performed using
virgin textured geomembrane specimens results in a
stress - displacement curve exhibiting a sharp rise, peak
and decrease in shear strength. The subsequent tests ~
not exhibit the same trend. Instead, the shear stress horizontal displacement curve more closely resembles
that of a smooth geomembrane, in which the shear
strength rises to a peak value with little or no
subsequent reduction in strength.
The data presented in this figure suggests microtexture on virgin geomembrane specimens contributes
significantly towards the peak strength of a textured
geomembrane I nonwoven geotextile interface,
More
importantly, the micro-texture can be removed by a
relatively small amount of displacement, resulting in a
substantial
loss of strength.
For the textured
geomembranes, the peak strength is induced by the
tearing of micro-texture geomembrane asperities. After
all the micro-texture is removed by the geotextile
filaments, the strength reduces to a residual state where
the pulling out and the tearing of the filaments in the
geotextile occurs. Thus, the residual state is primarily
controlled by the macro-scale surface roughness.
Figure 5(a) shows the peak interface friction angle as
a function of the surface roughness, R~ at a normal
stress of 100 kPa. All interface friction angles presented
herein are secant values computed for an adhesion
intercept of zero. It is observed that the peak interface
friction angle increases rapidly with small changes in
roughness up to a certain R~ value, above this
roughness, the rate of increase of peak interface friction
angle with the change in roughness decreases. As
hypothesized, the peak strength is mainly mobilized by
the geomembrane micro-texture and not the global
roughness which includes both macro-scale roughness
and micro-scale roughness. For the moderately and
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heavily textured geomembrane, even though the R~
value which is much more affected by the macr~scale
roughness, changes in a broad range, the micro-texture
does not follow the trend of Rs values at the same rate.
This make the rate of increase of peak interface friction
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Figure 5. Peak and residual interface friction angles.

Table 2. Results of roughness decrease by reusing of
geomembrane.
GeomemNo. of
Virgin
Reused
%
Tests
Rs
brane
R,
Decrease
1
GSE
1.238
1.233
0.4
4
Slightly
1.271
1.244
2.1
Textured
1
NSC
1.523
1.511
0.8
1
Moderately
1.508
1.489
1.3
2
Textured
1.729
1.392
19.5
7
1.768
1.452
17.9
1
Poly-Flex
1.670
1.653
1.0
2
Moderately/
1.729
1.633
5.6
4
Heavily
1.742
1.600
8.2
7
1.587
1.492
6.0
Textured

angle decrease with the change in roughness, R~ for
moderately and heavily textured geomembranes.
Figure 5(b) shows residual interface friction angle as a
function of Rs for a normal stress of 100 kPa for
different geotextiles. As with the peak interface friction
angle, it is noted that the residual interface friction
angle also increases rapidly with small changes in
roughness up to a certain Rs value, after which, the rate
of increase of residual interface friction angle with the
change in roughness decreases. Even though the trend is
the same as for the peak interface friction angle, the
mechanism for the residual interface friction angle is
somewhat different. The residual strength is primarily a
function of macro-scale surface roughness, since almost
all the micro-texture is removed at displacements near
the peak stress. This means that beyond a certain value
of surface roughness, the residual strength is mainly
attributed to the pulling out and tearing of the filaments
from the geotextile, and consequently the real strength
is influenced by the more pronounced geomembrane
asperities, and is a function of strength of the geotextile
itself.
Table 2 shows the amount of decrease in surface
roughness
resulting
from the reuse of textured
geomembranes.
The decrease in surface roughness
increases dramatically when the same geomembrane is
used multiple times. Single reuse of the geomembrane
where the micro-texture influences the peak strength
shows that the surface roughness, Rs, decreases by
about 0.4%, 1.1 %, and 1.0% for slightly, moderately,
and
moderate/heavily
textured
geomembranes,
respectively.
However,
multiple
reusage
of a
geomembrane
induces large decreases in surface
roughness, where, as described, the shear strength may
come from the geotextile itself.
3.3

stretch over a longer
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horizontal displacement.
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from the increase in fibers per unit area.
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Figure 6. Effect of geotextile mass per unit area.

Effect of Geotextile on Interface Shear Strength
0

Figure 6 presents the effect of geotextile mass per unit
area on textured geomembrane/geotextile
interface
strength at 100 kpa normal stress. The curve shows the
results from the same textured geomembrane sheared
against the same type of geotextile, with the only
difference being the mass per unit area. The trend is for
the geotextile with the higher mass per unit area to
peak at both a higher stress and a higher degree of
displacement at normal stresses less than 100 kPa. This
can be explained by the difference in geotextile
thickness. Geotextiles with more mass per unit area are
thicker. As the geomembrane is sheared against the
geotextile, the top of the geotextile is displaced while
the bottom is fixed to the geomembrane backing.
Displacement rearranges the geotextile fabric, stretching
the fibers between the moving geomembrane and the
stationary base. The fibers of the thicker fabric can

100

50
Normal

Figure 7. Peak failure
geotextile interface.

3.4

150

200

Stress, k%

envelope

for geomembrane/

Failure Envelope

Figures 7 and 8 present the peak and residual failure
envelopes for the geomembrane/geotextile
interfaces,
respectively. It can be seen that the failure envelopes
are approximately linear within the normal stress range
tested, although the failure envelope clearly has some
degree of curvature. It is also noted that the peak and
residual interface strengths are increased dramatically by
the use of textured geomembranes instead of’ smooth
geomembranes. However, the post peak strength loss is
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substantially greater with a textured geomembrane as
shown in Figure 9 where the sensitivity is plotted as a
function of roughness.

.NSC,

smooth

w.3SE, FF
@LSC, Textured
&oly-Flex,

o

12.0°

Textured

/

150

100

50

200

Normal Stress. kPa

Figure 8. Residual failure envelope
geotextile interface.

for geomembrane/

2. The sliding of the geotextile is the main mechanism
for the smooth geomembrane surfaces, however
pulling out and tearing of the filaments fi-om the
geotextile and the tearing of micro-texture at
asperities from geomembrane are key mechanisms for
textured geomembrane surfaces.
3. For the textured geomembrane, the peak interface
strength is mainly mobilized by the micro-texture of
geomembrane asperities.
4. For the textured geomembrane, the residual interface
strength is primarily attributed to the pulling out and
tearing of the filaments from the geotextile, and
consequently is attributed to the characteristics of the
geotextile (e.g., filament entanglement, filament
strength, filament length/diameter) and how it
interacts with the geomembrane macrotopography.
5. The geotextiles with the higher mass per unit area
induce the higher strength and the higher degree of
horizontal displacement at peak stress at normal
stresses less than 100 kPa.
6. The interface sensitivity can also be quantitatively
related to the geomembrane roughness.
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CONCLUSIONS

This paper has quantitatively illustrated the influence of
geomembrane surface roughness on geomembrane/
geotextile interface strength. The results show that
surfiice roughness has a fust-order effect on the strength
of geomembrane/ geotextile interfaces. The following
conclusions me based on the data and interpretation
presented in this paper:
1. Textured geomembranes mobilize higher peak and
residual shear strengths than smooth geomembranes.
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ABSTRACT: The interface shear strength between various components of liner and cover systems is an important
parameter in evaluating the stability of these systems. Typical stability analyses for liner and cover systems do not
explicit ly consider the potential variabilityy of the interfhce shear strength. This paper presents the results of several
interface shear conformance tests performed as part of the construction quality assurance program for two composite liner
system projects.
Interfaces tested include geonet/smooth
geomembrane,
hydrated geosynthetic
clay liner/textured
geomembrane,
and compacted clay liner/textured
geomembrane.
The test data provides insight on the statistical
distribution of interface shear test results. The data provided are expected to be useful in: (i) evaluating the reliability of
interface shear strengths established during the design phase; (ii) performing probability-based
stability analyses for liner
and cover systems; and (iii) evaluating construction quality assurance interface shear conformance test results.

Keywords: Statistical, Shear, Strength, Stability, Construction, Interface
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INTRODUCTION

Slope stability is an important design consideration
for
waste containment systems employing geosynthetic layers.
These geosynthetic layers have the potential for creating
interfaces with low shear strengths when combined with
The
other geosynthetic
layers or weak soil layers.
presence of these low shear strength interfaces has been an
important factor in slope stability failures (Mitchell et al.
1990). As a result, the evaluation of these interface shear
strengths has received significant attention. In the current
state-of-the-practice,
slope stability analyses are performed
using interface shear strengths based on prior experience,
published data, and/or limited site-specific testing.
In
addition, these slope stability analyses do not consider the
variability of interface shear strengths. These variabilities
can result from geosynthetic
material
manufacturing
processes such as geomembrane
texturing (Dove et al.,
1997), from errors inherent in the testing procedure
(Criley and Saint John, 1997), or from variations inherent
The variability
in
within
natural
soil materials.
geosynthetic
material manufacturing
can be manifested
from roll to roll or within individual rolls. Understanding
the variabilities
of these interface shear strengths can
provide useful insight into interpreting
slope stability
results and can form the basis for performing probabilistic
slope stability analyses.
the results of interface shear
This paper presents
conformance testing performed as part of the construction
quality assurance program for two composite liner system

projects in California.
The interfaces tested include a
geonet/smooth
high-density
polyethylene
(HDPE)
geomembrane,
hydrated
geosynthetic
clay
liner
(GCL)/textured HDPE geomembrane, and compacted clay
liner/textured
HDPE
geomembrane.
The statistical
distributions
of the test results presented
and are
characterized.
The statistical nature of the test results
forms the basis for evaluating the confidence level for the
specified minimum shear strength.
For both case histories presented, the cover material
stability on the slopes was obtained by progressively
placing the cover materials in a wedge configuration as the
waste disposal operations proceeded up the slope.

~

GENERAL

TESTING

PROCEDURE

The interface shear testing presented herein was performed
in general accordance with the American Society for
Testing and Materials (ASTM) D 5321 standard test
procedure.
The shear box apparatus measured 300 mm by
300 mm. The tests were performed at a displacement rate
of 1.02 mm/min.
Post-peak
shear strengths
were
measured at displacements varying from 43 to 58 nun.
The ASTM D 5321 standard test procedure does provide
some flexibilityy in the selection of test parameters which
can significantly affect the interface shear strength test
results (Sharma et al., 1997).
As a result, the project
specific details of the interface shear testing procedures are
All tests were
presented in the following
section.
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performed at the same laboratory using procedures
standardized within the laboratory and consistent with
ASTM D 5321.

3

For each test the select subgrade material was placed at
about 4 percent wet of the optimum moisture content and
compacted to 90 percent of the maximum dry density,
obtained in accordance with the ASTM D 1557 standard
test method. The GCL was hydrated for 24 hours under a
confining pressure of 14.4 kPa. The materials were then
sheared at normal stresses of 36, 72, and 144 kPa.

PROJECT DESCRIPTIONS

3.1 Shafter-Wasco Landfill Module 2
3.2
The Shafter-Wasco Landfill is located about 4.4 km west
The landfill is an
of the City of Shafter, California.
“area-fill” operation with 3 horizontal: lvertical (3H: lV)
side slopes about 6-m high. Module 2 was completed in
June 1995 and included about 96,000 square meters of
lined surface area. Construction of Module 2 included an
alternative to the regulatory prescriptive composite liner
system comprised of (top to bottom):
(1) 340 g/m2
nonwoven geotextile; (2) additional 205 g/m2 nonwoven
geotextile on the side slopes; (3) geonet; (4) 1.5-mm thick
smooth on top textured on bottom HDPE geomembrane;
(5) GCL; and (6) 0.45-m thick select subgrade layer with
a maximum saturated hydraulic conductivity of 1 x 10”7
The GCL included a 270 g/m2 needlepunched
mls.
nonwoven geotextile and a 110 g/m2 woven geotextile.
The two geotextiles were needlepunched together with a
layer of bentonite between them.
The interface shear
strength for the liner system was specified to have a
minimum friction angle value of 7 degrees.
Twenty-five interface shear conformance test series were
performed as part of the construction quality assurance
In this paper, the results of 21 test series
program.
performed in two groups will be discussed. The two
groups
of tests complied
with the intent of the
Each test series consisted of three tests
specifications.
(i.e., total of 63 tests) performed at different confining
pressures.
The first group consisted of twelve (12) test
series with the select subgrade,
GCL, and HDPE
geomembrane components prepared as a sandwich.
The
HDPE geomembrane was attached to the shear box while
the GCL was not attached. For these tests, peak strength
displacements
occurred
at the select subgrade/GCL
interface (Group 1a) and post-peak strength displacements
occurred
at the GCL/textured
HDPE
geomembrane
The second group (Group 2)
interface (Group lb).
consisted of nine (9) test series with all the liner system
components prepared as a sandwich.
The geosynthet ics
for these tests were not attached to the shear box and were
overlain by a second layer of compacted soil. For these
test series peak and post-peak strength displacements
occurred
at the geonet/smooth
HDPE
geomembrane
For each of the Group 1 and 2 test series,
interface.
geosynthetics were obtained from different rolls on-site
and a single bulk sample of select subgrade soil was used
for all tests.
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Bena Landfill Network 4

The Bena Landfill is located 27 km east of Bakersfield,
California.
The landfill is operated as a canyon fill.
Network 4 of the Phase 1 development has 3H: lV side
slopes up to 25.3m high. Construction of Network 4 was
completed in 1995 and included about 111,540 square
meters of lined surface area.
Network 4 included an
alternative to the regulatory presrciptive composite liner
system comprised of (top to bottom): ( 1) geocomposite
drainage layer (i.e., geonet sandwiched
between two
nonwoven 205 g/m2 geotextiles); (2) 2-mm thick textured
on both sides HDPE geomembrane; and (3) O.6-m thick
compacted clay liner with a maximum saturated hydraulic
conductivity of 1 x 10-8 m/s. The interface shear strength
of the liner system was specified to have a minimum
friction angle value of 11 degrees.
Eighteen interface shear conformance
test series were
performed as part of the construction quality assurance
program. Each test series consisted of three tests (i.e.,
total of 54 tests) performed
at different
confining
pressures.
The tests were performed with the compacted
clay, HDPE geomembrane, and geocomposite prepared as
a sandwich.
The geomembrane was not attached to the
shear box while the geocomposite was. For 46 tests the
peak (Group 3a) and post-peak
(Group 3b) strength
displacements
occurred
at
the
compacted
clay
liner/textured
HDPE geomembrane
interface.
For the
remaining eight (8) tests, peak and post-peak strength
displacements
occurred
at the geocomposite/textured
HDPE geomembrane
interface.
The test series were
performed using samples of the geosynthetic
materials
obtained from different rolls on-site and a single bulk
sample of the clay material.
For each test the clay was compacted to about 4 percent
wet of the optimum moisture content and to 90 percent of
the maximum dry density, obtained in accordance with
ASTM D 1557. The clay was subsequently hydrated for
24 hours under a confining pressure of 14.4 kPa. The
materials were sheared at normal stresses of 108, 216,
and 432 kPa.

4

TEST RESULTS

In evaluating the variability of interface shear test results,
an important consideration is what form of the test data

should be used. For interface shear testing this leads to a
consideration ofi (1) the form of the reported test results;
(2) the form of the specified minimum value; and (3) the
shape of the statistical distribution.
In accordance with ASTM D 5321, the following
interface shear test results are typically reported: (1) shear
stress plotted against shear displacement; and (2) shear
stress plotted against normal stress. In addition, a best fit
line is used to define an angle of friction (i.e., slope) and
an apparent adhesion (i. e., y-intercept) on the shear stress
versus normal stress plot for each series of three tests.
The apparent adhesion value obtained from this best fit
line can be an important factor in stability analyses where
low confining loads are dominant (e.g., veneer stability).
However, the reliability of the apparent adhesion value
obtained from a best fit straight line is questionable when
the true nonlinear nature of the shear stress versus normal
stress plot (Sharma et al., 1997) is considered.
At low
normal stresses, the best fit line may overestimate the
apparent adhesion value. Giroud et al. (1990 ) suggested
the use of an apparent friction angle for veneer stability
problems. This apparent friction value combines both
friction and adhesion into one parameter and is represented
by a best fit line passing through the zero value of the yintercept.
The use of an apparent friction angle or slope
value, without a separate apparent adhesion value,
to
represent the interface shear strength is consistent with the
current practice of specifying a minimum interface friction
angle for material conformance.
To evaluate the apparent friction angle, or slope value,
the interface shear strength values obtained for the Group
la, lb, 2, 3a and 3b tests were normalized with respect to
normal stress. This normalization
allows the normalized
interface shear strength for each test result to be grouped
with test results obtained at other normal stresses.
In
addition, a singular normalized interface shear strength
value simplifies statistical characterizations
and allows
each test result to be verified for compliance with the
However,
specified minimum
friction angle value.
normal ization does not explicitly account for the apparent
adhesion value or the nonlinear nature of the shear stress
The apparent adhesion is
versus normal stress plot.
implicitly represented in the statistical distribution of the
normalized test data while the nonlinear behavior may
influence the statistical variations in the data,
Histograms
of the normalized
test data for Groups 1a and
A histogram of the
lb are presented on Figure 1.
normalized test data for Group 2 is presented on Figure 2.
It should be noted that the peak and post-pwak values were
identical for all Group 2 tests, which is typical of
geonet/smooth geomembrane interfaces.
A histogram of
the normalized
test data for Groups 3a and 3b are
Data where displacements
presented
on Figure 3.
HDPE
geocomposite/textured
the
occurred
at
gwmembrane were not included in Figure 3.

Assuming a normal distribution, the sample arithmetic
mean and standard deviation for each group of test data
are presented in Table 1. Assuming a normal distribution,
Table 1 also presents a lower estimate of the true

10

9
8
!37
86
E
55
64
3
2
1
0

Figure 1. Histogram

of Group 1 interface shear data.

8
7
6

%
35
k
54
83

2
1
0

Figure
12
10

38
g
t
36
6

4
2
0

q
o

W03VWW*
m,
~..-w

Intew”al of ;om;ized
Figure 3. Histogram

o

Q

m

q

o

‘Shear St&th

of Group 3 interface shear test data,

1998 Sixth International

Conference

on Geosynthetics

-441

population
mean
probability of the
estimate using the
deviations given in

corresponding
to a 2.5
percent
true mean being less than the lower
The standard
Student-t distribution.
Table 1 for Groups la and 3,

Table 1. Summary of interface shear statistical parameters.
Test Group
Statistical
la
lb
2
3a
3b
Parameters
Mean
..Sample
. .. . .. .....
.. .. .. ..... .. .. ..0.400
. . . . ..0.287
. ........ .. 0.215
.. .. .. .. .. ..0.381
.. .. ...........0.370
.. . .. ..

Lower True
Mean Estimate

0.380

0.276

0.206

0.363

0.352

Sample Standard
Deviation

0.060

0.032

0.024

0.062

0.062

soil/geosynthetic
interfaces, are significantly less than the
standard deviations presented by Criley and Saint John
(1997) also for soil/geosynthetic
interfaces.
It is not clear
why the variations observed in this testing program are
less than those observed by Criley and Saint John.
However, variability between different laboratories may
explain some of the differences observed.
5 percent)
estimate of the
Using the lower (i.e.,
population mean and a 95 percent confidence interval, the
test data also indicate that:
●
the lower contldence limit for the Group la (i.e.,
GCL/select subgrade) results is 0.281;
●
the lower confidence limit for the Group lb (i. e.,
GCL/textured geomembrane) results is 0.224;
●
the lower confidence limit for the Group 2 (i. e.,
gecmet/textured geomembrane) results is O. 167;
●
the lower confidence limit for the Group 3a (i. e.,
compacted
clay/textured
geomembrane)
results is
0.261; and
●
the lower confidence limit for the Group 3b (i.e.,
compacted
clay/textured
geomembrane)
results is
0.25.

5

CONCLUSIONS

The variability of interface shear strength described herein
can be considered significant by geotechnical standards.
The variability occurred even with the use of a single
laboratory, standardized test procedures, and a single soil
sample (where applicable). It is believed that the obsemed
variability in the test results can be primarily attributed to
The variability
of the
the geosynthetic
materials.
geosynt hetic materials typically results from roll to roll
However, variations across
variations in characteristics.
rolls may also be a contributing factor.
Based on the data presented
herein, the statistical
significance of a non-conforming
(i.e., a test result less
than the minimum specified value) test result can be
evaluated. This can be observed in the Group 3 test results
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where 10 normalized
residual interface shear strength
results were less than the specified minimum value, yet 75
percent of the results were greater than the specified
minimum value.
This supported the acceptance of the
non-conforming
interface shear strength results for this
project. In addition, the data presented herein can be used
to perform probabilistic slope stability analyses where the
statistical distribution of the interface shear test results can

be used to optimize liner and cover designs.
The standard deviations presented herein can also be used
to predict and/or optimize
the required
number of
conformance samples on projects with similar interfaces
based on a Student-t distribution analysis.
REFERENCES
ASTM D 5321 (1992), “Standard
Test Method for
Determining
the Coefficient of Friction of Soil and
Geosynthetic or Geosynthetic and Geosynthetic Friction
by the Direct Shear Method’,
American Society for
Testing and Materials, Philadelphia, Pennsylvania.
ASTM D 1557, (1991) “Test Method for Laboratory
Compaction
Characteristics
of Soil Using Modified
Effort (56,000 ft-lbf/ft3 (2,700 kn-m/m3))”, American
Society for Testing
and Materials,
Philadelphia,
Pennsylvania.
Criley, K.R, and Saint John, D., (1997) “Variability
Analysis of Soil vs. Geosynthetic
Interface Friction
Characteristics
by Multiple
Direct Shear Testing”,
’97, Long
Beach,
of Geosynthetics
Proceedings
California, Industrial Fabrics Association International,
Vol. 2, pp. 885-897.
Giroud, J.P., Swan Jr., R, H., Richer, P. J., and Spooner,
P.R., (1990) ‘Geosynthetic landtlll cap: laboratory and
field tests, design and construction”,
Proceedings 4’~
Conference
on
Geotextiles,
International
Geoinembranes and Related Products, The Hague, pp.
493-498.
Dove, J.E., Frost, J.D., Han, J., and Bachus, R. C., (1997)
“The Influence of Geomembrane Surface Roughness on
Interface Strength”, Proceedings of Geosynthetics
’97,
Long Beach, California, Industrial Fabrics Association
International, Vol. 2, pp. 863-876.
Mitchell,
J. K,, Seed, R. B., and Seed, H. B., (1990)
“Stability Considerations in the Design and Construction
of Lined Waste Depositories”,
Geotechnics
of Waste
Fills - Theory and Practice,
American
Society for
Testing and Materials, ASTM STP 1070, pp. 207-224.
Sharma, H. D., Hullings, DE., and Greguras, F. R., (1997)
“Interface Strength Tests and Application to Lantilll
Design”, Proceedings of Geosynthetics ’97, Long Beach,
California, Industrial Fabrics Association International,
Vol. 2, pp. 913-926,

Frictional Behavior of Landfill Liner Interfaces with Geonets
Anirban De
Senior Staff Engineer, GeoSyntec Consultants, Walnut Creek, California, U.S.A.
(formerly Graduate Student, Department of Civil Engineering, Rensselaer Polytechnic Institute, Troy, New York, IJ.S.A.)
Thomas F. Zimmie
Professor, Department of Civil Engineering, Rensselaer Polytechnic Institute, Troy, New York, U.S.A.

ABSTRACT:. In this paper the frictional characteristics of geotextile / geonet and geomembrane / geonet interfaces are
discussed. The shear strength properties of such interfaces demonstrate some interesting characteristics. The possible effects
of parameters such as specimen size, orientation of geonet, normal stress, number of cycles and shearing rate were

investigated under monotonic (commonly known as static) and cyclic loading conditions. It has been observed that the
interface friction angle is largely dependent on the direction and orientation of the strands forming the net, with respect to
the direction of shearing motion.
Keywords: Landfill liner, Landfill cover, Geonets, Interface friction, Direct Shear tests

1.

INTRODUCTION

The stability of multi-layer liner systems is of great concern
in the design of modem landfills with relatively steep side
slopes. The different components of such liners include
interfaces that have been known to possess low friction
properties. The interface shear strength at such interfaces,
therefore, play a major role in the stability of landfill
slopes.
Geonets are commonly used in landfill liner systems to
fimction as drainage layers. They are usually placed in
contact with other geosynthetic surfaces, such as
geotextiles
or geomembranes.
In order to perform
appropriate design procedures, it is important to understand
the various factors that influence the frictional properties at

such interfaces.
2.

EXPERIMENTAL APPROACH

This paper presents results fi-om a research project in which
the interracial friction properties of different common
geosynthetics used as landfill liner components were

Transverse

Longitudinal

studied. In this study twelve different
geosynthetic
interfaces were studied. The details of the project are
published in De (1996). In this paper the important features
regarding the frictional behavior of geonetigeotextile
and
geonetismooth geomembrane interfaces are presented.
The geonet used in the tests was a medium density

polyethylene and had a thickness of 5.2 mm (205 roils).
The geotextile used in the tests was a continuous filament,
non-woven needle punched fabric made of polypropylene
material with mass per unit area of 270 g/m2 (8 oiYyd2).
The geomembrane (smooth) was a high density
polyethylene having a thickness of 1.5 mm (60 roils).
2.1

Orientation of Geonet

The geonet was tested at different angles of orientation
between the major direction of the strands forming the
interface and the direction of sliding motion. It is believed
that the amount of shearing resistance offered by a geonet
during sliding is influenced by its orientation with respect
to the direction of sliding. This is best explained with the
help of the schematic shown in Figure 1.

Aligned

Direction

of Shaking

Figure 1. Orientation of geonet mesh
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The orientation in which one of the strands is along the
direction of the force is termed aligned. The case where
the strands are at 60° with the direction of the force is
termed transverse. When the strands are at 30° to the
force direction, the orientation is termed longitudinal.
The three orientations were treated as three different
surfaces and tested accordingly.

Transverse

<’a

F

The influence of orientation of geonet on its frictional
properties has also been observed by other researchers,
viz. Geotek ( 1987) and Mitchell at al. (1990).
The frictional behavior of these interfaces were studied
under both monotonic and cyclic loading conditions.
2.2

Normal Stress = 27.6 kPa

Apparatus

/

The monotonic and cyclic tests reported here were
performed using a direct shear device that tested
specimens 900 cmz (144 in2) in area. The shear force
was controlled by means of servo-hydraulic actuators.
The normal force was produced by means of a pneumatic
control system.

3.

EXPERIMENTAL RESULTS

3.1

Monotonic Tests

The test results are classified as geonet / geotextile, and
geonet / smooth geomembrane. The tests were performed
in a direct shear apparatus using a stroke-controlled mode
at a displacement rate of 1.27 mm/min. Four direct shear
tests were conducted for each interface at different
normal stress levels between 21 and 43 kPa (3 to 6 psi).
Each piece of geonet specimen was used for two
consecutive tests and the orientation and the side of the
geonet was altered after one test, so that transverse and
longitudinal tests were performed alternately. The
geotextile specimens were reused in three to four
consecutive tests. A fresh geomembrane specimen was
used in every test. The details can be found in De (1996).
3.1.1.

Geonet/geotextile interfaces

The results ftom the monotonic direct shear tests on
geotextile/geonet tests are presented in Figure 2. Plots of
shear stress versus displacement for all three orientations,
tested under the same normal stress, are presented for
comparison.
The plots in Figure 2 exhibit significant differences in
the behavior of the three orientations when subjected to
shear stress. For the transverse orientation, the shear
stress continues to increase after the peak. In the case of
the longitudinal orientation, the stress continues to
remain at about the level where the peak occurs. Finally,
in the case where the strands are aligned in the direction
of the force, there is a slight reduction in the shear stress.
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Figure 2. Shear stress versus displacement results from
direct shear tests: geotextile over geonet (transverse,
longitudinal and aligned)

The cause for this orientation dependent behavior of the
geonet strands is not completely understood. It appears
that an arrangement of the strands along or almost along
the direction of the force leads to an elasto-plastic type
behavior, whereas an arrangement where the strands face
sideways to the direction of loading leads to a strain
hardening effect.
The results of peak shear stress versus the normal stress
for four tests on each geotextile/geonet interface are
shown in Figure 3. It can be seen from the figure that the
shear stress versus normal stress behavior in the case of
the transverse and longitudinal orientations is not linear,
and dependent on normal stress. In the case of the
aligned orientation the relationship appears to be linear.
The cause for this behavior is not known; however it may
be caused by deformation of the geotextile under high
stress. Unfortunately, these interfaces could not. be tested
at a wider range of normal stresses to confirm this theory,
because of limitations in the testing apparatus.
Because of the stress dependent nature of the friction
angles for the transverse and longitudinal orientations, it
was deemed appropriate to report the static friction angle
values as ranges, instead of single values, as was done for
the other interfaces.
For the transverse orientation, the calculated peak
friction angles ranged from 14.5° to 22°, with the
smallest value associated with the highest normal stress
(41.4

kPa) and the largest value associated with the

used in these tests. In the
case of the longitudinal orientation, the value of residual
friction angle was between 14° (for 41.4 kPa normal
stress) and 17° (corresponding to 20.7 kPa stress). The
behavior of the aligned orientation appears tct be more
linear, and the peak friction angle is about 10.5”.
lowest normal stress (20.7 kPa)
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Figure 3. Peak shear stress versus normal stress from
direct shear tests: geotextile over geonet (transverse,
longitudinal and aligned)

Figure 4. Peak shear stress versus normal stress from
direct shear tests: smooth geomembrane over geonet
(transverse, longitudinal and aligned)

From a practical standpoint, geonet orientation could
play a significant -ole in liner interface behavior after
sliding is initiated in the field. For the case of sliding

3.2

along a geonet oriented transversely to the direction of
movement, the amount of slip occurring after the shear
strength of the interface is exceeded will be relatively

small. However, where sliding occurs in a direction
parallel to the direction of the strands, larger
displacements can result following slippage, due to the
relatively low value of residual shear strength.
3.1.:2.

Geonetigeomembrane interfaces

Experiments similar to the ones described in the last
sect ion were performed on geonetismooth geomembrane
interfaces. For a detailed account the reader is referred to
De (1996).
Figure 4 shows the plots of shear stress at peak versus
normal
stress for
interfaces
between
smooth
geomembrane and geonet in three orientations. In this
case the residual friction angle appears to be less
dependent on the orientation of the geonet, than in the
case of the interfaces involving geotextile. The minimum
value of friction angle of 8° corresponds to the aligned
orientation and the maximum value is about 110 for both
the transverse and the longitudinal orientations.

Cyclic Tests

Sinusoidal displacement-controlled
excitation
was
applied to the geosynthetic interfaces in the cyclic direct
shear tests. The peak dynamic friction angle at the end of
each cycle was calculated on the basis of the peak shear
stress and the normal stress.
3.2.1.

Geonet/geotextile interfaces

In the case of the geonetigeotextile interfaces, the
dynamic friction angle was found to be dependent on
normal stress and no variation was observed due to the
number of cycles of loading.
3.2.2

Geonetigeomembrane interfaces

The dynamic shear stress behavior of geoneti smooth
geomembrane interfaces appeared to depend both on the
normal stress and the number of cycles of loading.
Figures 5, 6 and 7 show plots from tests performed on
geonetigeomembrane (smooth) interfaces with the geonet
oriented in the transverse, longitudinal and aligned
orientations, respectively.
It can be seen from Figure 5 that the dynamic friction
angle varies quite substantially with the number of cycles
of loading. For the first cycle the dynamic friction angle
is approximately 110, for all normal stress levels. Then
there is a very rapid increase in the value of dynamic
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friction angle for about the next five to ten cycles. After
that the increase is at a much slower pace, and the rate of
increase is related to normal stress, with the lowest
normal stress showing the most rapid increase.
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Figure 5. Variation of fi-iction angle with number of
cycles from tests using the direct shear device: Smooth
geomembrane
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Figure 7. Variation of friction angle with number of
cycles from tests using the direct shear device: Smooth
geomembrane over geonet (aligned)

over geonet (transverse)
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Figure 6. Variation of friction angle with number of
cycles from tests using the direct shear device: Smooth
geomembrane over geonet (longitudinal)

Plots of dynamic friction angle with number of cycles of
loading for longitudinal and aligned orientations of the
geonet are shown in Figures 6 and 7. The basic nature of
the curves are similar to those in Figure 5. However, the
dependence on normal stress is not as prominent in

Figure 6, and absent in Figure 7.
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From the experimental results it may be concluded that
the following parameters have an influence on the
monotonic and cyclic shear behavior of geonet
interfaces:
a) orientation of the geonet strands;
b) normal stress (for transverse and longitudinal);
c) number of cycles of shear loading.
The dynamic friction angle obtained at the end of the first
cycle of a cyclic direct shear test is close to the value
obtained from a monotonic shear test.
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ABSTR4CT: An interlaboratory friction test program, initiated by the German Society of Geotechnical Engineering
(DGGT), was organized and evaluated by the authors. As a main part of this program friction tests behveen a geotextile
and a rough geomembrane as well as between a Standard Sand and a geotextile were performed by several German testing
institutions. Some selected results of this interlaboratory test program are presented with special reference to effects
induced by different test setups. Results of additional investigations performed by the authors with a modified testing
device, where the vertical resultant force in the friction plane can be controlled during testing, help to explain the high
scattering of data obtained by the interlaboratory tests. Mainly based on the results of the program a working group of
DGGT has proposed preliminary recommendations for investigation of friction between ditTerent geosynthetics and
between soils and geosynthetics. Some main proposals are presented in the conclusions as a basis for fiuther discussion.
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of the activities of the working group are preliminary
recommendations for the investigation of friction between
different
gemynthetics
and
between
soils
and
geosynthetics.

INTRODUCTION

Landfill sealing systems usually consist of different
granular
soils,
materials
like
compacted
clay,
geomembranes and geotextiles. For stability calculations
the parameters of friction between the components of the
sealing systems have to be determined experimentally.
Friction tests for geosynthetic-geosynthetic
or soilgeosynthetic interfaces are mainly performed in devices
which are comparable with direct shear equipment
commonly used in soil mechanics. Data obtained from
such friction tests with geosynthetics
performed by
differenl institutions often do not correspond to each other.
This leads to complex discussions and problems in
defining friction parameters for design work. DifTerent
testing devices, setups, procedures etc. seem to be the cause
for this situation.
The determination of reliable friction parameters for the
components of liner systems is of central importance for
stable and economical constructions. This includes the
choice of partial safety factors in relation to the scattering
of test data. Slope failures may occur, if friction available
under in situ conditions is overestimated by friction tests
performed with boundary conditions, that are not covering
all critical stages during building and life of a landfill
structure or any other geotechnical construction with
inclined layers of geosynthetics and soils.
Caused by the problems explained above a working
group of the German Society of Geotechnical Engineering
(DGGT) has performed interlaboratogs tests, which were
organised by the authors at the Institute for Soil Mechanics
and Foundation Engineering (IGBE) of the University of
Hannover. These arrangements also included basic work
for evaluating and summarizing test results. The main aim

2

INTERLABORATORY

TESTING PROGRAM

As a main part of the interlaboratory test program friction
between the following
materials
was investigated:
●

●

nonwoven PP-geotextile, 1200 g/m2, vs. rough textured
geomembrane
sand according to the European Standard EN 196-1 vs.
nonwoven HDPE-geotextile, 300 @mz.
The grading of the Standard Sand is given in Table 1.
Cumulative Sieve Residue
%

Sieve Size
mm
2.00
I

1.60

0

I

4

7*5

I

Table 1. Grading of Standard Sand

The first test series was performed with only few
instructions given by the organizers. The particijnnts were
allowed to choose several boundary conditions like the type
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of test setup, fixation of geosynthetics etc. with their own
engineering sense and experience. But it has to be pointed
out that the participants received more instructions
concerning the test conditions than normally given by
constmction companies, consultants, etc. for project tests.
The results of the first test series show significant
variations in the characteristics of friction stress vs.
displacement curves as well as in magnitudes of the peak
friction stress values. Some results of the first test series
are published by Blihnel et al. (1996 a, b). Further details
about the scattering of test data are given by Bliimel et al.
(1997).
Generally it can be stated that the scattering of data was
unsatisfactorily high in all investigated cases. Therefore, it
was decided to perform a second test series where all
participants received more detailed instructions concerning
the boundary conditions and testing procedure. The testing
procedures recommended in this second test series were
developed by the working group of DGGT tier
a
discussion with the participants of the first interlaboratory
test series.
About
twenty
institutions
participated
in each
interlaboratory test series. All devices used for the tests had
friction interfaces of at least 30 cm square. For all tests a
constant rate of displacement of 10 mrrdh was proposed.
The vertical load was applied to the samples one hour
before starting the displacement. Tests had to be performed
with four different loads to meet the following values of
in the friction interface:
average
vertical
stresses
20/50/100/200
kN/m2. The tests were run without
submerging the samples.

The first type of test setup for determination of
geotextile-geomembrane
interface friction is shown in
Figure 1. The geotextile is clamped to the upper box of the
shear device. The upper box is partly filled with Standard
Sand. The geomembrane is fixed to a rigid support in the
lower box.
This type of test setup also opens possibilities to
investigate friction with those soils that will be placed
above the geotextile in the liner system. It has to be taken
into consideration that granular soils neighboring
the
geosynthetics can tiect the interface friction behaviour.
Typical friction stress vs. displacement curves for a
vertical stress of 100 kN/m2 obtained with the first type of
test setup are shown in Figure 2. Nearly all data generated
by the different institutions fits together quite well. This is
true for the characteristics of the curves as well as for the
peak friction stresses.

0

10

20

30

40

50

displacement

3

SELECTED RESULTS

3.1

Friction Between a Geotextile and a Geomembrane

Test instructions defined two different
conduct these friction tests.

60

70

80

90

10

[mm]

Figure 2. Friction stress vs. displacement
test setups according to Figure 1

measured with

test setups to
A second test setup as shown in Figure 3 could also be
used for investigating friction between two geosynthetics.
The geotextile is fixed to a rigid block placed inside the
upper box. The geomembrane is fixed to a rigid support in
the lower box in the same way as described above

9

9

rigid
bbck

rate and for frictk.n
force measurement

Figure 1. Test setup for geotextile-geomembrane
friction
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Figure 3. Modified test setup for geotextile-geomembrane
intetiace friction

The coefficients of variation of peak and residual friction
stresses are in the same magnitude for both test setups. For
a small vertical stress of 20 kN/m2 the coefficient of
variation of the peak friction stress reaches about 30 ‘/0 but

ditTer in shape. Some curves do not show any significant
peak friction value at all. Others were obviously faulty due
to insufficient test setups and were omitted from the
evaluation.

decreases with increasing vertical stresses. For 200 kN/m2
the coefllcient of variation is about 13 O/O.Interlaboratory
direct shear tests in soil mechanics led to coefficients of
variation of the same magnitude.
The friction stress vs. displacement curves obtained with
the two test setups displayed in Figure 2 and 4 show only
little differences concerning the form of the cwves which
doesn’t seem to be significant. Relative friction stress
maxima before reaching the absolute peak values measured
with the second type of test setup may be caused by tilting
of the rigid block placed in the upper box.
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3.2

80

90

10

measured with

Friction Between Standard Sand and a Geotextile

Friction stress vs. displacement cumes obtained at a
vertical stress of 100 kN/m2 for the interface between
Standard Sand and a geotextile, 300 g/m2, are shown in
Figure 5. The geotextile is fixed uniformly to a rigid
support in the lower box and additionally is clamped on
one side. Standard Sand as defined in EN 196-1, was
placed in a dry state in the upper box with a density of 1.8
g/cm3. Sketches of the setups used by the participating
institutions are shown in Figure 6 and Figure 8.
As in the case discussed in chapter 3.1 the participants
were supplied with detailed information concerning the
bounrhuy conditions of the tests. Nevertheless, the data
generated by the institutions for friction between sand and
geotextile scatter within a wide range. This is true for peak
and residual friction stress values. The coefficients of
variation calculated from the friction stresses at a
displacement of 30 mm are between 40 YOfor a vertical
stress of 20 kN/m2 and 23 ‘/0 for a vertical stress of 200
kN/m2. In addition, friction stress vs. displacement curves

Additional tests were performed by the authors in order
to identify specific factors which may affect the friction in
the Sand-geotextile interface, e. g. the method of fixation of
the geotextile to the support or {he rate of displacement. It
was found that the rate of displacement is not_a signitlcant
factor. But the method of fixation of the geotextile to the
rigid support is likely to have an effect. In.sufZcient
fixation can lead to friction stress vs. displacement curves
without any friction peak value. Other possible reasons for
the scattering of data caused by the test setup like the
height of the sand filled into the upper box or the use of
smooth or ribbed loading plates could not be identiled
from the interlaboratoq test data.
Devices of different manufacturers were used by the
participants. Seven participants used an equal type of
testing device but the scattering of data delivered by this
subgroup was found to be in the same range as for the
whole group.
device

for

vedical Ioadtng

6

upper box
(hcfizon@llvauworteco
Ioadmg p!ate
with ribs
/

d
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moving’
Ic+wer W
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fric$on
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~awreme”t

Figure 6. Test setup with horizontally supported upper box
for soil-geosynthetic interface friction
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In general, devices with a movable lower box were used
for the tests, some with a completely fixed upper box (with
vertical and horizontal support) and others with an only
horizontally supported upper box. For the latter type of test
setup we have to recognize that effects as explained in
Figure 7 may occur during testing.
soil sample in horizontally

supported upper box

The friction stresses measured in tests with a fixed upper
box are in most tests higher than those obtained from tests
in the device with an only horizontally supported upper
box. But we have to regard that the number of data
obtained with the latter type of construction is very small.
Furthermore, the results of the friction tests for the
geatextile-geomembrane
interface
show
nearly
no
differences for test setups with fixed and horizontally
supported upper box.

I

horizontally

The type of test setup shown in Figure 6 has an upper
box, which is only horizontally supported at one point. The
type with a completely fixed upper box is displayed in
Figure 8. The upper box is fixed vertically and horizontally
and therefore no displacement or rotation of the box is
possible, but the loading plate can rotate within a small
range.

supported upper box

sail sample in fixed upper box

tilting of u~er

kex

Figure 7. Interaction forces, stresses and deformations
occuring in a test setup according to Figure 6 (Wernick
1979)

fixed

upper

box

4
For the test setup with completely fixed upper box
vertical friction stresses can occur at the inner walls of the
upper box which will lead to a reduction of the average
vertical stress in the friction interface (Figure 9).
These effects are welI known in soil mechanical direct
shear testing (Kast 1986; Jewell 1989). Especially for test
devices of the type discussed in this paper with larger
dimensions than commonly used for soil testing we have to
take these effects into our considerations concerning the
evaluation and interpretation of test data.
fMed upper box

T

+:

F

i“

E3
notilting
ofupper box

Figure 9. Interaction forces, stresses and deformations
occuring in a test setup according to Figure 8

4 ADDITIONAL INVESTIGATIONS
e

rate and for friction
force measurement

mOvir??J

/

\

roller bearings

Iwerbow

Figure 8. Test setup with completely fixed upper box for
soil-geosynthetic interface friction
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Depending on the test device the vertical load is applied to
the top of the sample with weights, hydraulic jacks or
hydraulic or pneumatic bellows, A stiff plate is often used
for load distribution over the test area. The distribution and
magnitude of the normal stress acting in the friction
interface during testing is unknown.
The assumption that a constant vertical stress derived
from the load atm]ied to the top of the Sample is acting in
the friction in~~ace is most-probably v~id for tesfing
devices with a point supported upper box (Figure 6) before
starting horizontal displacement.
This assumption is
questionable for devices with a fixed upper box as effects
like friction between test material and internal walls of the
upper box can occur.

To investigate such effects, the testing equipment used
by the authors was modified. To determine the average
vertical stress acting in the friction interface during
horizontal displacement the vertical forces at the corners of
the fixed upper box were measured. A sketch of the device
is shown in Figure 10. The equipment was manufactured
by Wille-Geotechnik GmbH, Gottingen/Germany,
By summarizing the values of the vertical support forces
the resulting vertical force acting in the friction interface
can be obtained. The air pressure in the bellow is regulated
during horizontal displacement of the lower box in order to
keeu the resulting vertical force and average vertical stress
acting in the action
interface at a ‘wnstant value.
Information about the vertical stress distribution in the
interface can also be obtained with this setup.
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Figure 10. Modified test setup with measuring devices to
keep a constant vertical stress in the ffiction interface

Friction tests for the interface between Standard Sand
and a nonwoven geotextile of 300 g/m2 and direct shear
tests for Standard Sand were performed. One series of tests
was carried out with a constant load applied to the top of
the sample and the other with a constant vertical force in
the friction interface. The tests were performed under
conditions of repetition. The boundary conditions were the
same than those chosen for the interlaboratory testing
program described above. Several tests were done for both
series to meet the following values of vertical stresses:
20/50/100 kN/m2.
Figure 11 shows the friction stress vs. displacement
curves obtained from tests with a fixed upper box with the
two different methods of controlling the vertical stress. The
scattering of test data for the case with a constant pressure
applied to the top the sample is smaller than in the
interlaboratory test program. The coefficient of variation
derived from the measured peak friction stresses in these
tests under conditions of repetition is only about 5 Yo.The
shape of the friction stress vs. displacement cuwes is
similar, but certain variations in the curves are found for
greater values of displacement after passing the peak
friction value. All data obtained from the tests with a
constant vertical force in the interface show very good
conformity.

The peak friction stresses obtained from the tests with
vertical stress controlled by measurement during horizontal
displacement are signitkantly smaller than those found for
tests with constant pressure on top of the sample. In the
latter case the average normal stress in the shear plane
increased to about 130 kN/m2 at a normal stress of 100
kN/m2 applied to the top of the sample. In the tests with a
constant normal stress in the shear plane of 100 kN/m2 the
air pressure in the loading equipment decreased to about
75 kN/m2. These effects are most probably caused by
interaction and compulsory forces between soil and box
during shear. Shibuya et al. (1997) obtained comparable
results in direct shear tests on sand with a fixed upper box
device and constant load on top of the sample.
--
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Figure 12. Normalized friction stress vs. displacement for
sand-geotextile interface with two different procedures of
vertical stress control during test
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normalized friction stresses vs. the displacement are
plotted. It can be seen from this plot that the deviations are
decreasing with increasing vertical stress.

5

CONCLUSIONS

The determination
of friction properties between
different geosynthetics and between soil andgeosynthetic
in direct shear devices is complicated due to high
scattering of data. Test equipment, boundary conditions,
test procedures and the mechanical properties of soil afFect
the characteristics of the friction stress vs. displacement
curves and the magnitude of the peak friction stresses.
Therefore, the experimental investigations, test setups and
boundary conditions should be in accordance with the
expected situations at the site as well as possible.
The institutions which are performing the friction tests,
have to be provided with detailed information about the
type of construction and about the construction materials.
The properties of the tested soils have to be considered.
The German preliminary recommendations on friction
testing with geosynthetics prescribes standard test setups
and boundary conditions of testing in order to minimize
effects resulting from different setups and procedures. The
method of load application and its effect have to be
regarded and reported together with the results of the
friction tests and other boundary conditions.
To cover data scattering observed under conditions of
comparison it is recommended to carry out a stilcient
number of tests by two di.tTerent institutions for each
project. Friction tests have to be performed with at least
three different normal stresses. The vertical stress that is
relevant for the project and the stability calculations, must
be within this range. The test with this vertical stress must
be carried out three times. The determination of test
conditions, data evaluation and derivation of friction
parameters for design calculations has to be be done in
close cooperation with the engineers responsible for design
and stability calculations.
Based on further evaluations of friction tests with other
geosynthetics and soils, which are not presented in this
paper, it is recommended that adhesion derived from
friction test results should be introduced into stability
calculations only in special cases, e.g. for interfaces
between cohesive soils and geomembranes. Considering all
possible site conditions during building and during life of
the structure the engineers responsible for the project must
agree that adhesion will act continuously. Safety factors for
the design value of the adhesion have to cover scattering of
test data especially at low normal stresses.
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The Influence Of Equipment Style And Setup Dimensions On
Sand/Geomembrane Direct Shear Test Measurements
S.M Bemben
Geotechnical Engineering Consultant, 147 Victoria Road, New Britain, Connecticut, USA.
D.A. Schulze
Senior Vice President, Laboratory Services, GZA Geoenvironmental, Inc., Newton Upper Falls, Massachusetts, USA.
ABSTRACT: The results of a testing program employing two sands and two geomembranes with a commercial direct
shear device are presented. Two avenues of direct shear device modifications were utilized. The first avenue was to
employ new upper shear boxes having 7.5 x 7.5 and 15 x 15 cm areas, as well as the original 30.5 x 30.5 cm area upper
box, all upon longer length lower boxes so as to maintain a constant area of shear (termed new style). The second avenue
was to employ each of the three sizes of upper boxes over identically sized lower boxes so as to create a constantly
decreasing area of shear (termed old style). The paper compares the effects of size of shearing area, new and old style
shearing boxes, size of the fixed gap between upper box and top of geomembrane, and thickness of sand layers on peak
and residual stress ratios.
KEYWORDS: Friction, Geomembranes, Laboratory tests, Shear strength, Sand
1

INTRODUCTION

Every direct shear test requires selection of materials to be
tested, test equipment, setup criteria, and rate of shearing
movement. The purpose of this study is to determine the
effects of size of shearing area, new and old style shearing
boxes, size of the fixed gap between upper box and top of
geomembrane and thickness of sand layers on peak and
residual stress ratios for combinations of two sands and
two geomembranes.
The most extensive guideline for sand/geomembrane
testing is ASTM (1992). It will frequently be referenced.

2

EQUIPMENT, MATERIALS AND SETUP
PROCEDURES

2.1

Direct Shear Device

Table 1. Sand/geomembrane setup sizes.
Top box sand area
Geomembrane area
Setup size
SM1
SM2
SM3
SM4
SM5
SM6

(cm x cm)
35.5 X 43.2
30.5 x 30.5
30.5 X 38.1
15.2x 15.2
30.5 X 38.1
7.6 X 7.6

As shearing movements occur, the upper box is ilxed and
the lower box displaces laterally. The rate of displacement
was 0.1 cm/min. This is in accord with ASTM (1992) for
Shear force corrections for
dry and nearly dry sands.
fi-iction losses associated with movements of the traveling
container were made in accord with ASTM (1 992).
2.2

The shear device employed was the same basic unit with
improvement modifications previously described by
Bemben and Schulze (1995). It is a commercial unit
manufactured by Boart Longyear Company. Two new
avenues of modifications were designed, fabricated and
utilized by the writers. The first avenue was to employ
upper shear boxes having 7.5 x 7.5 and 15 x 15 cm areas,
as well as the original 30.5 x 30.5 cm area upper box, all
upon longer length lower boxes (termed new style herein).
The second avenue was to employ each of the three sizes
of upper boxes over identically sized lower boxes topped
by geomembranes having top surfaces flush with the top of
the box (termed old style herein). The various shear box
areas employed for both the new style and old style tests
are presented in Table 1.

(cm x cm)
30.5 x 30.5
30.5 x 30.5
15.2x 15.2
15.2 X 15.2
7.6 X 7.6
7.6 X 7.6

Geomembranes

Two geomembranes were employed. Geomembrane 1 was
a textured high density polyethylene liner manufactured by
GSE Lining Technology,
Inc. and having their HDT
designation.
Geomembrane 2 was a smooth high density
polyethylene
liner
manufactured
by GSE
Lining
Technology, Inc. and having their HD Designation.
For new style tests the geomembranes were clamped to

the leading edge of the lower traveling box. For old style
tests the geomembranes were fastened to plywood support
blocking by finishing nails. For textured membrane tests,
the direction of travel during shearing was in the direction
Textured geomembranes were
of roll production.
generally used for two tests and smooth geomembranes
1998
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were
were always used once. Textured geomembranes
fi-om two rolls of different thicknesses and smooth were
from one roll.
2.3

Load transfer plates were provided at the top of the sand
layer in accordance with ASTM (1992). The plates were
unbended pieces of Geomembrane 1 which were cut
slightly less in area then the area of the box.

Sands

Two sands were employed.
Sand 1 was a medium sand
having
subangular particles which is commercially

3

available under the name Flint Sand. Sand 2 was fine to
coarse sand having angular particles and was ffom a
glacial deposit. Grain size distributions are presented in
Table 2. The two sands are classified SP and SW-SM,
respectively, by the Unified Sand Classification System.

Data pertaining to 48 direct shear tests are presented in
Tables 3 through 5. Data are also presented by Figures 1
through 5. The definitions of peak and residual stress
ratios are shown by Figure 5.

2.4

Table 3. Listimz of Sand l/Geomembrane 1 tests.
Figure
Test Setup Thickness Gap
Stress ratio
sand (cm) (cm) peak residual
size

Setup Criteria

2.4.1 Fabrication of Sand Layers
For tests with Sand 1, the sand was compacted air dry to a
unit weight of 17.66 kN per cubic meter. For tests with

Sand 2, the sand was compacted to a dry unit weight of
17.59 kN per cubic meter with a water content of 3%. The
sands were maintained with the same water contents
during shearing as those during fabrication,
The total height of sand is called the sand layer thickness.
When the sand layer thickness was 2.5 cm or less, the sand
layer thickness was fabricated by one compacted lift; when
the sand layer thickness was greater than 2.5 cm, it was
fabricated by employing the minimum number of multiple
compacted sand lifts of equal thickness not exceeding 2.5
cm, (For example, a 5.7 cm thickness is composed of three
1.9 cm lifts). Sand was compacted in lifts, first by direct
hand tamping with a 2.5 kg weight having a 5 cm diameter
and then by hand tamping with the same weight onto a
steel plate. Six measurements with calipers were made to
control the thickness of each compacted lift.
2.4.2 Gap Setting and Load Transfer Plates
The gap is the space between the bottom of the top box
and the top of the geomembrane. The gap is set and
remains constant during sand fabrication and shearing
movements.

Table 2. Grain size distributions.
Opening
Sieve
(mm)
number
4.76
4
2,00
10
0.840
20
0.420
40
0.250
60
0.149
100
0.074
200
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Sand 1
100
100
100
28
2
0
0

Conference

passing
Sand 2
100
91
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PRESENTATION OF DATA

1.9
1.9
2.5
2.5
2.5
2.5
2.5
3.8
5.7
6.4
3.8
2.5
2.5
3.8
1.9
1.9
2.5
2.5
2.5
3.8
3.8
3.8
5.8
5.8
5.8
5.8
5.8
5.7

0.38

0.68

0.56

1.1
1.2
1.3
1.4
1.5
1.6
1.7
1.8
1.9
1.10
1.11
1.12
1.13
1.14
1.15
1.16
1.17
1.18
1.19
1.20
1.21
1.22
1.23
1.24
1.25
1.26
1.27
1.28

SM3
SM3
SM3
SM3
SM3
SM3
SM3
SM3
SM3
SM3
SM3
SM3
SM3
SM4
SM5
SM6
SM1
SMI
SM1
SM1
SM1
SMI
SM1
SM1
SM1
SM1
SM1
SM2

4

DISCUSSION OF NEW STYLE
SETUP DATA

1

1
0.53 0.75 0.47
1
0.38 0.76 0.56
1
0.53 0.74 0.48
1,2
0.53 0.70 0.48
1
0.53 0.73 0.48
1
0.76 0.56 0.48
1
0.53 0.75 0.45
1
0.53 0.80 0.33
1
0.38 0.97 0.30!
1
0.38 0.71 0.46
2
0.53 0.70 0.49
2
0.53 0.67 0.48
3
0.44 0.76 *
1
0.38 0.72 0.45
3
0.53 0.56 *
1
0.25 0.71 0.56
1
0.43 0.76 0.47
1
0.61 0.77 0.47
1
0.25 0.80 0.52
1
0.61 0.77 0.45
1
0.76 0.76 0.46!
1
0.20 0.91 0.60!
1
0.76 0.70 0.26!
1,2
0.37 0.73 0.45
2
0.37 0.92 0.45
2
0.37 0.65 0.41
3
0.53 0.89 *
3
0.51 0.73 0.55
1.29 SM2 3.8
Notes: Tests 1.12 and 1.26 are at 24 kPa normal stress,
tests 1.13 and 1.27 are at 96 kPa and all other tests are at
48 kPa; *denotes vague residual value as shown by
presented stress ratio-shear movement curves; ! denotes
ratio decreasing at end of test.

Table 4. Listing of Sand 2 / Geomembrane
Test
2.1
2.2
2.3

Setup Thickness Gap
size
sand (cm) (cm)
SM1 2.5
0.71
SMI
3.8
0.71
SM1
1.8
0.71

Stress
peak
0.84
0.92
0.75

2.4
2.5
2.6
2.7
2.8
2.9
2.10
2.11
2.12
2.13

SM1 1.8
SM1 3.8
SM2 2.5
SM3 1.8
SM3 2.5
SM3 2.5
SM3 2.5
SM3 3.8
SM3 3.8
SM4 2.5

0.77
0.80
0.84
0.73
0.87
0.79
0.78
0.95
0.85
0.78

0.81
0.96
0.69
0.71
0.38
0.71
0.53
0.71
0.38
0.61

1 tests.

ratio
residual
0.64
0.69!

Figure

0.71
0.72
0.63
*
0.63
0.71
0.62
0.61
0.63
0.72
*

4
4
4
3
4
4
4
4,5
4
4
3

‘Table 5. Listing of Sand 2/Geomembrane 2 tests.
Figure
Test Setup Thickness Gap Stress ratio
sand (cm) (cm) peak residual
size
0.66 0.48 0.33
4
3.1 SM3 1.8
0.36 0.56 0.38
4
3.2 SM3 2.5
0.36 0.51 0.38
4
3.3 SM3 3.8
0.66 0.48 0.32
4,5
3.4 SM3 2.5
0.82 0.44 0.31
4
3.5 SM1 2.5
0.82 0.49 0.34
4
3.6 SMI
1.8
Notes: Tests 1.12 and 1.26 are at 24 kpa normal stress,
tests 1.13 and 1.27 are at 96 kpa and all other tests are at
48 kPa; *denotes vague residual value as shown by
presented stress ratio-shear movement curves; ! denotes
ratio decreasing at end of test.

4
4

Note: See notes following Table 5.
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4.1

Residual Stress Ratios

4.1.1 Effect of Sand Layer Dimensions
Residual stress ratios versus sand layer thickness are
shown by Figures 1 and 4. Bands of data comprising the
writers’ appraisal of acceptable ranges for residual ratios
are indicated for each combination of materials. (It will be
shown that the development of acceptable residual stress
ratio values requires the selection of proper sand layer

thickness and gap size dimensions).
For Sand
l/Geomembrane 1, the range is 0.45 to 0.49; for Sand
2/Geomembrane 1, the range is 0.61 to 0.69, and for Sand
2/Geomembrane 2, the range is 0.31 to 0.34.
The range of sand layer thickness values for which the
bands of each combination of materials apply is seen to be
from the smallest thickness up to at least 2.5 cm providing
the acceptable range of gap values also exists.
Relatively thick layers are unacceptable for shear box
testing. The residual stress ratios are typically too low
when tc~othick layers are involved. This is largely due to
vertically directed shear stresses arising between the inside
walls of the upper shear box and the sand within as the
Such
sand tries to move upward and downward.
movements are shown by Figures 5. As the sand dilates
during early shear, the shear stresses arising at the walls of
the upper box produce an increased downward force on the
failure surface resulting in a too large peak shear stress.
As shear movement continues and the sand contracts, the
shear stresses at the wall surfaces are reversed.
If the
reversal is not completed when shearing movement is
stopped, either a residual shear stress state will not be
reached, or it will be incorrect. ASTM (1992) provides that
the “stationary” upper box “should be adjustable” to
compensate for deformations of the sand. No definition is
given for “adjustable”.
A different problem exists for the smallest sand layer
thickness for the Sand 2/Geomembrane
1 case shown by
Figure 4. The layer thickness to maximum particle size is
(1 .8cm/0,48cm) or 3.75. ASTM (1992) requires the ratio
to be 6 or larger.
It is surmised that this requirement
allows suftlcient ease for the larger particles to move about
as shearing is ongoing. Thus, the measured residual stress
ratios for the locked in grains of the too thin layer are
higher than the acceptable range even though the gap is
acceptable.

4.1.2 Effects of Gaps and Area Sizes
The size of the gap affects the measured residual stress
ratio. If the gap is too small, the measured residual stress
ratio will be too large or may be cyclic in nature. For Sand
1, Figures 1 shows that the gap must be greater than 0.38
cm; for Sand 2, Figure 4 shows that a gap of 0.53 cm is
large enough; this is also about 0.3 cm larger than Dsj.
This conflicts with ASTM (1992) which allows the gap to

be as small as D8~of the sand.

The sounds of grinding
sand particles during shearing were emitted when the gaps
were too small. All gaps larger than the minimum sizes
were acceptable.
Figures 1 and 4 show that the setup size has no effect on
the acceptable residual stress ratio providing the proper
sand layer dimensions and gap sizes exist. The possibility
of using a shear box of lesser area than the 30.5 x 30.5 cm
standard size is provided by ASTM (1992).
4.2

Peak Stress Ratios

4.2.1 Effect of Sand Layer Dimensions
Peak stress ratios versus sand layer thickness are shown by
Figures 1 and 4. Bands of data showing the ranges in the
peak stress ratios at each value of sand layer thickness can
be envisioned. They have much larger spread than the
bands of acceptable range for residual stress ratios. The
discussion will be limited to the range of acceptable sand
layer thickness associated with acceptable residual stress
ratio behavior, namely, up to 2.5 cm.
The bands of the sand/textured geomembrane
combinations are sloping. The peak values increase with
increasing sand layer thickness. This behavior is surmised
to be due to the volume change behavior during shear
previously described.
With increasing sand layer
thickness, the wall area providing downward stresses
during early shear movements increases and, hence, the
excess normal stress on the failure plane increases.
Because the excess normal stress increases with increasing
sand layer thickness, the peak shear stress does likewise.
Figure 4 shows the peak shear stress ratio does not
increase with sand layer thickness for the samlsmooth
geomembrane case. Figure 5 shows the sand layer
thickness does not experience dilatency during shear,
hence the vertical wall shear stresses are very small. The
failure mechanism is deduced to be sliding of the intact
sand layer over the smooth geomembrane. The creation of
the peak stress ratio is attributed to the angular sand
The smooth
particles biting into the geomembrane.
geomembranes had readily visible scratches in the
direction of travel.
4.2.2 Effects of Gaps and Areas
At any one sand layer thickness, the effect of gap size on
measured peak stress ratios is usually about 0.1 in
magnitude. Usually, the case is that the smallest gap
employed presented the highest peak stress ratio and the
largest gap presented the lowest.
Figures 1 and 4 show that the setup size has no effect on
the band of peak shear stress ratios providing that proper
sand layer dimensions and gap sizes are in effect.
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4.3 A Precarious Failure Envelope Situation

testing of sand/geomembrane

2.
Two
failure
envelopes
developed
from
Sand
l/Geomembrane 1 tests are shown by Figure 2. The
failure envelope using the SM3 setups involves Tests 1.5,
1.12 and 1.13. These test setups meet the previously
presented sand layer dimensions, gap sizes and other setup
criteria. As expected, the residual failure envelope is
within the acceptable range. Figure 2 also shows for the
SM3 setup tests, that residual stress ratios are independent
of the normal stress and peak stress ratios are dependent on
the normal stress.
The failure envelope using the SM1 setups involves Tests
1.25, 1.26, and 1.27. The sand layer thickness is greater
than 2.5 cm; hence, poor test results are anticipated. The
residual stress ratio for the 96 kPa normal stress is too low.
Not shown are the results for six other tests at 24 kPa, 48
kPa and 96 kPa normal stress with gaps of 0.20 and 0.76
cm. The stress ratios for the set at 48 kPa are shown on
Figure 1. These six tests concluded with the stress ratio
decreasing without ever experiencing a true residual case.
Only by a fortuitous chance setup combination of the too
small 0.37 cm gap with the too thick sand layer dimensions
involved did the SM 1 setups produce the precarious
envelope.

movement
curves
for
Sand
ratio-shear
Stress
l/Geomembrane
1, and Sand 2/Geomembrane 2 are
presented by Figures 1 and 3. The stress ratios have not
been corrected for changes in the area of the failure plane.
This is acceptable ASTM (1992).
With the exception of Test 1.16 (the small SM 6 setup),
the peak stress ratios are in fairly good agreement with
those for new style setups having the same sand layer
thickness.
It is very difficult to ascertain the residual stress ratios.
The stress ratio-shear movement curves usually have
decreasing ratios from the peak to the end of the test. The
writers feel old style setups are usually inferior to new
style setups for ascertaining residual stress ratios. But, the
junior writer’s laboratory has produced some stress ratioshear movement curves (with other sands) from which
residual stress ratios were reasonably discerned.
6

New style setups are superior to old style setups for
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5.

6.

7.

conventional 30.5 x 30.5 cm areas does not create any
loss of test data accuracy.

The laboratory testing and publication costs were funded
by GZA Geoenvironmental, Inc. as in-house research. The
writers express their gratitude to Matt Trettel, the
laboratory technician who performed all the tests.
Gratitude is also extended to GSE Lining Technology, Inc.
who provided finding to the senior writer for project
expenses.
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CONCLUSIONS

The following conclusions derive from the described
direct shear testing program using the cited equipment,
normal stresses, materials and setup dimensions and
procedures. Extensions to other situations should only be
made with appropriate considerations.
1.

4.

are used.
For new style setups, the peak stress ratio for each
sand/geomembrane combination is not a unique value.
The value depends on sand layer thickness, gap size,
and normal stress level but not on size of area.
ASTM (1992) promulgates the use of too small gap
sizes. This setup criterion results in too large peak and
residual stress ratio measurements.
For each sand/geomembrrme combination setup, the
improper selection of layer thickness and gap size
dimensions can lead to widely varying improper test
data.
The minimum acceptable thickness of a sand layer is
governed by the size of the largest sand particle. The
maximum acceptable thickness is governed by the
combination of the roughness of the inside walls of the
upper box and the volume change during shear
behavior of the sand.
The use of 15.2x 15.2 cm top box sand areas on lieu of
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3.

combinations.
For new style setups, the residual stress ratio for each
sand/geomembrane
combination is a unique value if
proper sand layer thickness and gap size dimensions
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Evaluation of Soil-Geosynthetics Interaction for Some Landfills in
Algiers
A. Boua-zza
Senior Lecturer, Department of Civil Engineering, Monash university, Melbourne, Victoria Australia
ABSTRACT: The paper presents the results of a study concerning the potential use of geosynthetics in some MSW
kmdtllls in the Algiers (Algeria) area. The study focussed on tie evaluation of interface shear stength between the
different components of the proposed liner. SmWwoven geotextile, sandhon woven geotextile, sa.mlhextured PVC
geomembrane (locally made), and clay/PVC (smooth and textured) geomembrane systems have been investigated.
It was found that efllciency on friction varied from 0.82 to 0.97 for sand&eotextiles and geomembranes systems and
from 0,16 to 1.22 for the clay/geomembranes and geotextiles systems. Locally made textured geomembranes
showed good promise in terms of efficiency and can contribute to a safe disposal of domestic waste. More
importantly, the results showed that a minimum composite liner can be constructed taking into account the
availability of some local materials. Thus avoiding the common practice of dumping the waste in a big open hole
without a minirnaf protection.
KEYWORDS: Geotextiles, Geomembranes,
1

Landtlls,

Liners, Interface friction

INTRODUCTION

The economic boom that most of the industrialised
countries of (he world have experienced in the past has
brought both increased industrial and urban waste
disposal problems. Industrial treatment sludges, along
with an array of other industrial, hazardous and
domestic waste, have been indiscriminately dumped into
either disused rock quarries and sand pits, or in afeas
previously considered to be undesirable. Only minimal
attention has been given to the control of leachate to
prevent spread of contaminants in surface water and
ground water. As a result, the total environmental and
societal costs of Iantillling have for a long time not
realistically been considered. Programs for cleaning up
many old sites, such as those identified by the Superfund
program in the United States and in the contaminated
land inventories in the European Community, have
mainly started over the last decade.
Over the last decade considerable attention has been
focused on environmental issues. Indeed, ground and
gmundwater protection and restoration of contaminated
soils and waters are issues that have come under
incre~ed public scrutiny. It has become necessary to
design and construct safe waste disposal facilities which
employ the best of the available
technologies.
Nowadays, landfill waste containment systems often are
comprised of several layers of geosynthetics and naturaf
soils. Typically, the soil layers are predominantly fine
grained and consists of large amounts of clay. Soils and
geosyxtthetics are used in a liner system to serve as
drainage and collection layers as well as hydraulic
In most systems, the clay layer and a
barriers.
geomembmne are placed in direct contact to form a
composite barrier and to increase the total effectiveness
of the hydraulic barrier to contaminant migration out of
the landfill, Multiple barrier and collection layers are
often combined to provide redundancy to the design.
Hc~wever, in developing countries the above concept of

design is still in its infancy due mainly to the lack of
guidelines, regulations, expertise, or funding. It is worth
noting that funding when available is in competition
with more basic needs such as those for housing,
education or adequate nutrition.
The main problem which prompted the present study
was linked to the state of the main refuse kmdtlll situate
at Oued-Smar 15 kms east of Algiers, Algeria (Figure 1).

ALGIERS
BAY
ALGIERS
El Harrach
Oued El
Harrach

(

Figure, 1 Site location
This landfill receives approximately 580000 t/year of
wastes of afl sorts. The typicaf refuse in the Oued-Smar
landfill consists of 72% food (including, fibres, shells,
etc.), O?io papers, 8% plastics, 4V0 textiles,
glass, and
l%

5 % of other materials

(Bouazza,

1993).

Twenty

years

after its opening, it shows the signs of a poorly designed
landfill. Unpleasant and unhealthy odours are emerging
from the site, repulsive aspects which play a negative
role on the neatness and the protection of the site.
1998 Sixth International Conference on Geosynthetics -459

Furthermore, the UOOr level of leachate migration
control added to h-e fact that it is inadequately lined
resulted in soil and groundwater pollution. There was a
strong need to replace the existing lantilll by a new
lan[~lll with a composite liner,
The work presented in this paper was part of a study
of lining systems for some potential kmtillls to be
constructed around the Algiers area ( Algeria). This
study has been carried out in the prospect of possibly
usage of, locally (Algerian) made PVC geomembranes,
local soils and imported geotextiles in the new
composite liner.

2

MATERIALS

The geosynthetics used in the present study consisted of
woven
geotextile
(GTw),
non-woven
geotextile
(GTnw), textured PVC (GM), and smooth PVC (GM).
The PVC geomembranes were selected because of their
availability locally. The clay used was from the ElHarrach area where the main Algiers landfill is sited.
All samples were taken at a depth of about 4-5 m. The
physical properties from laboratory tests, conducted
according to AFNOR standards methods, are: unit
weight = 17.10 kN/m3, natural moisture content = 12Y0,
optimum moisture content (omc) =14.5%, liquid limit
= 38%, plasticity index = 17%. The mineralogical
analysis of the sample showed that the clay was of a
kaolin type. The sand was a medium clean uniform
It had the following properties:
maximum
sand.
porosity nm = 48 %, minimum porosity n~, = 28~o!
specific gravity G, = 2.65, uniformity coefficient CO=
1.9, shape = subrounded

3

TESTING PROCEDURE

A 100 mm x 100 mm shear box was used to determine
the interface shear strength of the soil/geosynthetics
systems in a non saturated state ( dry condition),
Conventional shear box tests were initially conducted
to ascertain the internal angle of friction of the clay and
the sand. Further shear box tests were then conducted
but with clay or sand in the upper half of the box only,
with the geosynthetic element material in the lower
half. The lower half of the box was occupied by a
hardwood block and the geosynthetic material was
The
glued fmly
to the surface of the block.
geosynthetic was aligned so that shearing occured in a
direction parallel to the longitudinal axis, along
shearing direction. The block was adjusted so that the
surface of the geosynthetic was flush with the top edge
of the bottom half of the box, in order to ensure
shearing could only occur at the interface. The clay
was compacted in the standard proctor mold and then
specimens were trimmed and placed into the upper split
box. Sand samples were prepared by phtviating sand
directly into the upper box to achieve a relative density
460-1998
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(IJof 65%. A normal txessure varyirw from 100 to 400
@a was applied. Th~ shearing rate ~as 0.1 tnm/min.
Once, the samples have been prepared and the desired
normal stress applied, the sample was left for about
thirty minutes to come to equilibrium and then sheared
to failure.

4

RESULTS AND DISCUSSION

The interface shearing resistance between geosynthetic
and soil is generally expressed by two parameters:
1) angle of friction (@dm. .~) due to the friction
between the soil particles and the geosynthetic surface;
2) adhesion (C,) due to the interface force holding soil
particles at the geosynthetic surface, obviously in a
cohesionless soil C,= O.
The contact efficiency, or efficiency on friction, (E)
is then defhted as the ratio of the tangent of the friction
angle (~.m ~ .~) for the soil-geosynthetic interface, to
the tartgent of the friction angle (Q) for the soil alone.
The data reported in this paper were obtained for
normal pressures ranging from 100 IcPa to 400 kpa. The
results obtained with sand are presented in Table 1
while the results obtained with clay afe presented in
Table 2.
It is obvious to see that the friction angle (@.m,x.~)
between geosynthetics and soils are smaller than the
internal angle of friction (~) of soil alone, except for the
GTnw/clay system. In the latter, the shear tests have
generated an efficiency
value well above 1.00,
indicating a perfect contact. This is probably due to the
good interlocking between the clay particles and the
This is further enhanced by the
geotextile fibres.
roughness and the random orientation of the fibres in the
nonwoven geotextile,
A similar behaviottr has been
noticed when testing nonwoven geotextilelpeat interface
The
strength (Bouazza & Djafer-Khodja,
1994).
interface friction angle of non-woven geotextiles
(GTnw) and woven geotextiles (GTw) in contact with
sand is 32° and 34° respectively mobilizing 8970 and 96
% of sand’s friction angle. The interface friction angle
of textured PVC (GM) in contact with sand is 30° and
mobilised 82 70 of the sand friction angle. The above
results indicate that the interface friction angles of
geotextiles and textured PVC (GM) with sand are close
to those obtained for sand alone. The friction angle
between clay and textured PVC (GM) is 22 which
mobilised 73 ‘%o
of the clay friction angle. Whereas the
smooth PVC geomembrane was found to have an
efficiency of approximately 17 YO.The low interface
friction angle value and efficiency attained in the
present case with the smooth PVC (GM) represent a
high risk potential of failure due to slippage (Bottazzz
1996).

for
results
Tablel.
interface
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results
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Table2.
geosynthetics/clay system.
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Pvc
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-

-

C.
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1.22

-
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=--

●..9--U..

20
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Figure 2 shows typicaf d~ect sheaf data for the interface
between the compacted clay and the different types of
PVC (GM). The shear stress is plotted as a function of
the horizontal displacement for a normal stress, ISD= 200
kpa. The measurements indicate that the roughness of
the textured PVC (GM) contributes to the increase in the
amount of the shear resistance at the clay/PVC (GM)
interface. Apparently the rough surface of the textured
PVC (GM) creates better interlocking with the clay
material than the smooth surface of the second PVC
(GM). One can afso notice that the sample with a
textured surface shows a peaking of shear strength at
small displacements of less than 0.8 mm. Whereas the
sample with smooth surface shows a flatter shear
displacement curve. Another feature is also depicted in
Figure.2. Indeed, one can also notice that the residuaf
strength of the soil/smooth PVC (GM) system is ahnost
identical to its peak value. Whereas in the soil/textured

PVC (GM) system the drop horn peak to residual
strength value is more significant.
Composite liners, consisting of compacted clay and
geosynthetic materials, are generally used in MSW
kmdills as they have proved to be an effective barrier
against contamination of soils and groundwaters.
However, the use of a composite liner requires that
greater attention be paid to the stability of the landfill.
The failure of a liner system can be catastrophic in terms
of the harm it can do to the environment and the
monetary cost to the community. The investigation of
the sudden slope failure of the Kettleman Hills waste
landfill in California, USA (Mitchell et al. 1990, Seed et
al., 1990, Byrne et al., 1992) indicated
clearly
that
failure occurred by sliding along one or more interfaces
wiLhin the landfill liner system. The results of the
geosynthetics interface shear test reported by Mitchell et
af. (1990) in connection with the Kett.leman Hills failure
investigation as well as the results reported by Martin

0

1

2

3

Horizontal displacement (mm)

Figure 2: Shear displacement relationship for smooth
and textured PVC (GM) at rsm=200 kpa.
et af (1984), Williams and Houlihan (1986), Negussey et
al. (1989), Pasqualini et al. (1993) and Stark et al.
(1996) are particularly instructive examples of the values
and variabilities of interface shear resistances. However,
published values of interface friction cannot be usecl for
design of a specific project, without at least careful
review of test materials, test conditions and test
methods. For design purposes, an interface friction
should be determined on a site specific basis. The
present results provide some data for the local engineers,
obviously more work needs to be carried out to optimise
any solution to the safe disposal of wastes,
Perhaps more importantly, Giroud et al. (1995)
queried whether a developing country should adopt or
adapt landfill regulations and designs from countries
with stringent environmental regulations. Their answer
was that waiting to construct a landfill with a state of the
art system in a developing country is likely to result, over
time, in more pollution of the environment than
accepting lower standards and immediately constructing
a landfill with a liner built using locaf materials. The
present results show indeed that local materials such as
PVC (GM) and clay or sand can achieve an acceptable
economique
performance
and present
a viable
alternative. However, extreme precautions should be
taken when using PVC geomembranes. Indeed, Masada
et al. (1994) stressed the fact that PVC geomembranes
show rapid aging upon prolonged exposure to leachate
and also that clay/PVC interface shear strength is
susceptible to undergo a large reduction when exposed to
leachate.
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CONCLUSIONS

In the present specific case, it appears that the use of
textured locally made PVC (GM) can alleviate certain
environmental
issues and contribute to the “safe”
disposal of domestic waste. Economically, this is also a
viable alternative for local authorities since the cost of
having a composite liner is reduced.
However, one
should stress that this is not the panacea to all waste
disposal problems in Algeria. Proper regulation should
be put forward. More testing encompassing all aspects
linked to kmdflll design are needed in order to optimise
the locally made material.
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A case history on the use of geosynthetic
reinforcement for remedial action of a Southern California
hazardous waste site is presented. The site consists of twelve pits containing highly acidic organic compounds and oilbased drilling muds. The organic compounds in the pits originated from oil and petroleum sludges, which have high
The selected remedy for the site was to provide long-term isolation of the waste using a
percentages of sulfuric acid.
Selection of the cover system components required
geosynthetic cover system and a soil-bentonite vertical barrier.
consideration of the chemical compatibility between the waste and the geosynthetics and the ability of the cover to
withstand differential settlement of the underlying wastes. The paper discusses the chemical compatibility test program,
design and construction of the reinforced cover system used for this project and lessons learned during construction.
ABSTRACT:

KEYWORDS:
I

Reinforcement,

Differential

Settlement, Geogrid, Geocell, Chemical Compatibility.

INTRODUCTION

This paper presents a case history of the design and
construction of a reinforced geosynthetic cover system at a
The paper
Southern California hazardous waste site.
presents: (i) background information of the site; (ii) design
considerations for the remedial action; (iii) the chemical
compatibility testing program used to evaluate the longterm durability of the components of the cover system; and
(iv) issues which arose during construction.
‘)

BACKGROUND

Twelve pits containing petroleum sludges and oil-based
dri Iling muds exist at the site. The sludges were generated
by the production of high-octane aviation fuel and were
placed in the pits between 1942 and 1946. Between 1952
and 1964, the site was used for disposal
of oil-based
dri II ing muds. These wastes and their reaction products and
byproducts are found as liquid, gas and solid phases within
the pits. At the time of deposition, essentially all of the
waste materials were mobile. Over time, much of the waste
has hardened.
Since deposition, the wastes have been
present at the site without an engineered containment
system, During the post-deposition period, occasional tar
seeps and malodorous gaseous emissions emanated from
the pits.
The solid and semi-solid material present in the pits
consist of a thin layer of surface soil having a thickness
between 0.8 and 1.7m, soil mixed with waste, drilling Imuds
and soft flowable tar varying in thickness between 0.3 and
2.(ml,
and solidified waste having a measured thickness

from 0.6 to 7.8m. These materials are neither present in
equal proportions or are they distributed evenly within the
pits.
The drilling muds are a thixotropic semi-solid sludge,
which can behave as a very viscous fluid. The tar portion
of the waste is a black, moist, viscous material with the
potential for mobility.
Flowable tarry waste had seeped
through the overburden
soil cover to the surface at
approximately fifty locations within nine of the twelve pits.
Figure 1 shows one of the waste seeps observed at the site.
The tar emerged to the surface in a viscous state but
solidified following exposure to the atmosphere into a
glassy substance that exhibited a tendency to fracture. The
solidified waste, the predominant content of the pits, is a
hard. friable immobile material that is the end product of a
series of chemical reactions that have occurred among the
various materials within the pits.
Beneath the pits are native soils consisting of thin beds
of intermixed sands, silts and clays. There is no engineered
lining system beneath the pits. However, the solidified
waste is anticipated to act in a manner similar to an asphalt
liner. The regional groundwater table is located 43 to 73rn
beneath the pits. There are isolated, transient lenses of
perched water around the site at elevations higher than the
regional groundwater table.
The source of the perched
water is likely infiltration and leaking drainage culverts.
The highest transient lens of perched water is 3m below the
bottom

ot the deepest

pit.

Key considerations of the selected source remedy for the
site were to: (i) provide a cover system that includes a
barrier layer and a gas collection and treatment sy.wem over
the pits to minimize infiltration of water and release of
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In these areas, a cellular confinement system (geocell) was
used because the stiffness of the three-dimensional
geocell
is greater than that of two dimensional sheet reinforcement
(i.e., geogrid) and does not require initial deformation to
support the design loads. Over the pits that did not contain
drilling

mud,

the design

for the golf course.

allowed

placement

In these areas, gerrgrid

of 4.6m

of fill

rei ntorcement

was used.
Further complicating the design was the highly acidic
nature of the waste, derived from sulfuric-based petroleum
sludges.
As many materials typically used for cover
systems perform poorly in a highly acidic environment,
material selection was based on a chemical compatibility
testing program.
Figure
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DESIGN CONSIDERATIONS

3
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system
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slopes at the site required
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achieve
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walls
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the drilling
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sufficiently

to
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system
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over
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that
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could

of the cover

system.

muds of variable
generate

by the

to moderate

thickness

significant

stresses on the barrier

were

differential
layer of the

due to differential
settlement, it was concluded that reinforcement was needed
beneath the cover system.
Two types of reinforcement
were used based on the varying overburden
stresses
proposed.
Over the pits containing high percentages of
drilling muds, the cover system stress on these materials

cover

system

was limited
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CHEMICAL

COMPATIBILITY

Due to the nature of the wastes and the extent of
reactions and transformations occurring in the pits, many
constituents of the waste exist at varying concentrations in
different
phases.
Of particular
importance
to the
constituent interactions are the sulfur compounds found in
the liquid phase of the waste. These sulfur compounds are
the result of catalyst-based
reactions involvin~ various
organics, acidic clays, and the sulfate anion. The origin of
the sulfur within the pits is the petroleum sludges. Typical
acid concentration for these sludges was 90 percent sulfuric
acid when initially placed in the pits, but is believed to be
less now since reactions with organics and infiltrating
precipitation have been occurring over time. The pH of the
waste averaged 3.5, and ranged from 1 to 8.1, depending on
the composition of the waste at the sampling location.
Selection of the materials to be used in the chemical
compatibility program was based on a literature :search on
chemical resistance of polymeric materials. Based on the
very low pH of the waste, polyethylene materials were
selected. However, the literature review indicated that the
organic compounds
in the waste could be soluble in
polyethylene,
leading to a decrease in strength and an
increase in ductility. Furthermore, the polyethylene could
oxidize in the presence of the waste, leading tc, possible
environmental stress cracking. Accordingly, both chemical
exposure and environmental
stress cracking tests were
conducted on the polyethylene materials proposed for use
in the cover system.
Due to the unsaturated conditions in the waste, it was
not possible to obtain enough liquid from within [he pits to
perform laboratory analysis.
However, a waste-derived
liquid was prepared from samples of the waste for use in
the chemical compatibility program.
This wasle-derived
liquid (WDL) had a pH of less than one. Samples of the
polyethylene geomembrane and geocell proposed for use
were placed in exposure tanks containing both the wastederived liquid and tlowable tar.
Polyethylene geogrid
samples were not tested as the proposed material had a

higher density
than the geomembrane
and geocell
materials, and hence was considered to be more resistant.
However,

it was agreed

in the geomembrane
equally

that any strength

and geocell

samples

reduction
would

Figure

2 shows

the influence

liquid and tar exposure

of both waste-derived

on the .geomembrane.

noticed

be applied

in the design of the geogrid.
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After 400 hours of exposure, the
tests were terminated. No samples had tensile breaks prior
to the 400 hour testing duration, suggesting that the stress
crack resistance
of the materials ww still adequate
following waste exposure.
Based on the results of the chemical compatibility
program, reduction factors were included in the design of
the reinforcement
materials.
Where waste exposure was
considered to be possible, reduction factors of up to fifty
percent
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CONSTRUCTION
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Figure 4- One of the reinforced earth structures completed
during construction. Galvanized wire baskets were used to
form the geogrid
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High-Strength Aramid Geogrids to Prevent Sliding On Steep Landfill :Basal
Slopes
A. Phmkel
Dipl.-Ing., Plankel, Pelzl & Partner, Lauterach, Austria
D. Alexiew
Dr.-Ing., HUESKER Synthetic GmbH & Co., Gescher, Germany
ABSTRACT: A landfill with
ensure the sliding stability of
kN/m and 550 kN/m ultimate
such geogrids as ‘antisliding’
rations, and first measurement
KEYWORDS:
1

steep basal slopes of IV:2H is in the stage of tilling. High-strength geogrids are required to
the drainage gravel layers and parts of the waste. For some slopes aramid geogrids with 1200
tensile strength at less than 3 % ultimate strain have been selected. It is the first application of
reinforcement on landfill slopes. Formulation of the problem, general philosophy and consideresults are presented.

Geogrids, Landfills, Slope stabilization,

Measurements,

INTRODUCTION

For basal and capping systems of landfills multilayered
structures consisting of soils and different geosynthetics are
used. A world-wide overview of standardized solutions can
be found, e.g. in Van Impe et al., 1996, the typical German
solutions, which are similar to those in Austria, e.g. in Gartung, 1995, and alternative actual solutions e.g. in Alexiew
et al., 1995, Alexiew and Sobolewski,
1997. All these
‘sandwiched systems’ have a common characteristic: they
comprise some interfaces, in which the shear resistance
could be lower than in the soils and geosynthetics themselves. The interface with the lowest resistance controls the
sliding stability of multilayered slopes. If the shear resistance is not suftlcient, the layers above this critical plane
would slide downwards. In practice, a reliable solution is to
lay an appropriate geogrid in the (soil)layers tending to
slide on the critical plane. The geogrid has to be installed on
the entire slope from the toe up to the crest, reinforcing
throughout the layer, and anchored.
Recommendations are given e.g. in Alexiew, 1994, calculation procedures among many others in Koemer, 1994,
Alexiew, 1994, and Alexiew and Sobolewski, 1997. The
problem is shown in general in Figure 1, for a typical case.

2

GENERAL CONSIDERATIONS
FOR
REINFORCEMENT
AGAINST SLIDING

2.1

Importance of Interaction (’Why a geogrid?’)

A geogrid is recommended as reinforcement due to the high
coefficient of interaction (bond coefficient) to the mineral
layer to be reinforced and prevented from sliding.
The definition for geogrids (IGS, 1996) asks for mesh
sizes larger than the constituents (bundles, strips, ribs etc.),
which is the most important condition to ensure good interaction. Soil-grading related criteria are used also, e.g. Bm 2
3.5 x d~o (Koerner, 1994, p. 338) or a 2 1.67 x d~o (DB
AG-TL, 1997), where BGG or a is the minimum mesh size

High-Strength

respectively; dw and/or dw is the grain size of soil for 50%
and 80% passing, respectively. Contrarily to Kocmer, 1994,
p. 386 and Mannsbart, 1996, no geotextile or geocomposite
witbout open aperture should be used because of the risk of
insufilcient bond, especially for saturated conditions accompanied by seepage pressure. For example, the use of
woven geotextile as soil reinforcement in a multilayered
system on a German landfill resulted in a general ‘landslide’
just around a month after installation. At the same time,
geogrid reinforcements
have been successful] y used for
both very long or very steep permanent slopes (Martin and
Simac, 1995, Alexiew and Sobolewski, 1997).
2.2

Importance of Displacements

and Strains

Simplified limit equilibrium analyses are mostly used for
stability calculations, taking into consideration the driving
and retaining forces along the entire slope, and resulting in
one single scalar equation. The tilving forces are generated
by weight and seepage (and building machines in the construction stage), the retaining ones by friction, adhesion
(which has to be assumed very carefully, if at all) and, if
necessary for stability by the retaining force” in the geogrid
(Figure 1).
Despiting some details, all calculation methods of this
type usually have a common characteristic: all elements of
the multilayered system are assumed to be absolutely stiff.
Only force equilibrium is beeing analysed without taking
into account displacements and strains.
Strictly speaking, such a concept is not fully correct
(Long at al., 1994; Alexiew, 1994) Displacement compatibility (say limitation of sliding displacements in this case) is
an important matter. Large displacements could result in
reduction of interface shear resistance from ‘peak’ to
‘residual’ values, followed by loss of stability, c~rin tension
stresses in the underlayed geomembrane, which is usually
not allowed, etc.
Consequently, not only the strength, but the strain of a
geogrid can control the design.
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2.4
7SOIL LAYER E.G. GRAVEL
GEOGRID
PROTECTIVE
GEOSYNTHETIC
GEOMEMBRANE
ISOIL LAYER
\ /’-cREST
RETAINING
FORCE

As stated earlier, the most calculation procedures to determine the required force in the geogrid on a slope are based
on simple equilibrium analyses. Advanced FEM-analyses
are used by way of exception. Note, that the scatter of input
parameters for design are of great importance for the results
(e. g. required reinforcement force), and may have even a
greater influence than the calculation method itself. In particular, a really exact stability calculation of a lamdfill basal
slope seams very difficult because of feature of waste
(scattering parameters, compaction, unsteady seepage etc.)
Thus, assumptions and safety factors have to be set on the
safer side (resulting in a stronger geogrid).

+.

TOE

INTERFACE

Figure
case

1. Geogrid

reinforcement

against

sliding:

3.

LANDFILL BOSCHISTOBEL: STEEP
MULTILAYERED BASAL SLOPES

3.1

Project Description

typical

From the theoretical point of view the ideal geogrid
should mobilize the maximum tensile force at nearly zero
strains, and should have zero additional long-term strain due
to creep. Note, that the second condition (low creep) is
more important (Alexiew, 1994), because the major part of
short-term strains takes place usually during installation of
the soil layer (Figure 1) by heavy equipment. During this
process the layer tends to slide, and stresses the geogrid. In
this way, until end of construction, the short-term strains are
‘pre-consumed’, tacitly compensated, and thus, of secondary importance. So, for a veneer slope, after completion
only creep strain under the long-term constant load is of
importance. Basal slopes are stepwise additionally loaded
even after completion of drainage layer by the waste being
filled, thus alternately short-term and creep stains can take
place.
Geogrids, meeting perfectly all the ‘ideal’ conditions
mentioned above, are not available yet. Nevertheless, a
classification can be made in order of best-fitting the ‘ideal
geogrid :
- aramid (both short-term and long-term strains (creep) are
extremely low);
- high-tenacity polyester (short-term strain is relatively low,
long-term strain (creep) is very low);
- high-density polyethylene, drawn (short-term strain is low,
long-term strain (creep) is relatively high).
2.3

Reliability of Design Calculations

The landfill Boschistobel in the region Vorarlberg in Austria is located at the base of a steep mountain slope. This
circumstance results in steep ( 1V:2H) and long (up to 160
m) slopes for nearly the half of the landfill area (Figure 2
and 3). The interface ‘protective non-woven / I-IIDPE liner’
coltrols the sliding stability. The latter is unsut%cient not
only due to slope steepness, but additionally due to horizontal base inclination required for drainage.
The slope multilayered system (Figure 4) is beeing constructed up from berm to berm depending on thle filling of
waste. More information can be found in Fock and Plankel,
1996.
—ozo406080100

Influence of Temperature

At the basal slopes of municipal waste disposals relatively
high temperature can develop due to biological degradation
of waste. Increasing temperature reduces the moduli and
increases the creep tendency of geosynthetics, resulting in
higher strains or creep rupture without increase of external
load. Aramid and high-tenacity polyester are nearly insensitive to this phenomenon; for polyethylene and polypropylene the reduction of moduli and the increase of creep are
noticeable.
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1 .......... GEOGRID POLYESTER 550/1S0-30
2 .......... GEOGRID ARAMID S50/10b-30
3 .......... GEOGRID ARAMID 1200/50-10
MQ ...... MONITORING PROFILES

Figure 2. Situation of the Landfill
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Figure 4. Monitoring Profile

Two groups of stability analyses have been performed.
The fmt one comprises only the local sliding stability of the
slope with the drainage gravel layer. The second one comprises the global stability of slope, base and waste fill for
different stages. The analyses resulted for slope ‘A’(Figure
4) in a geogrid with 1200 kN/m ultimate tensile strength
(UTS), and for slope ‘B’ in a geogrid with 550 kN/m UTS.
3.2

Aramid Geogrids

For the entire slope ‘A’ (Figure 4 and position 3 in Figure 2)
an ararnid geqg-id with 1200 kN/m I-ITS (Fortrac@ 1200/50-10)
was selected.

This geogrid had been primarily developed and applied
to solve problems with overbridging sinkholes already in
1993 (Alexiew, 1997), being the first one in tlhis class of
strength. For slope ‘B’ an aramid geogrid with an UTS of
550 kN/m (Fortrac@ 550/100-30) was chosen (position 2 in
Figure 2), and a polyester geogrid with 550 kN/m UTS also
on adjacent sections.
Both ararnid geogrids are knitted (unfortunately, in Fock
and Plankel, 1996, they are incidentally described as
woven). Even the 1200-geogrid meets the criterion (IGS,
1996) for constituents to be thinner than the medh size.
The exact stress-strain curves of the geogrids are shown
in Figure 5.
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Upper line:’1200’,

lower line: t550’

data are presented so far because of the lack of any information on the behavior of extremely high-strength geogrids
under the conditions described.
3.4

Test Results and Preliminary Analysis

The bulk density of the waste was determined by a comparison of volume and registered weight. The waste volume in
different stages of the filling was determined by geodetical
survey. The average bulk density amounts to y = 10 kN/m3
and y = 11 kN/m3 for lower and larger fill heights, respectively. Thus, for the ‘vertical load’ lines in Figures 7 and 8
y = 10 kN/ms is set. Note, that for design calculations

0

2

1

3

Strain (%)
Figure5. Stress strain curves fortbearamid
and 1200

geogrids 550

y= 12 klWmJ has been assumed.
Filling of waste and temperature on top (T 1) and bottom (T 7) of the drainage layer is shown in Figure 6. After a
rapid raise of temperature within the first two months the
temperature stayed almost constant during a period of 1.5
years. The temperature sensor on the geogrid (i.e. bottom of
the drainage layer) shows values from 30 to 36 “C, the sensor on top of the drainage layer shows temperatures
from 32
.
to 39

“c.

Due to their mechanical behavior (very high tensile
stiffness and very low creep strain) the aramid geogrids are
close to the ‘ideal’ as mentioned in Section 2.2. Although the
stability analysis applied does not take into consideration
displacements and elongation, limitation of deformations to
a possible minimum has been an important aim of design in
this case according to the considerations in Section 2.2.
3.3

.,- 160
140

Measurement Program

At the slopes of the landfill Boschistobel a measurement
program is being performed. The focal point in this paper is
the behavior of the sections with the aramid geogrids: for
the aramid geogrid 1200 the lower part (slope A) of the
measurement profile MQ 1 on Figure 2, and for the ararnid
geogrid 550 the upper part (slope B) of MQ 2 in Figure 2.
The aims are:
- to register the strains of both aramid geogrids;
- to monitor the pressures in the gravel layer normal and
parallel to the slope plane;
- to register the temperature in the geogrid-reinforced gravel
layer (upper and lower side).
The data should clarify the real behavior of the aramid
geogrids (e.g. are they really minimizing deformations on
the slopes under increased temperature also), the correctness of design assumptions and simplified dimensioning
procedures.
The strains
of the geogrids are measured by
strain gauges fixed directly on them, with a measurement
basis of 1000 mm and 0.01 mm sensitivity, which is important for high-modular geogrids. The pressures in the gravel
layer are monitored by pneumatic cells both normal and
tangential to the slope. The measurements were started in
January 1996 parallel to waste filling. The gauges are depicted in Figure 4.
Because the filling of waste progresses slowlier than expected, a final data set is not available yet. Nevertheless, the
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The strains reached a maximum of & = 0,61 % in the
aramid geogrid 1200/50-10 on slope ‘A’ at a vertical load
of approximately 120 kN/m2 (Figure 7). Although in winter
1996/97 the load was increased by 15-20 kN/m2 (i.e. 1520 %) the strain in the geogrid did not increase significantly. Under ‘vertical load’ the vertical load just over the
points E 1 and E 5 respectively is mentioned.
In the aramid geogrid 550/100-30 (slope ‘B’) the strains
reached a maximum of e = 0,32 % at a vertical load of 50
kN/m2 (Figure 8).
At the beginnig of the filling of waste strains increased
rapidly up to 0,2 ~0. From July to December 1.996 strains
increased up to &= 0,2870 without increasing of load.
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Figure 7. Development
of vertical load above E 1 and
strain in geogrid 1200/50-10

Figure 8. Development

After December 1996 the load was increased by approximately 12 kN/m2 (i.e. – 20%), the strains in the geogrid increased only by 10- 1590.
It is known, that the aramid geogrids used are practically
insensitive to the registered temperatures of about 30 “C to
35 “C and to creephelaxation also for the period treated.
Therefore, the short-term stress-strain relations may be used
to determine the tensile forces in this case exactly enough
for engineering purposes.
Accordingly, the tensile force is around 400 kN/m for
slope A and around 45 kN/m for slope B. The corresponding stress ratio SR (mobilized
force/UTS) amounts to SRA
=30 % (geogrid 1200) and SR~ = 8 % (geogrid 550). Thus,
the relation of stress ratios is SRA/SR~ = 30 %/8% = 3.75.
On the other hand, the ratio of mobilized force vs. vertical load (say waste height above measurement point) ~ is
for slope ACA=400/115
= 3.48 and for slope B ~~ = 45/50
= 0.90, respectively (dimensions are intentionally ignored).
Thus, the relation CAI ~ amounts to 3.48/0.90= 3.87, which
is nearly equal to 3.75 (=SRA/SRB, see above). Consequently, the registered response of both aramid geogrids is
analogous, and data sets harmonize well.
For slope A the stress ratio of about 30 % is in acceptable agreement with the simplified calculation methods,
parameter assumptions and (relatively conservative) factors
of safety applied in design (Sections 2.4 and 3.1).
For slope B the registered stress ratio of around 8 % is
surprisingly low to date, and the value of ~B also. Underestimation of shear interface resistance on the textured HDPEliner here, or overestimation of the load by waste could be
the reasons. It is quite possible that the waste redistributes
the load downslope, or that the geogrid needs more time for
full response corresponding to ‘delayed’ waste self- compaction.The development
of load by waste, geogrid strain

and stresses in the gravel are shown in Figure 9 for the zone
E 5 (Figure 4). The pressure cells indicate a ‘delayed’ increase of stresses without increase of waste height, in the
same periods, which seems to be an indication of timedepending redistributions in the waste.
A vertical load (i.e. weight of waste) of 50 khl/mZ should
result in a pressure normal to the slope plane of (s~ = 50 cos
26,50 = 44,7 kN/m2 and pressure parallel to the slope plane
of Cl = 50 sin 26,50 = 24,4 kN/mz. The measurements in
June 1997 show values of CT,= 55 kNlm2 and at = 19
kN/m2, indicating a good correspondence with theoretical
values (with some delay),

of vertical load abov: E 5 and

strain in geogrid 550/100-30

80

~T

I

0’4

Figure 9. Development of strain, tangential pressure, normal
pressure and vertical load above E 5
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4.

CONCLUSION

Gartung, E., 1995, “German Practice in Landfill”, lGS
Lundfill Containment Seminar, Glasgow 1995.

Aramid geogrids with 1200 kN/m and 550 ldWm UTS and
ulitmate strain of 2 % to 3 921have been used for the first
time on steep landfill basal slopes.
The aim is to ensure local (gravel layer) and global
(waste fill) stability against sliding at low displacements.
Pressures, strains and temperature are beeing measured.
The following conclusions can be made to date:
- the geogrids used really ensure sufficient stability at very
low displacements at increased temperatures
- the good agreement of geogrid strains in the drainage
gravel layer and progress of waste falling on it indicates a
perfect bond of the geogrids
- the stress ratio of the 1200-geogrid on a slope with
smooth HDPE-liner corresponds well to the design assumptions; the simplified design calculations (equilibrium of
forces only, displacement compatibility ignored) seem to be
acceptable, at least for th extremely high-modulus reinforcement used
- the stress ratio of the 550 geogrid on a slope with textured
HDPE-liner is lower than expected; high interface shear
resistance andlor downslope waste load redistribution could
be the reasons
- the measured pressures in the drainage layer correspond
well with the calculated ones by simple equilibrium analyses.
- the temperatures in the drainage layer are relatively low
for a municipal landfill base (convection on the slope)
The measurements are going on. Further long-terms data
will be reported later.
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Landfill Closure Using Reinforced Soil Slopes
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Associate, GeoSyntec Consultants, Atlan@ Georgia, USA
Kara L. Olen
Formerly of GeoSyntec Consultants, Atlanta, Georgia, USA
ABSTRACT

Through the innovative use of reinforced soil slopes and a shingled geomembrane

hazardous waste landfill was capped in an economical

manner.

liner, a steep-sided

This paper presents a case history describing the

technical solution to the difficult task of construction of a capping system over a steep waste mound which was up to
42 m above the surrounding ground surface and where only limited regrading was possible. Stability issues associated
with the design of reinforced soil slope modules and the arrangement of modules to achieve global stability are
discussed.
KEYWORDS: Caps and closures, Case study, Geogrids, Reinforcement, Steep slope.
1

INTRODUCTION

The Town of Babylon Landfill is located in Suffolk
County, Long Island, New York. The site, an inactive
hazardous waste landfill, covers approximately 19 ha and
has waste deposits down to21 m below and up to 42 m
above the surrounding ground surface. The steepness of
existing waste slopes, some of which were up to 1
horizontal to 2 vertical (1H:2V) and which averaged
steeper than 2H: IV, prevented capping using a
conventionally designed final cover system due to
restrictions on waste regrading. Regrading of the landfill
to achieve slopes on which a conventional cover system
could be constructed was not possible due to limits on the
final landfill height and lack of alternate kmdfilling
locations for the excavated waste.
tn consultation with the New York State
Department of Environmental Conservation (NYSDEC),
an innovative system of reinforced soil slopes was
selected from alternatives presented in a focused
feasibility study (GeoSyntec, 1992). The Record of
Decision described these slopes as, “...a multiple-tiered
reinforced soil wall bench system.
covered

with

geomembrane
geomembrane
reinforced soil

a

final

cover

Each bench will be
system...,

using

a

as the hydraulic barrier, with additional
incorporated
within
the
sections
walls

to create

a shingled

~draulic

barrier over the covered slopes.”
The final closure system design for the steeper slope
sections

incorporated

a shingled

geomembrane

within

geogrid-reinforced soil slope modules.
The project
included a total length of approximately 4,300 m of these
modules which were up to 6.1 m high. In the most
critical section, the reinforced soil slope modules were
stacked to a total height of about 36 m. l%> design
minimized infiltration of precipitation and release of
landfill gas even though the geomembrane was not
continuous throughout the cap. A discussion of the final
closure system in conventionally capped areas and how
the total system fimctioned to minimize infiltration,
control landfill gas release, and manage surface-water
runoff is presented elsewhere (Cargill and Olen, 1997).
The area of final closure at the Town of Babylon Landfill
is shown in Figure 1 where reinforced soil slopes are
highlighted.
2

REINFORCED SLOPE MODULE DESIGN

While stability is the most important factor in the design
of the reinforced soil slopes, other factors also played a
role in the final selection of a slope cross section profile
at the Town of Babylon Landfill. Minimization of
excavation was required due to the classification of the
landfill as a Class 2 inactive hazardous waste site.
Minimization of waste excavation required consideration
of additional fill requirements, landfill boundaries, and
cost. These requirements were optimized in the final
design by establishing and using a variety of soil slope
standard sections, or modules, which could be stacked as
required to closely match the existing slopes.
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Figure 1. Town of Babylon Landfill area of closure and location of reinforced soil slopes,
These modules were fwst designed for individual

during slope construction and access for vehicles during

stability and then assembled into stable configurations of

post-closure maintenance.
The arrangement of the various slope modules was

multiple modules best fitting the existing landfill slope
and also minimizing

both

required

excavation

and

dependent on the geometry of existing landfill dopes on

placement of additional fill behind the reinforced soil

which they were built.

slopes. The face slope of the three basic modules used in

given to building steeper modules at the lower elevations

Where possible, preference was

A standard

and less steep modules higher on the landfill in order to

maximum height of 6.1 m was chosen for the modules in

provide a more gradual tie-in to the flatter slopes at the

order to comply with the state requirements (NYSDEC,

top of the landfill. However, the specific geometry of the

the design are 1H:2V, lH: 1.5V, and lH: lV.

1988) that the vertical distance between drainage swales

existing slopes often were better suited to a configuration

not exceed 6.1 m for slopes steeper than 3H: lV.

of steeper slopes at the higher elevations.

A

standard top bench width of 6.1 m was selected to
provide space for a drainage swale between the slope

design contained both configurations.

shoulder and the toe of the next slope module. This
width also provided space for equipment to maneuver

reinforcement

The

method

preliminary
methodology
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of

analysis

used

Thus, the final
for

was a two-phase process.
reinforcement
design
based
presented

in

the

Federal

design of
First, a
on

the

Highway

Administration
(FHWA)
Geotextile
Engineering
Workshop (1989) was performed. The FHWA method is

Module

based on design charts from which a horizontal tensile
reinforcement force and length of reinforcement are

1H:2V

calculated.
in detail

Second, the preliminary design was analyzed
by

the methodology

incorporated

computer slope stability program XSTABL
1992).

The purpose of the detailed

Upper 2/3 of Slope

Lower 1/3 of Slope

1.36 m

0.82 m

lH:l.5V

1.84 m

l.10m

lH:lV

2.83 m

1.70 m

in the
(Sharrn~

design was to

minimize the module section, and thus minimize

any

In order to use the reinforcement

efficiently,

a

secondary reinforcement was specified to wrap individual
steps in the slope face and where primary reinforcement

required waste excavation, and to check the actual factor

was

of safety based on selected reinforcement

length and

appearance and provide slope face stability and erosion

spacing.

If the actual factor of safety did not meet the

resistance, a maximum secondary reinforcement spacing

required

minimum

of 0.46 m was selected. The final spacing selected for
primary reinforcement was:

factor

of

safety,

reinforcement

spacing and lengths were adjusted and the second step

not required.

To

maintain

a uniform

slope

repeated.
Material properties selected for the reinforced soil

Module

Upper 2/3 of Slope

slope design were based on laboratory testing of locally

1H:2V

available soils and typical geosynthetic

lH:l.5V

0.91 m
1.37m

lH:IV

1.37m

reinforcement

strengths. The laboratory testing of a bank-run, silty sand

Lower 1/3 of Slope
0.46 m
0.91 m
1.37 m

from a local pit indicated a minimum fiktion angle, $, of
31° and a cohesion intercept of 184 kN/m2. For the slope
design, $ = 31° and c = O kN/m2 were used.
The
allowable geosynthetic tensile strength selected for
design after reduction for creep and other typical factors
of safety for construction and environmental factors was
20.4 kN/m. Based on a review of geosynthetic product
literature, this value was considered reasonable and
attainable.

As a part of the contract specifications,

contractor was required to submit evidence

Using the above final primary reinforcement
spacing and a reinforcement length of 3.96 m, the factors
of safety for reinforcement and for block sliding of the
slope modules was calculated by XSTABL.
the calculations are summarized below:

the

Module

that the

1H:2V
lH:l.5V

geosynthetic reinforcement used met the minimum
allowable strength. The contractor selected high-density

Reinforcement
Factor of Safety

Sliding Block
Factor of Safety
2.5

2.6

2.0
2.0

IH:lV

Results of

1.8
1.3

polyethylene (HDPE) geogrids.
4
3

MODULE CONSTRUCTION

“MODULE STABILITY

Figure 2 shows the arrangement of the primary and
Each of the slope modules was initially designed for a
minimum factor of safety of 1.25.
was recommended

This factor of safety

in the focused feasibility study and

approved by NYSDEC.

It was considered adequate since

secondary reinforcement in a slope module. The primary
reinforcement consisted of a uniaxial HDPE geogrid and
the

secondary

geogrid.

reinforcement

was

The shingled geomembrane

HDPE

hydraulic barrier,

the reinforced slopes were constructed on existing stable

gas management

waste slopes and a detailed program of construction

atop each module are also indicated in the figure.

quality assurance was planned.

components,

a biaxial

and the drainage swale

The actual factor of

safety was greater than the design value of 1.25 because
of the actual number of geosynthetic
layers.

reinforcement

The final factor of safety for each module was

calculated based on the required tension forces indicated
by the XSTABL analysis.
The preliminary maximum reinforcement

spacing

for each module was calculated using the FHWA method
for a FS = 1.25 and resulted in the following:
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Figure 4. Reinforced soil slope faces with secondary

GE~oM~s,TE

reinforcement wrap and wire mesh formwork.

Figure2. Slope module geometry andreinforcement
A reinforced soil slope module under construction is

arrangement.

shown in Figure 5. This module is located on the eastern
slope face setback and was used to wrap the slope face

side of the landfill. The level of primary and secondary
reinforcement shown in the photograph is approximately

for erosion protection as shown in Figure 3.

10 m above the street level shown on the right in the

The secondary reinforcement was installed at each
Figure 3

also shows how the secondary reinforcement was used to
wrap the slope face and support a wedge of topsoil within
a seeded erosion control mat until vegetation could be
established.

photograph and illustrates the proximity of the landfill to
the public road. The reinforcement is in the second
module going up the slope.

1,6SmMIN

VARIES

,,

~SECONOARY

REINFORCEMENT

SEEDED
EROSION
COWLQOL
BtiNKET

TOPSOIL-

=

PRIMARY

REINFORCEMENT

Figure 5. Module construction on eastern landfill slope

Figure 3. Typical reinforced soil slope face wrap.
Slope

face

support

during

construction

looking north.
was

provided by a welded wire fabric which was allowed to
remain in place after construction.

Figure 4 shows the

wire mesh formwork and initial vegetation on the slope
face.
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The system of reinforced soil slope modules under
construction on the western slope is shown in Figure 6.
The photograph illustrates the proximity of the landfill to
the

incinerator

facility

shown

on

the

photograph and the existing slope steepness.
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left

in the

slopes at the Town of Babylon Landfill.

A critical cross

section of the assembled reinforced slope modules on the
eastern side of the landfill as indicated by Section AA in
Figure 1 is shown in Figure 7 along with the trace of the
potential failure surface.

The calculated factor of safety

for this surface was 1.3.
A photograph

of the completed

reinforced

soil

slopes on the eastern side of the kmdfill looking west is
Figure 6. Module system construction on western landfill

in the photograph.
A photograph of the
completed reinforced soil slopes on the western side of

slope looking north.
5

shown in Figure 8. Three soil slope modules are shown
stacked

the landfill looking north is shown in Figure 9. This is

GLOBAL STABILITY

approximately the same area shown in Figure 6 during
The final arrangement

of the reinforced

soil

slope

modules in plan view for the Town of Babylon Landfill is
shown in Figure 1. Once the system of reinforced soil
slope modules was assembled in the most efticient

construction. Also seen in the photograph is the layout of
drainage swales and downchutes for storm
management of the landfill final closure system.

water

manner for cut and fill minimization, the global stability
of the overall slope was also calculated using XSTABL.
For this calculation, a waste strength of 1$= 28° and c = 5
kN/m2 was used. This waste strength was selected based
on published values (Landva and Clark, 1990, Singh and
Murphy, 1990) and a back analysis of several existing

o

30m

60m

150

90m

Figure 7. Critical cross-section through waste mound. (Section AA from Figure 1.)
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ABSTFL4CT: Slope stability is an important concern in the design of waste containment facilities eauiuped
. ..
engineering solution consists of placing a high-strength geosynthetic
sophisticated lining and cover systems. h
reinforcement into the cover layer above tie low fiction angle interface. In order to simulate in situ conditions of
geosymhetic lining systems (low confining stress, gravity load control), an experimental research was conducted on an
inclined plane apparatus with a large size testing box (100 cm x 70 cm x 30 cm). A numerical simulation of the laboratory
experiments with a 2D Finite Element model and a lD Finite Difference model was ako carried out in order to provide a
tine interpretation of experimental &ta.
KEYWORDS: Geosynthetic
Difference Method.

1

Lining System, Inclined Plane, Geosynthetic rein.forcemenL Finite Element MethoL Finite

INTRODUCTION
2

Recent landfills usually include composite systems - more
or less complex - made of soil layers (veneer, drainage)
and geosynthetics (geomembmne, geonet, geotextile) in
order to isolate waste born environment.
Low storage capacities or small available areas lead
sometimes to the choice of high angles and lengths for the
waste fill slopes. This results in a potential sliding failure
due to an insufficient shear strength or in an excessive
deformation of components which, with a short or long
term evolution of geosynthetics and interfaces parameters,
cm be harmfid to the protection function. To avoid
stability problems, a solution consists in reinforcing the
geosynthetic lining system with a geosymthetic such as a
geotextile or a geogrid.
This paper deals with reinforcement by inclusion of a
geosynthetic within the soil layer. This technique of
reinforcement has been investigated by means of an
inclined plane apparatus devised at the Lirigm, which
reproduces the field working conditions : low confinement
and gravity load control.
models
have been
Concurrently,
two numerical
developed in order to provide a fine interpretation of
experimental data. Validity of interface characterization on
inclined plane device and the fact of taking into
consideration interface nonlinearity in the models are
evaluated by comparison with experimental data.

THE LABOIL4TORY MODEL

The diversity of geosynthetics and the versatiliv of their
combinations may increase significantly the complexity of
liner systems. Fortunately, it is possible to get an insight
into the mechanism of reinforcement by means of a
relatively simple scheme.
A schematic side view of the test apparatus is shown in
Figure 1.

l-i’

Reaction columns
/

Compacted soil
Testing box
(loox70do cd)

>

Rcinforccntcnt
\
Geomembraoe ‘“
PVC

‘;pport

speed
d~vi~e

Vertical

/contrO1

(

—~

Figure 1. Schematic view of the inclined plane apparatus.
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The reference case, ie unreinforced, includes a compacted
soil layer filling an orthogonal
rigid box (a), a
geomembrane placed on a rigid horizontal PVC support
and connected to an anchorage device (b). The PVC
support is fixed on a tilting base plane (c). The box is
supported on the base plane by means of metallic rollers on
both sides.
In the present case, the reinforcement consists in placing
a geosynthetic halfiay up the thickness of the soil (d). The
anchorage device allows a variation of the reinforcement
vertical position.
The system is solicited by tilting progressively tie plane at
low constant vertical rate (0.5°/mn for an inclination of

30°) - which assures quasi-static conditions. The global
state of the system can be described by the angle of plane
inclination, the relative displacement of the box and the
maximal axial force mobilized
within the different
A continuous
monitoring
of these
geosynthetics.
parameters is made through suitable data acquisition
devices.
The main features of the laboratory model are the low
confinement which has a great influence on the behaviour
of the soil and interfaces, the control by gravity load, the
maximal solicitation
of the reinforcement without toe
butwess effect which has to be considered in field cases.
The inclined plane apparatus allows also a direct measure
of the peak frictional resistance of geosymthetic interfaces
under low confinement (2.5 and 5 kpa) and an indirect
estimation of the residual friction by means of a
compression load cell placed at the toe of the testing box.

3

Table 1. Mechanical
interfaces.

parameters

of geosynthetics

and

Interface
ks (kN/m])
Orem
@peak (0)
Geomembrane/PVC
IOS
20
16
SandlGeomembrane
10*
27
21
Sand/Gt TGX
45
10’
32
SandfGg TFM
45
32
103
Sand/Gg TFS
17
103
Geosynthetic
J (kN/m)
Geomembrane
125
Gt TGX
15
Gg TFM
650
Gg TFS
650
Sand (50- 150 kpa) Cpeak2.5 lcpa, @peak39a, 0res=32°
(r5 IcPa: @peak -47°- value extrapolated)
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Figure 2. Relative displacement
increasing inclination.
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All tests on reinforcement by geosynthetic inclusion were
conducted with the standard sand EN 196-1, at a dense
state (Dr-80°4). The water content is about 2°/0.
Three geosynthetics were used as reinforcements :
- a non-woven needle punched geotextile, in PP (Gt TGX),
- a biaxial woven geogrid, in PET (Gg TFM),
- an uniaxial stretched geogrid, in HDPE (Gg TFS).
With these materials, it was possible to investigate the
influence of some important parameters as axial tensile
stiffness, interaction with soil and bending rigidity
(flexibility).
The main mechanical characteristics of the materials and
interfaces are summarised in Table 1. Inclined plane
apparatus was used for interface characterization (shear
stiffhess ks and friction angles 0). The two geogrids have
comparable axial tensile stiffnesses (J) but the Gg TFS is
less flexible, due to its structure. -ong
the 3
geosynthetics, the Gt TGX is the more flexible and
extensible material.

-

A

CgTFM

—.-

Gg TITS
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Figure 3. Evolution of the load within the geomembrane.
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Figure 4. Evolution of the load within the reinforcement.
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The test plane is progressively inclinated until 40°, the
end of the test. In these conditions, general sliding of the
testing box was obsewed before a 40° inclination for the
reference case (without reinforcement) and for the Gg TFS
unlike the Gt TGX ad Gg TFM cases (Figure 2).
The evolution of the relative displacement of the box and
the loads developed within the geomembrane and the
reinforcement are shown in figures 2-4. The laboratory
model response shows art initial phase (low inclination
value) with a very low axial force developed within the
geosynthetics
(Figure 3: geomembrane,
Figure 4:
The
tensile
solicitation
of
the
reinforcement).
geos@etics
begins for an inclination of about 20°, which
corresponds to the Geomembmne/PVC
interface peak
frictional angle. The maximal tensile force developed
within the geomembrane is obtained when the sliding
between
the sand and the geomembrane
occurs
(comparison between figures 2 and 3). After the initiation
of the sliding process, a more effective solicitation of the
geosynthetic reinforcement and a significant decrease of
the geomembrane tensile force can be observed (figures 3
and 4).
- For an inclination less than 27° (Pc : limit of stability
without reinforcement), it’s worth noting that the tensile
mobilization of the geomembrane is significantly mitigated
by the existing reinforcement (Figure 3).
Efficiency depends mainly on the reinforcement axiai
stiffness, as shown clearly. The difference of behaviour
between the Gg TFM and the Gg TFS demonstrates the
influence of the material flexibility which tends to delay
the axial tensile mobilization by art initial lack of
reinforcement sheet flatness.
The Sand/Geomembrane sliding produces a threshold on
the load canied by the reinforcement (Figure 4). This jump
arises from the postpeak nonlinear behaviour of the
Sand/Geomembrane
interface, as observed with the
inclined plane apparatus (@peak = 27°- ores = 2 10). Load
transfered by friction to the geomembrane is partially
reported towards the reinforcement. The same jump is also
trapped on the evolution of the load carried by both
geosynthetics because of the remanence of the viscoelastic
geomembrane tensile force (Figure 5).

- For an inclination more than PC, a partial sliding may
occur on the &ind/Geomembme
interface and the main
purpose of the reinforcement is the stabilization of the soil
layer. The Srsnd/Reinforcement friction becomes the main
parameter as indirectly illustrated by the failure with the
Gg TFS which has the lowest fiction with the soil (Table
1).

NUMERICAL SIMmA~ONS

4

Two numerical models of the reinforcement test were built
as tools for the interpretation of the experimental &ta.
Given the smallness of strains observed within the soil
and the low solicitation of the geosynthetics, a linear
elastic behaviour was assumed for these materials.
To explain the evolution of the load within the
components, nonlinear postpeak response of the interface
(Dense SancVGeosynthetic) was roughly idealized by an
abrupt &op horn peak to residual shear stress level.
4.1

The 2D - Finite

Element model

The Finite Element mesh used is shown in Figure 6. The
model combines continuum element for the soii, bar
elements for geosynthetics and zero-thickness - type
elements for the ctiscretization of the interfaces.
An elastic perfectly plastic law describes the interface
behaviour. The formulation adopted takes into account the
postpeak response as indicated above. The improved linear
interface element proposed by Kaliakin V.N. and Li J.
(1995) is used for interface discretization. It allows, among
other, to avoid stability problems with high shear stress
gradient.

2
1.s
I

~ :’;
-,
*: 1.2
2(

‘m

“l-

- CgTtW

Figure 6. The Finite Element mesh used.
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Figure 5, Evolution
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of

the

load

carried

by

both

The ID - Finite Difference model

The principle of reinforcement by inclusion consists in
anchoring the soil layer by the reinforcement. The load
transfer between the soil and the reinforcement depends on
relative
displacement.
If an
homogeneous
their
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displacement is assumed throughout the thickness of the
soil, the reinforced system may be considered as layers
connected with interface mechanisms (Figure 7). The
Finite Differences method proposed by Gilbert R.B. et al
( 1993) can then be used for predicting axial load developed
in the components.

Rtinf.r....t

Figure

1202
gloo
-

-~..

sail
Geamembrane

.=>~.

7. Finite

..4
—ExP

Difference

discretization.

This model accommodates easily the interface postpeak
behaviour by means of a simple nonlinear Sheas
relation.
Stress/Relative
Displacement
Interface
nonlinearity is integrated by an nonlinear elastic approach
which assures displacement compatibility. Unlike the
Finite Element model, the load path is not taken into

account here.
4.3

The idealization of the nonlineu ~tefiace behaviour
considered here seems to be sufljcient. Nevedess, it
requires accurate ch~cterization
of the maximal and
residual fictions, which is possible using inclined Plane
apparatus. For such systems, numerical simulations must
take into account the occurence of partial interface sliding.
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Figure 8, Comparison between the relative displacement
measured and calculated (Gt TGX).

with experimental results
1,6,

The geosynthetic axial modulus (J) (Table 1) used for
numerical simulations was obtained from secant modulus
of Load-Strain index curve, within the range of solicitation
observed with experimentations. The Young’s modulus of
the soil was extrapolated from triaxial tests in order to take
into account the influence of the confinement (E = 10J
kNlmz, v=o.3,
y= 18 kN/mJ). The interface normal
stiffness (kn) was assigned a vecy high value (107 kN/m’)
to prevent incompatibility in the normal direction.
Globally, the responses of the two models are in
agreement with the experimental results. According to the
experimental results, the Finite Differences model behaves
surprisingly better than the Finite Element model after the
partial sliding of the Sand/Geomembrane
interface. The
difference between the two models is more evident with the
Gt TGX in which case the observed sliding is more
important (figures 8-9). Such difference informs about the
intluence of the partial sliding that tends to erase the
memory of shear stress mobilization along the interface.

5

CONCLUSION

Tests carried out with inclined plane apparatus showed the
effectiveness of reinforcement by geosynthetic inclusion
due to a significnrtt increase in the stability angle or a
decrease - in a factor down to 3.5- of the geomembrane
tensile force.
Optimal reinforcement working requires a great stiffness
of the reinforcement sheet and a sufficient interaction with
the soil. basal mechanics being the anchoring of the soil
layer by the reinforcement sheet.
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Design Procedures for Reinforced Soil Walls — A Historical Perspective
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ABSTRACT: The progression of analysis procedures, used in the United States, for internal design of geosynthetic reinforced
soil retaining walls are summarized in this paper. Procedures are presented in chronological order over the past twenty-four
YW%to track changes in Practice, from first us through current codes. Both the resistance and the load computations, and
the combined effect of the two, are examined. It is concluded that large changes in design conservatism have not occurred
since first use of geosynthetic reinforced soil walls; and that performance of existing structures is applicable to new design
codes and guidelines. This documentation is directed towards researchers, practionaires, and regulators, and gives guidance
for future research and development of codes for reinforced soil walls.
KEYWORDS: History, Reinforcement, Retaining walls, Safety factors, Reinforcement specifications & guidelines,
1

INTRODUCTION

Geosynthetic reitiorced soil (GRS) retaining walls were first
used in North America in 1974 for construction of geotextile
reinforced walls supporting logging roads in northwestern
United States. Use of GRS walls have grown steadily since
this initial project. Signitlcant increases in the use of GRS
walls were realized with the introduction of geogrid soil
reinforcement elements in 1982 and with the introduction of
segmental retaining wall units in 1985. Today, GRS walls
are routinely used on private land development projects and
are becoming more commonplace in transportation works.
It is anticipated that recent guidelines (Elias and Christopher
1997; FHWA 1997) and codes (AASHTO 1997) for highway
works will spur use of GRS walls and that they will be
routinely used throughout North American highways.
Growth in usage of GRS walls is partially attributable to the
success of constructed works. Contldence in engineering of
these walls today is based upon performance of GRS structures to date. To better understand this behavior, it is usefid
to the engineer to understand how design procedures have
evolved over time. Were the successfidly performing
stmctures constructed to date designed with procedures more
or less conservative than current guidelines and codes? This
question is addressed within, specifically for the internal
stabili~ of GRS walls, by examining changes in the
geosynthetic reinforcement design tensile strength and soil
load determination procedures.

2

GEOSYNTHETIC TENSILE RESISTANCE

Internal stability analysis of a reinforced soil wall is performed to quanti~ required strength and vertical spacing of

the geosynthetic reinforcements. A safe, long-term allowable
design strength (LTADS) of the geosynthetic reinforcement
needs to be quantified for this analysis. Procedures for
quantifying LTADS of geosynthetics have evolved over time,
as summarized below. Note that connection strength
limitations are not address@ thereby, assuming that connection does not limit LTADS for purposes of comparisons
within this paper. Common terminology is used within this
paper to present the various procedures. In general, the basic
form of the equation used to calculate the LTADS is:
LTADS

TULT

=

RF X FS

(1)

where
T~~ = average value of ultimate wide width strength;
RF= product of reduction factors, or partial factors of
safety, to account for creep, installation damage, chemical
degradation and biological degradation; and
FS = overall factor of safety for other (e.g., material,
geometric, loadings) uncertainties.
2.1

Forest Semite Procedures

A 1977 U.S. Forest Service (USFS) manual (Steward et al.
1977) documents a design procedure for geotexlile walls.
The procedures in this manual were used for the design of a
forest seMce wall constructed in 1974 (Bell et al. 1975), the
first GRS wall built in North America. The LTADS is
computed with Equation 2. The ultimate strength of the
geotextile reinforcement (time fkame is prior to introduction
of geogrids) is measured with the Oregon State University
(OSU) ring test. The OSU ring test ultimate tensile strength,
1998 Sixth International

Conference

on Geosynthetics

-491

is wprofimteb
80’70
of the wide width tensile
strength (ASTM D4595 1986) for nonwoven needle-punched
geotextiles. A FS of 1.5 to 1.75 is recommended, with the
higher t%ctorgenerally for use with heavy live loads (e.g., log
haul trucks). Reduction factors, RFs, are not used for these
temporaxy walls.
T.lt.Osu,

LTADS

2.2

=

TUlt-osu
—
m

(2)

Geogrid Procedure

An allowable strength procedure for geogrids was presented
in a 1983 (NetIon) manual published in the United Kingdom.
This procechue is presented in Equation 3. The creep limited
strength, Tc, is the highest (tested) load level that precludes
exceeding 10% strain or rupture, over the design life. An
installation damage fictor, RFm, is used to further reduce the
creep-limited strength. This factor is quantified as the ratio
of the ultimate strength of undamaged to damaged specimens. An overall factor of safety value of 1.35 is recommended.
Tc
LTADS

=

(3)

RF1~ x FS

The approach in Equation 3 was modified for North
American practice (Tensar 1986), for a particular product.
The RFm was incorporated into the overall FS, as shown in
Equation 4. An overall factor of safety value of 1.5 was
recommended for use with Equation 4.
LTADS

=

;

(4)

For the product addressed in the 1983 (Netlon) and 1986
(Tensar) manuals, the LTADS value calculated with Equation 3 is approximately equal to the value computed with
Equation 4 for gravelly sand soils.
2.3

1987 Task Force 27 Procedure

The Task Force 27 (AASHTO 1990) procedure (implemented
as early as 1987) for computing a LTADS uses a partial
reduction factor approach (Bonaparte and Berg 1987). The
LTADS is the lesser of the following two, limit state and
serviceability state, equations.

492-1998
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(5b)

RFD x RF*D

Where
T1 = highest tension level at which the creep strain-rate
continues to decrease with log-time within the required
design Metime and which precludes brittle or ductile failure;
TW= tension level at which total strain is not expected
to exceed 5?40within the design ltietim% and
RFD = durability reduction factor, 1.10 minimum.
A minimum RFm = 1.25 with Equation 5a is required if fill
source is unknown at time of design. A 1.5 minimum FS is
also required with Equation 5a. No minimum RF1~is stated
for Equation 5b.
2.4

1989 FHWA Report

The FHWA research report (Christopher et al. 1989) presented two procedures for quantifying LTADS of geosynthetics. The first procedure, stated as being complex and
requiring extensive long-term strength testing, is the partial
reduction factor approach presented by Bonaparte and Berg
(1987). The second procedure, which can be used in absence
of sufficient test data, is to calculate the LTADS with the
following simplified equation:
Tm~ X CRF
LTADS

=
RFIDx RFDx

Rs

<

T,

(6)

where
T,= long-term tension capacity of the geosynthetic at
a selected design strain (usually 5V0 or less);and
CRF = creep reduction factor (ratio of creep limit
strength obtained from creep tests to ultimate strength).
RFD and RFm should be based upon product specific data,
but not less than 1.1, each. A minimum FS value of 1.5 is
recommended for permanent walls.
2.5

1991 AASHTO

The 1991 American Association of State Highway and
Transportation Oillcials (AASHTO) Standard Specifications
for Highway Bridges followed procedures for LTADS
computation as presented in the Task Force 27 (AASHTO
1990) report (i.e., Equations 5a and 5b). However, a minimum RFm of 1.25 was stated.
2.6

Tl
LTADS

Tw
LTADS

1993 NCMA Procedure

(5a)

on Geosynthetics

Two optional methods for calculating LTADS are presented
within the National Concrete Masomy Association (NCMA)
design manual. Method A is a partial reduction factor

approach with a minimum RFm of 1.05, adapted from an
FHWA publication (Berg 1993), as follows:
LTADS =

(7a)

TULT-MARV
RFcR

x

RFID

x

x

RFcD

RFBD

x Fsm x Fsto

Where
RF= product of applicable reduction factom (i.e., RF
= ~~x~D
x~m), Witha minimum value of 1.1 for both
RFDand RFm, and with RFc~ based upon creep rupture; and
FS minimum of 1.5 is recommended.
An alternative procedure for LTADS is to use a default
overall reduction value, RF, of 7, as shown in Equation 9.
Application of this alternative is limited to conditions stated
within the guidelines.

where
T1m~.Wv = minimum average roll value of ultimate
tensile m-eng@ which is typically 5 to 15°/0lower than TUT;
RFc~ = partial factor of creep deformation (ratio of
TULT to creep limit strength), based Upon not eXCeedinga
10’%0
total strain,
RFm= partial factor for chemical degradatiosy
~~*= partial factor for biological degradation%with a
minimum combined RFm and RFBDof 1.1;
RFw = partial factor for material uncertainty, 1.5
minimum; and
FS,O = factor of safety against tensile overstress, 1.2
minimum.
Method B is similar to European practice and borrows
heavily from the work of Jewell and Greenwood (1988). This
method decouples the FS against overall uncertainties from
the calculation of LTADS, and uses creep rupture to define
CRF. The LTADS is calculated as:
T ULT-M4RV x cm

LTALX =

RFBD x RFcD

x RFID

x RFcE

x

FSIO

qb)

where
RFm = material factor for extrapolation of creep data,
1.3 to 1.5 typical for permanent walls.
2.7

=

TVLT-MARV

(9)

7xFS

Current NCMA Guidelines

2.9

The current NCMA (1997) design manual uses the same
nomenclature)
as the current
equation
(similar
FHWA/AASHTO (i.e., Eq. 8).

3

LOAD DETERMINATION

The lateral driving load to be resisted by the geosynthetic
reinforcements is a fimction of the soil mass and surcharge
loads, @in some aualyses, the overturning moment on the
reinforced Ml due to the retained backfill. The soil mass and
surcharge loads are factored by a lateral earth pressure
coefficient to compute reinforcement loadings. Design and
analysis procedures over time have varied by the assumed
lateral pressure coefficient and inclusion or not of the
overturning moment effect. In general terminology, the
tension in the ith layer of reinforcement, not including
surcharge loads, is calculated as:
(lo)

1994 and 1996 AASHTO

The 1994 and 1996 AASHTO Standard Specifications for
Highway Bridges followed equations (i.e., 5a and b) for
LTADS computation as presented in the 1991 AASHTO
manual. However, the overall factor of safety, FS, minimum
was increased to 1.78. A minimum RFm and RFD of 1.1 and
1.05, respectively, were stated in the commentary.
2.8

LTADS

Current FHWA/AASHTO Guidelines

The current FHWA (Elias and Christopher 1997) and
AASHTO (1997) guidelines present the following equations
for quantizing LTADS.
LTADS

=

TL!LT-MARV
RFx

FS

(8)

where
K = lateral pressure coefficient
Uti= vertical pressure at the depth of the ith laye~ and
~ = effective vertical spacing (i.e., % distance to
reinforcement above plus YZdistance to reinforcement below)
of the ith layer of reinforcement. The procedures for determining the lateral load are summarized in Table 1 in terms
of lateral pressure coefficient used and whether or not
overturning (OT) effects are included in the computation of
an .
The USFS manual (Steward et al. 1977) focused on the
design of geotextile wrap-around walls for log-haul roads.
These walls have a relatively short design life and are subject
to large live loadings. The load is determined using the
approach described by Bell et al. (1975). An at-rest lateral
earth pressure coefficient (i.e., 1 - sin +’) is used. The
normal pressure (ti) is the sum of the weight of the rein1998 Sixth International
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Table 1. Load computation procedures.
K

on

at-rest

w/o OT

Geogrid -1983
-1987

active Rankine
active Rankine

WIOT
w/o OT

1987 Task Force 27

active Rankine

WIOT

1989 FHWA

1.0 to 1.5 active
Rankine

w/o OT

1991, 1994 & 1996
AASHTO

active Rankine

WIOT

1993 & 1997 NCMA

active Coulomb

w/o OT

1997 FHWA /AASHTO
active Rankine
OT—overturning
forcethnr retainedbackM.

WIOOT

Procedure
1977 lJSFS

forced fill (i.e., product of unit weight of soil, y, and height
of fill above ith layer of reinforcement, lQ, uniformly
distributed surcharge loads (w,), and other surcharge loads.
The 1983 (Netlon) geogrid wall design manual recommended use of active lateral earth pressure coefficient, K~,
with either the tie-back wedge or the coherent gravity
The tie-back wedge method with
analysis procedure.
overturning effi was used extensively for design of geogrid
walls in North America starting in 1983 (e.g., Berg et al.
1984; Tensar 1986; Berg et al. 1987). A Rankine active
lateral arth pressure coefficient (i.e., tan2 (45 - @/2))is used
with this procedure. The vertical pressure, assuming a
Meyerhof-type of pressure distribution of the overturning
force generated by the retained backtll, is shown in Equation
11, for level backfill conditions. The subscripts ~ and ~ refer
to the reinforced wall fill and the retained backfill, respectively, and 1is the length of reinforcement.
ati

= yWhi + w, K& ( y~ h-i + 3

W,)(~)2

(11)

The overturning of component of Utiwas deleted from the
load computation (Simac 1990; Tensar 1990), at least in
private practice, subsequent to and based upon discussions at
the 1987 NATO Workshop on geosynthetic reinforced soil
walls (Jarrett and McGown 1988). The method for calculating LTADS did not change, therefore, Equation 4 is applicable with this revised load determination procedure.
In the 1987Task Force 27 (AASHTO 1990) procedure, the
tie-back wedge method of analysis is recommended for
analysis of geosynthetic reinforced retaining walls. The
tension in the reinforcement is calculated as a fimction of the
vertical mess induced by gravity, uniform normal surcharges
494-1998
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and active thrust from the retained fill (i.e., Eq. 11), multiplied by the Rankine active earth pressure coefficient.
FHWA research in the late 1980’s (Christopher et al. 1989)
led to a recommended stiffhess approach for quant@ing the
lateral pressure coetllcient. With this approach, a Rankine
lateral earth pressure coefficient equal to Ka was recommended for geotextile reinforcements. A varying coefficient
of 1.5 K, at the top of wrdl to 1.0 K, at a distance of 6 m
below top of wall, and lower, was proposed for geogrid
reinforcements.
The 1991, 1994, and 1996 AASHTO Standard Specifications for Highway Bridges followed procedures for load
computation as presented in the Task Force 27 (AASHTO
1990) report.
Rarskine theory was used for quant@ing the K, coefficient
until the NCMA design procedure for segmental retaining
walls (Simac et al. 1993) was published. A Coulomb theory
is recommended in this manual, which allows for direct
incmporation of the beneficial effects of wall face batter and
interface fiction between the fill soil and wall face. The
NCMA procedure (Simac et al. 1993; NCMA 1997) for
calculating the internal stability lateral load (without surcharge loads) is:

where
P,= active earth force acting over the effective height
of the wall, per unit width of wall;
yW= moist unit weight of wall infill soil;
K,c = Coulomb active earth pressure coefflcienc
~ = effective height for battered walls;
bi = wall to soil friction angle; ~d
* = total wall inclination from vertical.
The second edition of the NCMA design manual (1997)
does not change the procedure for determining the soil load
for internal stability analysis. The NCMA design procedure
is one of the two procedures currently in widespread use in
North America The other procedure in widespread use was
developed for the design of highway walls, with select
granular fill, and is referred to as the simplitkd coherent
gravity method.
The new FHWA manual (Elias and Christopher 1997) and
the recent update to AASHTO bridge manual (1997) incorporated features of the stiffness, tie-back wedge, and coherent
gravity approaches for analysis of walls — resulting in the
simplified coherent gravity method. With this procedure an
active Rankine lateral earth pressure, over the entire wall
height, is recommended for computation of geosynthetic
(both geotextiles and geogrids) reinforcement loads.
Overturning effects are not included in the vertical pressure.

4

COMBINED EFFECTS

The changes in procedures to quantiij the LTADS of
geosynthetic reinforcement and the internal lateral load on
GRS walls are quantified in Table 2. The values in Table 2
are based upon typical ranges of values for the partial factors
used in practice, from the authors’ experience. The resistance, Rj is the LTADS in terms of percentage of ultimate
wide width strength (O/OTWT).The load, L, is the total load
on the wall, without sudarges, using the assumptions listed
in Table 2, expressed as P/H2; where P is the total force on
the wall per unit length of wall. The IUL in Table 2 is a
normalized ratio for comparing the various procedures, and
not a design parameter. The lower the O/OTmTused the more
eonsxvative the procedure. Also, with other factors remaining equa~ the higher the assumed load the more conservative
the method. Therefore, the lower the R/L, the more conservative the combination of resistance and load computations.
The trend of R/L ratios over time and range of individual
proeeduces are illustrated in Figure 1.

77

USFS

Gcogrid -83
- post 87

r

5
—------+

10

I

1

87 Task Force 27
89

FHWA-Geogrid
- Geote~tile

AASHTO
93 NCMA
94 & 96 AASHTO
91

97

1
FHWA/AASHTO
- Default 1
97 NCMA
t

1

~

Increasin R Conservatism

Figure 1. R/L ratio trends and ranges.
Table 2. Quantifying R/L ratios.
Procedure

Resistance
( %Tu~)

Load
(P/I-I’)

R/L Ratio

1977 USFS

-53

4.3

-12.3

25 to 40
25 to 40

3.54
2.77

7.1 to 11.3
9.0 to 14.4

20 to 28

3.54

5.7 to 8.0

20 to 27.5
10 to 27.5

3.2
2.77

6.3 to 8.6
3.6 to 9.9

1991
AASHTO

20 to 27.5

3.54

5.8 to 7.8

1993 NCMA

16 to 28

2,3

7.0 to 11.7

1994 & 1996
AASHTO

18 to 24.3

3.54

5.1to 6.9

’97 FHWA &
AASHTO
- w/Default

14.6 to 26

2.77

5.3 to 9.4

8.6

2.8

3.1

1997 NCMA

19t035
.—

2.3

8.3 to 15.2

Geogrid
-’83
- post-87
1987 Task
Force 27
’89 FHWA
- Geogrid
- Geotextile

Assumptions:
wallfill+ = 34°
retainedbackfill+ = 300
H=6m(1989FHWAgW@dWe)~fi:~;’
batter,=0°,5 = %$, andFE= 1.3(NCMAcaa=)

5

CONCLUSIONS

The trend of change in the resistance to load relationship
(R/L ratio) is illustrated in Figure 1. Obsemxxi trends are
generalized and based upon assumptions previously stated.
MorGprecise results could be revealed by examining specific
case histories over time. The following can be concluded
from this plot.
1.
Transportation specific procedures (i.e.. FHWA,
AASHTO) me more conservative than non-trartsportation specitlc procedures (i.e., geogrid, NCMA).
Transportation procedures have, generally, increased
2.
in eorwvatism throughout their development, primarily due to increases in resistance reduction factors.
calculated loads have deereased somewhat during this
period.
The 1997 FHWA/AASHTO default value of 7 is more
3.
conservative than all of the procedures examined.
4.
Large changes in conservatism with transportation
procedures have not oeeurred since 1987.
5.
Large changes in conservatism with non-transportation
procedures have not occurred since first use in 1975.
6.
Pefiormance of existing structures is applicable to new
design codes and guidelines.

6
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Aspects of Partial Factor Design of Reinforced Soil Walls
T. S. Ingold
Consulting Engineer and Honorary Professor of Geotechnical Engineerin& The University of Birmingham, UK

ABSTRACT: In assessing margins of safety, geotechnical engineers have traditionally worked in terms of lumped factors
of safety, often defined as the ratio of restoring force to disturbing force, that are calculated using soil parameters which
are judged to be representative. This approach is lucid in so far as it deals with raw, unfactored, values of soil properties.
In contrast, partial factor design deals with design disturbing forces, which are raw values artificially enhanced by partial
factors, and design restoring forces which are raw values artificially depressed by partial factors. How these partial
factors are applied has a major affect on the end result with this also being heavily influenced by the use of characteristic
values of soil parameters. Certain approaches to partial factor design are more lucid than others and this is illustrated
by making comparisons between some of the approaches prescribed in BS 8006:1995, “Strengthened/reinforced soils
and other fills”, and the pre-standard Eurocode ENV-1997-1 : 1994, “Geotechnical design - Part 1 : General rules”.
KEYWORDS: Reinforced soil, Retaining walls, Design, Safety factors, Specifications
1

INTRODUCTION

Tradhionally, geotechnical engineers factor design values
of soil prc)perties by judgment with this judgment, perhaps
aided by regression analyses, accounting for a multitude
of variables such as test method, vflldhy of test results
and variability of results. The resulting value is a raw,
unfactored, value which is used for design.
In assessing soil induced forces involved in, say, base
sliding of a retaining wall, of given geometry, then, for a
cohesionless soil of given unit weight y, these forces will
be a function of O’, the effective stress internal angle of
shearing resistance of the soil. The function maybe I&, if
considering a raw lateral disturbing force, D, or tano’ if
considering a raw horizontal restoring force, R. The
lumped factor of safety against sliding may then be
defined, traditionally, as F= R/D. Provided F equals, or
exceeds, some prescribed value, typically 1.5 to 2.0, then
there is cleemed to be an adequate, definitive, margin of
safety against forward sliding. Although definitive, F is a
combined margin of undefined error and/or ignorance.
Nonetheless, prescribed values have stood the test of time.
In contrast, non-geotechnical engineers often have the
luxury of designing with well controlled materials, and
loads, whose parameters are well documented. In this case
it is possible to generate a general distribution of, say,
material strengths and applied loads. Statistical analyses
may be applied to these distributions to determine
theoretical values of partial load and partial material
factors which are then applied to statistically determined
values of load and strength. The end result is that, when
the partial factors are applied it, is possible to define the
probability of the design load exceeding the design
strength. So, for example, such an approach may define a
probability of failure of 1 in 10,000. Clearly, this approach
is totally different to the lumped factor of safety approach.
There has long been a move in Europe towards partial
factor design and so the code of practice, BS 8006:1995,

“Strengthened/reinforced soils and other fills” was written
in a partial factor format. The essence of this is that a
partial load factor, f~, is used to enhance a raw dkturbmg
force, D, whilst a partial material factor, f~, is used to
depress a raw restoring force, R. An adequate margin of
safety, against attaining an ultimate limit state, is deemed
to operate when the identity f~Ds(R/f~ ) is satisfied, A
similar approach is proposed in the Europears prestandard Eurocode 7, or just EC-7, which is formally
entitled Eurocode ENV-1997- 1 : 1994, “Geotechnical
design - Part 1: General rules”.

2

BS 8006 AND EUROCODE

7

BS 8006 prescribes a variety of different partial material
factors, f~ >1, with different numerical values, to be
applied to material strengths, such as those for soil or soil
reinforcement, to define a design strength. It is important
to note that soil unit weight, y, and tan~’ are allotted a
partial material factor of unity. So, in other words, these
two parameters are not factored. Load factors, ff>1, with
different numerical values, are applied to loads to
determine design loads and these factors cliffer in
magnitude from one prescribed loading condition to
another. In addition, there is a further group of partial
material factors, such as f,> 1, which applies to specit3c
failure modes such as bearing capacity, forward slidkg or
reinforcement pull-out. Table 1 presents some selected
examples of partial load factors.

Table 1. Selected partial load factors from BS 8006
Load factor, f~, applied to

Loading case
ABC

Mass of the reinforced soil body
Earth pressure behind structure

1.5
1.5

1998 Sixth International

Conference

1.0
1.5

on Geosynthetics

1.0
1.0
-497

Table 2. Selected partial factors from BS 8006
Soil material factor, f~, applied to tan~’
Factor, f,, on sliding across reinforcement
Factor, f~,, on ultimate bearing capacity

1.00
1.30
1.35

BS 8006 considers two limit states; the ultimate liiit state
of collapse and a predefine
serviceability limit state
appropriate to the structure under consideration. In
assessing the latter, all partial factors are set to unity per
Case C in. Table 1. In assessing the ultimate limit state of
collapse, the code is formulated in such a way that partial
factors with a value greater than unity are only applied to
raw pressures or forces. So, taking the example of base
sliding, stability is deemed satisfied if ffDs(R/f~ ).
Since 13S 8006 partial factors operate on what are
effectively raw forces, the identity f~Ds(R/f~ ) may also
be expressed as R/D? fff~. This formulation is identical
to the traditional lumped factor of safety format in which
R/D must equal or exceed a prescribed minimum value
of F. For forward base sliding the prescribed value of F
traditionally falls between 1.5 and 2.0. Loading case A of
Table 1, a worse case for base sliding, implies a value of
ff of 1.5 and, for a perfectly rough basal reinforcement,
Table 2 implies a material factor, f, = f~, with a value of
1.3. The product of these two factors is 1.95 which is
essentially the value of the conventional lumped factor of
safety F.
Indeed, the values of partial factors in BS 8006 were
formulated such that f~f~ =F. This formulation, with due
regard for any interaction between various factors, was
extensively calibrated against well established and proven
design methods, as well as observed performance of
existing structures, to render numerical values of partial
factors which, with regard for commercialism, are
consistent with adequate margins of safety, Perhaps more
importantly, partial factors are applied in a lucid manner
which has a linear effect on design loads and strengths.

For loading cases A and C, EC-7 prescribes the use of a
materials factor, f~ >1, on tan$ J. This gives a design
value of friction angle $~ = tan”] ([tan$’ ] /f~ ). If, for
example, lateral soil thrusts were being calculated to BS
8006 then O’ is not factored and the resulting coeftlcient
of earth pressure used in design is &, the conventional
coefficient of active earth pressure. If o~ is used as the
design value then the resulting earth pressure coefficient
might be denoted as &. It is reasonable to assume that
the f~ value defined in EC-7 is a component used with the
objective of achieving a uniform, target, overall margin of
safety, but, if the effects of f~ are assessed it transpires
that resulting margins of safety are not uniform.
Figure 1 shows a plot of IQ /& against f~ for a range of
unfactored values of O’. For soil with f~ =1, per BS 8006,
and O’=20° then o’ =d~ =20° and the value of ~ /~
is unity since & = ~, but if f~ = 1.25, per EC-7, the value
of& /& increases by 1570 so implying a concealed load
factor component of 1.15. For O’= 50° then, as before
& =& per BS 8006, but according to EC-7, &/~
increases by 38 f% so implying a concealed load factor
component of 1.38. So, the EC-7 approach introduces a
non-linearity in margins of safety which penalise better
quality soils and fills. This non-linearity varies according
to which aspect of stability is being considered. If
calculating tensile forces applied to reinforcement then&
and a sine function is involved. If considering base sliding
then both a sine and tangent function are involved.

Table 3. Selected partial factors from EC-7
Case
A
B
c

Favorable

load

0.95
1.00
Loo

Unfavorable
1.00
1.35
1.00

load

tan~’
1.10
1.00
1.25

Eurocode 7 has a similar format to BS 8006 but has three
loading cases pertaining to the ultimate limit state, per
Table 3, as opposed to two cases, cases A and B of Table
1, in BS 8006. Like BS 8006, EC-7 sets all partial factors
to unity when considering a serviceability limit state. EC-7
does not prescribe material factors which can be applied
to assess internal stability nor partial factors which apply
to specific failure modes such as base sliding.
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1.00

1.05

1.10

1,15

1.20

1.25

Materialfcdor

Figure 1. Nonlinear effect of partial material factor on
design value of lateral earth pressure coefficient

3

BASE SLIDING

Eurocode 7 does not give partial factors for internal
stability so the following sections illustrate various aspects
of the BS 8006 and EC-7 approaches by considering base
sliding and bearing capacity in terms of $’ and the ratio,
& of wall base width, L, to wall height, H.
Conventional, lumped factor of safety, design defines the
factor of safety against base sliding as :
(yLH tan~’) /@& yHI) = F

mCmAii

xEC-Ibe

nBswxicll$eB

‘

A

EC-7
he B

(1)

If F is some Iiiiting target value to be achieved and L/H
is written as A, then Equation 2 can be rearranged as :
(2 ~ tano’) /(F&)

= 1

(2)

The corresponding EC-7 formulation is :
(3)
where Od= tan-l ([tan@’] /f~ ) and ~ is a load factor on
favorable dead load which may be less than unity. The
corresponding BS 8006 Case B formulation is :
(4)

(21 tan$’) /(f, f, I&) = 1
For given raw values of .$’ values of I
determined for a given partial factor set.

05

~,~~

30

40

30

40

50

Unfodored
0’value
Figure 3. Conventional lumped factor of safety against O’

can be

to

20

20

50

Unfodored0’ value

Figure 2, Base width to height ratio -1. against O’ values

For each partial factor set and a given value of o’,
Figure 2 presents the value of A required by a given
partial factor set to achieve an adequate margin of safety
as defined by that partial factor set. As expected, values
of 1 for the conventional lumped factor of safety
approach and BS 8006 Case B almost coincide. The EC-7
partial factor sets are closely grouped and, for a given
value of e’, these genera fly indicate a requirement for a
lower value of A.than BS 8006. To investigate the reasons
for this, the A values derived from each partial factor set
were reanalyses to determine what conventional lumped
factor of safety they would produce.
The results of these reanalyses are presented graphically
in Figure 3 which is a plot of equivalent lumped factor of
safety against unfactored @‘. As expected conventional
analysis produces a constant factor of safety, of 2.00,
which is independent of $’. The same applies to BS 8006
Case B, with a constant value of 1.95, and to EC-7 Case
B where the constant value is 1.35. Case A produces a
variable factor of safety as does Case C which is the worst
case for base sliding. The non-linearity effect of applying
a material factor, greater than unity, to tan o‘ is well
illustrated by Case C where the equivalent factor of safety
increases from 1.44 for O’= 20° to 1.73 for O’=50°. It
can be seen that in general EC-7 results in lower margins
of safety against base sliding than BS 8006 and, in
particular, it penalises better quality fills and soils which
have higher o’ values.
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4

BEARING CAPACITY

To investigate the effects of different partial factor sets on
margins of safety against bearing capacity failure, analyses
have been carried out on a simple wall, with a constant
value of A of 0.7, founded at ground surface. The
common theme of all partial factor sets is that the design
ratio, p, (Ofavailable design bearing capacity to applied
design pressure should be equal to or greater than unity.
The results of these analyses are presented in Figure 4 as
plots of p against .$’. For all partial factor sets a p value
of unity c)r greater is obtained for $’ greater than 30 to
33°. In particular the worst threshold case from BS 8006,
Case B, is obtained at o’= 32° whilst from EC-7 the
worst case is Case C which is obtained at o‘ = 33°. This
indicates that, for the wall geometry analysed, BS 8006
and EC-’7 render almost identical margins of safety
against bearing capacity failure.
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CONCLUSIONS

Traditionally geotechnicid design employs lumped factors
of safety and a key element in deriving these is the
veracity of the soil parameters used. This is largely a
matter of engineering judgment. In theory, if factors of
safety are greater than unity, then there should be no
failure. In fact failures do occur occasionally and these
often call into question the judgment of the designer.
In Europe the move is away from lumped factor of
safety design towards partial factor design. Since partial
factors are applied to enhance raw loads, and to reduce
raw strengths, the designer deals with design loads, and
strengths, which are distorted from raw values. The aim
of this distortion is to wean geotechnical design away from
a deterministic approach to a probabilistic approach.
Some of the mathematical manipulations prescribed in
partial factor design, such as factoring characteristic $’
values, tend to produce distorted, nonlinear, design values.
This tends to cloud the application of engineering
judgment and it remains to be seen whether partial factor
design introduces a real probability of failure which is
lower or higher than that currently associated with
traditional lumped factor of safety design.
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A Comparison of Design Approaches for Geosynthetic Reinforced Soil
Structures In Europe
J,Penman and R.A,Austin
Tensar Division, Netlon Limited, New Wellington Street, Blackbum, UK
ABSTRACT: The use of geosynthetic materials to reinforce soil structures has become widespread in recent years.
Traditional methods for the design of these structures using polymeric reinforcement are based on a limit equilibrium
approach which can lead to a conllict in the design of different parts of the same structure. In a bridge for example, the
deck itself is likely to be designed using a limit state approach while the supporting reinforced soil abutment could be
designed using a limit equilibrium method.
For reinforced soil walls, the most popular design methods currently used in Europe are based on the tie-back wedge
approach. For reinforced soil embankments the most common methods use modified forms of Bishop or Janbu equations
for circular and non-circular slip surfaces respectively, the method outlined in the UK Department of Transport technical
note HA 68/94 or chart based design methods. All these wall and embankment design methods are based on limit
equilibrium principles.
The publication of the UK code of Practice for strengthened.reinforced soils and other tills, BS 8006 introduced
alternative methods for the design of reinforced soil structures using limit state principles. The paper describes the
advantages and limitations of both limit equilibrium and limit state approaches and outlines the economic implications of
using the various methods in different conditions.
KEYWORDS: Design, Limit equilibrium, Limit state, BS 8006, Walls, Embankments
1

INTRODUCTION

When reinforced soil techniques were originally developed,
only three or four methods were routinely used for the
design of structures. With the wider acceptance of this
developing technology, many countries now have at least
one approved method for the design of walls and
embankments and each is slightly different to the ones
used elsewhere.
Since the introduction of modern soil reinforcement
techniques by Vidal in the 1960’s and the pioneering work
for the design of reinforced soil embankments undertaken
by Jewell in the 1970’s, we have moved on to other more
refined and flexible methods of analysis. However, the
original cc~herentgravity method, Vidal (1966) and revised
embankment design charts, Jewell (1990) are still very
much in use today.
Whilst it is appreciated that many other design methods
and Standards exist, this paper focuses on the methods
most commonly used at present for the design of
geosynthetic reinforced soil structures in Europe.

safety is applied to the reinforcement creep limited
strength to determine the safe design strength.
Full details of the limit equilibrium design methods
discussed in this paper can be found in Netlon Limited
(1997).
2.2

Reinforced Soil Walls

2.2.1

Tie-back Wedge Method

This method was one of the earliest developed for
reinforced soil walls and is still very much in use today.
Most of the more recent limit equilibrium design methods
for geosynthetic reinforced soil walls could be regarded as
variations of this traditional approach.

mm
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[a] Slldlng Failure

2

LIMIT EQUILIBRIUM METHODS

2.1

General

The limit equilibrium approach for the design of reinforced
soil structures is based on the application of global factors
of safety. Thus for external stability calculations, minimum
target values are set which must not be exceeded in the
design, while for internal stability calculations, a factor of

[b] Overturning Failure
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[c] Tlltlng/Bearing Failure

[d]

Slip Failure

Figure 1. Main failure mechanisms for reinforced soil
walls
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The external stability of the structure is assessed based on
the assumption that it behaves as a rigid body and the
possible failure mechanisms are shown in Figure 1. Due to
the large strains which develop in the soil, critical state soil
parameters (@’w,c’W)are generally adopted in design.
Although overturning failure is usually included in
external stability calculations, in the absence of any large
horizontal loads (e.g. in bridge abutments), it is unlikely to
be a problem. A target factor of safety of 2.0 is usually
adopted for sliding while for bearing, the vertical pressure
exerted by the reinforced soil block is normally calculated
and compared with the allowable bearing pressure of the
foundation soil. In the past, a trapezoidal pressure
distribution was generally adopted for bearing capacity
calculations, the vertical pressure being greater at the toe
than at the back of the structure. This approach has now
largely been replaced by a uniform Meyerhof pressure
distributicm which takes account of the eccentricity of the
applied load at the back of the block in the calculation of
the applied pressure.
In general, the base width of the reinforced soil block is
chosen to ,satis@ external stability requirements with
regard to sliding, overturning and bearing. A slope
stability computer program is then used to check for
potential slip failures at the back of the structure.
The internal stability of a reinforced soil wall is
essentially concerned with the tension and pull-out failure
mechanisms shown in Figure 2. For the purposes of the
analysis, a uniform frictional till is assumed and horizontal
soil pressures are taken to be in the active condition
throughout the structure; the at rest pressure which may
develop during the construction phase will reduce to the
active pressure when temporary supports are removed.

I
/
........
.........
.............
...........

—

1
a) Tension Failure

b) Pull-out Failure

Figure 2. Tie-back wedge internal failure modes
In order to assess potential rupture, it is assumed that the
reinforcement will carry tension as a result of the selfweight of the fill and the external loading. These tension
components can be evaluated separately and combined to
give the total tension to be carried by an individual layer of
reinforcement. External vertical and horizontal line loads
may also be included thus enabling forces from bridge
abutments and parapets to be taken into account.
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Figure 3. Tie-back wedge pull-out failure mechanism
2.2.2

The Deutches Institut fir Bautechnik
Design Method

This design method, based on German DIN standards, has
gained widespread acceptance in mainland Europe and is
becoming increasing popular in other parts of the world.
Although the method is based on the tie-back wedge
approach, there are a number of important variations. For
external stability calculations, these include a reduced
target factor of safety of 1.5 for sliding and a specific
method for the consideration of bearing failure which by
modifiing the Terzaghi bearing capacity equation, takes
account of the inclination of the resultant force due to the
active pressures at the back of the reinforced soil block. An
additional check is included to ensure that the resultant
force acts in the middle third of the base, this effectively
replacing the overturning calculation in the traditional tieback wedge method.
Internal stability calculations concentrate mainly on a
consideration of reinforcement pull-out with the traditional
single-part wedge being replaced by a two-part
mechanism, the base of the upper wedge passing along the
back of the reinforced soil block. An additional check is
however required for structures with flexible faces; for
each layer of reinforcement, it is necessary to ensure that
the design strength (or the anchorage strength if a fullstrength connection is not used) is not exceeded by the
active pressure on the face.

“3
.......

1-

In order to investigate potential pull-out failure of the
reinforcement, it is necessary to consider separately the
possibility of inclined failure planes passing through the
wall forming unstable wedges of soil bounded by the front
face of the wall, the ground surface and the potential
failure plane, Figure 3. For the purposes of the analysis, it
is assumed that each wedge behaves as a rigid body and
friction between the facing and the fill is ignored. A series
of potential failure planes emamting at various heights
behind the face of the wall are investigated and for each, a
check is made to ensure that the total restoring force
provided by all layers of reinforcement cut by the wedge
exceeds the out of balance force, usually by a factor of two.

Critical state soil parameters are used in the design and
the reintlorcement strengths adopted in the designs referred
to in this paper are detailed along with the appropriate
methodology in Deutches Institut fiir Bautechnik
Certificate No. Z-20. 1-102 (1990).
2.3

Reitiorced Soil Embankments

2.3.1

Slip Circle Method

the normal factors applied to the strength of the
reinforcement, no other factors of safety are present in the
design. A general discussion of the principles involved in
the HA 68/94 method and some of the potential diftlculties
with its application are discussed in Penman (1996 and
1996a).
me Two-part Wedge Mechanism
f

A

Until fairly recently, rigorous stability analyses of
reinforced soil embankments generally took the form of a
circular slip circle analysis using one of the methods of
slices e.g. Bishop’s method, Figure 4.

tq+

+

H

TheSlipCircle Method
Centre

of
1

R

Competent
bearing material

~x~

Lrwcr arm for grid I

Figure 5. HA 68/94 two-part wedge failure mechanism

Potential

sllp circle

Figure 4. Bishop slip circle method
For each circle, the disturbing moment of the soil mass is
compared with the restoring moment provided by the soil
and the reinforcement and a factor of safety against failure
calculated. If the minimum factor of safety is greater than
the target value (usually around 1.3 for permanent
structures), the design is deemed to be satisfactory in terms
of stability.
Such an analysis is rapidly carried out using computer
software developed by some individual manufacturers and
the commercial software packages now available. It should
be borne in mind however that the method of incorporating
reinforcement into the design often varies between these
software packages.
2.3.2

The UK Department of Transport Design Method

The UK Department of Transport Advice Note HA 68/94
gives guidance on the design requirements for the use of
in
reinforced soil and soil nailing techniques
embankments. A series of tables are provided in the
documeni. which are aimed at providing a simple method
enabling engineers to produce independently replicable
designs. However, in order to take full advantage of the
economy in the design method outlined in HA 68194, a
computer program is necessaIy.
The HA 68/94 design method involves the consideration
of two-part wedge failure mechanisms, Figure 5. Critical
state soil parameters are used in the analysis but apart from

Although HA 68194 is gaining widespread popularity, a
number of implicit restrictions often require an alternative
method to be used. These restrictions include the presence
of a complicated embankment geometry, multiple fill
types, the presence of horizontal loads and a less than fully
competent foundation soil.
Comparisons using the modified design charts published
by Jewell (referred to earlier) have not been included in the
comparison exercise described below. However it is stated
in Appendix A of HA 68194 that the use of a $’]zI$’ratio of
0.5 for inter-wedge friction, yields similar reinforcement
layouts to those achieved using the Jewell charts.
3

LIMIT STATE METHODS

3.1

General

The object of a limit state approach is to apply appropriate
partial factors where they are required i.e. the greatest
partial factors should be applied where there is the greatest
uncertainty.
The publication of BS 8006 heralded a new approach to
the design of reinforced soil structures. The Code of
Practice adopts limit state principles for the design of walls
and embankments whereby individual partial factors are
applied to the various forces acting on the structure and the
soilheinforcement properties. It is questionable however
whether BS 8006 has been successful in following the limit
state objective of applying partial factors where they are
required most; notwithstanding its endeavour to follow
current practice, it is dit%cult to justify a partial factor of
1.5 for soil unit weight while a partial factor of unity is
applied to the friction angle, there surely being greater
uncertainty with the latter than the former.
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It is stated in BS 8006 that provided a reinforced soil
structure is unlikely to undergo excessive differential
settlement, peak effective shear strength parameters can be
used for design i.e. ~P, C’P. It should be appreciated
however that with the exception of some industrial fills
(e.g. Pulverised Fuel Ash), an effective cohesion value of
zero is normally adopted.
BS 8006 clearly distinguishes two parts to the design
process, the ultimate and serviceability limit states. As such
it is the only document discussed in this paper which refers
directly to the key issue of boundary deformation.
Unfortunately, BS 8006 is vague in terms of how
serviceability should be addressed and much is therefore
left to the individual designer.

4

COMPARISON OF DESIGN METHODS

4.1

General

of using the other methods being based on typical current
prices of the products used in the design.
4.2

Wall Design Methods

The results of the cost comparison exercise for walls are
shown in Table 1. The most striking feature that comes out
of the comparison exercise is the inefficiency of the
traditional tie-back wedge approach for all but the smallest
of structures. The main reason for this is the longer grid
lengths required to satis$ the target factor of safety of 2.0
for sliding, although the method of dealing with the internal
stability requirements is also slightly less efficient for the
tie-back wedge than the Bautechnik and BS 8006 methods.
The Bautechnik method, in general uses shorter grid
lengths than the BS 8006 method but the grid quantities
required to satisfy internal stability criteria are significantly
less in the BS 8006 method. Overall, for the examples
considered in this paper, it would appear that for structures
up to 3m high, the traditional tie-back wedge approach may
be the most cost effective while for medium sized
structures (3m to 8m high), the approach outlined in BS
8006 provides the most cost effective layouts. It should be
appreciated however that for different soil and loading
conditions, the ‘switch in efficiency’ between design
methods will be at different heights of structure. Similarly,
the relationship between the constant volume and peak
strength properties for a particular soil will have a
considerable effect on the relative performance of the limit
equilibrium and limit state methods.
In addition to comparisons being made based on height of
structure, the way the design methods deal with inclined
faces and water pressure was also investigated. For inclined
faces (Cases 7 and 8) the benefits gained by reducing the
active earth pressures were equally well reflected in all
three methods but when water pressure is present (Cases 9
and 10), it would seem that the BS 8006 method deals with
these in a slightly more cost effective manner.

A number of designs have been undertaken for each of the
various methods described above; the analyses were carried
out using Netlon Limited’s Winslope and Winwall
computer programs for the design of reinforced soil
structures, Figures 6 and 7. Each design was based on the
use of the Tensar@ range of HDPE geogrids and where
possible, soil parameters were chosen such that the geogrid
quantities were not governed by the normal maximum
practical spacing criteria.
As the limit equilibrium and limit state methods use
constant volume and peak shear strength properties
respectively, clearly any comparison between methods
adopting these two approaches is sensitive to the
relationship assumed between the constant volume and
peak values for a particular soil. For the purpose of this
exercise, a tan$’~ tan$’Cv ratio of 1.3 has been used
throughout. For each design case, the most cost effective
method was given a cost rating of 1.00, the relative cost
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Figure 7. Winwall computer program

4.3

Embankment Design Methods

The results of the cost comparison exercise for
embankments are shown in Table 2. It should be
appreciated when examining the results that the actual
reinforcement layout used to determine the cost ratio for a
particular design method is based on both the minimum
reinforcement requirement derived from the analysis and
the maximum vertical spacing between reinforcement
layer% for the latter this was l.Om throughout. Although
this undoubtedly has an effect on the overall costs used in
the analysis, it is unlikely to afhect the overall cost ranking
of the design methods.
Possibly the most noticeable feature of the results for
embankments is the significant economy attained by using
a limit state approach rather than the traditional limit

equilibrium method for slip circle analyses. It would
appear that the difference becomes greater for higher
embankments and for shallower embankments constructed
with comparatively weak fill (e.g. high plasticity clay).
The two types of HA 68/94 analysis carried out
demonstrate the economy which can be attained by using a
computerised approach to this method, with the inclusion
of inter-wedge friction as opposed to the simplified method
using the tables within HA 68/94. It should be appreciated
however that in order to use a high value for inter-wedge
friction (such as the value of 0.5 used in this exercise), it is
necessmy to check the stability of two-part wedges behind
T- (Love and Bond, 1996).

Table 1. Results of comparison exercise for walls
Case

1
2
3
4
5
6
7
8
9
10

Description

3m high, 90° wall, $’0,=28°
4m high, 90° wall, $’0.=28°
5m high, 90° wall, ~’Cv=280
8m high, 90° wall, $’0,=28°
12m high, 90° wall, @’G,=28°
16m high, 90° wall, $’c,=28°
4m high, 80° face, $’w=28°
8m high, 80° face, $’.,=28°
As case 2 with water pressures
As case 4 with water pressures

Bautechnik
cost
Grid
Length
Ratio
1.08
2.00m
1.08
2.60m
1.06
3.00m
1.03
4.80m
1.00 7.20m
1.00 9.60m
1.18
2.40m
4.80m
1.09
1.05
3.50m
1.02
6.30m

Tie-back Wedge
cost
Grid
Ratio
Length
1.00
2.60m
1.13
3.40m
1.05
4.30m
1.22
6.80m
1.49
10.30m
1.64
16.60m
1.34
3.80m
1.41
7.60m
1.45
5.60m
1.67
10.30m

BS 8006
Grid
Length
3.00m
1.00 3.00m
1.00 3.00m
1.00 5.60m
1.14
8.40m
11.60m
1.17
1.00 3.00m
1.00 5.60m
1.00 4.00m
1.00
5.90m

cost
Ratio
1.10

Table 2. Results of comparison exercise for embankments
Case

1
2

3
4
5
6
7
8

Description

4m high, 60° face, $’.,= 30°
8m high, 60° face, $’.,= 30°
12m high, 60° face, $’.,= 30°
4m high, 45° face, $’C,=30°
8m high, 45° face, +’.,= 30°
12m high, 45° face, +’.,= 30°
4m high, 1 in 2 face, $’cV=30°
8m high, 1 in 2 face, $’C,=30°

Bishop
(Limit Eq.)
Cost
Base
Ratio
Grid
Length
1.23
2.80m
1.37
5.30m
1.66
8.00m
1.34
3.40m
1.50
6.00m
1.66
8.00m
1.72
4.80m
1.56
10.50m

Bishop
(Limit State)
Base
cost
Grid
Ratio
Length
1.00 2.00m
4.80m
1.15
7.00m
1.38
1.00 2.40m
1.00 4.60m
1.00 7.00m
1.00 3.80m
1.00 7.00m

HA 68194
(+’12= ())
Base
cost
Grid
Ratio
Length

HA 68/94
(+’17,= 0.5)
cost
Base
Ratio
Grid
Length

1.33

2.00m

1.24

2.30m

1.08
1.12
1.43
1.47
1.29
1.87
2.03

5.25m
8.00m
3.40m
6.75m
10.Om
7.30m
14.5m

1.00
1.00

4.75m
8.O(lm
2.80m
5.75m
8.50m
6.50m
13.00m

1.23
1.28
1.11
1.68
1.83

n.b. $’lz=inter-wedge friction
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Perhaps the most surprising feature of the results is the
relative performances of the HA 68/94 and limit state slip
circle methods. It would appear that despite the absence of
a global factor of safety on soil strength for the HA
method, with the exception of reasonably large
embankments with steep faces (greater than or equal to
600), there are considerable savings to be attained using
the limit state slip circle approach.

Department of Transport, HA 68194 Design methods for
the reinforcement of highway slopes by reinforced soil and
soil nailing techniques, HMSO, UK, 1994

Jewell, ~ Revised design chartsjior steep reinforced
slopes, Proc. Symp. Reinforced embankments - theory and
practice, Cambridge, Thomas Telford, pp18-30, 1990.
Love, J and Bond A, discussion on ‘The computerised

5.

design of reinforced soil structures’ by Penman, J and
McCombie, P (1996), Ground Engineering, Emap

CONCLUSIONS

Construct, London, January~ebruary
The paper has reviewed the design methods most
commonly used in Europe for the design of reinforced soil
structures. It is clear that while there are many similarities
between the methods used for the design of reinforced soil
walls, several important differences exist which in some
cases result in significant variation in the amount of
reinforcement required to satis@ the various design
criteria. Similar differences are observed in embankment
design methods.
Overall it is not possible to indicate one particular design
method for walls or embankments which consistently
yields more cost effective reinforcement layouts. It would
appear however that the limit state methods proposed in
BS 8006 i~e economic in most cases.
There is the possibility that individual designers will
select their own favourite methods for walls and
embankments without being aware of the appropriateness
of other approaches. However, when a particular method is
chosen simply based on cost, it is important that the
designer understands fully the design philosophy and
reasons for the economy. In the case of HA 68/94 for
example, the adoption of a high inter-wedge friction angle
requires additional checks to be made to ensure a safe
embankment design is achieved.
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RECENT DEVELOPMENTS

OF THE “DISPLACEMENT

METHOD”
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A. H. Soubra
Maftre de conferences, Department of Civil Engineering, E. N. S. A. I. Strasbourg, France
ABSTRACT: The recent development of the “displacement method” (Lemonnier, 1995), for the design of
geosynthetically reinforced slopes, is based on the application of the variational approach. Concerning the external
stability, the variational limit equilibrium method has been used in the case of the reinforced slopes. It has been shown
that the critical shape of the failure surface is a log-spiral. Considering the same basic assumptions as the ones of the
original “displacement method” (Gourc et al, 1986) for the internal stability, the variational calculus has been applied to
the equilibrium of the membrane zone. The originality of this approach is to allow the determination of the optimum
position of the layer (log spiral shape for the membrane zone), in order to obtain an extremal tension in the
reinforcement at the failure surface. A comparative case study with two previous models of the “Displacement method”
is presented and discussed.
KEYWORDS: Design, Limit equilibrium methods, Geosynthetic reinforcement, Slope stability analysis.
1

INTRODUCTION

The “displacement method”, initially developed in
France, is now being widely used for more than ten
years in many countries to design geosynthetically
reinforced structures (Figure 1). The geotechnical
engineers have built up this reliance from several
experimental investigations and theoretical validations
all over the world (Gourc et al, 1988; Yoshioka et al,
1990; Fidler et al, 1994). The advantage of this method
is its ability to take into account the extensibility of the
reinforcements in the design, which is a major
characteristic of the geosynthetics. It is based on the
principle of soil limit equilibrium, associated with the
geosynthetic behavior as an anchored membrane
(Figure 2). The original method considers a simplified
mechanism for this membrane zone. Later on, a more
rigorous mechanism has been proposed.
A recent development of the “displacement method’,
which is in the process of being developed in Denmark
by the first author (Lemonnier et al, 1997), is based on
the application of the variational calculus (therefore
called “variational displacement method” in the
follc)wing).
Firstly, the original “displacement method” together
with its two different developments are briefly
presented. Secondly, a comparative study on a 6m high
geosynthetically reinforced wall, is presented and
discussed.

.---.------\----------.---.
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\
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(e, -e, ).*
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Figure 1. Global stability of the reinforced slope.
Extremal failure surface.
2

THE “DISPLACEMENT METHOD’

2.1

Standard “Displacement Method”

The original “displacement method” (Gourc et al,
1986, “Cartage” software) is based on the principle of
soil limit equilibrium, and on the consideration of (i) a
1998
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displacement field along the failure surface defined by
a vertical top displacement y, (see Figure 1), (ii) the
anchored membrane concept (see Figure 2), and (iii)
the geosynthetic extensibility. The local equilibrium of
each sheet is considered, coupled with the tension
constitutive model of the reinforcement and of that in
friction of the soil-geosynthetic interface (elastoperfectly plastic behavior) .Faced with the problem of
the determination of the soil stiffness modulus, a
simplified mechanism of the membrane behavior has
been considered by the authors: (a) The reinforcement
tension is constant all along the membrane zone B,BZ
(see Figure 2) and is equal to the ones at B, and B,; (b)
This tension is either assumed to act in the horizontal
direction or in the direction of the tangent to the failure
surface (maximum inclination); And (c) the modeling
of the geosynthetic behavior is considered either with a
small or large displacements assumption.
Note that the corresponding software “Cartage” is
widely used in France for practical design work.
. . .-+::

slits line of the
reinforced slope
3

-..:..:.
$TA

......
~h
, ~

///+

Y,

active
membrane
G

~inchorage y

Figure 2: Anchored membrane concept.
2.2

Modified “Displacement Method”

This method considers a more rigorous mechanism
(circular shape) of the membrane behavior. The
determination of the reinforcement tension T. (see
Figure 2), which is also assumed to be constant all
along the circular membrane zone, is based on the local
equilibrium of this zone. Thus, the reinforcement
tens ion and its inclination U. depend on the vertical top
displacement y, and the soil stiffness modulus. Note
that the corresponding software “Membrane” is used
essentially for research (Gotteland, 1991).
2.3

“Variational Displacement Method”

The problem has been split into two different parts:
●
Global equilibrium of the sliding mass
Applying the variational limit equilibrium method,
elaborated by Baker and Garber (1977) in the case of
unreinforced slopes, to the one of reinforced slopes, it
508-1998
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has been shown that (i) the trace of the critical failure
surface is a log spiral (see Figure 1), and (ii) the only
moment equilibrium equation of all forces acting on
the sliding mass is enough for the determination of the
safety factor FS, defined with respect to the shear
strength parameters of the soil.
●
Local equilibrium of the reinforcement sheets
In order to assess the reinforcement contribution to the
stability, the variational calculus has been applied to
the equilibrium of the membrane zone in the
neighborhood of the failure surface, considering the
principle of the “displacement method” (i.e.: the
anchored membrane concept, see Figure 2). The
variational approach allows the determination of the
optimal shape (log spiral) as well as the optimal
position of the sheet for which one obtains the extremal
tension at the intersection with the failure surface.
Thus, the tension is no longer assumed to be constant
along the membrane zone. Furthermore, this method
provides the tension distribution and the relative soilgeosynthetic displacements all along the sheets.
2.4

Comparison Of The Different Models

Table 1 shows the comparisons of some principles of
the three above mentioned models, regarding (a) the
global equilibrium of the sliding mass (columns 1 to 3)
and (b) the local equilibrium of the reinforcements
(columns 4 to 6). Note that the listed principles are
those which differ from each other. It appears that the
“Displacement Method” has gained in rigour in its two
latter developments (i.e. less a priori assumptions). The
improvement provided by the “Modified” model
consists of a more rigorous determination of the
reinforcement tensions. With the present model, it
provides an improvement on the determination of both
the safety factor (no a priori assumptions concerning
the failure surface shape, nor the normal stress
distribution along this surface), and the reinforcement
tension (no a priori assumptions concerning the shape
of the membrane zone, nor its critical position).
3

COMPARATIVE CASE STUDY

In order to show the developments of the
“displacement method”, the three above mentioned
models have been applied to a 6m high wall reinforced
with 11 geosynthetic layers. All other data required for
the analysis are presented in Figure 3. For all three
models, the safety factor FS of the soil in shear is set to
1.5. Note that all “Cartage” results correspond to the
assumption of large displacements with a horizontal
reinforcement tension (see $2. 1).

Table 1. Comparison of some principles of the three models
Name
1. Limit
2. Failure
3. Search for
equilibrium
surface shape
critical failure
method
surface
“Cartage”
“Perturbation”
any (circular
manual
more used)
“Membrane” “Perturbation”
(circular)
manual
Fellenius
(bilinear)
Bishop
(mixed)
Jambu
Present
Variational
Log-spiral*
automatic
model

4. Critical
position of the
membrane zone
(as rest)

5. Tension
in BIB2
(see Fig.2)
(constant)

(fixed)

(constant)

result of minimisation process*

non
constant*

6. Inclination
of tensions
(null) or
(maximum)
(fixed)

result of
minimisation
process*
Notes: Terms in parentheses () refer to a priori assumptions, and the one followed by * refers to analytical result.
3.1

Failure Surfaces

Concerning the two first models (i.e. “standard” and
“modified”), and for each potential slip line (circular
shape) considered, a critical vertical top displacement
ytCcorresponding to RS=l.5 is determined. The critical
slip circle (represented in a dotted line in Figure 3),
which is the same in both models, corresponds to the
larger y,, value considering six different potential slip
circles (Gourc et al, 1989).
For the present model, the slip line shape is a log spiral
and the critical position (represented in Figure 3)
corresponds to the critical y, value (called y,C)which
provides a safety factor FS= 1.5 as its minimum value,
considering 860 different log-spirals passing through
the toe of the wall.
Note that these two lines are rather close to each other
in the lower half part of the wall, then the log-spiral is
placed further away from the facing than the circle.
Nevertheless, regarding the difference in the
determination of the critical position of the failure
surface in each model, the scatter between these
positions is small.
3.2

Critical Vertical Top Displacements

Concerning the critical vertical top displacements y.,
the standard model gives 26mm, the modified one
gives 50mm, and the present one gives 88mm (see
Figure 3). Thus, it seems that there is a tendency in the
development of the method for an increase of this key
parameter.
3.3

Critical Tension Distributions

Figure 4 shows the distribution of the critical tensions
and of their inclinations along the failure surfaces. It is
interesting to note that the tension distribution of the
present model is close to the one of “Cartage” in the

upper half part of the wall, and close to the one of
“Membrane” in the lower half part. Plus, the present
model gives the lowest maximal tension T~a (presented
in Figure 4), which is reached in the lowest sheet in
each model. Nevertheless, the scatter between these
tension distributions is rather small,

++wt+

q= 10kPa

~’Membrane” (yW=50mm)
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3. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .
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. . . . . . . model
. . . . . . . . . . . . -T-------------------”
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Figure 3. Case study - Critical positions of the
theoretical failure surfaces
3.4

Critical Tension Inclination Distributions

Concerning the tension inclinations, the distributions as
given by “Membrane” and the present model (null for
“Cartage”) are very different from each other.
“Membrane” distribution decreases continuously with
the depth, while the one of the present model passes
through a minimum value at the second layer (see
1998

Sixth International

Conference

on Geosynthetics

-509

Figure 4), then from the 8“ layer and deeper it reaches
the
maximal
inclination
distribution,
which
corresponds to tensions tangent to the failure surface
(the log-spiral of Figure 3),
Layer n“

‘T ‘-
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3.5

Discussion

The present comparison study shows that (i) the critical
failure surfaces obtained with the three models are
close to each other (see Figure 3), (ii) the
reinforcement tension distributions along the failure
surface are similar (see Figure 4), but (iii) the obtained
critical vertical top displacements yW has been
increased significantly from one model to its following
development (!)2’%. between the two first, and 76%
between the two last). However, the latter parameter is
difficult to correlate to actual measurements, and
further research should be performed on the validation
of these models on real structures build and tested to
failure.
4

CONCLUSION

This paper presents the recent developments of the
“displacement method”. This method, which is the
standard in France for the design of geosynthetically
reinforced earth structures, has since been improved at
least twice, The first improvement concerns the
determination of the reinforcement tensions, the second
one also concerns the determination of the safety factor
of the structure. Indeed, the originality of the latter is
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ABSTRACT: This article presents a proposed method for the preliminary design of geosynthetically reimlorced soil
structures, adapted to the case of localised surface loads. The first section describes two modifications made to the basic
calculation method: firstly, to consider the deformable nature of geosynthetics and, secondly, to consider a local
equilibrium calculation of each reinforcement. In the second section, an attempt is made to validate the proposed initial
modifications on the basis of results obtained using an experimental structure locrdly loaded up to its failure point. The
local approach seems satisfacto~.
KEYWORDS: Retaining wall, Reinforcement calculation method, concentrated top load, Prediction, Experimentation.

1. INTRODUCTION
Geosynthetically reinforced soil embankments with
flexible facings are commonly used in France for retaining
purpose:;; their ability to bear is also currently being
studied at the Grenoble Lirigm laboratory. This article
will concentrate on this function for case where the head
of the structure is locally loaded.
Little is known about structures with flexible
reinforcement sheets which are locally loaded at the head.
Observation of the way in which instrumented
embankments fail (Matichard and rd., 1992, Lensiewska
and al., 1992) shows that the reinforcing sheets in the
upper pi~ of the embankment are placed under high stress
by the slab which perforates the embankment, and that the
tensile force and slope of the reinforcing sheets in the
shear zone are greatly reduced towards the base of the
embankment. This behaviour is the reverse of that of a
structure with no localised overload or which is evenly
overloaded, where the sheets at the base are under greatest
tensile forces.
on a reference experimental structure (Gourc and al.,
1995) (Photo 1), an attempt will be made to validate a
preliminary design method for these structures which is
quick and easy to use: the modified double-block method
(shortened to DB), based on the limit equilibrium
calculation principle. This method is sufficiently widely
used to study the stability of structures which are either
not overloaded or evenly overloaded.

Photo 1. The GARDEN experimentation

2. THE DOUBLE-BLOCK METHOD (DB)
With the DB method, the active part of the embankment is
divided into two rigid blocks placed side by side and
assumed to be slipping. The slip line is bilinear, with
kinematic convexity condition.
The points where the slip line intersects the facing (point
A) and the upper surface of the embankment (point C), as
well as the positions of the slope break point and the interlock line (point B) are selected by the user (Figure 1).
The limit equilibrium of the double block is calculated
by applying a resultant horizontal thrust P, redistributed
throughout the reinforcing sheets j (tensile forces TJ)
(Figure 1). The slip line is assimilated to the line along
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which the maximum tensile forces are accommodated in
the reinforcing sheets. The equality ZTJ=P is checked.

lQ

7

L +$+”
p:
II .

-

2.2 Local Approach (LOC)

h= nm
--

Figure 1. Double-Block method principle,
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/

1

cr~
+y.(H–Zj)

~

the reinforcement (T&2 = Tmz, except on case of
anchorage problem). The critical slip line is obtained for
the maximum value of TOM.

Another approach consists in studying the local
equilibrium of the complex [soil+reinforcing sheet] at the
level of each reinforcing sheet for a predestined slip line
(Figures 1 and 2).
The action of the localised head load Q is separated
from the action of the deadweight of the soil. This means
that a different distribution can be considered for each of
these actions along the slip line.
The double-block equilibrium thrust P~ is calculated
for the double-block only subjected to Q, for a density of
the soil body in the double-block assumed to be zero. In
accordance with the observations already made, the
distribution made is one whereby the upper reitiorcing
sheets which are under greater tensile forces. The
distribution of P~ is trapezoidal. The proposed hypothesis
consists in assuming that the reinforcing sheets are under
tensile forces only if their intersection with the slip line is
included in the top load area of influence (Figures 1
and?2).
A thrust coefficient ~ is calculated on the basis of P~

~“”””””””””””””””””””
1
1$.Y.@L2$.@

$

““”””””’
mm =q +%)
I

.=..

.[

7
K~.cr\.&Ij

to determine local tensile forces T: :

u

Figure 2. Local equilibrium of a reinforcing sheet j.
The distribution used for the resultant vertical stress of
the localised overload Q is almost vertical inside the
embankment (angle of distribution $~Oil/4).The vertical
stress al the reinforcing sheet j which is applicable in the
distribution zone will be called a~.
The safety coefficient F is applied to the mechanical
properties of the earthtlll. The theoreticrd failure of an
embankment is thus obtained when F=l.
Two approaches are proposed for the prelimimwy
design, one known as overall and the other local.
2.1 Overall Approach (OA)
Overall equilibrium of the unstable area is considered to
be (XTJ= P).
In a first option (OA1), the tensile forces T~l ,
mobilized in the reinforcement sheets, are fixed; the value
of F is cleduced.
A s~~ond option (OA2) consists in fixing F and then
deducing a uniform tensile force distribution throughout

512-1998

Sixth International

Conference

on Geosynthetics

For the action of weight of the soil, the conventional
triangular distribution hypothesis is considered. The thrust
PYis calculated, equilibrium resultant of the double-block
under its own weight, on the basis of which the thrust
coefficient 1$ and the local tensile forces T; are deduced.
Tjr =K, . y.(H-Zj).
\ XT; = P,

AH~
(3)

The tensile force in the reinforcing sheet j is then
obtained by (Figare 2): T/OC= T~+ T;.
Given the cases examined, where the overload Q 1s
high compared with the soil weight, the tensile forces T’
?
will be generrdly high compared to the tensile forces TY,
and thus predominant in the design of the structure.

3. COMPARISON WITH EXPERIMENTAL RESULTS
3.1 Experimental stmctures
The GARDEN programme (“Geotextile”: Application in
Reinforcement: Experimentation
and Normalisation)
consisted in loading to ftilure point two embankments
with cellular facings (Loffel type), at an 80° slope
(Photo 1).
These embankments have a total height H = 4.35 m, and
are reinforced by geosynthetics having a tensile strength
(TJ and different stiffness moduli, with local head loading
(Gourc and al., 1995). The loading system is presented on
the Figure 3.
An exhaustive assessment of the behaviour of these two
structures has been made (Hazz 1997). They were hardly
instrumcmted (Figure 4).
One of these embankments is shortly presented here: the
embankment reinforced by a non-woven polyester
geosynthetic (NW embankment, Figare 5). The other
embankment is reinforced by a woven polyester
geosynthetic (W embankment, figure 6).
The mechanical properties of the earthfill are ~ = 36°,
C =4 ld’sandy= 19 kN/m3.
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Figure 4. Instrumentation of the NW embankment.
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the reverse calculations.
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,LG4

2.5
2.0

,,0

.,

4,0

However, since the anchoring strength of the two
upper sheets is low (< Tf), these sheets were made longer.
Thus, the NW embankment is reinforced by eight 3 m
long sheets and two 4 m long upper sheets and the
W embankment is reinforced by three 3 m long sheets and
two 4 m long upper sheets (Figures 5 and 6).
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Figure 6. W embankment profil - slip line retained for the
reverse calculations.

For Q = 330 kN/m, F = 1 and slip line LG 1 defied
above, the tensile force distribution T~oc gives values
much higher than Tf (= 25 IdWm) in the upper two thirds
of the NW embankment (Figure 7),
A new loading condition Q was then calculated
compatible with a maximum tensile force value T;oc
closer to TP A value of Q~Oc = 185 lchlim was obtained
for a maximum value of T~oc =25 kN/m (Figure 7). The
same value of Q~W was obtained for the W embankment,
for a maximum value of T~Oc=44 kN/m (= T~).
3.3 Feedback fbm experimentation

3.2 Preliminary design stage
3.2.1 Definition of profiles: overall approach (OA)
The preliminruy design of these experimental structures
was carried out using the overall approach (OA2): the
safety coefficient was fixed (F= 1, theoretical ftilure
reached), as was the maximum load considered at tie
conceptual design stage Q = 330 kNjm.
The critical slip line was obtained (LG 1 in the
NW embankment, Figure 7). The selected tensile strength
of the geosynthetic
used was equal to TOM
(Tf = TC)A2= 25 WVrn in the NW embankment).

At the end of the test, the maximum load applied on the
two embankments was Qmp = 230 IcNim.
By measuring the displacement of reinforcing sheet
points at failure, the range of maximum reinforcement
sheet strain zones cau be obtained (Figures 3 and 4). The
distribution of experimental tensile forms Tup can then
be estimated (Figure 8, in the NW embankment).
Observations of the two embankments confirmed that the
upper sheets work much harder than the others, and tend
to bend considerably (Gotteland and al., 1997).
The critical slip line selected for the preliminary
design in the NW embankment (LG 1) was not exactly
within the range of maximum tensile force values. In the
following discussion, two other slip lines included within
this range, LG 2 and LG 3, were considered in the
NW embankment for carrying out the reverse calculation
using the DB method. The slip line LG 4, included within
the range of maximum tensile force values, was
considered in the W embankment for the reverse
calculation (Figures 5 and 6).
3.3.1 Reveme calculation: overall approach (OA)

~1

I

1

~

051015202530354045
Tmobj(kNhn)

The overall approach (OA1), with Qmp = 230 kNjm

Preliminary design
Figure 7.
distribution (NW embankment).

514-1998

Sixth International

The forecast failure load in the overall approach ($ 3.2.1)
was 330 kN/m, a value much higher than the load
conditions
obsemed
under
experimental
(Qmp = 230 kN/m).

stage - tensile

Conference

force

on Geosynthetics

and T~ , = T~w applied along the line LG 2 and the
deeper line LG 3, gives safety coefficient values of
F = 0.66 and F = 0.995 respectively (Figure 8). Therefore,

with the overall approach, the safety coefficient F depends
closely on the slip line chosen, although the two lines
considered are relatively close. A satisfactory result is
obtained for line LG 3 (F= 1).

3.3.3 Local Approach (LOC)
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Figure $. Experimental tensile force distribution in the
NW embankment.
3.3.2 Overall approach: proposed development
In the shear zone, flexible reinilorcing sheets become
deformed Therefore, the stress that builds up here does
not remain horizontal.
A vertical component of the tensile forces along the
shear line, taken into account in the active double-block
equilibrium, was introduced into the calculation (Haz%
1997).
In the light of the observations, it is proposed to divide
up the active zone of the embankment into two simplified
zones :
a “top” zone (above point B, Figure 1), where the
tensile lbrces that build up in the reinforcements are all
inclined at the same angle ~,
a “bottom” zone (below point B, Figure 1), where
the tensile forces remain horizontal.
As before, the option (OA1) is applied in the
NW embankment “with Q = ~P = 230 kNlm, by
imposing T~~l = T~M but inclining the “top” forces at
~ = 35° (inclination of sheet nOIO measured when the
structure was dismantled). To ensure that only the upper
reinforcing sheets were inclined, line LG 2 is considered
because point B is high up in the embankment. F = 0.705
in place of 0.66 was obtained. By inclining these forces, a
slight increase in the safety coefficient F was observed; it
nevertheless remains less than 1.

During the preliminary design, the foreseeable failure load
obtained (F = 1) is less than the ftilure load measured
experimentally ( Q~oc(=1 85 kNlm) < Q=p (=230 kNlm)).

To compare the results of the local approach with the
overall approach, the slip lines LG 2 and LG 3 are also
used in the NW embankment (Figure 9), and the slip line
LG 4 in the W embankment (Figure 10).
By applying F = 1 imd Q = ~p=
230 kN/w the

tensile forces distribution calculated along the slip line
LG 2 is much higher than the distribution obtained
experimentally, whereas along LG 3 it is closer. Thanks to
the low position of point B on line LG 3, the deeper-lying
reinforcement sheets in the embankment can also take part
in the overload double-block equilibrium because they are
directly involved in load distribution within the
embankment (Figure 9). The thrust P~ is thus distributed
among a greater number of reinforcement sheets, thereby
reducing the tensile forces T~oc. Meanwhile, the tensile
forces distribution calculated along the slip line LG 4 in
the W embankment is not so close to the distribution
obtained experimentally (Figure 10). The very large
vertical space between the sheets at the middle level of the
W embankment can be an explanation of this result.
4,5
4
3,5
3
g.

N2

23
1
0,5

0
051015202S
3035404550
Tensilefonx(kN/m)
Figure 9. Reverse calculation by the local approach
(NW embankment)
As the point B (Figure 1) is near the bottom of the
embankment, its exact position has little bearing on the
values of T~oc; the same is true for the position of point
A, as the level of participation of the lower sheets remains
very low.
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account a distribution of the tensile fomes produced by
Local Approach, are used to approximate the observed
behaviour on experimental structures subjected to massive
deformation.
The Local Approach proposed gives promising results
and should become even more satisfactory with possible
allowance being made for the angle of inclination of the
tensile forces, i.e., consideration for the deformable nature
of the reinforcing sheets,
We have suggested (Haz% 1997) a design method
which needs now to be validated on several experimental
results.
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Figure 10. Reverse calculation by the local approach
(W embankment).
This type of slip line, emerging at C, just upstream of
the loading slab, with a high angular opening, would seem
to match the local approach modelling system used here.
The same type of slip line could be used for the design
of reinforced embankment whose geosynthetic is more or
less stiff. Indeed, we observed, during the GARDEN
experimentation, that the position of the experimental slip
line is similar in both embankments (Figures 5 and 6).
However, the stiflhess moduli of the geosynthetics were
different (J~W= 95 kN/m, JW= 340 kNlm).

The operating and failure mechanisms of geosynthetically
reinforced earth structures, with local head loading
condition, are still relatively unknown. This paper
proposes the outlines of a simple and fast calculation
method for the preliminary design of such structures. Two
modifications to the double-block method, the fwst to take
into account the deformable nature of the reintlorcing
material (Overall Approach), and the other to take into
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Measuring geotextile strains with strain gages
Stanley R. Boyle
Engineer, Shannon & Wilson, Inc., Seattle, Washington, USA
Robert D. Holtz
Professor, Department of Civil Engineering, University of Washington, Seattle, Washington USA
ABSTRACT: Laboratory research was undertaken to evaluate the effectiveness of electrical resistance strain gages to
measure geotextile strains. At low strains, typical of those observed in geosynthetic reinforced soil slopes and walls, the
strain gages were found to underrecord total strain and incremental strain in both in-isolation and in-soil load-elongation
tests on both polypropylene and polyester woven geotextiles. The degree of underrecordkg decreased with increasing
geotextile strain. Strain gages were effective for measuring the strain distribution in geotextiles and for monitoring
geotextile creep.
KEYWORDS: Geotextiles, reinforcement, strain gages, strain measurements, testing
1

INTRODUCTION

To evaluate the effectiveness of electrical resistance strain
gages for measuring strains in reinforcement geotextiles, a
series of load-elongation tests were performed on woven
polypropylene and polyester geotextiles to which strain
gages had been attached. Specimens 100 mm long by 200
mm wide were tested in isolation and confined in soil.
Three polypropylene woven slit film geotextiles (PPl, PP2,
and PP3) and two polyester woven multi-filament
geotextiles (PET 1 and PEE?) were included in the test
program, Table 1.
Table 1: Geotextiles tested.
Material Material and Description
PP 1
PP2
PP3
PET]
PET2

Polypropylene, woven, slit-film
Polypropylene, woven, slit-film,
2 layer stitch-bonded
Polypropylene, woven, slit-film,
3 layer stitch-bonded
Polyester, woven, multi-filament
Polyester, woven, multi-filament

Figure 1. The scissors were attached to the geotextiles by
pushing needles, mounted at the end of each arm, through
the geotextile. The distance between the needles at the
beginning of each test, approximately 60-75 mm for 100
mm gage length specimens, was used as the initial gage
length for calculating overall strains in the woven
geotextiles. No measurable reduction in strength resulted
from insertion of the needles.
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hydraulically operated clamps, in accordance with ASTM
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10%/min and 1%/min. In an attempt to eliminate end
effects, overall elongation of the geotextiles was measured
using a “scissors” type displacement measurement device,
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Figure 1: In-isolation test device.
In-soil tests were conducted using a plane strain unit cell
device (UCD), Figure 2. During UCD tests, horizontal
deformation of the soil is resisted by an applied lateral
confining pressure and by tensile loads induced in the
reinforcement. Elongation and tension in the geosynthetic
specimen are measured respectively, by LVDT’S and load
cells connected to the clamps which grip the reinforcement
at both ends. Stiff end plates, to which the clamps are
mechanically linked, ensure the reinforcement and soil
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F‘i~ure 2: Unit Cell Device (UCD).
displace equally in the lateral direction during loading and
that the faces of the specimen remain orthogonal. Because
the UCD is a load control device, with load applied
vertically to the soil specimen, neither the vertical nor
horizontal (reinforcement) strain rates could be controlled,
but they could be measured.

The YL-20 strain” gages, attached to the woven
polypropylene slit-film geotextiles, PP1, PP2, and PP3,
appeared to work adequately until they reached the gage
or the backing started to debond from the
yield strain
geotextile, conditions that typically occurred between 6%
and 120/0 Strain. In all cases the YL-20 strain gages
reported less strain than was recorded for the overall
specimen.
To facilitate evaluation of strain gage performance we
looked at the ratio of strain gage strain to total strain (SR),
defined as:
SR = &,,(t) / Ewti(t)

(1)

where:
Dimensions and yield strain of the high-elongation strain
gages used in the testing program are presented in Table 2.
A single gage was attached at the center of each in-isolation
specirnerl. Two or three gages were used in the in-soil
tests; they were positioned along the length of the
geotextile specimen to permit measurement of the strain
distribution. After preparing the surface with a primer, the
Tokyo Sokki Kenkyujo, Co., Ltd. Model YL-series gages
were attached to the polypropylene woven geotextiles using
a cyanoacrylate type CN adhesive. The BLH, Inc. SR-4
type, model PA-series gages were attached to the polyester
geotextiles using an SR-4 adhesive, without priming the
surface. To protect the strain gages during soil compaction
and load application in the in-soil tests, the strain gages and
their lead wires were coated with type MB-4 rubber cement
and then covered with a small piece of 0.3 mm thick latex
rubber.

&sg(t)= strain gage strain at time t
&total(t) = total overall strain at time t
The SR for a given strain gage-reinforcement
combination changed throughout each test and differed
fkom one test to another, Figure 3. Afler the first I% strain
the SR typically increased to a maximum that occurred
between 3% and 8% overall strain.
1.0

0.6
m
a
0.4

Table 2: Strain gages tested.

l%lmln,TEST1
A l%A’nlm,
TEST2

o.~

+

0.0

~
YL- 10
yL-~0
PA-2
PA-7

10X3
20x3
19X11
6.4 X 7.5

20x7
30X7
51X13
29X 9.5

10-20
10-20
10
8

Additional details on the in-isolation test procedure and
results; UCD design, operation, test procedure and results;
geotextile sample preparation; and strain gage “tests are
presented in Boyle (1995a, b), Gallagher (1995), and Boyle
et al. (1996).
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Figure 3: SR versus overall specimen strain for in-isolation
test on PP2 with YL gages.
To reduce the influence of initial strain readings on the
analysis, an incremental strain ratio, IS~ was defined:
ISR =

%g(t2) – %(9)
EtotaJt2)-Etotar(t,)

(2)

For the YL gages, as shown in Figure 4, the ISR results
fell in a slightly narrower band than was exhibited by the
SR. The pattern of ISR versus total strain for the three
polypropylene geotextiles were similar. The ISR generally
increased to a maximum between 3°/0 and 80/0total strain,
and then decreased at larger strains (Gallagher, 1995;
Boyle, 1995a). The decrease in ISR, and S~ after about
8% strain likely results from debonding of the strain gage
from the geotextile or may be due to yielding of the strain
gage. At small strains, i.e, 0.5%, ISR values were typically
in the range 0.1 to 0.5. The ISR values for the YL-20 gages
tested in isolation increased to a maximum at strains greater
than 3’Yo. These maximums were typically between 0.8 and
1.2, although values as high as 1.3 were found. Thus, at
higher strains, the incremental strain measured by the strain
gages was relatively accurately measured. However, strains
of this magnitude have not been commonly reported for
instrumented wall case histories (Allen et al., 1992;
McGown et al., 1993).
1.4 1

2,2

In-Soil Test Results

The pattern of strain recorded by the YL strain gages
when attached to the polypropylene geotextiles, including
creep strain, was similar to the pattern for overall lateral
(geotextile) strain in the majori~ of the UCD strain gage
tests conducted, Figure 5. This similarity, plus the smooth,
continuous nature of the data, was interpreted as evidence
that the strain gages were behaving properly. As in the insolation tests, the gages underrecorded total strain, Figures
5, 6, and 7. For YL gages attached to polypropylene
reinforcements PP 1, PP2, and PP3, the SR ranged from 0.3
to 1.0. As occurred in the in-isolation tests, during the
initial stages of each test SR increased with increasing
strain, Figure 6. Since total strain was limited (by the UCD
device) to less than 6% in the in-soil tests, debonding or
yield of the strain gages did not occur.
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Figure 5: Overall specimen strain and strain gage measured
strain for in-soiI tes~ PP2 with YL- 10 gages.

Figure 4: ISR versus overall specimen strain for insolation test on PP2 with YL gages
Tests with PA-3 gages attached to polyester
reinforcement PET2 met with only limited success. Only
two of the in-isolation tests conducted with these strain
gages produced reasonable results (Gallagher, 1995). For
these two tests, the initial ISR values of 0.78 and 0.91 were
higher than the initial values for the YL-20 gages attached
The maximum ISR
to the polypropylene geotextiles.
values were approximately 1.1. ISR values on this order
indicate the strain gages were not underrecording
However, the nonincremental strain substantially.
incremental strain ratio, SR, did underrecord strains, and
was sensitive to the initial “zero” strain gage reading
selected. Because the PA-3 gages tended to debond fkom
the polyester geotextile at strains between I?Aoand z~o,
evaluation of strain gage performance at higher strains was
not possible on the woven polyester geotextiles.
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Figure 6: SR for gages at different locations along in-soil
test specimen, PP2 with YL- 10 gages.
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gage responses were somewhat erratic and strains to only a
few percent were recorded.
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Figure 7: ISR for gages at different locations along in-soil
test specimen, PP2 with YL-1 Ogages.
There was less fluctuation in the ISR values for the YL
strain gages in in-soil tests than was recorded in the inisolatiorn tests, Figure 7. The smoothing of the response
may be due to the reduction of specimen flexibility by
confinement in soil. As with the in-isolation tests, the ISR
for in-soil tests tended to increase with increasing overall
specimen strain. Initial ISR values (e.g., at O.S”/O
strain) for
the three different length YL gages were between 0.20 and
0.80. At higher strains ISR generally fell in the range 0.3 to
1.10, although maximums as high as 1.32 were observed,
see Table 3. While SR or” ISR values near 1.0 would
indicate relatively accurate measurement of geotextile
strains, the SR and ISR did not approach or exceed 1.0 until
strains greater than 3°/0were attained. This is three times
the strain reported in geosynthetic reinforced walls (Allen
et al., 1992; McGown et al., 1993).
Table 3: Range of SR and ISR values.
YL-series gages
PA-series gages
Strain In-Isolation In-Soil I In-Isolation In-Soil
~

0.5%
4?40- 6!%*

0.3 -0.8
0.4 -1.0

-------

0.3 -0.7
0.3 -0.7

0.2- 0.7

0.2- 0.8

0.8 -1.0

0.8-

0.3 -1.3

0.7-

0.4- 0.7
0.1 -0.9

---0.5 -1.0

~

0.5%
4’70- 6(%*

1.3

1.1

“ Range at 1YO to 2°Aused for PA gages.
Only two in-soil tests were conducted with PA-7 gages,
both mounted on Reinforcement PET I. In these tests the
ISR at 0.5% strain fell between 0.4 and 0.7, but ranged as
wide as 0.1 to 0.9 at higher strains. These values are lower
than was observed in the in-isolation tests for PA-3 gages
attachecl to PET2. As with the in-isolation tests, the PA
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Discussion

The SR and ISR values for the YL gages in the in-soil tests
were more uniform and less erratic than for the in-isolation
tests. While the in-soil and in-isolation ISR values were
similar, there was slightly less variation in the in-soil ISR
values at each strain level, Table 3. From these tests,
neither in-soil or in-isolation resulted in more accurate
measurement of geotextile strains. At strains less than 2°/0
the initial ISR for in-isolation tests were somewhat, though
not significantly, lower than for in-soil tests. At strains
from 4% to 6% in-isolation ISR values were slightly higher
than in-soil values. Initial ISR values were also slightly
lower for in-soil tests with YL-2 gages (7.6 mm length)
than for the longer YL-10 (20,5 mm) and YL-20 (30.5 mm)
gages. The PA gages did not behave better in-soil than insolation, and we experienced difllculties with their
adhesion to the geotextiles under both test conditions. The
in-isolation ISR values were closer to 1.0 than were the insoil ISR values. This difference may be related to the
different strain gage lengths; the longer PA-3 gage may be
better at recording overall strain than the shorter PA-7 gage.
An insufficient number of tests were performed to
conclude that the strain gages attached to geotextiles
behaved better in in-soil tests than in in-isolation tests, or
vice-versa, or that longer gages perform better than shorter
ones. There is, however, sufficient data to conclude that
strain gages of the type tested can be expected to
underrecord both total and incremental strain when attached
to woven polypropylene slit-film or woven polyester multifilament geotextiles, especially at low strains. A number of
factors may contribute to this phenomenon:
a) Overall strain includes global rearrangement of the fibers
and tightening of the weave. Tightening of the weave
with increasing strain may partially explain the increase
in SR and ISR values, and their leveling off after the frost
few percent strain.
b) Strain gages are intended for application to smooth, flat
surfaces; these conditions are not met when the gages
are attached to woven geotextiles where the gages pass
over multiple weaves in both the machine and crossmachine directions. The height and length of these
“bumps” may be expected to change throughout the test
as the reinforcement is strained. This change in degree
of flatness of the gage may modifi the gage resistance,
thus affecting the output.
c) The strain gages were not attached to a single
geosynthetic fiber oriented in the direction of straining.
They were attached to three parallel slit film strips or
three parallel filament bundles, and the gages crossed
strips and filament bundles oriented perpendicular to the

direction of strain. The independent action of the
parallel slit-films or filament bundles to which the gages
were attached can be expected to influence gage
performance.
d) In the in-soil tests, it is possible, even likely, that the
geote(tile sheets were arched very slightly when tested.
The presence of such an arch, while unconfined,
would result from the soil not being perfectly flat when
the UCD specimen was constructed or from deformation
of the soil during loading. During straining this arch
may be increased, removed, or reversed, depending
upon specimen behavior.
Any change in the
reinforcement orientation would influence the gage
reading.
This effect may be compensated for by
attach ing complementary gages directly opposite each
other on each side of the geotextile specimen.
With the exception of item (d), these complicating factors
are inherent to the nature of woven geotextiles and must be
recognized as contributors to uncertainty when interpreting
strain gage data.
Because the gages attached to the geotextiles did not
accurately record overall strains, to estimate the true strain
in a geotextile from strain gage measurements, it is
necessary to apply a correction factor, CF. Such a factor
can be computed by taking the reciprocal of SR and ISR
(i.e., CF~, = USR and CR1s, = UISR). Emphasizing typical
test results, instead of the fill range of variation presented
in Table 3, we believe representative correction factors for
the geotextile reinforcements and strain gages used in our
program are as follows:
Table 4: Correction factors.
YL - series gages
4-6
Strain (’??)
0.5
2.5- 1.0
1.7-1.0
CF,R
2.0-0.9
CFr~R
5- 1.7

PA -series gages
0.5
2.5-1.4
2.5-0.9

The selection of representative correction factors is
somewhat subjective, and is based upon our assessment of
the quality of all of the tests conducted in the program, and
Because of the
involves some engineering judgment.
spread in CF values, and the somewhat subjective nature in
their selection, it is impractical to select a single correction
factor to apply to a given strain gage reading. Instead, if
correction factors are to be applied, we recommend a
probable range be computed for the corrected strain gage
measurement, and that this range be used in estimating
overall geotextile strain from strain gage measurements.
When using strain gage data to estimate true geotextile
strains, our test program illustrates that the potential for
error is greatest at low strains (less than 10/o). This is
unfortunate because for geosynthetic reinforced walls, for
example, reported typical strain values are often of this
magni~de (Allen et al., 1992; McGown et al., 1993).

In our program, the difference between the measured
overall geotextile strain and that measured with strain gages
is similar to that reported by Allen et al., (1992) for a 12.6
m high instrumented geotextile reinforced wall.
The
reinforcements and strain gages used in our program were
the same or similar products and by the same manufacturers
as those used by Allen et al. For measuring overall
geotextile strain in the field, Allen et al., used mechanical
extensometers. The extensometers tended to record greater
strain than the electrical resistance strain gages in almost all
cases.
Despite the apparent limitations and irtaccuracies
associated with using strain gages to measure overall and
incremental strain of geotextiles, the test results provide
evidence that strain gages can be effectively used to
measure strain distribution and creep of geotextiles
confined in soil, Figures 5, 6, and 7. The effectiveness of
using strain gages to measure strain distribution and to
record creep in geotextiles, as was found in our laboratory
program (Boyle, 1995a), was also observed by Allen et al.,
(1992) in a full scale instrumented wall. Therefore, despite
the inability to use strain gages to determine the true strain
in geotextiles with confidence, strain gages appear to be
usefid instruments for determining the distribution of strain
along woven geotextiles and for recording creep.
3

CONCLUSIONS

In this study, in the fmt few percent strain, i.e., at strains
typically observed in geosynthetic reinforced walls, strain
gages underrecorded by 20% to 80% both total and
incremental strain.
The degree of underrecording
decreased at strains between 4% and 8% strain, and the
incremental strain ratio was on the order of 1.0 in some
cases. Because of the inaccuracies involved, we suggest
that a range of probable geotextile strain values, not a
single value, be reported when adjusting field strain gage
data. This is an especially important consideration at small
strains, e.g., less than 10/O.
Despite our inability accurately measure the true
geotextile strain using strain gages attached to woven
geotextiles, we did fmd that strain gages could be
effectively used to identi~ the distribution of. strain along
the geotextiles. Strain gages were also found to be effective
for monitorirtg creep in geotextiles.
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Soil Confinement Effect on Stress-Strain Properties of Geosynthetics
Z. Yuan, R. H. Swan, Jr., and R. C. Bachus
GeoSyntec Consultants, Atlanta, Georgia, USA
V. Elias
Earth Engineering & Sciences, Inc., Baltimore, Maryland, USA
ABSTRACT: A confkd extension test device was designed and fabricated for measuring the response of geosynthetic
materials confined in soil. A series of confined extension tests was performed on each of five selected geosynthetic
materials using the confhmd extension test device. Each test series consisted of one unconfhed extension test and two
confkd extension tests, each conducted at a different level of normal stress, The test data were presented in the form
of stress versus strain curves. Using the test data, secant moduli at select strain levels were calculated. A comparison was
made between unconilned and confined moduli for each geosynthetic material to quanti~ the soil confinement effect on
stress-strain properties. A comparison was also made between the relative increase of moduli at the same strain level
among the five geosynthetic materials to demonstrate the different responses of these geosynthetic materials under soil
confinement.
KEYWORDS: confhxxl extension test, soil confhement, geosynthetics, geogrids, geotextiles, stress, strain, modulus.
1

INTRODUCTION

In the design of geosynthetic-reinforced soil structures, the
tensile strength and modulus of the reinforcing material are
important design parameters. These two parameters are
commonly obtained from the wide-width tensile test,
described in the American Society for Testing and Materials
(ASTM) Standard Test Method D 4595. This test is
conducted under unconfined (i. e., in-air) conditions which
Under field
do not fully simulate field conditions.
conditions, the geosynthetics are almost always confined
within soil. Questions have been raised regarding the
potential beneficial effects on the stress-strain properties of
the geosynthetics due to soil confinement.
To address these questions, several researchers have
studied the effect of soil confinement on stress-strain
properties of various geosynthetic materials using different
test devices. These devices include: (i) the in-soil test
device developed by McGown et al. [1982] and modified by
Wilson-Fahmy et al. [1993]; (ii) the mro-span test device
by Christopher et al, [1986]; (iii) the pullout test device by
Holtz [1977] and Juran et al. [1991]; (iv) the modified
triaxial test device by Ling et al. [1991] and Wu [1991];
(v) the plane strain unit cell device (UCD) by Boyle [1995];
(vi) the automated plane strain reinforcement (APSR) cell
by Whittle et al. [1993]; and (vii) the modified direct shear
test machine by Leshchinsky et al. [1987]. Characteristics
of these test devices were described in detail in the final
report to the Federal Highway Administration (FHWA) by
Yuan et al. [1997].
After an extensive literature review and several series of
test trials using different in-soil contined extension test
devices, it was found that an in-soil test apparatus based on
the initial design by McGown et al. [1982] including the
revisions by Wilson-Fahmy et al. [1993] could be modified
to provide a nearly constant strain rate and a nearly constant
tensile load over the confined test specimen length. Using
this device, the cotilned response of a geosynthetic material
measured using the in-soil test apparatus can be directly
compared with the unconfined response (ASTM D 4595) of
a geosynthetic material to assess the overall effect of soil

confinement.
This led to the decision to design and
fabricate a new device which is conceptually similar to the
in-soil test apparatus for use in a comparative testing
program. Using the modified device, herein referred to as
the contined extension test device, the contked stress-strain
response of geosynthetics at different confining stresses
were compared with the unconfhed response of the same
geosynthetic to evaluate the effect of soil confinement.
2

TEST PROGRAM

2.1

Testing Materials

The materials used in the testing program included five
geosynthetic and two soil materials. A brief description of
each geosynthetic material and its ultimate wide-width
tensile strength as tested in accordance with ASTM D4595
are summarized in Table 1. Beach sand and silty sand were
Table 1. Summary of geosynthetic properties.
Geosynthetic
Materials

Description

Tensile
Strength (kN/m)

I Geosynthetic I Staple-filament needle- I 19.7
PP-10
punched polypropylene
nonwoven geotextile

I

I

Geosynthetic
PP-11

Slit-film and multifilament polypropylene
woven geotextile

70.1

Geosynthetic
PP-12

Mono-filament
polypropylene woven
geotextile

40.3

Geasynthetic
PE-13

Extruded polyethylene
geogrid

86.0

Geosynthetic
PET-14

Polyester geogrid

85.5
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used as the two soils in the testing program. For each of
the two soil materials, a particle-size analysis was
performed; results are shown in Figure 1. Based on the

1

,0

Grain

104

-t

Size

104

(mm)

Figure 1. Particle-Size distribution curves for beach sand
and silty sand.
results of particle-size analyses, the beach sand and silty
sand were classified as SP (poorly-graded sand) and SM
(silty sand), respectively, in accordance with the Unified
Soil Classification System. A standard Proctor compaction
test and direct shear tests were also performed on each of
the two soils; results are summarized in Table 2. The
Table 2.
results.

Summary of compaction and direct shear test

is shown in Figure 2. The device consisted of the
following major components:
1.
a rigid supporting table with overall plan dimensions
of 1,070 mm in length by 710 mm in width;
2.
a confinement box with internal dimensions of 430
mm by 305 mm in plan and 150 mm in depth;
3.
a flexible pneumatic diaphragm loading device (air
bladder system) at the top and bottom of the
confinement box for applying normal stresses to the
test specimen; and
4.
a 150-nun diameter hydraulic cylinder for applying
tensile loads to the geosynthetic specimen.
The hydraulic cylinder was mounted on the front of the
supporting table. A constant rate of strain was achieved by
manually adjusting the rate of air or hydraulic flow into the
hydraulic cylinder. A constant load test or a confined creep
test can be conducted by maintaining a constant pressure
within the hydraulic cylinder.
The confined extension test device was calibrated through
several series of prelimimry and calibration tests prior to
being used for the confined extension testing program.
These tests were conducted to evaluate: (i) the friction
behveen the confinement box and steel rollers; (ii) the
uniformity of strain distribution along the geosynthetic
specimen length; and (iii) the reproducibility of test results.
The results of the calibration tests are detailed in the final
report to FHWA and indicate that: (i) the friction between
the confinement box and steel rollers did not vary with
conlhing pressures and the maximum friction was
approximately 40 N; (ii) the strain distribution along the
geosynthetic specimen length was approximately uniform
for a normal stress up to 138 kPa; and (iii) the confined
extension test device produced similar results for three
specimens of a given geosynthetic subject to the same test
conditions.
2.3

Beach sand

16.1 kN/m3 at 11.5%

300and 0.5 kPa

Silty Sand

15.4 kNfm3at 21.5%

3# and 7.6 k.pa

I

direct shear tests were conducted on remolded beach sand
and silty sand specimens compacted to 95 percent of
maximum dry unit weight at optimum moisture content.
Tests were conducted at normal stresses ranging from 14 to
63 kpa and a displacement rate of 1 mmhn.in.
2.2

Test Equipment

A new confked extension test device was designed and
As mentioned previously, the contined
fabricated.
extension test device is conceptually similar to the in-soil
test apparatus developed by McGown et al. [1982] and
modified by Wilson-Fahmy et al. [1993]. These earlier
devices consisted of a stationary confining box while a
moving box was developed by the authors. The detailed
cross-section drawing of the confined extension test device
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Testing Procedure

A testing procedure was developed to conduct confined
extension tests using the confined extension testing device.
This testing procedure consisted of the following steps:
1.
Preparation of Test Specimen: Soil was co~acted
into the lower half of the confinement box above the
lower air bladder system to form the lower cordlning
layer. A previously prepared geosynthetic specimen
with each end of the specimen cast in a lowtemperature curing epoxy resin was placed on top of
the confining soil layer. The two clamp ends of the
geosynthetic specimen were then connected to the
corresponding clevis as shown in Figure 2. A
pretension force was then applied to the geosynthetic
specimen to eliminate slack within the geosynthetic
specimen. Additional soil was compacted into the
upper half of the confinement box to form the upper
confining layer. The upper air bladder system was
then installed on top of the upper conthing layer.
Apply Normal Stress: A normal stress was applied to
2.
the test specimen by pressurizing the upper and lower
air bladder loading systems simultaneously.
Apply Tensile Loads: After the application of normal
3.
stress, the geosynthetic specimen was loaded under a

1

T

Figure 2. Details of confined extension test device.
constant rate of displacement as measured on the front
specimen clamp.
Tensile loads were measured at the front and rear end of
the geosynthetic specimen using two electronic load cells.
Displacements at the front and rear ends of the geosynthetic
specimens were measured using hvo linear variable
differential transformers (LVDTS), each connected to a
“tell-tail” wire which was attached to the geosynthetic
specimen within the confinement box.
Load and
displacement data were recorded using a computer data
acquisition system.
There were five major test variables involved in the
testing procedure established for conducting confined
extension tests. These variables were: (i) pretension force;
(ii) strain rate; (iii) aspect ratio; (iv) thickness of the
confining soil; and (v) boundary friction on the upper and
lower surfaces of confining soil. The first three test
variables were selected in accordance with ASTM D 4595
as follows:
1.
Pretension Force: A total pretension force equal to
1.25 percent of the expected breaking force was
applied to each geosynthetic specimen. However, the
total pretension force was not less than 45 N or
greater than 222 N in any case. The pretension force
was applied to the geosynthetic specimen prior to
placement of the upper confining soil layer.
Strain Rate: A constant rate of strain of 10 percent
2.
per minute was applied to the geosynthetic specimen
in the confined extension test.
Aspect Ratio: An aspect ratio of 2:1 was used for
3.
geotextile specimens with a specimen width of 200
mm. For the geogrid, the test specimen was trimmed
in such a way that it had a length containing at least
two complete apertures in the direction of testing and
a width containing at least five ribs in the cross-test
direction.
The soil thickness and boundary conditions were selected

based on the results of two preliminary confined extension
tests, as will be described below.
The effect of soil thickness on the confined response of
geosynthetics was investigated through a series of confined
extension tests on Geosynthetic PP- 10 confined between two
layers of beach sand with thicknesses ranging from 10 to 76
mm. The test results, as shown in Figure 3, indicate that
there was little difference among the confined responses of
Geosynthetic PP-10 when it was confined between 25-to 76mm thick soil layers.
However, the effect of soil
confinement was reduced when the thickness of the soil
layer was reduced to 10 mm due to the fact that cracks
developed throughout the thickness of the soil layers,
resulting in partial confinement of the ~eosvnthetic
specime-n. To provide fill confinement of the ~eos~nthetic
specimen, a soil thickness of 76 mm was then selected for
all of the confined extension tests in this study.

~
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Figure 3. Responses of Gsmsynt* PP-10 confined within
various thicknesses of beach sand layers.
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The effect of the boundary friction on the confined
response of geosynthetics was ~nvestigated through a series
of confined extension tests on Geosynthetic PP- 10, each test
conducted under one of the following two boundary
conditions:
1.
Condition 1: no lubrication between the air bladder
and confining soil while the confinement box was
allowed to move; and
2.
Condition 2: lubrication between the air bladder and
confining soil while the confinement box was fixed to
the supporting table during testing.
The lubrication was achieved by placing two layers of
lubricated latex membranes on the contact surface between
the bladder and confining soil. In each test the geosynthetic
specimen was contined between 10-mm thick beach sand
layers in order to directly compare the effect of the
boundary condition. The test results, as shown in Figure 4,

‘“ “ “ “by mmal
‘”’ “ specimen
“
-- ‘ versus strain (i.e., total
anmlwl
width)
displacement divided by initial specimen length) curves.
To quanti@ the improvement due to the soil confinement,
secant moduli at 1, 5, and 10 percent strain levels and peak
strength were calculated for each test and summarized in
Table 3. For this paper, the secant modulus at 5 percent
strain was selected to quantify the effect of soil
confinement. The improvement of secant moduli at 5
percent strain was plotted versus confining pressure for
each geosynthetic material confined in the beach sand and
in the silty sand as shown in Figures 5 and 6, respectively.
~

Geosyrrthatic

~
~
~
—

Geosynthetic
Geasynthetic
Geosynthetic
Geosynthetic

‘1
g 500
-a

~ 4.00

PP- 10
PP–11
PP–12
PE– 13
PET-14

o
Confining

Pressure

(kPa)

Figure 5. Confinement effect of beach sand on secant
modulus at 5 percent strain.
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Figure 4. Confined responses of Geosyntec PP-10 under
lubricated and unlubricated boundary conditions.
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indicate that the confined stress-strain curves of
Geosynthetic PP-10 are very similar when tested in
accordance with conditions 1 and 2. Because of the small
difference between these results, condition 1 was selected
for the boundary condition during the testing program.
3

TEST RESULTS

Ten test series were conducted in the testing program.
Each test series consisted of one unconfined and two
confined extension tests on one of the five selected
geosynthetic materials. Each geosynthetic material was
confined within beach sand (Test Series 1 through 5) or
silty sand (Test Series 6 through 10) under two different
normal stresses (69 and 138 IcPa). For each test, tensile
loads and displacements were measured at the front and
rear end of the geosynthetic specimen by load cells and
LVDTS, respectively, and recorded using the computer data
acquisition system. The load and displacement data were
subsequently used to develop the tensile force (i.e., load
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o
(kPa)

Figure 6. Confinement effect of silty sand on secant
modulus at 5 percent strain.
In these plots “improvement” is defined as the ratio of the
confbd secant modulus to the unconfined secant modulus
at a strain level of 5 percent.
These figures clearly
demonstrate that the Geosynthetic PP-10 is significantly
affected by soil confinement and the other four geosynthetic
materials are less affected by soil confinement.
The
comparison between Figures 5 and 6 indicates that the
confinement effect of the beach sand is greater than that of
the silty sand.

Table 3. Summary of confined extension test results.
Test
Series
Number

Gcasynthetic
Material(l)

Confining
Materialc)

Confining
Pressure
(kPa)

Modulusat
1% Strain
(kN/m)

Modulusat
5% Strain
(kN/m)

Modulusat
10% Strain
(kN/m)

Peak
Strength
(IcNlm)

1

PP-10 in
machine
direction

in-air
beach sand
beach sand

o
69
138

81.9
137.1
341.9

59.0
232.5
335.8

62.7
162.4
246.8

19.8
26.5
37.1

2

PP-11 in cross
machine
direction

in-air
beach sand
beach sand

o
69
138

674.7
828.5
790.0

618.1
840.7
836.8

560.4
706.8
715.2

88.0
95.7
108.6

3

PP-12 in
machine
direction

in-air
beach sand
beach sand

o
69
138

559.6
783.4
957.9

417.1
480.8
527.0

326.5
381.2
424.7

49,7
56.2
61.8

4

PE-13 in
machine
direction

in-air
beach sand
beach sand

o
69
138

1135.9
1221.7
1290.4

832.7
868.6
948.5

680.5
693.4
675.4

85.6
85.9
86.7

5

PET-14 in
machine
direction

in-air
beach sand
beach sand

o
69
138

989.7
907.5
962.1

930.3
1097.4
1361.1

837.0
914.0
983.4

92.3
94.5
103.7

6

PP-10 in
machine
direction

in-air
silty sand
silty sand

o
69
138

81.9
116.9
277.8

59.0
153.3
286.0

62.7
108.1
233.8

19.8
24.3
31.5

7

PP-11 in cross
machine
direction

in-air
silty sand
silty sand

o
69
138

674.7
934.3
1089.6

618.1
731.4
879.9

560.4
620.6
769.4

88.0
98.6
104.4

8

PP-12 in
machine
direction

in-air
silty sand
silty sand

o
69
138

559.6
644.3
754.1

417.1
467.4
520.5

326.5
364.5
393.0

49.7
52.8
60.0

9

PE-13 in
machine
direction

in-air
silty sand
silty sand

o
69
138

1135.9
1296.3
1322.9

832.7
854.0
991.6

680.5
726.0
768.4

85.6
84.5
87.4

10

PET-14 in
machine
direction

in-air
silty sand
silty Sand

o
69
138

989.7
1174.8
1397.9

930.3
1046.3
1250.4

837.0
875,7
984.9

92.3
97.7
105.1

Notes:

(1) For Geosynthetics PP-10, PP-11 and PP-12, each test specimen was 200 mm in width and 100 mm in
g~ge length. -For Geosynthetics PE-13 and PET-14, each test specimen had two full apertures in the
machine direction and five ribs in the cross-machine direction.
(2) For each confined extension test, the gwsynthetic specimen was confined between two 76-mm thick
layers of beach sand or silty sand.
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4

report of this research program submitted to the FH WA on
which this paper is based.

CONCLUSIONS

A confined extension test apparatus was designed,
fabricated, calibrated, and used in a comparative testing
program. The advantages of the test apparatus fabricated
for this study include: (i) ease of the test set-up; (ii) welldefined boundary conditions; and (iii) ease of test
interpretation. Based on the results of the crdibration tests,
a nearly uniform distribution of tensile strain along the
specimen length was achieved. Because of this relatively
uniform distribution, the confined stress-strain response of
the geosynthetic was readily obtained from the measured
data and used for a direct comparison with the unconfined
response of the geosynthetic to evaluate the effect of soil
confinement. Further evaluations can be performed using
this device to study the effects of full and partial
confinement and creep behavior of geosynthetic materials.
Based on the results of the ten cotilned extension tests
series, the following conclusions can be drawn:
1.
Soil confinement significantly improves the moduli
and strength of Geosynthetic PP- 10. As the coni3ning
pressures increases, the moduli and strength of this
material similarly increases. The 5 percent moduli of
Geosynthetic PP-10 increased by approximately 200
to 400 percent when confined in the beach sand and
50 to 300 percent in the silty sand under contbing
pressures of 69 and 138 kPa.
2.
Under the same confining pressure, the contlned
response (i. e., modulus and strength) of Geosynthetic
PP-10 in beach sand is greater than that of
Geosynthetic PP-10 in silty sand.
3.
There is a noticeable effect of confinement with
respect to the contlned response for the two woven
geotextiles and two geogrids (Geosynthetics PP-11,
PP-12, PE- 13, and PET-14) when confined in the
beach sand and in the silty sand; the increase of the
5 percent moduli ranged from approximately 5 to 30
percent among GeosyntheticsPP-11, PP-12, PE-13,
and PET-14 at a normal stress of 138 kpa. These
increases can be considered significant with respect to
unconfined moduli of the same materials although
considered less significant when compared with the
increase of the 5 percent moduli for the nonwoven
geotextile (Geosynthetic PP-10).
Improvement of the contkd stress-strain properties
4.
for a given geosynthetic material may be primarily
related to: (i) internal friction between fibers or
yams; (ii) alignment of curved fibers or yams (i.e.,
tortuosity); and (iii) interlocking of soil within
openings or apertures of geosynthetics.
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ABSTRACT: Concurrent with a product development program, a review of the testing of reinforcements was conducted.
Review of more than 100 published articles revealed that: (1) Researchers have identiiled 14 issues of concern to the
design engineer as well as the manufacturer of geosynthetic reinforcements. (2) The geosynthetic and geotechnical
cmnnmnity have not fully exploited the technical resources (database and knowledge) of the textile industry. (3) Data for
reinforcement products is inconsistently reported, resulting in potential misinteqmtation. (4) Little research has been
conducted on the testing of high performance geosynthetic reinforcements. This paper will review the above and present a
test methodolo~ that: (1) addresses the issues of concm (2) is based on detailed research and experimentation, (3) is
easily verified, is repeatable and reproducible.
KEYWORDS: Mechanical properties, tensile strength, modulus, testing, woven fabrics, knit fabrics, specifkations.
1

INTRODUCTION

Much research has been conducted on the type of wide
width testing represented by ASTM D4595 and 1S0 10319
in hopes of establishing a relationship between laboratory
testing and the plane strain conditions a geosynthetic
experiences in use. The references cited in this paper
repnxent the key portion of the work that deals with some
aspect of wide width testing of geosynthetics. 53 references
in the literature explore wide width testing. Less than 10
address reinforcements and 5 of the 10 report serious
concerns about current methodology and the results of its
application to high strength materials (Haliburton 1978;
Myles et al. 1986; Rowe et al. 1986; Leschinsky et al.
1990; Brancl et al. 1991). In the period fium 1977 (l%migan
1977) through the present, 14 issues of concern have been
identitled with the testing of reinforcements with many of
these concerns yet unresolved. The research reported here
focuses spccitkally on the testing of textile products
employimg high tenacity industrial quaMy muhitllament
textile yams from such polymem as polyester (PET),
polyamide (nylon), and polyvinyl alcohol (WA).
The spectilc concerns about testing of reinforcing
products expressed in the literature are: (1) the effect of
sample gauge (length) on reported values including tensile
strengtlL extension and modulus, (2) the effect of test
speed, i.e. strain rate on reported values: one speeiflc issue
is the difference between ASTM at 10°/0and 1S0 at 20°/0
per minute, (3) the effect of fabric structure (weave) on
reported values, (4) the effect of jaw or grip types on
reported values, (5) the control of sample slippage in grips,
(6) the amount of tolerable slippage in clamping devices,
(7) the accuracy of various extension measurement systems,

(8) the effect of the extension measurement system on the
reported values, (9) the effect of sample width on reported
values, (10) the effect of preload on reported values, (11)
the defiition, measurement and reporting of modulus, (12)
which modulus is important?, (13) what portion of the
sample does a reported modulus represent?, (14) is there a
demonstrated relationship between single end yarn test
values and fabric test values?
The research reported in this paper is directed toward
developing a repeatable and reproducible test method for
textile reinforcements. This presentation focuses on 8 of the
concerns. The issues addressed are sample length, sample
gauge (area of extension measurement), method of
extension measurement, fabric structure, test preloads and
modulus. Reference is made but specific research is not
reported for jaw types, slippage, sample width and yarn to
fabric relationship. The investigation includes both
conventional roller grip systems and pressure clamping
systems. The pressure clamping system incorporates a
technique used in other disciplines for very strong
materials. This technique is the application of sacrificial
tabs to the clamping area of the specimen, thus permitting
very high jaw pressures without specimen damage. A
second modiilcation to test protocol involved the use of
long samples, 0.508 m between grips. Long samples have
two benefits, fmt the sample geometry is similar between
roller and tab systems and longer samples reduce the effect
of variation in test speed on results. It is important to note
that, the techniques employed in this work are applicable to
conventional textiles produced from multifilament yarns
based on polymem whose glass transition point is at or
above the testing temperature. It is the authors opinion that
the techniques in the test method that produce meaningful
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information for very strong textiles will not be necessary
for other textile based geosynthetics such as nonwovens or
separation membranes. A specific caution applies to robust
fabrics produced from polypropylene yarns. While the
variations in test results caused by variation in testing speed
can be substantially neutralized for fibers, yarns and fabrics
produced from nylon and polyester, the same cannot be
said for polypropylene textiles unless tests are conducted at
temperatures below -lO°C. Ghwn an accurate description of
applicabilhy, technique, preparatio~ equipmen~ and clear
and accurate reporting requirements, this methodology can
be incorpomted in the standard test methodologies already
extant in the geosynthetics industry.

2

RESULTS OF THE INVESTIGATION

2.1

The Importance of Fabric Structure on the Testing of
High Strength Reinforcements.

the fabric and the size of the sample will dominate the
protocol and dictate the hierarchy of the results. Figures 1
and 2 present comparative test results for two groups of
fabrics. For both groups all conditions are uniform except
sample structure. Figure 1 presents 6 fabrics produced to
the same performance speciikation, (5 of these fabrics
employ a common wmp in different structures, the sixth
was produced separately). Figure 2 presents an additional 5
fabrics, all from a common warp of a different polymer.
The wide variation in the curves and the shape of the
curves demonstrates the dmmatic effect of fabric sbwture
on the results from a tensile test. Fabric structure is
manipulated by the designerlproducer to achieve a
performance level. Test conditions cannot “correct” the
impact of structure on results because structure clearly has
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Several researchers have noted that the structure of a
product has a profound impact on the performance of that
product in a testing protocol. Research can be inteqxeted to
describe the structure of the reinforcement (fabric) as the
dominant condition of the testing protocol (Rowe and Ho
1986). This concept is confirmed by a text sponsored by the
NGO (Balkema 1986), which conducts a detailed
discussion c}fthe effects of fabric and yarn crimp, sample
width, and cross contraction under load in confined and
unconfined tests with the conclusion that the structure of
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The Effect of Preloads on Test Results

Three widely referenced test methods for the reporting of
geosynthetic properties are ASTM D4595, ISO 10319:1993
and BS 6906. Subtle differences in test conditions and
important differences in reporting exist between the
methods. Both 1S0 and the British Standard cite a
maximum preload of 1°Aof breaking strength while ASTM
allows 1.25’XO
not to exceed 0.73 kN/m. The ASTM method
appeam more conservative for very high strength materials:
however, 1S0 and BSI recommend stress strain curves that

include any initial elongation established in the application
of preload. ASTM allows the presentation of data without
reporting the initial elongation and acknowledges in a note
that ASTM does not have agreement on the point of origin
(zero position). Myles (1986) clearly defined the logic and
the method in which to record the test initiatio~ a
“daylight” point and total offset to be used for calculation

successively higher preloads more than double T5 values.
Ultimate strength is nearly independent of preload;
however, there can be a modest decrease in ultimate strain
as preload increases. Figure 5 demonstmtes that preloads
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F@re 3. Stress-Strain Curve with Complete Test Results
of secant and tangent moduli as shown in Figure 3.
The test methods cited above are employed equally for
a wide range of geosynthetics. The signifkanee of tensile
strength aud modulus are not the same for all classes of
geosynthetics. Unreported stress, strain and moduhrs data
on a filter is not a concern to the designer. Auy such
unreported data on products used in critical structures is, or
should be, a signifkant concern. One illustration of the
importance of accurate reporting is the effect of preloads.
Figure 4 presents the effect of preload variation on a set of
identical samples tested on roller grips. The siguitlcauce of
geosynthetic performance at low strain is increasingly
recognized as sigrdtlcamt to the working range of successfid
construction projects (Cmig 1997, Fakher et al. 1996).
Current specitlcatious are frequently governed by strength
requirements at strains of 5Y0.Because testing preload has
such profound effect on reported data at low strain values,
it is essential that the design engineer have both a good
understanding of test protocol and accurate data in order to
employ reinforcements in such designs. Figure 4
demonstrates that application of a 222 N preload results in
a 15 to 20% increase in reported load at 5°/0strain and that
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produce the same data inflation in the tab syslem that was
seen in figure 4 for roller testing. Figure 6 presents 2
widely different fabric structures produced to the same
specification tested under no preload and under a high
preload using roller grips. Clearly preloads inflate data
regardless of fabric structure or gripping system. When
employing roller grips, the use of preload in testing of very
strong geosynthetic reinforcements is obviously necessary
in order to remove slack and to seat samples in the testing
device. The recording of preloads applied in testing of very
strong geosynthetic reinforcements is importang and the
full reporting of extension when applying preloads is
essential to insure data is presented in complete form. The
reporting of tests performed on high strength textiles should
./,/

/’ ,/.~

..
,,

are related to segments of the stress strain curve. The ISO
and BSI deftitions
are compatible with ASTM in
langnagq however, the 1S0 and BSI ewes, with the
reporting of extension fmm test initiatio~ clearly include
data that ASTM excludes. The point is that the reporting of
a value at 2% or 5’% strain on a secant calculated from a
body of data that omits part of the specimen extension data
should be of little value to the designer of a critical
structure.
During the execution of a te* data for the entire curve
can be recorded. With the salient data available for
analysis, information concerning any, and every, segment
of the load elongation curve can be observed. Initial
modulus should be defined as the linear portion of the test
curve from the initiation point to the point where the cwve
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Due to poor agreement between sources, the deftitions of
modulus can be problematic for the authors of
speciikations and test reports on reinforcing gemynthetics.
The problem is the selection of the portions of the curve to
be included in the calculations. ASTM D4595 defines
initial tensile modulus as “the ratio of change in tensile
force per unit width to a change in strain (slope) of the
initial portion of the force per unit width strain ewe.”
ASTM also defines offset modulus and secant modulus in
similar terms with the clear intent that all of these concepts
532-1998
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mentioned by Myles (1986).
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shifts to non linearity. Figure 7 presents 2 best fit lines for 2
segments of a stress strain curve. Segment (a) represents O
to 1’%0.
Segment (b) represents 1 to 2Y0.

2.4

The Effect of Sample Gauge on Test Results

One of the principle concerns of the research cmnnnmity in
its review of wide width testing on reinforcements was the
effect of sample gauge. The authors conclude that the
100 mm sample gauge has proven to be inadequate for
reinforcements. Ftigan
(1977), Sisson (1977) and Van

Leeuwen (1977) all cited standard testing protocols for
strong fabrics as the textile strip method in which sample
length was typically 2 to 4 times the width. Recognition
that the strip concept of sample configuration is most
appropriate for strong tensile members is recognized
repeatedly throughout the literature, ASTM D5035, a strip
test, is representative of the standard method for testing
strong textiles and employs long thin specimens. The NGO
(Ehlkema 1986) provide discussion of the mechanisms of
testing and effects of gauge, width and structure. The
concept of long sample lengths is common to the textile
industry reflecting the producers understanding that short
sample lengths inflate strength and extension while
deflating modulus. Pan et al. (1997) showed that a small
variation in length of textile reinforcements had a large
effect on results. Experiments were conducted using long
samples, up to 0.508 m, in the sacrifkial tab method in
search of a neutral gauge for multifilament textile products
using polyester, polyamide or other industrial fibers. Data
indicates that a small variation in length of textile
reinforcements has a large effect on results. The
experiments indicate that for mukitllarnent textile products
using polyester, polyamide or other industrial fibers both
the effects of sample length and of variations in test speed
are greatly reduced by long specimens. Figure 8 presents
the effect of strain rate on initial modulus as a function of
specimen length. Initial modulus is defined as “the linear
portion of the test curve tivm the test initiation point to the
point where the cue
shifls to nonlinearity”. Figure 9
presents the eiTect of strain rate on segment (3%-ULT)
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Modulus
modulus as a function of specimen length and Table 1
presents a comparison of standard deviation for initial and
segment modulus.
Table 1.
Comparison of Standard Deviation for
Initial and Segment Modulus
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2.5. Strain Measurement
The measurement of strain in testing of geosynthetics is
widely acknowledged to be diflkdt and it is particularly so
for the high strength materials used in reinforcements. The
1S0 method dictates that the extensometm be capable of
measuring the distance between two reference points on the
specimen without any damage to the specimen or slippage
in relation to the specimen and resulting in a measurement
representing the true movement of the reference points. The
four main measurement techniques cited in the literature
and the 1S0 test method are mechanical, optical, iuffared or
electrical devices. Mechanical devices include both
crosshead movement (displacement of the clamps) and
lvdt’s (linear displacement measurement devices) or
mechadcal devices attached to the specimen. Optical
devices include video and laser systems. All of which
observe a small section of the specimen. The principle
issues are specimen damage, rate of strain and confiition
of accuracy. The experiences reported by Brand and Pang
(1991) and Leschinsky and Fowler (1990) define the
diffkulties experienced in accurate measurement of strain
on very strong geosynthetic materials regardless of device
type, and reflect the broad concern that accuracy needs to
be veriiled by comptison of two or more measurement
techniques. Figure 10 presents a comparison of cmves from
specimens in which extension was recorded simultaneously
for both displacement and an optical device. The excellent
agreement at low strain is most significant to the designer

of reinforced structures.
Specimen damage or distortion that influence test
results can be evidenced in two principal forms. Sample
slippage in clamps resulting in pmtial or major deformation
can influence test results necessitating that the specimen be
discaded. More frequent is the seating slippage typical of
roller devices and the slight distortion of samples in the
clamp area in normal strip tests. In both instances, accurate
measurement and recording of strain is essential to
determine whether the slippage materially affects the
results. Figure 11 compares the results of identical
specimens with data recorded by lvdt and by crosshead.
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The crosshead data presentation shows initiation and the
process of sample slippage during the test. The lvdt data is
presented from preloaded initiation only and masks the
slippage and elongation at initiation. It is interesting to note
that the device has the effect of truncating the stress strain
curve at ultimate while recording consistent data at low
loads.
Figure 7 illustrates that for non slipping grips, crosshead
displacement data from a correctly calibrated instrument
will provide strain information for an entire sample
geometry rather than a small nonrepresentative sector.
Some practitioners have expressed concern about the
accuracy of displacement measurement. The conventional
testing machine does experience deformation in the

conduct of a tensile test. Error introduced by this
deformation
is corrected by subtracting
machine
displacement from the data. To demonstrate accuracy we
tested a calibrated aluminum bar. The specit%xl modulus of
the specimen was 68.95 GPa. Strain gages recorded a
modulus of 68.1 GPa. Crosshead displacement recorded
modulus of 54.0 GPa. Displacement values corrected for
machine deformation were 68.4 GPa, essentially zero error.
Tests conducted on fabrics with loads at 31.1 kN and
extension of 12 to 16% experienced machine deformation
of less than O.lYo. Failure to correct for this deformation
results in test error of less than 0.5% leading to the
conclusion that displacement is an accurate measurement.
Finally, rate of strain is shown to be problematic in
measurement as it is calculated as a percentage of sample
gauge (a length measurement). For those geosynthetics that
can be tested in a 100 mm length by 200 mm width
geometry, the speed of the test is easily recorded by
conventional means. High strength materials are typically
tested in the much dilTerent longer than wide geometxy,
dictated by equipment load capacity and clamping devices.
Brand and Pang (1990) report that strain rate for an entire
sample tested by roller grips was typically 6% not the
expected 10% prescribed by the method ASTM D4595. The
NGO, Balkema (1986) explains that the phenomena occurs
because of differences in strain characteristics in dii%rent
portions of the specimen. Strain in the vicinity of the
clamps is plane in nature while strain in the center of the
sample tends to be linear. Goswami et al. (1996) present
variation in strain for ditkrent sites on the specimen as the
norm for textile type materials. The necessity to observe
either the total area or a large portion of the specimen to
accurately record strain rate necessitates the simuka.neous
employment of a combination of techniques such as
displacement and optical devices and a mandatory
comparison of the data. The definition of sample len~ the
strain measurement gauge used, the strain measurement
system used and the observed test speed must be clearly
reported.
2.6

Jaws, grips and other devices

Strong geosynthetics such as reinforcements experience
great diflkulty in sample gripping. Experienced researchers
(Haliburton 1978; Myles 1986, 1987; Rowe et al. 1986;
Richardson et al. 1987; Leschinsky and Fowler 1990; Brand
and Pang 1.991) cite grip failure as a key concern. The
principal test methods, ASTI@ 1S0 and BSI, recognize the
issue of the diflkulty of sample gripping and permit the
utilization of roller or capstan grips. Roller grips typically
require sample lengths of 1.829 m, width up to 0.203 m and
typical spacing between rollers of 0.508 m. Because the
sample geometry used in rollers is larger than most
extension measurement tools, it seems obvious that
displacement could be a critical measure of sample strains.

Unfortunately, the large amount of slippage that occurs in
roller grips throughout the test negates the application of
these techniques for low strain values in roller testing,
although displacement can be quite accurate in recording
ultimate strain. Equally problematic is the application of
other devices. Typical optical devices observe a pencil line
wide strip 0.203 m high, and mechanical/electronic devices
also observe a very narrow, 0.101 m long section of a
specimen with the result that when applied to roller tested
specimens, these extension measurement systems represent
the area observed and not the specimens performance.
Roller grips have several other awkward characteristics
beside large sample geometry including the need to permit
a sample to seat itself. The process of seating, also
described as the application of preload, involves a certain
extension of the sample. Accurate reporting requires that
this extension be recorded as per Figure 3. Another issue of
difficulty caused by large sample geometry of 1.829 m
length, 0.508 m grip separation and sample widths up to
0.203 m is incompatibiMy with the general defiition of
wide width sample geometry: 100 mm gauge length by 200
mm width. In terms of strain measurement, this deftition
results in the apparent obsemation of, and reporting OILof a
0.101 m section of a 0.508 m or longer sample. Leschinsky
and Fowkx (1990) and Brand and Pang (1991) NpOItd that
different areas of a fabric were seen to extend at different
rates and that any 100 mm by 200 mm section of a large
sample would not be representative of the sample, or the
product. The phenomenon that extension is not uniform
over a large sample is documented elsewhere in textile
literature (Goswami et al. 1996).
Sample widths vary according to the test device load
capability, but in every case an equal number of yarn ends
should be tested in each specimen of a sample or a testing
program. In our work the separation from center of barrel to
center of barrel was fixed at 0.508 m. Extension was
measured by displacement or lvdt with the lvdt found to be
acceptable for measurement of low strain values but
strongly influenced by sample geometry at ultimate. Figure
9 compares identical specimens with extension recorded by
displacement compared to Ivdt. The lvdt could be observed
to distort the specimeu break fiber and prematurely ftil the
specimen at VeIYhigh strain.
The jaw used in the sacrificial tab system employed in
our work is a hydraulic clamp with a wide pressure range.
For vw strong fabrics with tensile exceeding 700 kNhq
grip Pressm= exceeded 20.7 MPa insuring control of
slippage in the grips. The typical specimen length exceeds
0.610 m permitting mounting of 0.0508 m sacritlcial tabs
on each end of the specimen and leaving a 0.508 m
separation between clamps. As in roller testing, sample
width is dictated by load cell capability but in every case an
equal number of yarn ends is maintained between
specimens.
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2.7

Sample preparation

Care is taken in mounting samples in grips to avoid skew.
Sacritlcial tabs of light metal are adhesive bonded on both
sides of specimens destined for pressure clamps, with tab
separation of a minimum of 0.508 m. Adhesives are
selected to have minimal influence on samples. For many
light load fabrics, under 130 kN/m, protective tabs are
unnecessary.
The sample preparation technique attempts to achieve
yarn (and fflament) alignment. The Satilciid tab permits
very high pressures across the clamped face of the
specimen which prevents the specimen fmm slipping out of
the clamp. Simultaneously, the soft adhesive that binds the
tab to the sample permits some relative slippage within the
specimen permitting the maximum degree of uniform
alignment and engagement of a high proportion of the
filaments in the specimen. Slippage is obsenwd in the two
procedures at different times. Slippage is fm observed on
rollers in the early stages of the tesr continues through
much of the procedure and reduces to nil when approaching
ultimate. Slippage is obsemed in pressure clamps at the end
of the test. This small distortion develops late in the test
and allows the continued loading of a majority of the
filaments in the specimen.

3

CONCLUSIONS

The following conclusions are presented in the same order
as the listing of the 14 concerns. 1. For textiles with
uniaxial orientation of strength members (yarns), sample
length influences test results. Shorter lengths inflate tensile
values while deflating modulus. A pmtical solution to
insure cmnpamble results is to employ sample lengths in
pressure grips that are comparable to roller grip separation
distances. This permits the observation of similar geometry
of the specimens. 2. Increased test speed intlates results;
however, longer samples reduce the effect. Polyolefm
materials are far more greatly afTected by variation in
speed. 3. Fubric structure dominates testing. Manipulation
of other testing aspects: polymer, fiber fo~ test speed,
sample geometry, grips, or protocols cannot reduce the
impact of stmmture on fabric performance. 4. Test grips are
part of a system and each system, roller or pressure cau be
employed to achieve accurate and repeatable results.
5. Slippage is also part of the system when testing strong
materials and is in fact desirable in order to achieve
consistent and meaningful results. 6. Tolerable slippage is
observed and recoded by developing correlation between
extension measurement systems. 7. Extension measurement
is a critical element and a contentious issue in testing of
high strength fabrics. Certain devices, lvdts, can be
satisfactory for part of the test and may invalidate another
portion of lhe test. There is a potential lack of confidence
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in, or familiarity with, displacement and its influence of
sample geometry and speed. Accurate displacement
measurement can be performed simultaneously with other
measurements and compatibility of two measurements
insures good understanding of the test process and the
recognition of flawed results. The test operator must take
care to report the strain measurement gauge and the sample
length, particularly when these measurements are different.
8. Extension measurement is defined by sample geometry,
test Spem the physical area the device measures and the
location of the device on the sample. Extension
measurement techniques must be reported in detail to avoid
undue masking of results. 9. Strong reinforcements are
essentially uniaxial in orientation with each strength
member (yarn) parallel to the next. In tip testing, whether
1.016,0.203 or 0.0508 m in strip width, the entire sample is
gripped and width does not play a signifkaut role in the test
except where the grip system is incapable of achieving
uniform pressure. For reinforcements, sample width
identiiles the limits of the apparatus, not the reinforcement.
In all cases testing must insure that an equal number of
yarn ends are tested from sample to sample within a
nominal specimen width. 10. Preload is a necessary
element in testing of strong materials if roller systems are
used, If not properly reported, preloads can mask test result
information. 11-13. Modulus is the second contentious
issue in testing of reinforcements. Clearly the meaningful
moduli are related to certain segments of the data cmve. In
terms of reinforcements for critical structures it is not
agreed whether the maningfd value is a secant of a very
large segment or the actual value of a spectilc segment, for
example: the modulus of the segment between 2°/0and 5V0
strain. 14. The relationship between single end yarn data
and fabric performance is clearly evident however, the
relationship is not represented by a simple ratio. Some of
the influences on the translation efficiency of a yarn
strength to a fabric are: processing conditions, fabric
structure, and testing systems. For a given product fmm a
specitlc system, the relationship of yarn to fabric is a
constant.
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OSYNTHETIC REINFORCEMENT:
ARE GEOTEXTILES AND GEOGRIDS INTERCHANGEABLE?
C. Joel Sprague, P.E.
Sprague & Sprague Consulting Engineers, Greenville, SC, USA

ABSTRACT: Geosyntheticallyreinformd soil structureshavebecome acceptable, cost-effective alternatives to conventional
geotechnical structures. Yet, it is interesting to note that many geosyntheticallyreinforced soil structures are specified in
such a fashion that only geogrid but not geotextile reinforcement may be used, or vice versa. Why is this? This paper
explores this questionusing tables and chartsof relevant,@ormance- onented properties and a survey of more than 50 State
DOT and FHWA engineers questioned about their preferences related to the use of geotextiles and geogrids for
reinforcement applications. In general, there appear to be no overriding technical or economical reasons to rely on
proprietary, product-specific designs/specKlcationswhen using geosynthetic reinforced soil structures. Conversely, there
are several arguments for the widespread use of generic design, specification, and procurement procedures.
KEY WORDS: geotextiles, geogrids, reinforcement, specitlcations

1

INTRODUCTION

Thoughthe use of tensile inclusions in soil structures dates
back several thousand years to the construction of religious
structures in ancient Babylonia, it was only three decades
ago that Henri Vidal, a French architect, pioneered modem
earthreinfomernenttechniques, These techniques involved
the incorporation of resisting elements into a soil mass to
complementthe soil’s compressive strength and together to
act in a composite fashion to improve the mechanical
properties of the soil mass. Vidal patented his system,
which used steel strips to provide the reinforcement, and
named the system“TerreArmee” in France and “Reinforced
Eti
in the United States. The fwst Reinforced Earth wall
was constructedalong CaliforniaState Highway 39 in 1972,
Mitchell and Villet (1987) detailed and expanded on
this historicalperspective, noting that beginning in the early
1970’s, experimentation using geotextiles as soil
reinfcn-cement was conducted in Europe and the United
States. The U.S. Forest Service constructed fill-scale
wrapped-face walls in the Siskiyou and Olympic National
Forests using geotextiles in 1974 and 1975 and developed
constructionand designguidelinesbased on this experience.
Under FHWA sponsorship, highway departments in New
York:, Colorado, and Oregon constructed geotextile
reinforced walls in the early 1980’s. These geotextile
reinfcn-cedwalls were compared to walls constructed with
steel inclusions and all were found to perform well.
This success attracted other candidate forms of plastic
inclusions such as geogrids. Beginning in about 1984,
Tensar geogrids were introduced specifically for soil
reirdorcement. These geogrids were manufactured of

polyethylene - a different polymer than used in the
geotextiles. Polypropylene and polyester were the polymer
of choice for geotextiles.
Since 1986,the use of reintiorcedsoil systems, which are
also called mechanically stabilized earth (MSE), in the
UnitedStateshas sigriticantlyincreased. The primary types
ofMSE systemswhich have emerged include: mechanically
stabilized earth walls (MSEW); reinforced soil slopes
(RSS); reinforced embankments over soft foundations
(RESF); and reinforced liners and caps. MSEW and RSS
have become especially important in highway construction
as their use reduces the required width of new right-of-way
and facilitates construction within existing limited
right-of-way. RESF are recognized as a cost-effective
alternativeto traditional techniques for constructing earthen
embankmentsover low strength foundations. Additionally,
critical environmental applications of geosynthetic
reinforcementhave emerged, including the reinforcement of
lantilll and lagoon liner and cap systems on steep slopes
and over weak subgrades or underlying voids.
Free draining granular material is the preferred bacldll
material in reinforced soil structures, Therefore, the use of
reinforcedsoil structures - primarily MSEW and RSS - has
been somewhatlimited in cases where high quality bacldll
material is not readily available. Mitchell and Zomberg
(1994 & 1995) observed that the inherent low strength,
moisture instability, possible volume changes, and creep
potential, along with the comosive potential of saturated
soils, are common concerns associated with the use of
fme-grained,cohesive backtlls. They fhrther noted that as
successful experiences are documented and consistent
design methodologies are developed for these poorly
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draining baclclills, even greater growth in the use of
reinforced soil structures will be possible.
Clearly, there has been substantial acceptance of
geosynthetic reinforced soil structures and much of the
growth has been the result of aggressive marketing by
companies providing candidate geosynthetic soil
reinh-cement materials. Therefore, much of the experience
gained to-date is with those reinforcement materials which
are marketed most aggressively and “packaged” with
proprietruydesigns. Yet, this growth has been fraught with
argument as competing proprietary systems claim superior
performance or dependability. In response, independent
researchers and Federal and State engineers have advanced
the development of generic design techniques and material
specifications such as AASHTO (1997) MSEW
specitlcations and the FHWA’SRSS guidelines by Berg
(1993) and the DEMO 82 educational effort discussed by
DiMaggio (1996). This new generation of generic design
techniques rmd specifications recognizes the suitability of
both geotextiles and geogrids for soil reinforcement.
This paper detailsthe key issues associated with the use
of geosynthetics as soil reinforcement and provides
comparative data for common reinforcing geosynthetics.
Additionally, required product documentation, relative
costs, and a summary of geosynthetic reinforcement use by
state I)epartments of Transportation (DOT) are presented.

(1993). To accountfor dimensional stability and durability,
allowable tensile strength, T., for the geosynthetic is
determinedusing a partial factor of safety approach such as
Equation 1 tlom Berg (1993),
T,= Tti,/ (FSc~XFS[~XFSC~XFS~~XFSm)

T.= allowable geosynthetic tensile strength;
Td,= ultimate geosynthetic tensile strength;
FSc~= partial factor of creep deformation;
FS1~=partial factor of safety for installation damage;
FSc~= partial factor of safety for chemical degradation;
FS~~= partial factor of safety for biological degradation,
FSN= partial factor of safety for joints.
The allowabletensile strength, T., is often referred to as the
long-termdesignstrength, or LTDS. (Long-term allowable
design load, or LTADL, is also used by some.) Many
geosynthetic manufacturers can provide typical LTDS
values for each of their candidate reinforcement materials.
It is importantto recognizethat these “typical” LTDS values
refleztfactors of safety derived from laborato~ and/or field
testing which may or may not simulate the project
conditions under consideration, Therefore, the designer
must consider whether the partial factors of safety inherent
in any “typical” LTDS value are applicable.
2,3

2

REINFORCEMENT DESIGN INPUTS

2.1

Overview

Geosyntheticreinforcement systems incorporate geotextiles
ardor geogrids as horizontal layers within a soil backtlll to
resist outward movement of the reinforced soil mass. The
geosyntheticinteracts with the soil by adding a tensile force
and this tensile force is transferred to the soil mass through
unique geosynthetic/soil interaction mechanisms. Both
tensile force and soil interaction must be determined for
each candidate geosynthetic.
2.2

The allowabletensile sh-engthof a geosynthetic is input into
retiormd soil analyses in order to determine the reinforced
factor of safety. Allowable geosynthetic design strengths
must be determined by testing and analysis methods that
account for the long-term dimensional stability and
durability of the full geosynthetic structure. Dimensional
stabilityis characterized by the ability of the geosynthetic to
sustain long-term load in-service without excessive creep
strains. Durability factors include site damage, chemical
degradationand biological degradation. These factors may
theoreticallycause deterioration of either the geosynthetic’s
tensile elements or the geosynthetic/soil stress transfer
mechanism of the geosynthetic structure according to Berg
Sixth International
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Partial Factors of Safety.

The partial factors of safety used to calculate the allowable
tensile strength of the geosynthetic are intended to address
the issues which provoke the greatest arguments between
competing reinforcing systems, These factors of safety are
either based on laboratory/field testing of the candidate
material or are assigned based on “default”values derived
ii-emworst-case experience. An example of default values
as recommendedby Berg (1993) and typical testing-derived
values is shown in Table 1.

Table 1. Typical Geosynthetic Reinforcement Default and
Testing-Derived Values for Partial Factors-of-Safety

Allowable Tensile Strength
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FS

Q

CR

Partial Factors of Safety
CD BD ~
Composite

Default 3.0

5.0

2.0

1.3

2.0

Tested

2.0

1.1

1.0

1.01 2.64

1.2

78

KEY: FS=faetorof dety, ID=instalIationdamagq CR=creep,
BD=biological degmdatiom
Jk3=joint/seam
CD=chemical
degradation,
The magnitudeof default values virtually assures that
a materialsupplierwill do product-specific testing to derive
the factorsof stiety to be used to calculate allowable tensile
strength, If one were to use only default values, the

candidategeosyntheticwould be able to claim an allowable
tensile strength equal to only 1/78th of the ultimate tensile
strength of the material. Certainly, this would likely make
the candidate material uneconomical.
Conversely,
product-specific testing can be done to clearly define the
unique limitations of a material without excessive
con.sewatism Guidance is commonly given in well written
specifications such as Berg (1993) on how to determine
factors of safety through laboratory/tield testing. For
example, one state DOT (WSDOT, 1996) requires that
ASTM D 5818 be the basis for FS,. and that ASTM D
5262 along with a detailed data extrapolation technique be
the basis for FSc~, Additionally, this DOT gives a general
approach to determining FSc~ and F~~ based on the
geosynthetic polymer.
FSm is not addressed, so
presumably joints/seams are not permitted. It is important
to note that the use of partial factors of safety does not
identifi any combined effects of the various forms of
degradation. In the future, FS values derived from testing
that examinesthe combined, and perhaps synergistic effects
of two or more forms of degradation will be used. These
~es of testing are currently under development.
As shown in Table 1,using factors of safety derived from
testing,the allowable tensile strength would typically be on
the order of 38% of the ultimate (i.e. composite FS=2.64),
rather than the 1.2°/0of ultimate resulting from the use of
default values. Composite factors of safety for calculating
LTDS are commonly range horn 2.0 to 4.0, depending
primarily on the polymer.
100
90
● 80
~ 70
i 60
3
~ so
# 40
:“ 30
J 20
10
0
0
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3

GEOSYNTHETIC/SOIL INTERACTION

3,1

Overview

As noted earlier, along with tensile strength, a
geosynthetic’s interaction with the soil must be
characterized as a part of the design process. Geogrids
mobilizea difkrent kind of interaction with the soil than the
frictional behavior relied on by geotextiles. Instead of a
continuousfictional surface, geogrids have large openings,
or apertures, which allow the soil to be continuous through
the inclusion. Geogrids transfer stress to the soil through
passive soil resistance on transverse members of the grid
and limitedfrictionbetween the soil and horizontal surfaces
of the geogrid. Geotextilestransfer stress to the soil through
the friction created across its entire surface area.
Two types of soil/geosynthetic interaction must be
quantfled: pullout and direct shear. In both cases, the
quantification of stress transfer must be accomplished
through laborato~ testing. As with Factors of Safety,
spwiiic guidance,especiallyon the range of normal loads to
be+
is commonlygivenin well written specifications on
how to determine pullout and direct shear coetlicients
through laboratory/field testing.
3.2

2

4

e

wovm,PET,g60texUlo
extrudad,PE,gaogrid

8

10

12

Strain, Y,
~. ~.
—

14

18

wov.n,PET,googrld
woven,PP,geotexltle

Figure 1 Geosynthetic Strength Characteristics

2.5

in Figure 1, PET geosynthetics can safely mobilize higher
strengths and strains than can PE or PP. This explains the
generallylower composite factor of safety used to calculate
LTDS for PET geosynthetics (FS = 1.8- 2.0) versus that
used for PE or PP (FS = 3-4, or more).

Creep.

As shown in Table 1, creep potential is usually the greatest
“factor” in LTDS calculations. Characteristic strength
propwties and associated creep limits of various
geosynthetic types are presented in Figure 1. Creep
potential limits the allowable tensile strength to no more
than the mep limited load and strain. Therefore, as shown

Pullout Resistance.

Pulloutcoefficientsare used in stability analyses to compute
mobilized tensile force at the front and tail of each
tiorcement layerin MSEW and RSS systems. According
to Berg (1993) design of MSEW and RSS for permanent
applications requires evaluation of long-term pullout
performance with respect to three basic criteria:
1, pullout capacity should be adequate to resist the
design tensile force with an appropriate factor of
safety; and
2. allowable displacement should be greater than the
relative geosynthetic to soil displacement required
to mobilize the design tensile force; and
3. the pullout load should be smaller than the critical
creep load.
The long-termpulloutinteraction coefficient is quantified
by laboratory testing such as is outlined by Berg (1993).
For geotextiles,this simply requires a quick effective stress
pullout test since only surface friction is involved. For
geogrids, stilcient long-term junction strength must be
consideredin additionto or as a part of pullout testing, since
soil bearing on transverse ribs may be an important
component of grid pullout resistance. This may require
1998 Sixth International

Conference

on Geosynthetics

-541

creep testing of the junctions or the entire soil/grid system
or cutting transverse ribs to remove the junctions from the
testing. Therefore, much more testing may be required in
order to qual@ a candidate geogrid for pullout resistance as
comparedto a geotextile, The C, value ti-ompullout testing
is used to calculate the bond length behind a critical failure
surface using Equation 2.
(2)
L = POd, or POO,,,ti /(2xcixoxtan$)
Where:
L = bond lengthbeyond a failure plane; o = normal load;
tanr$ = the tangent of the soil’s friction angle; Ci =
interactioncoefficient (See Tables 2a and 2b); Petit= the
highest load resisted by the embedded reinforcement;
ancl P00,7S~, = the pullout capacity associated with a
movementof less than 0.75 inches ( 19mm) of the leading
edge of the reinforcement sample.
Table 2a: Typical Short-term Geosynthetic/Soil Interaction
Coefficients for Pullout, Ci
Normal Stress
Interface
2000 DSf
1000 Rsf
with
500 Vsf
*
c&wc&&@c!ay-&!!Ld
W,PP,GTX
0.60 0.90 0.65 0.90 0.70 0.90
W,PET,GTX
0.70 1.00 0.80 1.00 0,90 0.95
W,PET,GG
0.70 1.00 0.90 1.00 0,90 1.00
>t).7 >().9 >().7 >0.9 >0,7 >0.9
EX,PE.GG
KEY:W=Woven;
EX=extrudesk
PP=polypropylenG
PET=polyestm,
GTX=f;eotextilq
GG=gmgrid.
BasedonCowell&SpmWe
(1993),Collin
&Berg(1993>unpublished
reports

3. Junction strength of geogrids and the contribution to
pullout resistance contributed from transverse ribs does
not have a signiticarttatTecton pullout performance. (See
long-tetm values in Table 2b)
One additional conclusion can be drawn concerning the
sensitivity of a design to variation in Ci. If equation 2 is
solvedfor length, given a required pullout, it can be shown
thatfor C, in the range of 0.7 to 0,9, a minimum length of 1
m controlsfor reinforcement layers below approximately 1
m of soil depth.

3,2,1 Pullout in the Design of RSS Structures.
The ultimate load is taken to be less than or equal to the
LTDS and from this the bond length required is calculated.
A factorof satiety,typically on the order of 1.5, is applied to
this length, In RSS applications, strains are typically
controlledby using a 10°/0creep limit strain in the selection
of the LTDS. RSS structures can tolerate more movement
than MSEW, thereforePO,,,. is not typically used for RSS.
3,2,2 Pullout in the Design of MSEW Structures
For the desi~ of MSEW structures, especially those with
concretefacing panels, not only is the required bond length
calculated as with RSS structures, but the limiting strain of
the wall face can be critical. It is important to check if the
LTDS can be mobilized within a limiting strain in order to
assure that wall face movements remain within tolerable
limits. Therefore, both the C, and the PQ,.
must be
checked to see how they may affect the design.
3,3

Table 2b: Typical Long-term Geosynthetic/Soil Interaction
Coefficients for Pullout, Ci

Direct Shear.

Direct shear coet%cientsare used in checking the factor of
safetyagainst slidingof an overlying soil mass. This sliding
is a consideration in all reinforced soil systems.
Soil/geosynthetic direct shear resistance is determined by
laboratory testing. As can be seen in Table 3, geotextiles
and geogrids are both highly etlicient in transfeming
interface shear stresses, especially with sand.

Normal Stress
Interface
1000 Usf
2000 DSf
with
500 Psf
c&wcJg&wd~sd
&&
0.60 0.90 0,65 0.90 0.70 0.90
W,PP,GTX
0.70 1.00 0,80 1.00 0.90 0.95
W,PET,GTX
1.00
1.00 nla
W,PET,GG
rtfa 0.90 tia
>().7 >0.9 >0,7 %,9 X,7 >0.9
EX.PE,GG
KEY:W=woverLEX=extrudd,PP=polypropylenq
PET=polyestec Table 3: Typical Geosynthetic/Soil Interaction Coefficients
GTX=geotextile;
GG=geogridn/a=notavailable.Basedon Cowell for Direct-shear, C,
1
&Sprague
(1993]Collin&Berg(1993);unpublished
reports
Normal Stress
Interface
750 Vsf
1000 Psf
with
500 Psf
Cowell and Sprague (1993) provided the following
&w*&!!LdQ?ySa!Ld
Soil
general conclusions based on extensive pullout testing:
W,PP,GTX
0.60 0.85 0.60 0.90 0.60 0.90
1. Geogrids and geotextiles having similar strength
W>PET,GTX
0,75 0.90 0.80 0.95 0.90 0.95
prc}perties also have similar ultimate pullout capacities
W,PET,GG
0.80 0.90 0.85 0.95 0.90 0.95
rmclcoefficients of interaction.
>0.9 >0.9 >0.9 >0.9 >0.9 >0.9
EX,PE.GG
2. The pullout capacity at 0.75 inches of displacement
KEY:W=wovelr,EX=extruded;
PP=polypropykrle;
PET=polyester,
et al (1991),
GTX=geotextilq
GG=geogrid.Based011Koutsourais,
for the geotextiles tested was significantly lower (50 to
TheTensar
Corp.
(
1986~
unpublished
reports
67?4) than that obtainedfor geogrids of similar strengths.
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3.4

Other Interaction Considerations.

MSEW designs may also require quantification of the
geosynthetic/facing connection strength using large-scale
pullout testing for each unique geosynthetic/facing
combination.
Still, experts continue to debate the
magnitude of the forces, if any, which are exerted at the
face.

4

DOCUMENTING GEOSYNTHETICS

Consideration and approval of candidate geosynthetics by
owner/agency persomel requires that the geosynthetic
supplier provide suillcient evidence of the proposed
material’s suitability and additional evidence of the
mantiacturer’skupplier’scapabilities. The Federal Highway
Administration ( FHWA) requirements for documentation
in all :submittalsare detailed by Berg (1993) as follows:
* History of material development.
* Current capability to supply material.
* Polymer and additive composition of geosynthetic.
* Practical applications of material.
* R.epresentative list of users.
* Typical LTDS and interaction values.
* Typical unit costs.
* Laboratory test data, comprehensive literature review,
and the interpretation and extrapolation used to
determine the partial factor of safety should be
presented for:
- Creep performance:Range of loads for 10000 hours.
-75 year creep extrapolation.
- Installation damage.
- Ultimate strength,
- Chemical resistance.
- Biological degradation.
- Joint (seam/connection) strength.
- Long-term pullout coefficient.
- Direct sliding coefficient.
5

COST CONSIDERATIONS

6

STATE OF PRACTICE

As note earlier, the FHWA has taken the lead in providing
guidancein the implementationof generic design techniques
and material specifications associated with geosynthetic
reinforced soil systems. Still, individual owners/agencies
are free to exercise their own judgments as to the
appropriateness of following the FHWA lead. Tables 4a
and 4b summarize a telephone survey of state Departments
of Transportation(DOTS)conductedby the author in the fall
of 1996. The survey solicited responses on the use of
geosynthetic reinforced soil structures, reinforcement
prefmences,and reasonswhy prefaential specifications may
be used on any given project.

Table 4a. Survey of State DOTS - Use of Geosynthetic
Reinforced Soil Systems
Number of StatesUsing Reinforced Soil Svstem
Us.
MSEW
RSS
RESF
Region
CT~
_cIn/Jl
CT~
Northeast 1 4 2
331
106
Mid-Atl. 312
303
204
Southeast 2 4 2
422
422
Midwest 2 2 2
321114
Southwest 2 2 1
220
122
Plains
400
120
000
West
510
321114
Far West 5 1 1
313
412
Total
States
24 15 10
22 14 13
14 7 28
KEY:MSEW=mecbanically
stabilized
earthwallNRSS=reinforced
soil
slopes RESF=reinforced
embankmentsover soft foundatiorw
C=commonly
uaakT=Trialuseonly,rrk=notused.
NOTE:R1,NV,PR
didnotrespond.

Table 4b.
Survey of State DOTS - Geosynthetic
Reinforcement Preferences
Number of States
Preferred Reinforce>t ReasonforPreferrence
Gen- Gen.
Prop- Exper- Cm/
Gtx GG ~
Future *
ience Vakr
Region
——
026
Northeast O 5 2
3
01
4
Mid-Atl. O 2 2
2
03
4
Southeast 3 6 2
3
01
5
Midwest 1 4 0
5
224
Southwest 1 5 0
1
234
Plains
0402
13
4
West
04
1
3
322
Far West 2 3 3
2
States Resvondin~ 44 44 44
44
43
43
43
KEY:-geotextile, GG=geqid,Gen.Future=plarr
genericuseinfiture
NOTE:RI,NV,PR
didnotrespond.5statesdidnotindicatea preference.
6 statesdidnotstatea reasonfora preference.
Us.

An important factor in the increasing acceptance of a
technologyis increasing cost-effectiveness. Although there
are many factors associated with the as-built cost of any
gcosyntheticreinforcedsoil structure, including project size,
backfdl type, and contractor familiarity to name a few, it is
usefidto examinethe relative material costs associated with
various candidategeosyntheticreinforcements. Commonly,
geogridsare somewhat more costly per unit LTDS than are
woven geotextilesbut, geogrids may be more cost-effective
for providing lower initial strain levels and higher soil
interaction, if needed. Typical pricing of geogrids ranges
from 0.0015 to 0.001 $/m’ per unit LTDS for low to high
strengths,respectively. Woven geotextiles commonly range
horn .001 to .006 $/m*per unit LTDS.
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Tables 4a and 4b reveal the following trends:
1. Most Departments of Transportation (DOTS) are
commonlyusing at least one form of geosynthetic reinforced
soil structure.
2. Geogrids have been the most often used geosynthetic
reinforcementto-date,largely because of vendor/consultant
influences and greater experience with these materials.
3. ManyDOTS intendto use non-preferential, more generic
desigdspec$lcation approaches in the future.
A fhrther indication of the acceptance of and support for
geosynthetic reinforced soil structures is the recently
initiated effort to develop manuals and sothvare and teach
associated courses on mechanically stabilized earth
technology. Geosynthetic reinforcement and associated
desigdconstruction technologies will be presented. This
effort is called Demonstration Project No. 82, or Demo 82
for short, and has as its explicit purpose according to
DiMaggio (1996): “to optimize the acceptance and
implementationof mechanically stabilized earth technology
in routine design and construction practice. ”
7

CONCLUSIONS

Generally, geotextiles and geogrids are interchangeable in
reitiorcement applications. It appears that there are no
overriding technical or economical reasons to rely on
propriety, product-specific designslspeeifications when
using geosynthetic reinforced soil structures. Conversely,
the fcdlowing observations support the use of generic
design, specification, and procurement procedures:
1. Geotextiles ~ geo~ids have been successfully us e d
for over 2 decades in all types of reinforced soil structures.
2. Generally accepted design techniques have been
developed which are equally compatible with geotextiles
@ geogrids.
3. Geotextiles @ geogrids have been tested and found to
provide suitable and comparable tensile and
soil/geosynthetic interaction properties.
4. Geotextiles @ geogrids can be quickly tested to antinn
compliance with generic project-specific requirements.
5. A wide range of suitable, proven products is available
representing the fill range of strengt.hhainhnteraction
properties typically required in reinforced soil structures.
6, Many ownedagencies now commonlyusing geosynthetic
reinforced soil structures are inclined to encourage more
generic design, specification, and procurement of
geosynthetic reinforcement in the future to assure fairness
and cost-effectiveness.
The generic design, specification, and procurement of
geosynthetic reinforced soil structures appears to evolve
naturally as the designer/owner gains sufficient
understanding of and experience with the associated
technology.
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Effect of End-Restraint

in Geogrid-Soil Structures
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T. Hirai
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ABSTRACT Reinforcing effects of geogrid-soil structures depend on the end-restraint condition of the geogrid. Two types
of end-restraint fixed-end and sliding-en~ were experimentally investigated by using a prototype shear apparatus that has
been developed for this purpose. Main conclusions are: 1) In order to obtain a significant effect of reinforcemen~ one end of
each geogrid in the soil structure should be fixed on the facing of the soil structure in such a way that the geogrid and the
soil in the moving soil mass do not move relative to each other, and 2) For the fixed-end type, there exists an additional
coniiing effect which increases the normal stress on the potential sliding plane in addition to the effect due to the tensile
force of geogrid.
KEYWORDS: Reinforcement, Geogrids, End-restraint
1

INTRODUCTION

Earth reinforcement techniques have become usefid and
economical solutions to many problems in geotechnical
practice but there are some points concerning the
reinforcing mechanism of soil-reinforcement system that

End-restmint

Pv
F

.. .........

cl

..

H--~

(a)Fixed-end
~

F

2

T

Geogrid

need to be clarified.
In geogrid reinforced soil structures, such as the one
shown in Figure 1, the end-restraint condition of the
geogrid may have considerable influence on the reinforcing
effect. In this research, two types of end-restraint, fixed-end
and sliding-en~ have been investigated experimentally by
using a small prototype shear apparatus which has been
developed for this purpose. An expression has been
proposed to evaluate the reinforcement effect quantitatively.

I
Belloframcylinder

““”a

I

(b)SMing-end

Figure 1. Model of end-restraint in in-situ and laboratory
test conditions

MODEL OF END-RESTRAINT

The two types of end-restraint investigated are shown in
Figures la and lb.
Fixed-end: Figure la shows the fixed-end type of
restraint. One end of the geogrid is fixed on the facing and
the geogrid and the soil in the moving soil mass do not
move relative to each other.
Sliding-end: Figure lb shows the sliding-end type of
restraint. The geogrid is not fixed on the facing and the
geogrid and the soil may move relative to one another.
3

TEST APPARATUS AND TEST PROCEDURE

3.1

Test apparatus

The apparatus has two bellofram-cylinders on the right and
left sides to model the types of end-restraint. In the fixedend type, the left side of the geogrid is fixed to the upper
box and the tensile force of geogrid is provided by the right
bellofram-cylinder. In the sliding-end type, the tensile force
of geogrid is provided by both sides of the belloframcylinder.
A sketch of the test apparatus and the shear box are
shown in Figure 2, details can be found in Ochiai et al
(1996). The shear box is rectangular in shape and is of size
200 x 200x 380mm. The shear box has two halves. the
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upper box and the lower box, with a common sliding plane.
The two halves of the shear box are connected and guided
by frictionless linear motion bearings on the sliding plane.
Three types of shear boxes with ditTerent sliding angles are
prepared for this study. The shear force, S, along the sliding
plane is provided by the vertical surcharge load. The
normal component of the tensile force on the geogrid on the
sliding plane is canceled out by the reaction on the linear
motion bearings. Therefore, the normal component of
reinforcement effect due to tensile force of geogrid,
T. sin a otan+, cannot be mobilized in the tests.

in JapW was used and four kinds of geogrids with varied
shape properties were used as reinforcement materials. The
physical and strength properties of sand are shown in Table
1 and Figure 3 respectively. The strength values of sand
were obtained using the test apparatus shown in Figure 2
for the conditions of the relative density, D,=90Y0,and the
sliding angle, cx=30°,40”, 50°.
The geogrid measurements are defined in Figure 4 and
the properties of geogrids are summarized in Table 2.

3.2

Sand is poured through multiple sieves in order to construct
a homogeneous specimen. The relative density of the sand,
D,, is about 90Y0.After applying a constant tensile force to

Test procedure

3.3

Specimen

Dry Toyoura sand, which is a standard sand used for testing

Linercmotionbearing
II
I

*

1,,

1
Motor
,,

Belloframcylinder
I

l-+

I L---’”

Air compressor

7
Pressurebag

1

Load celt
/

I

7’

Belloframcvlinder
1:

soil

\

I

I

Linearmotionbearing
(a) Testappamtus
Verticalload
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Stidingplaue

T
,
/
I
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Free
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/

Geogrid

1

,

I
1-

(b) Shear box in fried-end test
Figure 2. Sketch of test apparatus and the shear box
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2oomm --l

(c) Shear box in sliding-end test

the geogri~ T, and an overburden pressure, CO,the tests are
carried out by vertically loading at a constant speed of
0.35mm/min which is the same as the speed used in the

tests on sand samples. The test conditions are summarized
in Table 3.
,-ar’r
-., -..
lame
5. lest..- concuuons
Type of end-restraint
Tensile force applied to
geogrid, T @N)
Overburden pressure,
ls~(kPa)
Sliding angle, et (0)

rm.

Table 1. Physical properties of sand
Specific gravity of soil particle, G~
Maximum void ratio, %U
Minimum void ratio, eti
Uniformity coefficient, Uc
Mean particle size, D50(mm)
70 ~

I

2.64
0.971
0.601
1.7
0.18

I

I

I

4

60 :
g

25 ~. 75 loo
>~,
30,40,50

4

TEST RESULTS AND DISCUSSION

4.1

Effect of end-restraint

Figure 5 shows the typical relationships between shear
force on the sliding plane, S, and shear displacement, D,
obtained from a series of tests. The same tendency is
observed in the fixed-end and sliding-end types. The curves
in Figure 5 are approximated by hyperbolas given by the
equation

50 :
40 ;

20 :

s=

10 :

Loadingspeed,0.35rmn/min.:

o
20

0

60
40
Normal stress, c “(kPa)

100

80

Figure 3, Strength properties of sand

Spacing: L
k
d
1-

Fixed-en~ Sliding-end
0.373 0981 ~,961
,.>

-,

D

(1)

a.D+b

a and b are constants in which l/a is the asymptotic line of
the curves and is approximated as the maximum value of
shear force, S~ , on the sliding plane. The relationships
between the ratio, Sm~Sm(sj, and the normal stress on the
sliding plane, an, are shown in Figure 6 in which S.(V and
S.(~)are the maximum values of shear forces for the fixedend and the sliding end tests respectively. The maximum
value of shear force for the fixed-end test is larger than that
of the sliding-end test. Higher reinforcing effects in fixed-

i

k

EEi

Width: B

T

—---+

4

3

ches>t

2

Figure 4. Geogrid measurements
1

Table 2. Properties of geogrids
Tensile
Spacing
L(cm)
strength
(kN/m)
0.89
76.6
Geogrid A
5.42
37.2
Geogrid B
2.97
28.4
Geogrid C
1.78
76.6
Geogrid D

Width
B(cm)

Thickness
t(cm)

0.94
2.79
0.83
0.94

0.13
0.10
0.06
0.13

0
0

2

8
6
4
Shear displacement, D(mm)

10

Figure 5. Relationships between shear force, S, and shear
displacement D
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Figure 6. Relationships between S.~S.[s)
stress, 6.

80

0

100

and normal

end tests were observed in both small normal stress values
and large tensile force of geogrid. The reinforcing effects in
sliding-end test is not mobilized, especially in small normal
stresses, o., because there is little friction between geogrid
and soil.
The maximum values of shear stress measured in the
tests are used to investigate the reinforcing effect in the two
types of end-restraint conditions. The maximum vaIue of
shear stress on the sliding plane is calculated as

I

o

20

40
60
Normal stress, o .(kPa)

80

100

Figure 7, Relationships between maximum shear stress,
T-, and normal stress, a.

n

0.3
-

A

n

Fixed-end

0.2
0.1

s
T
=1 ~,
111

Sliding-end

(2)
0r

where A’ is the area of the sliding plane. Typical test
results are shown in Figure 7. For sand samples, the relation
between T.m and o. is a stmight line through the origin
with an inclination of tam+as shown in Figure 3;

L—Au—Ad

.0,,

o

0.5

1
1.5
Tensile force, T(kN)

2

2.5

Figure 8. Relationships between f! and tensile force, T

in which+ is the internal friction angle of sand.
For geogrid-reinforced sand, the relationship will, in
geneml, be expressed as follows;

conditions are summarized in Figure 8 where ~ is
approximately equal to zero in the sliding-end type and has
a constant value in the fixed-end type irrespective of the
tensile force of geogrid, T, i.e.

=,1 +{(l+p)tar+r
‘M(R)

Fixed-end:
Sliding-end:

(4)

n

where ~1 is the intercept on the ~. axis and ~. tan $ is the
increment in slope of the reinforced lines from the sand line.
The values of ZI and P depend on the end-restraint
conditions. The value of ~1 in the sliding-end type is
approximately equal to zero, whereas the value in the fixedend type changes with the tensile force of geogri~ T, as
shown in Figure 7. The values of ~ in the two end-restraint
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T1#o, p#o
T,=o, p=o

(5)
(6)

In conclusion a si~lcant
effect of reinforcement
cannot be obtained in the sliding-end type. In order to
obtain a si~lcant
effect of reinforcement the geogrid
should be fixed on the facing of the soil structure in such a
way that the geogrid and the soil in the moving soil mass do
not move relative to each other.

4.2

Evaluation of reinforcement effect in fixed-end type

4.2.1

Evaluation of ~1

The design of the apparatus is such that the normal
component of tensile force on the sliding plane is not
transmitted to the soil and therefore a component of
reinforcement effect, T. sins. tamj, due to tensile force of
geogrid, T, cannot be mobilized in the tests. Therefore, the
observed reinforcement effect due to the tensile force, T, is
a component along the sliding plane, Z1.

T
T, = —Cosa
A’

(7)

The calculated values from Equation (7) and the
experimental results in Figure 7 are ahnost the same as
shown in Figures 9a and b. Therefore, Equation (7) well
expresses the experimental results under different tensile
forces, T, and sliding angles, cx.
4.2.2

Evaluation of the coefficient ~

The ~ in Equation (4) can be considered to be a coefficient
for the increment in normal stress on the sliding plane due
to the placement of geogyid in soil. The coefficient 13will
therefore depend on the density of the soil and the shape of
geogrid. A shape index, R, for evaluating the slrape
characteristics of the geogrid has been proposed by the
authors (Ochiai et al, 1996) as follows;

35

R=

2t(B + L)~
B*L .2t :++
()
A

(8)
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(a) Different tensile forces of geogri~ T
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Figure 10. Description of measurements in the shape index

0
0

2

4
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8

10

T
‘l=xcosa
(b) Different sliding angles, a

where notations in Equation (8) are shown in Figure 10. It
is noted that the value of R represents the effects in which
the soil is contlned into the aperture of geogrid, and is
pressed by the surface of geogrid. Four kinds of geogrids
with diiTerent values of R were used in this study. A unique
P-R relationship can be observed by comparing the shape
index R and the coefficient ~ as shown in Figure 11.
In fixed-end tests, where the geogrid and the soil in the
moving soil mass do not move relative to each other, the
geogrid restricts the deformation of soil and therefore an
additional normal stress, ~. a., is induced on the sliding
plane as illustrated in Figure 12. This effect of soil
reinforcement may be called the confining effect (Ochiai et
al 1996).
mUS, the maximum value of shear stress, ~.~), meas~ed
in the fixed-end tests maybe expressed as
= ;Cosa

‘M(F)

(9)

+ (1+ p)ur, tan+

Figure 9. Comparison between experimental results and
calculated values of ~1
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plane induced by the restriction of soil deformation due to
the placement of geogrid in soil.
0.4

6

0,3
a
0.2 -

0.1
D,=90%, a ’40°

,Lu4d——J
0.1

o

0.2

0.5
0,3
0.4
Shape index, R

0,6

0.7

Figure 11.Relationship between ~ and shape index, R

CONCLUSIONS

A series of tests has been performed to clarify the effect of
end-restraint in geogrid-soil structures. It has been
concluded that:
1. In order to obtain a significant effect of reinforcement,
one end of the geogrid should be fixed on the facing of
the soil structure in such a way that the geogrid and the
soil in the moving soil mass do not move relative to each
other.
2. For the fixed-end type, there exists an additional
confining effect which increases the normal stress on the
potential sliding plane in addition to the effect due to the
tensile force of geogrid. The maximum value of shear
stress, z~(o , in the geogrid-soil structure may therefore
be expressed as
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Figure 12. Condition of normal stress around the geogrid

5

REINFORCEMENT EFFECT IN GEOGRID-SOIL
STRUCTURES

The test apparatus used in this study was designed such that
the normal component on the sliding plane of tensile force
of geogrid, T. sinct, is directly tmnsrnitted to the lower
box and not to the soil. Therefore, the normal component of
reinforcement effect due to the tensile force of geogri~
T. sinct. tam$, is not mobilized in the test. However, this
component of reinforcement effect is considered to exist in
in-situ conditions and is therefore added to the value
obtained from the laboratory test. Thus the maximum
values of shear stress in geogrid-soil structures may be
expressed as follows;

%(F]

-— ~(cosct+sina.tan+)
*,

where f). a.
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ABSTRACT This paper aims at rationally explaining the mechanical behavior of the soil structure reinforced by
geosynthetics, The attention is paid to contlning effect by the geosynthetics under shearing in this paper. The confining
effect is interpreted as the mechanical interaction such that the reinforcement material works so as to prevent dilative
deformation of soils. Then, elasto-plastic constitutive models which can describe the dilative deformation of soils under
shearing are introduced and applied to the finite element simulation of the mechanical behavior of soil structure reinforced
A full-scale in-situ model tes$ which was carried out in Kanazawa, Japaq is chosen to analyze. After
by geosynthetics.
verification of applicability of employed methodology to the analysis of the model tes~ the computed results are compared
with the monitored behaviors of the soil structure reinforced by geosynthetics in the model test.
KEYWORDS: Geosynthetic reinforcement Dilatancy of compacted soils, Elasto-plastic model, Finite element simulation
1 INTRODUCTION

compared with monitored behaviors in the test.

The behavior of the soil structure reinforced by
geosynthetics is governed by the mechanical interaction of
In the numerical
soils and geosynthetic materials.
simulation of the behavior of such soil structure,
appropriate modeling of its mechanical interaction is
required. The authors tried to explain the reinforcement
mechanism by geosynthetics throughout a series of finite
element numerical simulations for a full scale in-situ model
test (Ohta et al, 1996), where soils were simply modeled as
non-linear elastic materials by employing the hyperbolic
constitutive relation. However, observed behaviors in the
in-situ model test could not be well explained.
Particularly, the development of strain localization, which
was prominently observed in the test could not be well
expressed. This has led the authors to feel the importance
of introducing the contractiorddilatation characteristics of
soils under shearing into the numerical simulation. The%
this paper focuses on the dilatancy characteristics of soils
and the reinforcement mechanism is tried to be interpreted
as that the geosynthetics work so as to confhe the dilation
of soils under shearing. The elasto-plastic models for
soils are introduced to describe the dilatancy characteristics
of compacted soils of which the reinforced soil structure is
composed. An idea to specify input parameters needed in
the analysis for the compacted soils is proposed and a
series of finite element simulations of full scale in-situ
model test are carried out. Finally the results obtained are

2 MODEL
TO DESCRIBE
COMPACTED SOILS

DILATANCY

OF

2.1 Sekiguchi and Ohta’s Model
A model employed in this paper is the elasto-plastic
constitutive m~d~l proposed by-S~kiguchi and Ohta (l 977).
This model had been primarily developed for mturally
consolidated-saturated clays and can be regarded as an
extension of the original Cam Clay model. The shear
behavior of heavily over-consolidated clays is represented
by strain-softening material with dilation in this model.
The positive volumetric strain (dilation) which the model
yields varies with the over-consolidated ratio, OCR
Higher OCR produces greater dilation under shearing.
When this model is applied to the compacted unsaturated
soils that tend to dilate under shearing, some idea on how
the compacted soils can be modeled as the heavily overconsolidated saturated clays is required. The section 4.2
is devoted to evaluate the material properties of compacted
soils as the heavily over-consolidated clay.
When this model is incorporated into a finite element
code, a problem arises, that is, the conventional judgement
criterion by Hill (1958) cannot distinguish the subsequent
loading (elasto-plastic response) in the strain softening
region from the unloading (elastic response). Asaoka et
al. (1994) introduce a new criterion which can judge the
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subsequent loading in the strain-softening region. The
new judgement criterion is employed here and is briefly
summarized as follows.
When the plastic strain increment is given by the
following associated flow rule as,
~[=A_, @(1)
anj
proportional constant A can be expressed in terms of
plastic strain increment as,

(2)
where ;} is the incremental plastic strain tensor, CTtiis

2.2 Drucker and Prager’s Model
Another model employed is the elasto-plastic constitutive
model of which the yielding function is Drucker and
Prager’s type. This model always yields the dilation
without strain-softening.
The amount of dilation is
determined by the input parameters, c and @ regardless
of how much the soils are over-consolidated. Drucker
and Prager’s yielding fhnction is given as,
f.dl+fi-k.
o,
(5)
where 11 is the fwst invariant of stress tensor (I] = p),
fi

is the second invariant of deviatoric stress tensor

( ~fi
= g ) and a and ~ are constants relating with the
cohesion c and the internal friction angle @as,

the stress tensor, c~~l is the elastic stiffness tensor, f is
the yielding finction. In the case of Sekiguchi and Ohta’s
model, the yielding fimction y is given as,
f =A4Dln$+Dq*-&~8q

(3)

=0 ,

where M is the critical state parameter, D is the
dilatancy coefllcient proposed by Shibata (1963), ~ and
PO are mean stresses at the current state and at the

“=*

‘d‘==”

‘6)

The associated flow rule is employed and the model is
incorporated into the finite element program, DACSAR.
Fig.2 compares computed effective stress paths of triaxial
undrained shear with theoretical ones. Good agreements
are obtained.

reference state, respectively, V* is generalized deviatoric

-

cleviatoric stress tensor (= crij- P&j).
since the
Now,
plastic coetlicient x of Eq.(2) always stays positive, the
loading or unloading can be judged by the sign of scalar
function L of Eq,(2) as,
loading (elasto-plastic)
if ~>o
if ~=o
(4)
neutral
if ~<o.
unloading (elastic)
This judgement criterion is incorporated into the finite
element program, DACSAR (Iizuka and Ohtz 1987). 4node quadrilateral constant strain element is employed in
Fig. 1 indicates the
the finite element discretization.
verification of F.E. program. Computed effective stress
paths of triaxial undrained shear are compared with
theoretical curves where g is the deviatoric stress by
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Figure 2 Stress paths of Drucker and Prager’s model

3 SIMULATION OF FULL SCALE IN-SITU MODEL
TEST
3.1 Full Scale In-situ Model Test
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Figure 1 Stress paths of Sekiguchi and Ohta’s model
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A till scale in-situ model test was conducted during the
period from July, 20, to Augusl, 8, ’92 in Kanazawa, Japaq
in order to investigate the reinforcement mechanism by
geosynthetics (Nishimoto et al., 1992, Ohta et al., 1996).
A beam shaped soil structure reinforced by geosynthetics
was designed and the resistance capability of the structure
Fig. 3
against the bending moment was investigated.
shows the side view of the test embankment that was 2.75
m hi~ 42.5 m long and 4.5 m wide, including supporting
berm, In the construction of the test embankment, the soil
was spread over up to 10 cm thickness and compacted
The degree of
sufllciently by the vibration roller.
compaction was controlled by the dry unit weight

measured by RI (radioisotope) method. The geosynthetics
(Adem#G-6, Maeda Kohsen Co.) were placed at every 50
cm. The experiment began by removing steel H piles,
which were supporting the reinforced portion by
geosynthetics, in the order by the number in Fig,4. The
deformation of the reinforced soil structure was measured
by photographic obsewation of the position changes of
markers installed at every 25 cm intend on the side of the
embankment, The measured maximum deformation at
each step is summarized in Table 1. In the experiment,
when the #10 steel H pile was removed at Step 9, the
structure failed.

normal

stress

, mvO’

(kpa)

Figure 5 Effective stress paths of compacted soils
3.2 Evaluation of Material Parameters Needed in Analysis
.A.

I

8,250
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Figure 3 Side view of test embankment
191614118621357

9131517

mRH$++HHm

A

B

Figure 4 Position of supporting steel H piles
Table 1 Step in experiment and results
I step

I No.

1-~
1
F1
&l

8
9

ofsteel pile to be I maximumdeformationI
moved
I
()
No.1
0.;00
1
0.150
NO. I-NO.2
I
No. I-No.3
I
0.319
1
NO.1-NO.5
0.438
I

N0.1-N0.9
No.1-No.1O

>1.200
>1.200

3.1 Applicability of Constitutive Models
The soils were sampled from the test site and seined to
one-dimensional compression (oedometer) tests and
constant volume shear box (CV-SBT) tests in the
laboratory. The soil samples were consolidated in the
shear box by the vertical pressure of 39.2, 78.4, 156.8 and
313 kpa and then were sheared under the constant volume.
Fig.5 shows the effective stress paths obtained from CVSBT lests for undisturbed compacted soil samples.
Experimental effective stress paths in Fig.5 are quite
similar to typical behaviors of over-consolidated clays.
The authors believe that constitutive models which can
explain dilation of a soil element are applicable to the
compacted soils, when the effective stress paths in Fig.5
are compared with those in Figs. 1 and 2.

The soils used in the full-scale test were sampled from the
site and were prepared at the water content of 20, 23, 25,
27 and 30 V.. These loose disturbed soils were served to
CV-SBT tests. The soils were consolidated in the shear
box by the vertical pressure of 39.2, 78.4, 156.8 and 313
kpa and then were sheared under the constant volume.
The results obtained are shown in Fig.6, where the upper
figure of Fig.6 presents the relationship between the dry
unit weight Pd and the consolidation pressure m; and the
lower one shows the equivalent ‘undrained’ strength, s.,
obtained from CV-SBT for very loose disturbed samples.
The increase rate of ‘undrained’ strength results in
‘$; = 0.234.
Nex~ the undisturbed compacted soil samples of which
natuml water contents varied from 20.6 to 23.4 0/0in-situ
were served to the consolidation and shear tests in the same
manner. The plots of test results for undisturbed samples
are added to Fig.6 and then Fig.7 is obtained. The plots
for undisturbed samples seem to form straight lines with
in-situ water contents as shown in Fig.7. When these
lines are extended to compression lines obtained from
consolidation tests in the shear box for very loose disturbed
samples, the equivalent pre-consolidation pressures dO
can be estimated. Thus, the equivalent pre-consolidation
pressures do and the equivalent over-consolidation ratios
can be specified for in-situ compacted soils as in Table 2.
The ‘undrained’ strengths (A) obtained from shear tests
for undisturbed compacted samples can be converted to its
equivalent N.C. ‘undrained’ strengths by using the
following equatio~
(7)
where CC and ES are
Fig.6 and the equivalent
Fig.7. Thus converted
figure of Fig.7 as ■
indicating ‘~; = 0.234.

gradients of compression lines in
swelling line in e- 10g& space of
strengths are plotted in the lower
and agree with the broken line

Then, input parameters needed in Sekiguchi and Ohta’s
model can be specified as follows. The N.C. undrained
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strength obtained from the constant volume shear box test
has been theoretically derived from Sekiguchi and Ohta’s
model as (Ohta et al., 1985),
(8)
where

KO

is the coeftlcient of earth pressure at resg M

is the critical state parameter (.=,

# : effective

Table 2 Specified over-consolidation ratio

u ~’

0.20

:“”
.“
.
: 0.15 .“
-?=
.“
~ 0.10 .“

increase rate of strength [~m~,)~c is given as 0.234 in

~ ‘=27.5”

O.rx:

u&=o,447

O.coo

20

+’ Tdeg) m

m

Figure 8 Evaluation of effective internal friction angle
constant volume shear
box teat

water rmntent
I

YO%Z828%

OCR
52.50
18.75
12.50
2.9’7

(kPa)
205s.0
1470.0
1960.0
931.0

.....
—.
.
‘E

Now, since the

Fig.6, the effective internal friction angle is specified as
27,5 degree for in-situ compacted soils. Other parameters
needed in Sekiguchi and Ohta’s model are also specified in
the manner shown in Fig.9.
Thus obtained input
parameters are summarized in Table 3. In the numerical
simulation, since the equivalent pre-consolidation
pressures of in-situ compacted soils vary in wide range
from 931 to 2058 kpa as in Table 2, two cases ( CT;O =980
kpa: Case 1, 1960 kpa: Case 2) are considered.

~ (o~)
23.4
20.6
21.0
23.2

39.2
78.4
156.8
313.6

internal friction angle) and A is the irreversible ratio (see,
Iizuka and Ohta, 1987). Therefore, by employing the
relations:
empirical
M = 1.75A (Karube,
1975),
~.= 1-sin+’ (Jaky, 1944), Eq. (8) cars be expressed as the
function of only +’ shown in Fig.8.

over
consolidation
ratio

equivalent
premnaolidation
pressure

wntor
cantant

effective
overburden
pressure
u ~’ (kPa)

I

r-

1

1.4

“:
21.2 .
Q
1.0-

I

I

n
;
90103
102
Figure 6 Experimental relation of Pd, ~~ and SU
I
k“’’’’”
4

(i)

#=--&

(ii)

D.

0

Figure 9 Specification procedure of parameters
Table 3 Parameters for Sekiguchi and Ohta’s model
A
0.85

K.
0.54

M
1.09

0:7:

0.;5

D

0.85

Figure 7 Evaluation of preconsolidation pressure
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M

M(l+eO)

L
1.92

I

Triaxial CU tests were also carried out for undisturbed
soil samples. The results obtained are summarized in
Table 4 and the input parameters (C’ and # in terms of
effective stress) needed in Drucker and Prager’s model can
be specilled. However, two test results shown in Table 4
happened to quite differ each other. Therefore, two cases
in the numerical simulation are considered as shown in
Table 4.

Table 4 Parameters for Drucker and Prager’s model

Table 6 Step number when the structure failed

m
,.

1

1

unit weight of the soit :p~ (t/m3)

skp ntir

1.707

stql rrtir
5

0.00

10

.... 66

Fig. 10 indicates the experimental result of uniaxial
extension test for geosynthetics materials used in the field
model test, The linearly elastic model is applied to
represent the stress and strain relationship of the
geosynthetics in Fig. 10 and the bar element in the F.E.
simulation is employed.
The input parameters are
summarized in Table 5.

4.5
at No.5
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(a) In case of Sekiguchi and Ohta’s model
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(b) In case of Drucker and Prager’s model
Figure 12 Computed and monitored deformations
Figure 10 Stress and strain relation of geosynthetics
Table 5 Parameters for geosynthetics

I

geosynthetic8
max. extension force :N ~ (kN/m)
sectional area :A x
l’oung’s module :E (W)

58.8
1337.7
I

3.3 Comparison of Finite Element Simdations
The finite element mesh employed in the simulation of the
full-scale in-situ model test is shown in Fig. 11. The 4node constant strain finite element and the forward
incremental calculation scheme are used. The supporting
portion indicated by shaded part in Fig.7 is removed
following the order in the experiment as shown in Table 1.
Table 6 indicates the step number when the axial force of a
supporting portion
I

Y

Figure 11 Finite element mesh in simulation

,

bar element exceeded its strength and the structure failed,
In Figs. 12, the computed predictions and the monitored
behaviors are compared above positions of steel H piles of
No.2 and N0,5 (refer to Fig.4), in which the horizontal axis
in the figure represents the step number shown in Table 1.
The labels Gl, G2 and G3 indicate the geosynthetics
placed, that is, G1 is at the upper layer, G2 is at the middle
layer and G3 is at the lower layer. As seen from figures, the
monitored deformations are larger than our predictions. It
would be because the geosynthetics hung down in
experiment when the support was removed and then soils
between geosynthetics were loosened. Figs. 13 illustrates
the contours of shear strain distribution. The results of
Case 1 (Sekiguchi and Ohta’s model) and Case 4 (Ihucker
and Prager’s model) are chosen to be compared with the
monitored result in Fig, 13, because there was not much
differences between results of Case 1 and Case 2 nor
between results of Case 3 and Case 4. Fig. 13(d) is added”
to be compared with the numerical result of the hyperbolic
model which does not consider the dilation under shearing
(Ohta et al., 1996), At earlier step such as at Step 2, the
hyperbolic model does not explain the sharp distribution of
strain localization which is obsemed as in Fig. 13(a). The
dilatancy models seem to qualitatively explain the
monitored development of strain localization from earlier
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However, the quantitative agreement with monitored
distribution of shear strain has not been achieved. The
authors guess that it is because the soils were considerably
loosened resulting in being less stiff when the steel H piles
were removed.
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Figure 13 Comparison of shear strain distribution y
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A beam shaped soil structure reinforced by geosynthetics
was designed to investigate the resistance capability of the
structure against the bending moment and was constructed
as a full-scale model test. The monitored behavior of the
full-scale model test and its numerical predictions are
compared. In numerical simulation, dilatancy models are
introduced in order to capture the development of strain
localization in the beam shaped soil structure reinforced by
geosynthetics.
Specification procedure of input
parameters needed in the models is presented.
The
compacted soils used in the full-scale model test are
represented by the over-consolidated clays equivalent to
them. It is found that dilatancy models qualitatively
explain the monitored behaviors in the field model test.
However, the above results were obtained for a rather
unique test setup and more precise examination on general
applicability of dilatancy models is required.
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The paper describes the collapse and deformation of two geotextile reinforced segmental concrete block
ABSTRACT:
walls in the Gauteng province. The investigation into the factors leading to the distress of the walls is recorded, as well as
the back analysis of the structures. Conclusions are drawn regarding the factors that resulted in the distress. A short
description of the remedial works implemented, is also provided.
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INTRODUCTION

The paper describes the failure and remediation of two
geotextile reinforced concrete block retaining walls. The
failures occurred due to a number of differences between
the as-constructed and specified details of the walls,
resulting in full-scale collapses of sections of the walls.
The failures occurred after an exceptionally heavy rainy
season in February 1996. The collapsed sections, as well
as sections that had deflected excessively were rebuilt.
The sections of the walls that remained standing were
strengthened, to bring them upto acceptable stability
levels.
One wall is adjacent to an athletics track, while the
other wall supports a seating embankment for a hockey
field, and car-park.

2.

pressure. The specified geotextile has a tensile strength
of 25kN/m.
The wall was designed based on using a silty sand
backfill to the geotextile-reinforced fill, with the concrete
blocks providing the local stability at the face of the wall.
The design shear strength of the backfill was based on:

@z’”-

SPECIFIED WALL

The design of the walls was carried out in mid- 1993.
The detail of the wall next to the athletics track is
shown in Figure 1. The wall is 3.6 m high at a slope of
70°, using 300mm deep dry stack concrete blocks up the
face. The reinforcement depth of the woven multifilament polyester geotextile was specified as 1,6m deep
(0.44 H) at a varying vertical spacing. The vertical
spacing selected was a multiple of the concrete block
height, to allow the geotextile to be clamped between the
blocks, and to balance or exceed the lateral earth

Figure 1: Specified detail of athletics track
wall

c’ = OkPa
The design was based on the fill under the athletics
track having the same shear strength parameters as given
above. The athletics track, and the encompassed
sportsfield, was provided with both surface and subsoil
drainage. The site is also located in an area where the
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annual evaporation exceeds the annual precipitation.
Hence, the design allowed for no pheatric surface in the
backfill.
The shear resistance of the concrete blocks was
included in determining the depth of reinforcement
equired and excluded in determining the reinforcement
force required.
The design of the hockey-field wall was based on the
same principles, as outlined above. The detail of this wall
is shown in Figure 2.
lDM
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Figure 2: Specified detail of hockey field wall

The depth of the reinforcement geotextiles was
specified as 2,4m (0.49 H), for the highest section of
4.9m high. The bottom part of the wall was reinforced
using woven multi-filament polyester geotextiles with a
maximum tensile strength of 50 kN/m. The upper part
was reinforced with woven polyester geotextiles of a
maximum tensile strength of 25 kN/m. The height of
wall reduced along the length of the wall, and at a height
of 2.6m, the wall reverted to a gravity structure. Hence
this backfill was not reinforced, but 500mm deep blocks
were used over the lower section of the wall.
The design was based on a 1:4 slope of the fill at the
top of the wall.

3.
3.1

wide. Heavy rainfall resulted in sheet flow runoff from
the field flowing into some of the cracks.
Immediately after the collapse of the athletics track
wall, seepage was noted over the lower 700mm of the
backfill, in areas where stormwater had not flowed into
the tension cracks of the soil.
The deformed soil mass kept moving vertically over
the next few weeks, until a vertical displacement of
around 0.7m existed at 2.4m to 2.8m from the back of
the wall. This position coincided with the trench for the
irrigation pipes of the sportsfield, and the edge of the
athletics track subsoil drainage. Sections of the pipes had
been repaired in the past, and the pipe junctions were
pulled apart by the movement of the failed wall. The
foundation of the concrete blocks had rotated by around
14°, and moved laterally. The deflected reinforced soil
mass remained intact for numerous months, before being
removed by excavation for remediation of the wall.
3.2

Hockey field wall

The facing of the wall next to the field light mast
collapsed over a 20m section, with a portion of the
surcharge slope at the top of wall lying ontop of the
collapsed blocks. A 7m long section adjacent to this
moved horizontally by over 150 mm, and opened up a
75mm wide tension crack near the top of the surcharge
slope. The concrete blocks near the bottom of this wall
section were also extensively cracked.
To the south of the light mast the wall supported a car
park with a wall height of 3.74m and a wall slope of 70°.
The area 2.5m behind the top of the wall settled by
around 100mm, and a crack of 20mm wide existed at the
back of the settled area. The wall had an outward bulge
of between 130mm and 170mm near the mid-height.
These measurements can not be exactly quantified, as no
completion survey had been carried out on the wall, upon
completion of construction.

4.

AS-CONSTRUCTED

4.1

Athletics track wall

DETAILS

FAILURE DESCRIPTION
Athletics track wall

The facing blocks of the wall collapsed, as a result of the
lower blocks being sheared by the horizontal
deformation of the wall and reinforced backfill. At the
top of the fill extensive large cracks formed, upto 75mm
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The detail of the as-constructed wall is shown in Figure
3. This detail applies over most of the wall length. The
end sections of the wall of lower height had no geotextile
in the backfill, but a larger and heavier concrete block
was used.

The bottom layers of reinforcement geotextile were
missing in the fill, as well as the top layer of
reinforcement geotextile. The short layer of non-woven
geotext ile at the top of the wall was installed to minimise
the risk of erosion gullies forming behind the blocks.
This wall had a short section where no geotextiles
were installed in the backfill, but the rest of the wall
backfill was reinforced with either three or four layers of
a woven multi-filament polyester geotextile with a tensile
strength of 25kN/m.

Km MLWHER

EoKxlLS

-

Lm

F.G.L.

-_E/w

Mom

d

Figure 4: As-constructed hockey field wall, below
carpark
reinforcement geotextiles. The tensile stiffness of the
non-woven geotextile is between 20°h to 30?Aof that of
the woven reinforcement geotextile specified.
The wall in Figure 5 was built to a maximum height
of 3.7m, compared to a design height of 4.9m. The toe of
the wall and the breakpoint of the top of the slope above
the wall were fixed, resulting in a steeper surcharge slope
at the top of the wall. This slope varied betwe:en 17° and
25° to the horizontal, compared to the 14° design slope.
The backfill to the wall, as well as the slope above the
wall, consisted of a clayey sand to gravely silt.

Figure 3: As-constructed athletics track wall
The backfill to the reinforced section as well as under
the athletics track, consisted of a silty clay to clayey
sand, with a Plasticity Index varying between 24 and 32,
and a liquid limit above 43. The soil also classified as
medium expansive on the van der Merwe chart for active
soils. The tested shear strength of the soil is:
+>,. 26,30

4.2

Hockey field wall

The detail of the as-constructed wall is shown in
Figure 4 and Figure 5.
The wall in Figure 4 was specified to be constructed
as per the athletics track wall detail, to a maximum
height of 3.74m. The car park at the top of the wall
started 2m from the back of the wall, at the highest
section of the wall. The depth of the reinforcement
geotextiles was specified as 1,8m deep, and they were
installed to that depth. The spacing and type geotextiles
were however not installed to specification, with sections
of the wall having the erosion control geotextile
replacing sections of the upper two layers of

Figure 5: As-constructed hockey field wall,
below sloped section
Laboratory analyses of soil samples from both walls
confirmed that they were active soils, with a low shear
strength, similar to the backfill of the athletics track wall.
The reinforcement to the backfill varied considerably
over the highest portion of the wall. A 20m section of the
highest wall collapsed, while other sections deflected
excessively. During reconstruction of the wall, a layer of
alluvial soil was also exposed near the base of the
reinforced till where the wal I had collapsed. The sections
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where the wall had been designed and built as gravity
walls, performed satisfactorily. The slope at the top of
the wail was less than 14°.

Wall H – Deflected
As-Constructed (overall stability)
As specified geotextiles
As-constructed (force in geotextiles)

5.

The analysis shows that the reduced shear strength of
the soil plus the incorrect spacing of the geotextiles
brings the wall close to ultimate limit state for wall I, and
“beyond” ultimate limit state for the collapsed wall II.
The deflected wall 11 results in service loads in the
geotextiles with a margin of only 10% above what would
be normally considered a maximum for the ultimate limit
state for the geotextiles used. Geotextiles loaded to this
level are expected to give rise to large deflections and
excessive creep. This was clearly the case on site.
The reduced shear strength of the soil on its own is
unlikely to result in a state of collapse. For a collapse to
occur, one would expect the ratio of provided to required
to be well below 1,0.
The “temporary situation,” where a cohesion of 6kPa
is effective, results in a reduction in the stresses of the
geotextiles by a factor of 2.5. Also, the factclr of safety
for overall stability of Wall I is 1.9 and Wall II is 2.3.
Hence, no stability or deflection problems would be
expected. This was the case for a period of three years
from construction.

BACK ANALYSIS:

The failures of the walls was back analysed, based on
the following design deviation conditions:
Reduced shear strength of poor backfill.
Incorrect reinforcement geotextiles position.
Geometry deviation.
Seepage through backfill.

●
●
●
●

Each condition was analysed separately, and then in
combinations, to determine the impact on the wall
stability, resulting from the non-compliance’s with the
original design. The analysis was carried out using a dual
wedge analysis program.
5.1

Reduced Shear
Geotextiles

Strength

and

Position

of

Due to the variation of moisture content in South African
soils between summer and winter, the ‘cohesion’
measured in laboratory tests on active soils (high PI), is
seldom realised in the field over the long term. Hence the
case of no cohesion was included in the analysis, as the
walls had stood for nearly three years. For the back
analysis, the full concrete block shear strength (including
mechanical interlock) was included.
Wall I = Athletics track
Wall 11= Hockey field
P/R = Ratio of provided to required
Pm

Case -- Poor Backfill:
Wall I
As-Constructed (3 layers)
As-Constructed (4 layers)
Geotextile spacing as specified

0,86
1,00
1,36

Wall II – Collapse
As specified slope at top, bottom
geotextile missing
As specified slope at top, geotextiles
as specified
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5.2

1,19
1,87
1,11

Geometry Deviation

Wall 11has a further complication, where the slope above
the wall was constructed at a slope, which is very close
to incipient failure, for a shallow sloughing failure. It can
be shown that should such a failure be mobilised, that the
upper 1.Om height of the wall, as built, would be at a
point of incipient failure. Such a slide results in the top of
the wall being pushed over, releasing the clamping effect
of the blocks at the front of the geotextiles. Hence, the
local stability at the top of the wall is at the limit of
equilibrium, where the slope at the top c}f the wall
approached the shear strength of the fill. (c’ = OkPa).
The overall stability was also analysed, based on
variation of the angle of the upper slope. The result of
this analysis is shown below:
Case – Poor Backfill:
25° slope at top, as specified geotextiles
17°slope at top, as specified geotextiles
14° slope at top, as specified geotextiles

Pm
0,79
0’,95
1,15

5.3

Seepage

tests on the irrigation system to minimise the risk of
saturation and erosion due to leaking water pipes.

The effect of a phreatic surface in the reinforced
backfill to the wall was analysed. For this a simple ru
a’
— ——
factor was used on the lower failure surface
l’wl~w
[1
of the dual wedge analysis. Using a value of rU=O,1, the
following results were obtained.
Case: Poor Backfill with Phreatic
Surface:

Pm

As-Built (31ayers)
As-Built (4 layers)
Geotextiles – as specified

0,82
0,91
1,15

Geotextiles as specified, granular
backfill

2,3

Again, it can be seen that a phreatic surface alone would
probably not have been sufficient to collapse the wall.
From the above analyses, it can be concluded that in
order for the wall to fail, at least two non-compliance’s
to the original design were required. On this basis the
following scenarios were identified as having resulted in
the collapses:
Wall I (Athletic track): Missing geotextiles at the
base of the wall in conjunction with low shear strength
soil.
Wall II (Hockey wall): Steep surcharge slope, in
conjunction with low shear strength soils.
Incorrect spacing of geotextiles with the low shear
strength soils lead to serviceability failure of the carpark
wall.

6.2

The section of the hockey field wall that had been built
too low, and had not deflected excessively, was
reinforced with either one, two or three rows of 6m long
soilnails, spaced at 1,6m horizontally. These soilnails
consisted of 20mm diameter galvanised high tensile steel
bars encased in grout.
The number of nails depended on the extra height
of wall to be placed ontop of the existing wall, and the
final height of the wall. The maximum wall raise was
1,8m ontop of an existing 3, lm high wall. The nails were
designed to ensure overall stability of the wall, and the
added wall height was reinforced with woven polyester
geotextiles. These geotextiles were specified to have a
tensile strength of 50kN/m, spaced at 680rnm vertical
centres and 2,5m deep. A silty sand was specified for the
backfill.
The collapsed wall sections, and sections where the
backfill and wall had deflected excessively (visibly),
were rebuilt. The poor shear strength of the soil dictated
that the depth of the geotextiles needed to be 77~o of the
final wall height. The granular fill used for the reinforced
fill allowed the use of a cheaper woven polypropylene
tape multi-filament geotextiles with a tensile strength of
35kN/m over the upper 3,5m of the wall, and a woven
polyester geotextiles of 50kN/m for the lower section.
All the above work was completed by end of
1996, and has been performing satisfactorily to date.

7.
6.

REMEDIATION

OF THE WALLS

6.1

Athletic Track Wall

The athletics track wall was rebuilt, using an imported
granular fill. The fill was reinforced with five layers of a
woven polyester geotextile with a tensile strength of
50kN/m, at a uniform depth of 2.5m into the fill. Due to
space constraints, the excavation next to the athletics
track had to be temporarily supported, using driven soil
anchors. In the area where the soil remained very wet,
subsoil drains were installed at the interface between the
clayey soil and the imported granular fill. The owner of
the sportsfield was also requested to carry out leakage

Hockey Field Wall

CONCLUSIONS

From the above, the following conclusions can be drawn:
.
Geotextile reinforced backfill walls are structures
that are robust to variations from the design
specifications.
●
Collapse of such a structure is usually as a result of
two or more substantial deviations from the design
specifications.
●
Geotextile reinforced retaining walls have a ductile
and a brittle component. The brittle component is the
facing, while the backfill acts as a ductile component
of the structure.
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ABSTRACT
The first prototype preloaded and prestressed geogrid reinforced soil bridge pier was constructed to
support temporary railway girders. An abutment of geogrid-reinforced soil retaining wall, which was not preloaded nor
prestressed, was also constructed. The behavior of the pier and the abutment during and after construction and in service
was carefully observed. By preloading and prestressing, the gravel backfill of the pier became very stiff against static and
dynamic load compared to the abutment. Cyclic triaxial loading tests on the backfiil gravel were performed to understand
the contribution of the preloading and prestressing to the high performance of the pier.
KEYWCIRDS: Preloading, Prestressing, Geogrid-reinforced soil, Bridge pier, Full-scale loading test, Cyclic triaxial test
1

INTRODUCTION

A new construction method, the preloaded and prestressed
(PLPS) reinforced soil method, has been proposed; a
reinforced backfill is made very stiff against vertical load
by vertical preloading and prestressing (Tatsuoka et al.
1996a.)(Figure 1). A similar method taking advantage of
preloading has been proposed by Adams (1997), but it does
not take advantage of effects of prestressing. The
mechanisms of the PLPS method, which will be mentioned
later, were demonstrated by tests on a full-scale model
embankment and creep-relaxation tests on large triaxial
specimens of the backfill gravel (Uchimura et al. 1996).
In this paper, the construction and the behavior of the
first prototype PLPS geogrid-reinforced soil bridge pier is
Load in service
.
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reported, This pier was constructed in the summer of
1996 to support temporary railway girders and has been
opened to service since the summer of 1997. The
comparison of the behavior between the PLPS pier and an
ordinary geogrid-reinforced soil abutment, which was not
preloaded nor prestressed, proved that preloading and
prestressing can restrain three kinds of vertical
compression of the backfdl: creep compression under longterm static compressive load; the amplitude of compression
by dynamic loading (i.e. transient cyclic loading); and
residual compression by many times of cyclic loadirlg.
Cyclic triaxial loading tests on the backfill gravel was
performed to understand the effects of preloading and
prestressing on the behavior of the pier under cyclic.load in
service. The results “showed that when a very well
compacted backfill is sufficiently preloaded and prestressed
at an appropriate stress level, the settlement at the pier crest
and the reduction in the tie rod tension caused by many
times of cyclic loading can be very small.

p--

2

OUTLINE OF PLPS METHOD

2.1

Construction Procedures

Y
rod

The typical construction procedures are as follows
(Tatsuoka et al. 1996a):
1. The sub-soil is improved if necessary, usually by in-situ
cement-mixing; a pile foundation is not used because of its
high cost,
2. A rigid bottom reaction block, which is usually a
reinforced concrete (RC) block, is constructed at the
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Figure 1. A schematic diagram of preloaded
prestressed reinforced soil (Tatsuoka et al. 1996a.).
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bottom level of the backfN1.
3. Four steel tie rods are installed vertically with their
bottom ends anchored to the bottom reaction block.
4. The backfill is constructed, being reinforced with
geogrid and involving the tie rods within it. Usually, wellgraded gravel is used. Good compaction of the baclcilll is
essential,
5. A top reaction block is constructed on the top of the
completed backfill.
6. Hydraulic jacks are set at the top ends of the tie rods,
supported by the top reaction block.
7. The backfill is preloaded by using the jacks. To develop
as Iarge as possible compression of the backfill during this
stage, high preload kept constant for a long period or many
times of cyclic loading maybe applied.
8. The load is decreased from the preload level to a
prescribed non-zero prestress level.
9. The top ends of the tie rods are fixed to the top reaction
bIock (usually by using nuts), and the jacks are removed.
After this, a vertical stress remaining in the bacicfdl in
equilibrium with the tie rod tension works as prestress.
2.2

Mechanisms

The mechanisms of this method could be summarized as
follows (Tatsuoka et al. 1996a):
1, The backfill needs to be reinforced to support much
higher preload than an unreinforced backfill.
2. The preloading and subsequent unloading makes the
backfill stiffer and nearly elastic against external loads
applied an the top reaction block. The amount of unloading
from the preload level should be larger than the maximum
design load; otherwise, the compressive stress activated in
the backfill during service may exceed the maximum stress
during preloading, resulting in occurrence of larger plastic
deformation of the bactilll. On the other hand, the load
should not be decreased to a very low level or zero to avoid
swelling and associated softening of the backfYl (Tatsuoka
et al. 1996b).
3. The compressive prestress activated in the backfill under
prestress condition leads to high stiffness, thus a high
integrity,, of the backfill.
4. The load working on the top of the backfill is always in
equilibrium with the sum of the external load applied on
the top reaction block and the tie rod tension. Therefore,
when external compressive load is applied, the reduction in
the tie rod tension associated with vertical compression of
the backfill results in a reduction of load increment on the
backfill. This mechanism decreases the backfill settlement.
5. Large. part of the tensile strains in the reinforcements
induced by preloading remains after the load is decreased
to the prestress level. Therefore, the reinforcement can
confine the backfill more efficiently.
6. If a well compacted backfill is preload by sufllciently
large lc)ad for a long period, relatively large creep
566-1998
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deformation develops in the backfill, resulting in very small
long-term rate of the relaxation of the tie rod tension under
the prestressed condition..
7. The baclctlll may deform in the simple shear mode
during a seismic event. When the backfill is very well
compacted, large dilatation of the backill may occur
associated with seismic shear deformation. But such
dilatation is restrained by the tie rods, resulting in a
considerable increase in the tie rod tensio:n and
compressive stresses in the backill]. Therefore, a high
seismic stability can be expected.

3
PROTOTYPE PLPS GEOGRID-REINFC~RCED
SOIL BRIDGE PIER
3.1 Design and Construction
The first prototype PLPS geogrid-reinforced soil bridge
pier was constructed to support two 16.5 m long steel
bridge girders for a single railway track in Fukuoka City,
Japan (pier P1 in Figure 2a). The bridge is planned to be
used for about three years from August 1997. The crosssection of the pier is 6.4 m x 4.4 m, and the height of the
backfill is 2.7 m. The design dead load by the girder weight
and live load by train loads including impact load :are 196
kN and 1,280 kN, respectively.
On the other hand, one of the abutments for the girder
was constructed as an ordinary geogrid-reinforced soil
retaining wall (GRS-RW) without preloading and
prestressing (abutment A2 in Figure 2a).
First, a subsoil of an about 9 m-thick very soft clay
deposit was improved by in-situ cement-mixing forming
nine 9 m-long 0.8 m in diameter cement-mixed soil
columns (Figure 2b). In addition, the whole cross-section
of the pier was improved by cement-mixing for the 1 mthick surface soil layer to form the bottom reaction block.
The lower ends of four steel tie rods, which were originally
produced for prestressed concrete, were anchored into the
cement-mixed soil columns for a length of 4 m. The
nominal yield tensile force of each tie rod is 1,034 kN.
The backfill was constructed with a help of gravel-filled
bags stacked along the four sides of each gravel layer,
while wrapping around the bags with the reinforcement. A
well graded gravel of crushed sandstone (D~,X = 30 mm,
D50= 0.9 mm, U== 16.5, @ = 60° ) was used. .A handoperated 30 kg-vibration compactor and a hand-operated
60 kg-tamper were used to compact the backfW; larger
machines could not be used because of small available
working space. A geogrid reinforcement of polyvinyl
alcohol coated with polyvinyl chloride (PVC) was used,
whose nominal rupture strength is 73.5 kN/m and the
nominal stiffness is 1,050 kN/m at strains less than 1
percent. The arrangement of the reinforcement was
determined for a GRS-RW with one facing at the end under
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plane strain condition with the same height as the actual
pier, instead of the actual pier having a rectangular
prismatic shape. As the result, the vertical spacing of the
reinforcement was designed to be 30 cm. However, the pier
has two pairs of wall faces in two orthogonal directions;
therefore, each cross-section having one pair of wall faces
were designed independently. By overlapping the two
cross-sections, the actual average vertical spacing of the
reinforcement became 15 cm.
The construction of the backfill took five days by a team of
five workers, Preloading started ten days after casting the
top reaction RC block (5 m-long, 2.4 m-wide and 0.8 mthick). Then, full-height rigid facings were cast-in-place on
the four wall faces. The total construction period was about
1.5 months. The construction cost for the pier was about a
half of that for an equivalent conventional RC pier
supported by a pile foundation.
The abutment A2 was constructed by the same method
using the same materials as the pier, except that it has only
one wall face retained by reinforcement with a vertical
spacing of 30cm, and the both sides are exposed slopes
(1.5:1.0 in H:V) without a facing.
3.2

Instrumentation

For the measurement of vertical compression, four stainless
anchor plates for the pier and two plates for the abutment
were embedded at the bottom of the backfill (Figure 2c),
Brass rods placed inside PVC pipes were vertically
installed through the bacldlll and connected to the anchor
plates at the lower ends. The vertical displacement of the
top of the rods relative to the top of the backllll have been
measured with displacement transducers, The average
compression of the pier and the abutment was calculated
based on these measurements.
The tie rod tension has been measured with electric
resistance strain gages attached to the tie rods. The earth
pressure has been measured at the center (PO1) and near the
tie rods (P02) at the bottom level of the backfd] with straingage-type pressure transducers of 20 cm in diameter. The
tensile strains of the reinforcement have been measured by
strain gages attached to the grid at 32 points, Strains in
horizontal two directions, orthogonal each other, have been
measured separately.
3.3

Preloading

For a period of ten week days, preload was applied by
using fcur hydraulic jacks (Figure 3). The total net
preloading period was 72 hours, however, because the
preloading was allowed only during daytime due to a
restraint at the site. During nighttime, the tie rods were
fixed to the top reaction block with the backfill under
prestressed condition.
In the first day, the vertical load was increased step by
568-1998
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step up to 1,960 kN (from the origin to Point 1 in Figure 4);
each step consisted of a load increment of 196 kN applied
within 2 minutes or less and a pause keeping the load
constant for 30 or 60 minutes. In the fifth day, the load was
decreased to 905 kN (Point 10), followed by reloading. In
the sixth day, the load was increased to 2,350 kN (after
Point 11). In the seventh day, the load was decreased to
zero (Point 13), followed by reloading. In the tenth day, the
load was decreased to about 1,100 kN (Point 16) and then
the backfill was left under prestressed conditions for three
days. Finally, the load was increased to 2,350 kN (Point
17), maintained for three hours, decreased again to 980 kN
(Point 18), and since then, the backfill has been left under
prestressed condition.
Figure 4 shows the relationship between the total tie rod
tension, T, and the backfill compression. During the
preloading stage, the tie rod tension was the same as the
amount of the preload working on the crest of the backfill.
A total settlement of 8 mm occurred through the whole
preloading period, During unloading and reloading by
1,400 kN in the last day, the rebound and re-cornpression
were nearly the same and equal to only 0.4 mm, indicating
a very high stiffness and nearly elastic deformation of the
backfill, According to Tatsuoka et al. (1996a), the Young’s
modulus E for vertical elastic strains of such gravels
measured by triaxial tests can be expressed as E= E.-( u
Jpo)m, where m=O.57 and EOis the E value when the
vertical stress o , is equal to p.= 98 IcPa. Based on this
relationship, by fitting the theoretical elastic rebound and
reload curves to those measured with the pier, h=400 MPa
is obtained. The theoretical curve for elastic settlement is
also plotted to start from the origin in Figure 4; this curve
indicates the elastic component of the compression. The
plastic component of the compression is obtainedl as the
difference between the elastic component and the
integrated value of the instantaneous compression
increments caused at each loading step. The difference
between the total compression and the instantaneous
(elastic plus plastic) component is the time-dependent
(viscous) component. The viscous component is fiound to
be more than a half of the total compression and its ratio to
the total compression increases with the load level.
Therefore it is important to remove potential creep
deformation of the backfdl by sufficient preloading.
It may also be seen from Figure 4 that the average
stiffness of the backfill when reloaded from Point 10 is
noticeably smaller than the value when reloaded from a
higher load level (e.g., from Point 7). Moreover, the
average stiffness when reloaded from the zero load (from
Point 13) is smaller than the above. This behavior is likely
due to the effects of swelling and softening of the backfill
when the load is decreased largely or to zero. This result
shows the importance of maintaining suftlciently high
prestress in the backfill (Tatsuoka et al. 1996b).
Figure 5 shows the relationship between the total tie rod

tension and the earth pressure measured at the center (PO1)
and near the tie rods (P02) at the bottom of the bacldlll.
The average pressure, equal to the applied load divided by
the total cross-sectional area (5,8 m x 3.8 m) of the pier, is
nearly the same as the measured earth pressure increments.
Furthermore, the earth pressures at PI and P2 are almost
the same as each other, while showing a highly linear
relationship with the tie rod tension. These results show

that the stress distribution was nearly uniform at the bottom
of the backtlll and that the bottom reaction block made by
in-situ cement-mixing functioned as a nearly rigid mass.
3,5

Ixmg-term Behavior under Static Load Condition

After the preloading stage, the full-height rigid concrete
facings were cast-in-place, and then two steel girders, each
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weighing 211 kN, were installed on the pier and the
abutments. The instantaneous compression of the pier by a
girder weight of 211 kN was only 0.04 mm, while that of
the abutment by a girder weight of 105 kN was ten times
larger, equal to 0.4 mm. Then, the behavior of the pier and
the abutment was observed for ten months (Figure 3).
The tie rod tension and the compression of the pier PI
appear tc~have changed slightly for this long period, but
this is likely to be annual change due to temperature effects.
The tensile strain in the reinforcement kept almost constant
without showing any creep extension.
On the other hand, the abutment A2 showed noticeable
creep compression by the self weight and the girder weight.
Although the measurement of the abutment compression
started just before the girder installing, the total
compression has reached 3.1 mm by the summer of 1997.
The difference shows the first advantage of preloading
and prestressing that makes long-term creep deformation of
the backfill under static load condition very small.
3.6

service. Figure 6 shows the behavior of the pier P1 and the
abutment A2 at the first train passing in service; the train
consisted of 2 coaches, each weighing 353 kN without
passengers.
The amplitude of compression of the pier was 0.02 mm,
which was equivalent to a vertical strain of 0.001 percent;
this very small strain also suggests nearly elastic behavior
of the pier. The tie rod tension responded to the pier
compression. The change in tensile strain in the
120,
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Figure 6. Behavior of the pier
and abutment at train passing.

reinforcement was very small and elastic, which was due to
very small compression of the pier. Apparently, the train
road was not supported by the corresponding very small
increase in the tensile force in the reinforcement alone, but
the bactilll having highly elastic properties with high
stiffness actually supported the train load; these bacldll
properties could be achieved by sufficiently large
preloading and prestressing, which was possible only with
a help of reinforcement.
On the other hand, the amplitude of the compression of
the abutment was 0.2 mm; this is not a harmful quantity,
but 10 times larger than that of the pier.
The difference shows the second advantage of
preloading and prestressing that makes the amplitude of
compression by dynamic loading very small.
3.7

Long Term Behavior in Service

The behavior of pier and abutment in service has been
observed for 2 months (Figure 3). On average, 125 trains,
each consisting of two to four coaches, each weighing 30 to
40 tons without passengers, pass over the bridge every day.
The residual compression of the pier was 0,08 mm.
Corresponding to that, the tie rod tension decreased by
17.3kN. The tensile strains in the reinforcement did not
change largely; as a whole, they have been constant, On the
other hand, the abutment showed a residual compression of
5.1 mm. It is still compressing rapidly, even though the
compression rate is decreasing. Some maintenance will be
necessary. This difference shows the third advantage of
preloadin,g and prestressing that makes the residual
compression by many times of cyclic loading very small.

4

BEHAVIOR AGAINST CYCLIC LOAD

The comparison of the behavior between the pier and the
abutment subjected to many times of train passing showed
several i~dvantages of preloading and prestressing, by
which temporary and residual compression of the backtlll
against cyclic loading was very effectively restrained. In
order to understand these effects of the PLPS method,
cyclic triaxial compression tests were performed at a
constant confining pressure ( u h = 49 ma) on a large
square prismatic unreinforced specimen (23 cm x 23 cm x
60 cm high) of the backfill gravel ( P d = 1.95 g/cm3 and w
= 3.3 percent) (Figure 7). Axial and lateral strains were
measuredl by a set of LDTs, a device to measure small local
strains on the surface of the specimen. An LDT consists of
a phosphor bronze strip with strain gages attached at the
center, supported at the both ends with two hinges glued to
the specimen surface. Figure 8a shows the time history of
the deviator stress q = o ,- 0 ~. The primary loading (PL)
was conducted at a stress rate of dq/dt = 49 kPa/min. Cl
and C2 mean creep loading stages for 6 hours at a constant

q = 98 and 196 kPa, respectively. CYC1 to CYC5 mean
cyclic loading stages of 500 cycles, in which q changed
between 98 and 196 kPa for CYC4 and between O and 98
kPa for the others. PL simulated a short-time preloading
without creep compression, while C2 simulated a long-time
preloading with creep compression at the peak load.
Figures 8b and 9 show the test results. Even after some
creep (Cl), the vertical compressive strain E , increased
noticeably (by 0.013 percent) during the first cyclic loading
stage CYC1. During CYC2 after PL, the increase in E , by
cyclic loading was nearly zero. On the other hand, during
CYC3 after C2 and CYC5 after CYC4, & , decreased
during cyclic loading (by 0.006 percent and 0.007 percent
respectively). During CYC4, E , increased noticeably (by
0.023 percent) by cyclic loading, but the double amplitude
stiffness AqfA E v is about 2.5 times larger than those
during CYC1 to CYC5 at the lower q level.
The test results suggest the following:
1. If the backfill is not preloaded, it may be compressed
largely by cyclic loading (CYC1). This trend of behavior
was actually observed with the abutment A2.
2. For the same amplitude of cyclic stress and number of
loading cycles, the settlement of the backfdl becomes very
small after preloading; this trend becomes more ubvious
after the occurrence of the creep deformation 01 cyclic
loading during the preloading stage. This trend of behavior
was actually observed with the pier P1.
3. The higher prestress on the backtll] causes higher
stiffness of the backfill during cyclic loading. But if the
stress level is near the maximum stress during preloading,
residual compression becomes larger.
4. To make both of the amplitude and residual value of
compression by cyclic loading very small, the backfill
should be preloaded at suftlciently high stress level, and the
prestress should be some non-zero level; otherwise it leads
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to a large amplitude of compression during cyclic loading,
On the other hand, the prestress should not be very high so
that the maximum stress during cyclic loading does not
approach the maximum stress during preloading. Some
intermediate prestress level is appropriate.

5

CC~NCLUSIONS

hcture”, Geosynthetic International, IGS, Vol. 4, No. 2,
pp.81-136
Uchimura, T., Tatsuoka, F., Sate, T., Tateyama, M. and
Tamura,Y. (1996) “Performance of preloaded and
prestressed geosynthetic-reinforced soil”, Balkema, Int.
Symp. on Earth Reinforcement, Fukuoka, Japan, (Ochiai et
al., eds), Vol. 1, pp.537-542.
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The behavior of the first prototype PLPS geogridreinforced soil bridge pier was observed during and after
construction and in service. Compared to a bridge abutment
of geogrid-reinforced soil constructed without preloading
and prestressing in the adjscent place at the same time, the
pier showed very small transient and long-term deformation.
The different performances demonstrated significant effects
of the preloading and prestressing procedures in restraining
creep compression under long-term static compressive
load; the amplitude of compression by dynamic loading;
and residual compression by many times of cyclic loading.
The resuhs of triaxial cyclic loading tests on a specimen of
the bacldl gravel also showed a high eftlciency of
preloading and prestressing, particularly preloading with
creep compression or cyclic loading, to restrain temporary
and resiclual compression of the backfill. Both field and
laboratory observations showed that it is not preferable to
unload the prestress to zero because it leads to a large
amplitude of compression during cyclic loading. On the
other hand, to make the residual compression very small,
prestress should not be very high so that the maximum
stress during cyclic loadings does not approach the
maximum stress during preloading.
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Use of Fabric Reinforced Soil Walls for Integral Bridge End Treatment
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ABSTRACT: The problem of void development under bridge approach slabs has been correlated to the use of integral
abutment bridges (Schaefer and Koch, 1992). The observation of the occurrence of voids under approach slabs, even in
cases where no traffic had yet occurred led to a hypothesis of thermally-induced movements of bridge beams/abutment
walls as the mechanism causing the void development. As a result of identification of the mechanism of void
development, changes to the approach system needed to be made to accommodate this mechanism. A method used by
the Wyoming Department of Transportation, and subsequently by the South Dakota Department of Transportation, uses
a fabric reinforced soil wall behind the abutment to build a vertical, self contained wall capable of holding a vertical
shape and forming a void behind the abutment. This paper will detail the design concept used by the South Dakota
Department of Transportation, present data obtained from instrumented bridges currently being monitored, andlshow
how this system alleviated the integral bridge abutment approach problems.
KEYWORDS: Geotextile, Temperature Effects, Retaining Walls, Integral Abutment, Pavements

1

INTRODUCTION

The problem of void development under bridge
approach slabs has been correlated to the use of
integral abutment bridges (Schaefer and Koch, 1992).
The observation of the occurrence of voids under
approach slabs, even in cases where no tratlic had yet
occurred, led to a hypothesis of thermally-induced
movements of bridge beams/abutment walls as the
mechanism causing the void development. As a result
of identification of the mechanism of void
development, changes to the approach system needed
to be made to accommodate this mechanism. For this
project the approach system design consisted of a
geotextile reinforced soil wall behind the abutment
resuhing in a vertical, self-contained wall capable of
holding a vertical shape and forming an air gap
between the abutment and retained backfill. This
design was based on a system used by the Wyoming
It was
Department of Transportation (WYDOT).
hypothesized that the gap behind the abutment would
allow for the thermally-induced movement of the
abutment without affecting the backfill. Three bridges
were constructed in South Dakota using this design.
The field portion of this study consisted of monitoring
the variations in gap width between the abutment and
geotextile wall and development of voids under the
approach slab. This paper will review the design of the
bridge systems and geotextile soil wall, data collection
preliminary
analysis
and
and
measurement,
conclusions.

2

PREVIOUS RESEARCH

Although numerous factors contribute to the
differential movements between bridge abutments and
the approach areas to the bridge, previous research has
shown that void development under approach slabs to
integral abutment bridges occurs due to the elongation
and contraction of the bridge beams due to temperature
variations. As the bridge beams expand ancl contract
they alternately push into and pull away from the
backfill behind the abutment wall, leading to the
development of a void near the abutment wall under
the approach slab. The observation of such voids in
the field has been reported by Jorgenson (1983),
Kramer and Sajer (1991), and Schaefer and Koch
(1992). The size of the void varies markedly, with
Schaefer and Koch (1992), who surveyed 140 bridges
in South Dakota, reporting measured voids from 13 to
360 mm (1/2 to 14 in.) in depth and extending as much
as 3 m (10 ft.) away from the abutment wall. The
study concluded that the development of l:he voids
under the approach slab to integral abutment structures
was an inherent problem in the use of integral
abutment systems. The void development was not
considered to be isolated to one mechanism resulting
fi-om abutment movement, but rather to be the result of
the cumulative effects of embankment bulging as the
backfill deforms, approach slab uplift, backfill
densification as particle breakage occurs, and backfill
deformation as passive failure occurs in the backfill.
The relative contribution of each of these mechanisms
1998 Sixth International
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has not been discerned to date. It was suggested that
the largest increases in void size occurred when passive
failure likely occurred and this mechanism was
probably the most important one.
Edgar, et al. (1989) investigated the use of a
reinforced soil wall as a means to prevent void
development under the approach slab in highway
embankments. This research determined that retaining
the backfill with a geotextile wall, thereby creating a
gap between the retained fill and bridge abutment,
reduced the applied stresses to the soil to near zero.
The reduction of the passive stress to near zero
eliminates the passive failure mechanism in void
development. Consequently, this system was adopted
for use in the construction of three bridges in South
Dakota based on the hypothesis that the presence of a
gap between the abutment and retained fill would
prevent or greatly reduce void development under the
approach slabs.
3

varied with respect to grade specifications. A fabric
overlap of 1.2 m (4 ft) was used on all layers of the
wall. Upon completion of the wall, the cardboard
spacer was saturated with water and removed. The
backfill material was the same select backfill used in
previous SDDOT designs. Based on the results of this
project, the state may speci~ less expensive backfill
materials in the fhture, The drainage pipe was installed
in the bottom most layer of the geotextile wall. A
general illustration of this backfill design is shown in
figure 1.

BRIDGE BACKFILL DESIGN

The backfdl design used by the WYDOT was adapted
by the South Dakota Department of Transportation
(SDDOT) for replacement of a single concrete bridge,
134 m (440 ft) in length, on Highway 73 across the
White River near Kadoka, SD in the spring of 1996.
This design was also used on two concrete bridges, 122
m (400 ft) in length, on Interstate 29 across the Big
Sioux River south of Brookings, SD. The southbound
bridge was constructed in the fall of 1996 and the
northbound bridge in the summer of 1997. These three
bridges are being monitored to measure seasonal
variations in the gap spacing and for the development
of voids under the approach slab. This design has been
adopted for all new bridge construction in South
Dakota.
Design of the backfill system followed current
SDDOT bridge design and construction practices
except for the presence of the woven geotextile wall.
Prior to the implementation of this design
methodology, backfill material consisted entirely of
select granular material. This expensive backfill was
used since it had been shown to reduce void
development because of its greater passive resistance.
This backfill contained material with less than five
percent passing the #200 sieves and extended the depth
of the abutment and back at typically a 1:2 slope. A
design developed by the WYDOT inco~orated the use
of a gap between a reinforced soil wall and the
During construction of the three
abutment wall.
bridges monitored in this project, a 15.4 cm (6 in)
cardboard spacer was placed against the concrete
abutment. The wrapped face geotextile wall was then
constructed against the cardboard, which acted to
maintain the gap and control the alignment of the wall
face. The first three layers of the reinforced soil wall
were 30.5 cm (1 ft) thick and the top layer thickness
574-1998
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Figure 1. Typical geotextile reinforced soil wall
behind the bridge abutment.
4

DATA COLLECTION

Over the course of this three-year project (1996-1999)
physical measurements of the gap width, bridge length,
and void development were obtained. More detailed
instrumentation of these bridges was not feasible due to
limited funding.
The gap width between the reinforced soil wall and
the bridge abutment was monitored to determine if the
abutment came in contact with the reinforced soil wall,
thereby creating a passive pressure conditicm on the
backfill. Also, if the abutment and wall do not come in
contact, this data would be used to determine if a
smaller gap width would be appropriate. To monitor
gap width on the White River abutments, four vertical
rows of four holes each were drilled through each
abutment between the bridge beams. In each row, the
approximately 5 cm (2 in) diameter hole locations were
evenly spaced on the vertical profile of the wall. Initial
measurements of the gap width at each hole location
were recorded after the supporting cardboard had been
removed. For the I-29 bridges, four vertical rows of
three holes each were installed in each abutment

between the bridge beams.
A second series of holes were formed into the
approach slab to monitor the formation of voids
beneath the slab. These holes were installed with
removable caps to cover the hole but allow access for
measurement. Void measurement locations measuring
5 cm (2 in) in diameter are located at 0.46 m (1.5 ft),
0.76 m (2.5 ft), 1.68 m (5.5 ft), and 4.72 m (15.5 ft)
back. from the face of the abutment.
These
measurements
can be made along the centerline, along
the centers of the driving lanes, and at the edges of the
approach slab.
Physical measurements were also taken to monitor
the thermal expansion and contraction of the bridge
deck.. Nails driven into the bridge deck served as
bench marks for measurements of bridge deck
movement. Three benchmarks were installed at 0.6 m
(2 ft) from the guardrails at the midpoint of the span of
the ‘bridge and on the north and south ends of the
bridge. Additional benchmarks were placed on the
centerline of the bridge at the midpoint and on both
ends.
In addition, air temperatures were recorded each
time field measurements were made.
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DATA

The gap width of the White River Bridge has been
monitored for a fill one-year temperature cycle. Gap
width measurements are being taken on two Interstate
29 bridges. The southbound lane has been monitored
since completion in November of 1996 and at the time
of writing is going through its first high temperature
cycles. The northbound lane is near completion and
initial gap width readings have been recorded, Figure
2 shows the approximate gap measurement hole
locations in between the bridge beams. Due to the
space limitations of this paper, only the results from the
south abutment of the White River Bridge are shown,
see figure 3.
Due to the distance from Brookings this bridge is
located, readings on the gap width for the White River
bridge were made about every three months, with
readings scheduled to ensure readings where taken in
the high temperature and low temperature periods in a
one-year cycle.
h40nitoring of the void development under the
approach slab on the White River Bridge will start after
the summer of 1997. The thermal expansion and
contraction of the bridge system relative to the backfill
system is currently being evaluated. No significant
findings can be presented on these subjects until two
full years of data have been recorded.
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6

ANALYSIS

Gap width measurements taken from the White River
Bridge and the one completed I-29 Bridge show
changes in the gap width due to seasonal variations in
temperature. The south abutment of the White River
Bridge was constructed fust. Based upon the limited
number of readings taken thus far, the gap widths on
this bridge are somewhat more scattered than the
others. This has been attributed to the construction of
the wall, which was visually observed and noted to be
less than ideal. The south abutment was the first
reinforced soil wall built by that particular construction
company and was the first wall to be constructed by the
State of South Dakota in a bridge end backfill
Construction techniques were refined
application.
considerably following construction of the south
abutment, which lead to a higher quality of
construction for the north abutment, Due to improved
construction practices, the north abutment displayed a
larger initial gap measurement. Thus, it is essential to
ensure all the layers of the wrapped faced reinforced
soil wall are pulled very tight to reduce deformations
after the cardboard is removed. The results show that
experience in construction improved the perfommnce
of the north abutment backfill system.
The top of the abutment, which is integral to the
bridge deck, undergoes the most movement. In most
cases, the gap width for the upper two-thirds of the
abutiment changes more than the lower third. This
suggests that a point of rotation exists in the foundation
piling system below the bridge abutment. It can be
observed in figure 3 that the minimum measured gap
corresponds to the warmest temperatures, 100”F
(38°C). Even measurements corresponding to the
coldest temperature, O°F (- 18“C), are smaller than the
initial gap, indicating a closure of the gap as the
abutment cyclically moves. However, the data also
shows that the initial gap has not filly closed in even
the warmest temperatures, indicating the geotextile
wall is functioning as intended. In all cases, the gap has
remained open and prevented the abutment from
pushing against the backfill and void development has
not occurred.
7

CONCLUSIONS

At this early stage of the project conclusions as to the
effectiveness of this design methodology in preventing
void development will not be made. The data must be
recorded over a longer time period to establish the
repeatability of the data. Additional monitoring is
necessary to distinguish how much of the gap closure
is due to the initial movement of the wrapped face
geotextile wall or is due to temperature induced
abutment movement. The quality of construction of
the backfill wall may also affect closure of the gap.
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Therefore, quality control measures must be taken
during construction. However, from one year’s data it
appears that the 15.2 cm (6 in) gap will provide
sufficient space to allow for both movement of the
abutment, movement of the soil wall related to
inadequate construction, and movement due tc~creep of
the geotextile soil wall.
8

ADDITIONAL WORK

Additional research, not discussed in this paper, is also
being performed as part of this project. Alternative
backfill materials and designs are being studied and
tested in a SDDOT model bridge facility and will be
the subject of fhture papers.
9
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Field Performance Test of a Geosynthetic-Reinforced
Facing

Soil Wall with Rigid
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ABSTRACT: Geosynthetic-reinforced soil walls have gained wide acceptance in the world as retaining walls of roads and so on.
The fimctionsof their fhcingsand reinforcing materials laid in them vary, and different design methods have been proposed to date.
The present paper describesthe experimental results of an outdoor, full-scale, reinforced soil wall and the evaluation of the results,
the experiment being a part of a series of experimental studies to elucidate the reinforcing mechanism of geosynthetic-minforced
soil walls with concrete facings and establish a design method which takes account of the effect of such wall facings.
The test wall of 8 m-highwas constructedon a soft ground, and its facing was of concrete blocks. Its behavior has been observed
during the construction and for two years thereafter. During the time period, it was exposed to heavy rains and not so large
earthquakes. The focus of this paper is the evaluation of the stability of reinforced soil walls based on the experimental results.
KEYWORDS: Geosynthetic-reinforced wall, Field test, Design, Long-term observation, Stability analysis
1

INTRODUCTION

Various approaches have been taken to the design and
constructionof geosynthetic-reinforced soil walls. In particular,
researchers have proposed a number of design methods,
maintainingthatwall facings contribute to the reinforcing effect
of the walls (Tatsuoka 1992, Leshchinsky 1993, NCMA 1993,
and Gotteland et al. 1992). Regarding roads of which less
severe constraint of deformation is required, the Public Works
Research Institute (PWRI) of the Ministry of Construction has
been pursuing experimental studies on the reinforcing effect of
varioustypes of wall facings (Tajiri et al. 1996, Nakajima et al.
1996, and Ochiai & Fukuda 1996). As shown in FQure 1, a
full-scale vertical reinforced soil wall of 8 m-high with
concrete-blockhcings (under an overloaded embankment of 9.8
kN/m2) was constructed, and its behavior has been observed
duringthe constructionand for two years thererdler. The present
paper compares and contrasts the observed behavior with the
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Figure 1. Cross-section and reinforcement pattern of test wall.

behavior assumed and predicted by the current design method,
and discusses subjects which require due consideration in the
design of reinforced soil walls in future.

2

SPECIFICATIONS OF TEST WALL

To designthe test wall shown in Figure 1, its design conditions
were set based on the previous test results and so on. The
banking material was sandy soil, and its internal friction angle
4,’, cohesion c; and unit weight 7 ~were 29°,0 kN/m2, and
18.6 kN/m3,respectively.The dimensions of the concrete blocks
to be used were 50 cm in height, 100 cm in width, and 35 cm in
depth, and their hollows were to be filled with crushl:d stone.
Their unit weight was 21.1 kN/m3. A zone of crushed stone
about 30 cm thick was to be provided at the back of the
concrete-block facing as a drainage, and its internal ffiction
angle @~’and unit weight 7’~were 45° and 19.6 kN/m3.
The internal friction angles between materials were set as
follows: 61=(2/3) ~ ‘=19° between banking soil and blocks,
6 Z=()between reinforced soil mass and banked soil behind,
83=(2/3) @~=300and 63=(1/2)45 ~=22° (two cases) between
blocks, a bf= d 3 between blocks and concrete foundation, and
6 ,~=@,’=29° between banking soil and reinforcements.
Reinforcing geosynthetic to be used was geogrid (Tensar SR55), of which the design tensile strength T~ was 29.4 ‘kN/m.
To determine the arrangement of the reinforcements,
comparative design was performed by using the following
designmethods: PWRI method (Onodera et al. 1992), Geogrid
ResearchBoard (GRB) method (Yamanouchi & Fukucla1993),
Leshchinskymethod(1993), and monolithic wall method which
assumes that short reinforcements and a facing unite with each
other to exert the soil retaining effect. Figure 2 shows the
stability analysis mode by the PWRI method. For the stability
analysis under the seismic condition, the horizontal. seismic
coetlicient kh of 0.10 was assumed.
Figure 3 summarizes the specifications of reinforcements
found by the comparative calculation. The focus of this study
was put on the verification of the reinforcing mechanism by
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Table 1. Stabilities of test wall calculated bv PWRI method.

of required
force

Analysis
mode

Ordinary
condition

Seismic
condition(kh=O.10)

Overall stability
(Circular slip)

F.=1.055<1.2*
NO

FS=O.917<1.O*
NO

Direct sliding

Fti=2.142>1.5*
OK

Fti=l.844:, 1.2*
OK

Overturning
(Eccentricity)

lel=O.690<L/6*
OK

lel=O.5664J3*
OK

Bearing

qm=252q.*

q/na.z=264<qa*

capacity

NO

NO

4
\

(a) Internal

and overall stability

+iiij??d
xx=
I

L: Iengjh of main reinforcement, (=6.Om).
q.: allowable bearing capacity,(=49kN/m2) estimated from

~.

(b-2) Overturning

t—

N-value (6) after Nakajima et al. 1996.
*: design criteria.

(b-3) Bearing
(b) External stability
Figure 2. Failure mode of PWRI’Sdesign method.
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Figure 3. Required reinforcement length and steps.

constructing the test wall into a critical state, the calculation
results taken into account. Namely, the test wall was based on
the ordmry condition, the number of reinforcement layers was
set at 11 on reference to the results by the Izshchinsky method,
and the length of reinforcements L was set at 6.0 m (see Figure
1).To preventthe blocks not comected to main reinforcements
tlom comingout of the wall surface, short reinforcements of 1.0
m-longwere connectedto them. The wall given these conditions
and specifications, its stability was calculated by the PWRI’S
methodas shown in Table 1. The overall stability F, by the slip
circular method was found to be 1.055, a state near the critical
condition. Under the seismic condition Of/ChGO. 10, it (F.) was
found to be 0.917, an unstable state.
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FIELD MEASUREMENT OF TEST WALL

The long-term observation of the test wall has been conducted
with the measuringinstrumentsshown in Figure 1 for about 800
days includingthe constructionperiod. The wall experienced the
heavy rainfall of 81.5 mm/d (t=189 d) and the of 191.5 mm/d
(t=559 d). The wall was also exposed to three small to medium
earthquakes, but maintained its stability as Photo. 1.
3.1

Horizontal Displacements of Test Wall

Figure 4 shows the displacements of the wall surface measured
during the observation period. The maximum horizontal
d~placement was approximately 100 mm, and the wall surface
took a bulgyshape,the center portion in height most prominent.
The displacements immediately after the construction were
small enough.
Since the overhanging of wall surfaces mars their scenes and
offendsour sense of security, it would be preferable to give the
wall surfaces small backward leans in their construction. The
deformation of the wall slowed down considerably arid settled
after some 800 days passed in the observation.
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agree with the assumption, made in the design manual of the
PWRI regarding the external stability analysis for the bearing
capacity of foundation grounds, that ~hereinforced zone of ~
embankmentbehaves as a rigid body and the distribution of the
subgrade reaction takes a trapezoidal shape, the reaction
decreasing linearly horn the facing toward the rear.
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Figure 4. Horizontal displacement of test wall.
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Earth Pressure on Wall Facing and Subgrade Reaction
3.3

Figure5 showsthe distribution of earth pressure on the back of
the facing during and after the construction of the wall. The
measured values were larger in the upper zone and smaller in
the lower zone than the values calculated on the basis of
Coulomb’s earth-pressure theory.
As shown in Figure 6, the subgrade reactions were equal to
or smallerthan the overburden pressure in the area distant horn
the fhcin~ and exceededlargelythe pressure by the dead weight
of the concreteblocks at the bottom of the facing. This does not

Strain of Reinforcements

Figure 7 shows the distribution of the strain of the
reinforcementsmeasured by foil strain gauges bonded on them.
The maximumstrain of each reinforcement was observed in the
immediate vicinity of the facing. This distribution pattern is
typicalof walls with high-rigidity facings. At the completion of
the test w~ the maximum strains were approximately 1%, 8.8
kN/m in terms of tensile force, which were smaller than the
design strength of 29.4 kN/m. The maximum strains of the
additional short reinforcements were at the same level as those
of the main reinforcements.
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Figure 7. Distribution of strain of reinforcements.
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DISCUSSION ON STABILITY OF TEST WALL

4.1

External Stability Analysis
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In the PWRI designmethod its external stability for the bearing
capacity of the foundation ground is examined by checking
whether the subgrade reaction is contained within the bearing
capacity or not. The top layer of the foundation ground of the
test wall was a filled Kanto-loam layer 2.15 m thick. As its Nvalue was about 6, its bearing capacity was estimated at 49
kN/m2or so. On the otherhand the maximum subgrade reaction
was estimated at 252 kN/m2under the ordinary condition and
264 kN/m2under the seismic condition (k~=O.10),suggesting
the instability of the test wall. Besides, the subgrade reactions
observedwere about 261 kN/m2under the facing and about 117
kN/m2 under the embankment. Thus, it can not be explained
why the test wall has maintained its stability.
On the otherhand since ahnost the whole test wall consisted
of soil and it could basically be regarded as an embankment,
anotherstabilityanrdysiswas performed by using a circular slip
surface which runs into the foundation ground. The soil-filling
h~tory of the groundtaken into account, its strength parameters
in the original state and in the state immediately before the
construction of the test wall were estimated. With the safety
fhctorF. of 1.027 thus found, the stability of the test wall could
be explained (Nakajima et al., 1996).
Thus, it was suggested that the external stability analysis for
the bearing capacity of foundation wounds can basically and
advantageouslybe replacedby the circular slip stability analysis
using slip surfaces which run into the foundation grounds.
4.2

Stability

Analysis under Seismic Conditions

The test wall underwent three small to medium earthquakes so
far in 1996: the first was of M=4.7 and estimated acceleration
at Tsukuba 14 gals on August 16; the second, M=6.2 and 26gals
on September 11; and the third, M=5.4 and 45 gals on
December21. The stability anal~es of the wall under the third
earthquakes(45 gals, /c~=O.05)turned out as follows: the safety
factors against slip circle F.=0.989<1.O; the safety factors
againstdirect sliding Fti=2.326> 1.2; and the stabilities against
overturning~1=0.373dJ3, indicating the instability against slip
circle in particular. Nevertheless, the wall maintained its
stability during the earthquakes. Accordingly, it would also be
necessaryto review the seismic-stability analysis method of the
PWRI design method.

5

CONCLUSIONS

Based on the long-term observation results of the full-scale
reinforced test wall 8-meter high, the behavior of the test wall
was compared and contrasted with that assumed and predicted
by the PWRI’Sdesignmethod, to identify future subjects toward
the establishment of a more rational design method. Main
findings are as follows:
1. The arrangement of the reinforcements of the test wall was
determinedto constructthe wall into a critical state under the
ordinary condition, critical when evaluated by the PWRI
design method. During the some 800 days observation, the
test wall was exposed to heavy rains and small to medium
earthquakes. Although the test wall, given such
specitimtions,was supposedto lose its stability, it maintained
its stability. Accordingly, it is necessary to establish a more
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rational design method in future.
2. The PWRI design method is built on the concept of limit
equilibrium. However, the following inconsistencies were
observed:(i) the measured earth pressures on the back of the
test wrdl’s facing in the lower zone were smaller than the
active earth pressures estimated by the Coulomb’s earthpressure theory, (ii) the measured values of the tensile force
on the reinforcementswere smaller than the values estimated
in designing the test wall, and (iii) the distribution of the
subgradereactiondid not take the trapezoidal shape which is
assumed of concrete retaining walls, and the design and
measured values of the subgrade reaction exceeded the
bearing capacity of the foundation ground.
3. The bearing capacity, one factor in analyzing the external
stability of walls, need not be examined, if their external
stability is examined by the circular slip stability analysis
using slip surfaces which run into their foundation grounds.
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Multi-Anchored

Soil Retaining Walls with Geosynthetic Loop Anchors.

H. Brad
Professor, Institute for Geotechnical Engineering, Technical University, Vienna Austria

ABSTRACT: The paper deals with reinforced modular block walls using loop anchors. The bearing behavior of such
structures is the deadman principle, but there exists simultaneously a composite tied between modular units, straps, and
soil. Accordingly, several hypotheses of calculation are present@ based on model tests and comprehensive in-situ
measurements on constmction sites since the year 1977. Recommendations for on-site installation filling, and backfilling
of the strnchm are also given.
KEYWORDS: Retaining walls, Slope stabilization, Geo ,,Others”, Design by Function

1 SCHEME OF LOOP ANCHORED WALL SYSTEMS
Figure 1. illustrates the scheme of a loop anchored wall
system. Generally, the front side of the wall consists of Lshaped elements (modular prefiibricated reinforced
concrete units) arranged in displaced position to each other
and connected by tension straps (loop anchors) to anchor
elements (e.g. half tubes) on the back of the wall.
Similarly, for embankments both facings can be
comtmcted of L-shaped elements (e.g. Figure 3).
The core of the wall consists of soil being placed in layers
and compacted. The prefibrimted elements and the loop
anchors prevent the soil from giving way. Thus the fill
material increases the bearing capacity, and the whole
structure acts as a composite body - similar to crib walls
but more flexible. Accordingly, the efkct of the loops is
primarily not a soil reinforcement and friction is merely of
secondary importance.
In order to avoid long term corrosion problems and to
provide a flexible behavior of the retaining wall,
geosynthetics have been preferred since about 15 years as
tie-elements: High modulus polyester has proved especially
suitable. Aramid is relatively expensive but exhibits less
strain and creep. Consequently, a combimtion of polyester
and aramid yarns is especially usefid in critical cases.
Special loops consist of geocomposites comprising a
polyester tie element with a strip drain, and this core being
wrapped by a non-woven geotextile. These composite loops
have proved suitable for low-permeable fill material of a
high water content.
The retaining structure with anchor loops is not only used
for retaining walls but also for
●
Noise protection walls.
●
Bridge abutments.
. Protective structures against avalanches, mud flows.
●
Quay walls and bank protection.
●
Increase of the height of embankment dams.

Figure 1. Loop anchored wall system - Schematical.
2 Fill material
1 Natural soil or backfill
4 Anchor element
3 Modular wall facing element
6 Section through facing element
5 Loop anchom

2 MODEL TESTS AND FIELD MEASUREMENTS
Small scale tests (1:20) in the laboratory were combined
with 1:1 -field measurements on several construction sites.
The maximum wall height was 21 m.
From Figure 2 it can be seen that overturning is the
dominating mcxle of the global wall displacement. But in
detail the structure does not tilt like an ideal monolith:
There are diiTerential movements among the layers, thus
indicating internal shear deformations. The layers are
pushed outside in steps, remaining rather horizontal. With
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100 cm

44

2

cm

Figure 2. Laboratory test No.2.
Scale 1:20, henee wall height H =
21,8m in nature. 1 N/cm2 = 10 k%
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inereaaing surcharge lo@ structural fhilure begins on top
of the wall where the composite behavior of the wall is not
yet as strong as in greater depth. The bond eilixt among
backfill, loops and modular elements increases with the
overburden pressure. This could be proven especially
clearly by cutting some of the loops. In this case a
reamngement of internal forces took place, thus avoiding
tldlure to a high extent. Collapse of the wall is announcai
by large movements and does not ocxmrsuddenly.
This bearing deformation behavior is charaeteritic of
multi-anchored soil retaining walls with geosynthetic loop
anchors. It could be found not only in model tests but also

L.

5,00

on numerous eonstmetion sites. Figure 3 shows a loop
anchored retaining wall as a catch-system for avalanches
and mud flows which threatened a highway and railroad
on toe of a steeply inclined slope. Figure 4 illustrates the
base pressure during the construction period and its longterm behavior. The stress distribution exhibits a maximum
near the imer pressure cell which is caused by the
embankment-like cross section of the retaining system.
This differs widely from the behavior of gravity walls.
The tensile forces in the loops are plotted in Figure 5
showing a typical long-term decrease within the first years
after wall completion. Four strain gauges were mounted on

Figure 3. Loop anchored wall system for a catch-basin
against avalanches and mud flows. Cross section and
ground plan with measuring devices.
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eaeh loop. The measured tensile foreea are smaller than
eakxdat~ eapeeially in the lower part of the *ning
system. After reaehing a certain overburde~ additional
wall heights eauae leas increase in tensile form than could
be expeeted by the dead weight ofy.z and Gh= K.y.z. This
is caused by a variable coefficient of lateral earth pressure.
Similar to reinfimed soil, K varies with depth from ~ at
the top, to L below several meters depth. Furthermore,
low tensile forces ean be explained by arching or silo
pressure eondit.ions in the fill and by an increasing
modulus of the fill. A gradual inmease of the bond tied
between soil, loops, and anchor elements plays an
additional role. Loops generally experience stress
rednetion, as the soil progressively takes over a higher
portion of load. Creeping of the loops could be widely
exclude.t$ beeause some aeetions of the retmmn
““g system
had loops of coated steel - and the results were fairly

!981

I 7982

I 1983 ‘1 1984

I 1985

+

I ‘1997

LONG TERM BEHAVIOUR

similar. The difference between theoretical and actual
tensile forces represents an additional safety factor
compared to conventional calculation.

3 DESIGN AND CALCULATION
In order to develop a practicable design meth~ several
hypotheses and theoretical assumptions were eanpared.
Their aecuraey and limits of application had to be verifkd
on the basis of small scale teats, field experiments, in-situ
measurements and site experience.
For design, external, internal, and local stability analyses
have to be performed. The external stability comprises base
sliding, overturning and ground fiiilure. It is cakxdated
similarly to conventional retaining walls, the smcture
being considered a ,,quasi-rnonolith”, but with a statically
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Figure 6. Internal failure mechanisms of loop anchored
walls. Left: Block theory (assuming three slices). Right:
Cofferdam scheme.

reduc@ fictive width of the wall. According to the
deformability of the wall, the active earth pressure can be
assumed attheback
of thewal
landan angle of wall
ftio~
8 = 0. The resultant of all acting forces should
run generaily within the core of the cross section.
Commonly, block-like overturning is not a relevant failure
mechanism.
The internal stability comprises three failure mechanisms: pull-out
tensile overstress, internal sliding
(including possible slope failure). Furthermore, the local
stability of the segmental wall units has to be proven:
facing connection and bulging (shear transfer faihm). The
calculation caq above all, be peflormed similarly to that
of cellular cofferdams, assuming a lateral earth pressure
between the active limit value and the earth pressure at
rest, depending on the stretchability of the loops.
For assessing the tensile forces, T, in the loops two
boundary analyses have proved suitable:
T=Kh. n]. AA .,..,for5=0
T=L . yf.z. AA .....fort5=0
whereby
&= active earth pressure coefficient
z = depth of the loop beneath top of wall
yf = unitweight of the fill material
al = front edge pressure (fictious value of ~quasimonolitlt’)
AA= portion of the wall area referring to one loop
8 = angle of wall friction
0 = fiction angle of fill material.
The maximum calculated T should be considered the
design Viihle.
The influence of surcharge loads on the back or directly
on the crown of the wall can be amessed by conventional
calctdation methods. Tra.flit loads are idealized by static
replacement loads. Contrary to reitioreed soil, a friction
loss along the tie elements caused by dynamic loads is not
relevant.
Site observations have disclosed that the internal stability
of loop anchored walls is actually higher than assessed by
conventional calculation. This tiers especially to internal
584-1998
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Figure 7. Idealization of soil (fill material) and structural
members of a loop anchor wall system as a truss like
retaining structure,
E=
earth pressure
C =
soil in compression
T=
anchor loops acting in tension

sliding of slender structures. For a slenderness of B/H 2
0.6, Janbu’s block method has proved suitable. The
methods of Kranz and others provide by far too small
sakty factors. Sliding analyses based on block theories
(e.g. Figure 6/Ieft) underestimate the actual safety factor of
very slender stmctures. Numerous site observations have
shown that in such cases values of only FS4C = 0.4 to 0,8
are calculated whereas the walls have been exhibiting a
fully stable behavior since 10 years and more (checked by
long term monitoring). Consequently, such slender
structures should be designed similar to cofferdams with
multiple anchorage (Figure 6/right).
Another calculation method idealizes the loop anchor
wall system as a truss-like stmctme. According to Figure
7, the loops are the truss members acting in tensiow and
the soil between the loops and modular units represents
the truss members in compression. This truss-like behavior
increases with compaction degree of the fill material. A
high compressive strength and dilatant properties of the
soil enable it to interact with the loops and the anchor
elements on the front and back side of the retaining
structure. Vertical, possibly prestressed anchom through
the prefabricated anchor elements at the back of the wall
would provide further improvement.
Experienm has shown that loop anchored walls hardly
fail on a plane passing through the toe. Commonly, the
critical ftilure plane runs through the face of the structure
at a point % H to 1/3 H above the toe (H = wall height). In
case of high surcharge loads, failure may occurr at even
higher points.
If inextensible (metallic) loops are used, the ftilure of
the wall can occur rather rapiclly according to potential
overstress of adjacent lWPS - like a zip efRct. Contrary to

+
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—
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o,750
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Figure 8. Forces on the facing element of a loopanchor
wall system and force polygon for the soil fill on the
concrete element.
T&
==existing tension force
G, GE “ dead weights of soil and concrete element

thal overstressing of extensible loops (polymeric anchors)
first of all leads to creep and only limited load shedding.
The deformation increases, thus indicating in time the
necessity of strengthening the structure.
The connection between the tie elements and the facing
of a permanent soil reifiorcement wall is a critical part of
the design. Contrary to that anchor loops allow a full
strength solution without requiring special starter elements
embedded in the modular f~ing. Figure 8 illustrates the
load transfer in a typical modular Wucture. Vertical wall
friction can be assumed ~ = 0, and horizontal friction
&= 0.750.
IAIOp anchored walls require smaller widths than
conventional reinforced soil stmctures. This reduces the
slope CULwhich is especially important if the retaining
structure has to be placed into unstable terrain. No special
footing is necesmry except on soil soil.
The stxucture allows adaptation to various site conditions,
geometries, and varying loads, and it behaves hirly
insensitive to differential settlement, to dynamic loads, and
to earthquakes. Furthermore, full-face draining and
intensive greenery planting are possible.

4 LONG TERM BEHAVIOR
Regarding the long term txkwior of loop anchored wall
systems, two factors have to be considered b@ore all:
Creeping and effect of hydrolysis on polyester.
Monitoring of loop anchored wall systems has disclosed
that creeping can be widely neglected. Figure 9 shows the
tensile sl.rength-extension characteristics of various loops.
At a working stress level of about $30 % for the initial
ultimate tensile strength of geosynthetic straps, long term
creep elongation could be expected less than 1 % occurring

io

1234s

ELONGATION

14

E [yO]

Figare 9. Tensile strength - elongation characteristics of
various loops. Draplarnat is a coated steel strap.

after construction. The (allowable design) extension is
likely to be <5 ‘Yoin total for Wlyester and < 1 YOfor
ararnid and draplamat.
There is a signifkant ditTerence between the loaddeflection characteristics of a loop and a reinforcing strip.
Contrary to laboratory tests on * tie elements, creeping
gradually decreases on the site where the loops are
embedded in soil. This effect increases with composite
effe@ hence with compaction degree and friction/
adhesion. Changes in ambient operating temperature
between 10 to 400 C practically do not alter the creep
characteristics.
Draplamat consists of coated steel tendons and is cheaper
than aramid. Polyaramid loops can exhibit even greater
shear strength and lower extension than steel straps
(Figure 9). Such tie elements are sometimes preferred fix
very high retaining stllX@W and hi@ loads. Mostly, the
ultimate tensile strength of draphnat is similar to that of
aramid, i.e. ~T = 2600 N/mm*. The Sttin at fai]ure 1S~ =
3 YOand 2 to 49’0 respectively. commonly used polyester
straps exhibit ~T = 1050 to 1250 N/mm* and Q = 10 to
14 ‘XO.
Composite loops consisting of aramid and polyester have
proved suitable for structures in unstable slopes and
seismic areas. Overstressing is indicated by a period of
great deformation which is succeeded by strain hardening.
This ductile behavior enables a timely strengthening of the
structure before tliilure might occur. Consequently, such
retaining systems are especially suitable for designing by
the observational method.
When polyester fibres are directly exposed over longer
periods of time at pH >11, the presence of water (exactly
OH ions) can have a detrimental and destmlive @k@
resulting in chain scission, reduced molecular weight and
strength loss. Consequently, a coating of polyester loops is
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Figure 10. Loop anchored wall to reconstruct a road in a
steep slope after landslide had occurred.

sometimes required. Generally, hydrolysis is not relevant if
well engineered materials are used for loop anchored wall
systems.

5 CONSTRUCTION PRINCIPLES

During wall constmction, the anchor loops must be
protected from local overstress (e.g. passing of heavy
vehicles or site equipment). This can be pexformed by a
cover of sa@ by a stable coating or by excavating small
trenches where the loops are placed. PoJyester loops should
be isolated from direct contact with concrete facing
elements. Accordingly, a coating is recommended if
polyester loops are installed. Commonly, robust loop
coatings of polyethylene or PVC are used. Coating of the
modular concrete elements has also proved suitable.
The concrete elements do not require a special interlock,
e.g. by slotting dowels into preformed locating holes.
Experience has shown that an accurate positioning of
successive layers of blocks can be fully obtained simply by
a precise installation of the elements. But bituminous sofifibrous boards should be placed between the concrete
elements to avoid local overatressing and edge cracking.
Furthermore, such interlayers improve the flexible
behavior of the structure, and they may compensate
possible installation deficiencies. Flexille interlayers,
covering the whole contact zone, have proved more
suitable than small boards.
commonly, loop anchored wall systems are stepped
back at 5 to 15 cm per layer to provide an attractive t%ce
inclination and to improve planting conditions. Furthermore, facing elements can be colored to give spec~lc
aesthetic effkcts. Small unit sizes allow an adaption to
various geometry, including stepped foundations and wall
heights and varying length of anchor loops (e.g. Figure
lo).
The main advantages of the loop anchor wall system are:
Modular standards of the pre-fabricated elements.
●
The assembling of the wall requires only a light crane;
no special technical knowledge is required.
●
Short construction period.
●
The excavated soil can be used as fill material in most
cases.
●
No footings (except on soft subsoil).
●
Well adaptable to locally differing conditions
(geome@, soil, loads, etc.).
●
Rather insensitive to differential settlements, to
dynamic and cyclic loads, and to earthquakes.
●
No sudden rupture in case of overloading, but gradually
increasing failure indications, due to the great plastic
reserves.
●
Excellent drainage of the fill and bactilll.
●
Sut7icient place for plant growth (hence also ,,green
walls”).
●

Commonly, indigenous and waste fill materials can be
used for loop anchored wall systems. This provides
significant savings in construction costs. The maximum
grain size of the fill should not exceed 2/3 of the thickness
of a layer. Cohesive or cohesive-frictional material
provides more stable structures than purely frictional fill.
On the other hand sufficient drainage is essential if the
retaining structure supports a slope. In such cases the
grains finer than 0,06 mm should be limited to 15%.
Furthermore, this value avoids frost damages within the
composite structure. Sandwich falling, with alternating
cohesive and non-cohesive layers has also proved suitable.
Usually, the fill material and the bacldlll of the stmcture
should be compacted to DP, = 97 to 100°A of standard
Proctor density. The higher vaiue is for widely grained fill
material and a distance of more than 1 m behind the back
of the wall. Near the front fm, a lower compaction is
preferred (about DF = 92 Y.) to avoid local damage and to
facilitate the planting of greenery. Compaction should
begin about 1 m behind the face elements and proceed
toward the backside of the wall. Thus, a slight prestressing
of the loops is obtained, and the front blocks remain in
their position. The back members of the deadman
anchorage have to be well embedded in densely compacted
soil. The front zone shall be compacted as last part.
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ABSTRACT: Design of mechanically stabilized earth @fSE) walls includes internal and external stability analyses. External
stability, which includes sliding, overturning, bearing capacity, global stability, and compound stability analyses, generally
governs the required length of n4nforcement and the wall embedment depth. This paper discusses the components of external
stability design of MSE walls, the focus being on bearing capacity and the impact of non-generalized site conditions on
reidorcement lengths and embedment depths required to satisfy bearing capacity and sliding design criteria. Results indicate
that the minimum L/H ratios of 0.6 or 0.7 taken for granted by many designers are not satisfactory for non-generalized site
conditions. This paper is dhected towards members of the geosynthetics community who design and construct MSE walls.
KEYWORDS: Bearing capacity, Segmental retaining walls, Geosynthetic reinforcement, Foundations, Embedment depth.
1

INTRODUCTION

Design and construction of mechanically stabilized earth
(MSE) walls has dramatically increased with the advent of
segmental retaining wall (SRW), or modular block, units.
Design of MSE walls is routinely completed by many
engineers (e.g., civil, structural, geotechnical) with va@ng
technical expertise. The need to fully understand the
concepts of MSE wall design appears to have diminished
with the widespread availability of computer software and
design charts provided by manufacturers, suppliers of
geosynthetic reinforcement and SRW units, and others.
Design of MSE walls includes internal and external
stability analyses. Most designers find that completing the
internal stability design, which tends to focus on the economic placement of the geosynthetic reinforcement, is
straightfonvard, For very generalized site conditions, such
as a wall with horizontal backslopes and front slopes,
general design rules-of-thumb may be satisfactory for
determining the reinforcement length. For non-generalized
site conditions, however, such as a wall with a front slope
and/or backslope, external stability is likely to govern the
design of the wall, especially with respect to required
reinforcement lengths and wall embedment depth.
External stability includes: sliding, overturning, bearing
capacity, global stability, and compound stability. Many
designers do not have all of the tools required to complete all
of the components of the external stability analysis for nongeneralized site conditions. Most current MSE watl design
software products do not address all of the components of
external stability design for non-generalized site conditions.

This paper discusses the components of external stability
design of MSE walls. The focus of the paper is on bearing
capacity and the impact of non-genemlized site conditions on
required reinforcement lengths and wall embedment depths.
The purpose of the paper is threefold: (i) to rekindle a
classical geotechnical engineering oriented approach to the
design of MSE walls with respect to external stability; (ii) to
highlight the significance of non-generalized site conditions
on bearing capacities for MSE wall system foundations; and
(iii) to disseminate findings regarding the ultimate bearing
capacity of MSE wall system foundations, for Wh generalized and non-generalized site conditions.

2

CURRENT DESIGN PRACTICE

2.1

Design Methodology

Several design guides for MSE wall systems are available.
This discussion will focus on two of the generic design
guides which are available: the National Concrete Masonry
Association (NCMA) design manual (1996); and the Federal
Highway Administration (FHWA) design guidelines (Elias
and Christopher 1997). The general design approach for
both methods consists of two interrelated but separate
procedures: design for internal stabili~, and design for
external stability. A generic MSE wall cross-section is
presented in Figure 1.
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embedment of the wall is require~ is stated in the FHWA
guidelines. NCMA guidelines require a minimum wall
embedment of 0.15 m.

T_

Et==T’’”
2,2

Figure 1.. Typical geosynthetic-reinforced MSE wall crosssection (after NCMA, 1997).

2.1.1 Internal Stability
Internal stability refers to the interactions between the soil,
facing units, and geosynthetic reinforcement in the reinforced soil zone. The spacing and tensile strength of the
reinforcing layers are determined in this analysis, along with
a check of the comection strength between the facing units
and the reinforcement.

Lateral Earth Pressures

Lateral earth pressures are calculated differently in the two
design procedures. Whh the NCMA guidelines, lateral earth
pressures for both internal and external analyses are based
on Coulomb earth presswe theory, which can account for the
inclination of the wall fhcing unim the backslope angle, wall
friction, and MSE mass-retained backfill friction. The
vertical component of earth pressure is neglected in NCMA
internal and external stability calculations.
Using the FHWA guidelines, lateral earth pressures are
based on Coulomb theory for external stability and Rankine
theory for internal stability. Face batters are ignored for
batters less than or equal to 10 degrees from the vertical.
The earth pressure direction is considered to be parallel to
the backslope angle for external stability. A horizontal earth
pressure direction is used for internal stability, with and
without sloping bacldls.
2.3

Bearing Capacity

The min.forced soil zone is considered to act as a composite
gravity mass for the purposes of external stability analyses
other than composite stability analyses. Forces acting on this
mass include: the weights of the soil and facing units; the
lateral earth pressure of the retained backfill; and any
surcharge loads. Sliding, bearing capacity, overturning,
settlemen~ compound stability, and global stability are
possible tilure modes that must be considered.

As this paper is primarily concerned with bearing capacity
determinations, the analysis methods for sliding, overturning, settlement, compound stability, and global stability are
not discussed hexein, a complete discussion of these analyses
is contained in the literature (Elias and Christopher 1997;
Holtz et al. 1997; Simac et al. 1993; and Berg et al. 1989).
Conventional bearing capacity analyses are carried out
assuming that the reinforced soil mass acts as a continuous
strip footing of width, L. The vertical stress on the base of
the fxrting should be less than the allowable bearing capacity
of the foundation soil. The vertical stress is assumed to act
uniformly over a footing of effective width, B’, which is
determined from

2.1.3 Empirical Design Criteria

B’= L-2e

The base width, L, of the reinforced soil zone is usually
established from external stability analyses. In addition,
certain minimum values for L have been established from
experience. The NCMA guidelines recommend that L shall
not be less than 0.6H regardless of the results of stability
calculations. FHWA guidelines recommend a minimum L
Ofo.m.
To insure a safe allowable bearing capacity is achieved,
minimum wall embedment depths, ~b, have been established for the bottom of the wall below finished grade.
These values vary from H/20 for walls with a horizontal
slope in tint of the wall to H/5 for slopes of 3 horizontal to
2 vertical (3H:2V). A minimum wall embedment depth of
0.5 m, except for structures founded on rock, where no

where e is the eccentricity of the resultant vertical force on
the base. The ultimate bearing capacity, qdt, maybe determined from the Terzaghi bearing capacity equation using the
Vesic bearing capacity factors:

2.1.2 External Stability
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cNC+q N~+0.5YB’~

(1)

(2)

Allowable bearing capacity, ~, is determined by dividing
the ultimate bearing capacity by an appropriate factor of
safety, which is typically 2.0 for MSE wall systems @JCMA,
1997;U.S. Army Corps of Engineers, 1989 and 1990) to 2.5
(Elias and Christopher, 1997):
~=~/FS

(3)

Design pmmdures in the FIIWA guidelines require that the
eccentricity, e, not exceed L/6, and if it does, the reinforcement length must be increased. A limitation on eccentricity
is not required in the NCMA procedures.
Both the NCMA and FHWA design procedures consider
only the vertical components of foundation loads in ultimate
bearing capacity calculations. Thus, effects of the inclination of the msu.ltant foundation load, which typically reduce
the ultimate bearing capacity of a foundation, are neglected.
The NCMA and FHWA design procedures do not address
the presence of a ground slope in front of the wall, except
with respect to general guidance and recommendations of
minimum embedment depths for typical ground slopes in
front of the wall. The ultimate bearing capacity of a wall
with a front slope is reduced by an amount proportional to
the angle ~ of the front slope, assuming no bench in front of
the wall, Aground slope bearing capacity factor is included
in the bearing capacity equation (Bowles, 1996). Equation
(2), with ~ measured counterclockwise in degrees from the
horizontal, is modified to:

where:
&= 1.0- 13/147

(5)

and
q=&=’

(1-o.5tanp)5

(6)

Assuming a cohesionless soil and all other conditions
equal, a 3H lV front slope reduces the ultimate bearing
capacity by approximately 60 percent a 2.5H: lV front slope
reduces the ultimate bearing capacity by approximately 68
percenc and a 2H: lV front slope reduces the ultimate
bearing capacity by approximately 76 percent. These are
staggering reductions in ultimate bearing capacity values,
which are typically not directly accounted for in most MSE
wall design sofhvare.
Bowles (1996) also presents a procedure for determining
the ultimate bearing capacity of foundations on slopes, with
and without a bench in front of the foundation, independent
of the application of a ground slope bearing capacity factor
to the general bearing capacity equation.
A goal of this paper is to ve~ the NCMA and FHWA
minimum embedment depth and reinforcement length
guidelines and to enlighten the reader as to a more thorough
understanding of the impacts of various front slope and
backslope combinations on the ultimate bearing capacity of
MSE wall systems.

3

GEOTECHNICAL SITE CONDITIONS

3.1

Generalized Site Conditions

MSE wall systems are often designed for generalized sites
conditions, such as: a horizontal tint slow, a nominal
surcharge loading adequate foundation soil shear strengt@
and a depth to groundwater which does impact the bearing
capacity of the foundation soils. For these generalized site
conditions, the guidance and recommendations regarding
embedment depths and L/H ratios may well be applicable. In
many instances however, especially of late, many MSE wall
systems are being carried to extreme heights in locations
where the generalized site conditions discussed above do not
exist. Such conditions are referred to in this paper as nongeneralized site conditions.
3.2

Non-Generalized Site Conditions

Many MSE walls are being designed and constructed with
backslopes and ground slopes in front of the wall which can
vary from 3H: lV to 1.5H:IV. In addition, foundation soil
shear strengths may be lower than is typically assumed for
generalized site conditions (Meyers et al. 1997). These nongeneralized site conditions obviously result in lower ultimate
bearing capacities than would be determined for the generalized site conditions. In addition, compound stability may
govern the design in some instances. As suck the general
guidance and recommendations regarding embedment depths
and L/H ratios may not provide sufficient tiety factors
against failure.

4

METHODOLOGY

4.1

General

A spreadsheet was developed to analyze the sliding stability
and ultimate bearing capacity of MSE wall foundations for
the generalized and non-generalized site condition combinations presented in Table 1. A cohesiordess soil with an angle
of internal friction equal to 30 degrees and having a unit
weight of 19.6 kN/m3 for the wall fill, retained backfill, and
foundation soil were assumed for these analyses. Only the
NCMA methodology was used for the analyses. The NCMA
bearing capacity equations were modified to include a ground
slope factor, assuming no bench in front of the wall. Analyses include determination of bearing capacity factors of safety
and L/H ratios.
4.2

L/H Ratio Determinations

The minimum length of gemynthetic reinforcement required
to just meet a factor of safety equal to 1.5 against sliding
failure was determined for various wall heigh~ surcharge,
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Table 1. Combinations Analyzed For Jltimate Bearing
Embedment
Ratio
Denominatofl

m

o

0

0

20, 10,7,5

2

0

3H.lV

o

20, 10,7,5

3

0

2H:1V

o

+ 20, 10,7,5

4

0

0

12

5

13H:1VI

O

6

3H:1V

1

!

I

3H:1V
1

7

I

3H:1V

O

I

20, 10,7,5

I

20,10,7,5

I

o

20, 10,7,5

o

20, 10,7,5

I
2H lV

1

1

8

3H:1V

O

I

12

20, 10,7,5

9

1
2H:1V I

O

I

O

20, 10,7,5

10

2H1V

I 3H1V

I

o

20, 10,7,5

11

2H: lV

2H1V

o

20, 10,7,5

12

2H1V

o

12

20, 10,7,5

‘Wall embedment depth equal to H/Embedment Ratio
Denominator (e.g. I_&b = H/5).

and backslope combinations. The critical sliding plane was
taken as the reinforced fill-foundation soil interface (i.e., at
depth equal to H). This required reinforcement length, or a
minimum reinforcement length of 0.6H, whichever was
greater, was then used in the bearing capacity computations
to determine the factor of safety against bearing capacity
failure for various wall heights, backslope, front slope,
surcharge, and wall embedment depths. A minimum
embedment depth of 0.15 m was used. A bench in front of
the wall was not included in the analyses.
Minimum length of geosynthetic reinforcement required to
just meet a fhctor of safety equal to 2.0 against bearing
capacity failure were determined for various wall heights,
backslope, front slope, surcharge, and wall embedment
depths. The minimum L/H ratio for the various backslope,
front slope, embedment depth, and surcharge combinations
w thw defined as the longer of the lengths required to:
(i) meet a factor of safety of 2.0 against bearing capacity
failure (ii) meet a factor of safety of 1.5 against sliding
failure; and (iii) meet a minimum L/H ratio of 0.6.
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5

RESULTS

5.1

Bearing Capacity Factors of Safety Determinations

Typical bearing capacity factor of safety results are presented
in Figure 2, which plots the bearing capacity ktor of safety
against the foundation embedment depth (as a ratio of the
wall height) for several different front slopes of a typical
MSE wall condition assuming a horizontal backslope and a
sumharge of 12 kN/m2. As is to be expected, for a horizontal
front slope, the factors of safety are well above 2.0 and
indicate that a minimum embedment ratio of H/20 or 0.15 m,
which ever is greater, should be satisfactory with respect to
the sliding and bearing capacity components of external
stability, for walls varying in height from 1.5 to 12 m.
The bearing capacity factors of safety are reduced dramatically when the only variable modified is the front slope,
which was increased from horizontal to 3H lV. A minimum
embedment mtio of H/20 or 0.15 m is still satisfacto~ for the
wall height and embedment ratio combinations anrdyzed.
However, with the factor of safety approaching 2.0 for the
shotir embedment depths, the designer should have a higher
dew of confidence in the definition of the design parameters used in the sliding and bearing capacity analyses.
For a 2H: lV front slope, a factor of safety of 2.0 is not
attained for most wall height and embedment depth ratio
combinations. Either a greater geosynthetic reinforcement
length is required or an increased embedment depth ratio is
required. Since an embedment depth ratio of H/7.5, which
results in a bearing capacity factor of safely of just 2.0 for a
wall height of 12 m, corresponds to an embedment depth of
1.8 m, it maybe more economical to increase the effective
width of the fboting by increasing the length of geosynthetic
reinforcement.
5.2

Minimum L/H Ratios

Typical minimum L/H ratio results are presented in Figure
3, which is a bar graph plot of the range of L/H ratios
required to satis@ both sliding and bearing capacity design
requirements against the various combinations of front
slopes, backslopes, and surcharges for wall heights which
vary from 1.5 m to 12 w assuming an embedment depth
ration of H/20 and no bench in front of the wall. A thick
horizontal line is drawn across the bar graphs at an L/H ratio
equal to 0.6, the minimum LA-Iratio recommended by the
NCMA Manual.
An L/H ratio greater than 0.6 is required to satisfy the
sliding and bearing capacity requirements for many of the
design cases. The following conditions require a L/H ratio
greater than 0.6:
1. A backslope of 2H: lV, regardless of the front slope.
2. A front slope of 2H: lV, regardless of the backslope.
3. A front slope of 3H:lV, if a backslope other than
horizontal is used.

lW

Horizontal Front Slope

86
3H:1V Front Slope I

4
2- ~

Y
I
1

0

H:lV Front Slope

I

I

H/l O
H/20
H/5
Foundation Embedment Depth
+H=l.5m~H=12m

Figure 2. Typical bearing capacity factors of safety for various wall embedment ratios.

1.2

El,

H=l.5m

1
0.8
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Figure 3. Minimum L/H Ratios for the combinations listed in Table 1.
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Since the embedment ratio of I-U20represents the shortest
embedment depth investigated, the required L/H ratios for
increased wall embedment depths are not quite as large.
However, the same design cases (No. 1, 2, and 3 noted
above) require L/H ratios greater than 0.6 for wall
embedment depth ratios of W1O, H/7, and H/5.

The opinions and recommendations included in this paper
are solelythose of the authors and do not represent the views
of the US Army Corps of Engineers or the University of
Wisconsin-Platteville.

6

9

CC)NCLUS1ONS

This paper has presented a basic review of the determination
of the ultimate bearing capacity of MSE wall systems. The
impact of various combinations of front slopes, back slopes,
sumharges, embedment depths, and wall heights on ultimate
bearing capacity is presented and discussed.
Conclusions, based on the assumptions previously listed,
are:
1. The ground slope in front of a MSE wall system can
significantly impact the ultimate bearing capacity
beneath an MSE wall.
2. The magnitude of the angle of the ground slope in front
of an MSE wall is proportional to the reduction in
ultimate bearing capacity for the wall.
3. A bmkslope of 2H lV requires an L/I+ ratio greater than
0.6, regardless of the front slope and wall embedment
depth used.
4. A front slope of 2H lV requires an L/H ratio greater than
0.6, regardless of the backslope and wall embedment
depth used.
5. A front slope of 3H lV requires an L/H ratio greater
than 0.6, if a backslope other than horizontal is used,
regardless of the wall embedment depth used.
6. AL/H ratio of 0.6, with a wall embedment depth ratio of
H/20, is most likely satisfacto~ for generalized site
conditions limited to horizontal front slopes and backslopes and a surcharge of 12 kN/m2 or less.
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ABSTRACT The paper presents a study on the behavionr of brick-faced retaining watls reinforced with geosynthetics. This
new method of construction for low height retaining walls combines the reinforced earth techniques with a conventional
brick wall. While the walls are being built reinforcement sheets are anchored to the wall by the bed joints of the brickwork.
After cure, backfilling is done in layers and a surcharge load is applied.
The influence of the reinforcement configuration’s length and spacing is studied by using a numerical model based on the
finite elements method. The reliability of the model is checked by cnmparing the numerical results with those obtained from
laboratory studies on small scale models. A brief description of the bidimensional model used is presented and followed by
the definition of the geometry of the analysed structure. The backfiil, reinforcement and face materials of the retaining wall
are Chamcterized
KEY WORDS: Geosynthetic reinforcemen~ Retaining walls, Finite element analysis, Nonwoven Fabrics.
1

INTRODUCTION

Nowadays retaining walls reinforced with geosynthetics are
being constructed frequently throughout the world.
Therefore the establishment of reliable criteria of behaviour
for each type of these structures is of the utmost
importance,
This paper presents a study carried out on brick faced
retaining walls reinforced with geosynthetics, built on rigid
foundations. The effect of varying the reinforcement
configuration both its length and spacing was investigated
by using a two dimensional numerical model based on the
finite elements method. The validity of the model is
checked by comparing the results with those obtained from
laboratory studies on small model walls.
This study follows an experimental test program (Pinto
1992, Pinto and Cousens 1996) on this type of wall and the
development of a numerical model for reinforced retaining
walls (Lopes 1992, Lopes et al 1994).

2

EXPERIMENTAL STUDY

The method of construction is similar to that proposed by
Dalton (1977) for low height retaining walls and combines
the reinforced earth technique with a conventional brick
wall.
The walls were built “in situ” in a test tank near its free
end. The intemat dimensions of the tank are 240 mm wide
x 490 mm high x 630 mm long. It is made mainly of steel
in order to ensure minimum deformations so that plane
strain conditions could be considered. The walls were 300
mm high ~ 240 mm wide and half a brick thick (20.5 mm).

The reinforcement material was a non-woven fabric used as
interfacing in dressmaking, with a deformability modulus of
6.9 kN/m and a thickness of about 0.3 mm.
The walls were built with scale model bricks sawn from
full size bricks “class B engineering
bricks” as
recommended by BS 5628 (1978). While the watls were
being buil~ reinforcement sheets were anchored to the wall
by the bed joints of the brickwork. After cure bacldling
was done in 30 mm layers (each layer being compacted by
a small vibrating plate in order to achieve the required
density) while the reinforcement we~ extended horizontrdly
into the backfiil. Finally a surcharge load was applied.
Different reinforcement lengths and spacings were tested.
The walls were instrumented in order to measure the wall
movement and the horizontal earth pressure acting on the
rear face of the wall.

3

NUMERICAL MODEL

The numerical model was developed for reinforced retaining
walls and simulates the construction process. It is based
upon the finite elements method and assume the validity of
the plane strain conditions. The soil and the face are
simulated by bidimensional elements with 5 nodes (Doherty
et al 1969), the soil-face and the soil-reinforcement
interfaces by joint elements with 4 nodes (Goodman et al
1%8) and the reinforcement by elements with 2 nodes.
The construction process was simulated according to
Kulhawy (1977). When a fiiite element is activated its self
weight is divided by the element nodes and applied to the
system. The deformability modulus of these elements is
very small in order to simulate a material with weight and
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without stiffness, however, before the placement of the next
layer of backfill (next stage) the deformability modulus
returns to its real value. The vertical and the horizontal
stresses correspond to the overburden pressure, and to the at
rest state respectively. The movement of the nodes of the
activated elements is considered to be the same as the top
nodes of the previous elements.

4

NUMERICAL

4.1

Problem Conditions

ANALYSIS

In order to carry out the study a total of 5 finite element
meshes were created one for an unreinforced wall, and four
for reinforced walls. These include two lengths (8 and 12
cm) and two spacings (3 and 4 brick courses, i, e., 45 and
60 mm respectively) for the reinforcement.
Figure 1 shows a finite element mesh for the wall
reinforced every 3 brick courses with 12 cm long
reinforcement sheets.

kN/m3 and 16.8 kN/m3. Other chamcteristics of the soil are
given in Table 1.
Table 1. Soil characteristics.
y (kN/m3)

KO

o(o)

C(wa)

E(kPa)

v

16.3
0.36
40
0
0.35
7000
y denotes density, & at rest coefficien~ $ angle of friction,
c cohesion, v Poisson’s ratio and E deformability modulus.
Table 2 shows the characteristics of the interfaces. The
deformability modulus of the wall was assumed to be
25000 kpa after comparative studies on unreinforced walls.
Table 2. Interface characteristics.
Soil - Reinforcement

Soil - Face

ca (kPa)

o

tg 6

0.73

0
0.75

Kt (kPa/m)

2000

750

Ca denotes adhesion, 6 angle of friction and Kt stiffness
modulos.
4.2

Results

4.2.1 Reliability of the numerical model

0_3

ml

KALEW LENOHTS

The reliability of the numerical model was checked by
comparing the numerical results with those obtained from
the laboratory tests. The comparisons were made both
during the backfilling stage and under a surcharge load
equivalent to a 270 mm high embankment on top of the
backfill. In general a good degree of agreement was found
when comparing the movement of the wall and the
horizontal pressures acting on the rear face of the brickwall.
The influence of the increase of the backfill on the
movement of the wall is shown in Figure 2 for a wall
reinforced every 3 brick courses with 8 cm reinforcement
length.

Figure 1, Finite element mesh.
5
Each mesh starts with only 20 elements, corresponding to
the face of the wall. New elements are progressively
activated in order to simulate the backfilling process: 300
for the backfilling, 126 for the interfaces and 48 for the
reinforcement. Each reinforcement element is activated
immediately after the placement of some soil on top of it.
At the end of the backfilling stage the full mesh (which is
activated in 10 steps) has a total of 494 elements and 495
nodes. The surcharge is then simulated by an equivalent
load applied to the upper nodes of the top elements.
The boundary conditions were defined taking into account
the geometry of the test tank (left lateral boundary) and the
foundation condition (bottom boundary). In the former, the
horizontal movement is prevented while in the latter,
neither horizontat nor verticat movements are allowed in
order to simulate a rigid foundation.
The soil of the baclcflll is a medium grain size containing
about 1570 of fine sand, with limiting densities of 14.4
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300

Figure 2 shows the variation of the displacement of the
wall at different heights: 40, 115, 200 and 280 mm from
the base of the wall, which corresponds to the position of
the LVDT-S 1, 2, 3 and 4 respectively. This figure shows
in general, good agreement between the results obtained
from the numerical model and those obtained from the
laboratory tests. Small differences are however noticed as
the values from the numericat model are lower than those
from the laboratory. This is more evident near the end of
backfilling stage and was also noticed during surcharging.
Figure 3 shows the displacements along the height of a
wall reinforced every 4 brick courses with 8 cm
reinforcement length during surcharging. The results from
the numerical model and the laboratory test show a similar
profile with values close to each other, but again, with the
numerical model giving lower values when compared with
the laboratory tests.

an increase of length for both reinforcement spacings.
300
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Figure 4. Displacements during surcharge for different
dnfomement conditions.
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Figure 3, Displacements during surcharging.
The difference observed might be explained by a
combination of two effects: the compaction which is not
simulated by the numerical model and was found to be
important during the laboratory test programm (Cousens
and Pinto 1996); and the restriction of displacement on the
base of the wall imposed by the boundary conditions of the
numerical model necessary to simulate the rigid foundation.
4.2.2 Inlluence of the ~inforcement configuration
A study of the influence of the reinforcement length and
spacing configuration was carried out. The movement of the
face of the wall (Hgum 4) and the stresses developed on the
reinforcement (Figure 5) were considered.
When comparing the curves plotted in Figure 4,
corresponding to the same reinforcement length (i.e. 3b.c.-8
cm with 4b.c.- 8 cm and 3b.c.-l2 cm with 4b.c.-l2 cm), it
can be seen that displacements decrease with a decrease of
spacing for both reinforcement lengths.
Comparisons between curves corresponding to the same
spacing (i.e. 3b.c.-8 cm with 3b.c.-l2 cm and 4b.c.-8 cm
with 4b.c.- 12 cm) reveal a decrease of displacements with

The influence of the reinforcement configuration can also be
studied comparing curves 3b.c.-8 cm and 4b.c.- 12 cm of
Figure 4. These curves correspond to walls with the same
total amount of reinforcement (1152 m2 for each wall)
although differently distributed along the height of the wall.
Figure 4 shows smaller displacements for the sitnation with
lower spacing (3b.c.-8 cm) as opposed to that with long
reinforcement (4b.c.-l2 cm), suggested that the spacing is
more important than the length of the reinforcement.
Figure 5 shows the variation of the stresses along the
reinforcement length for walls with different reinforcement
conditions. The curves plotted correspond to the most
solicitated layers of each wall which are those positioned at
about mid-height. However, similar results were obtained
for other layers. All curves show a non-linear behaviour,
characteristic of highly deformable materials. The stresses
are highest at the connection with the watl, and decrease
towards the free end, which is characteristic of rigid walls
(Shen et al 1979). Untiie walls with flexible faces, walls
with rigid faces do not follow the vertical movement of the
soil mass, consequently some bending takes place on the
reinforcemen~ which generates tensile stresses.
The influence of the spacing can be studied comparing
curves 3b.c.-8 cm with 4b.c.- 8 cm and 3b.c.-l2 cm with
4b.c.-l2 cm in Figure 5. A decrease of the stresses can be
related to a decrease in spacing, for both leng tbs. The
influence seems to be more important on walls with the
longest reinforcement.
When comparing curves corresponding to the same
spacing (i.e. 3b.c.-8 cm with 3b.c.-l2 cm and 4b.c.-8 cm)
it can be seen that higher stresses are associated with shorter
reinforcement, for both spacings, and speciatly for lower
spacing.
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Figure 5. Stresses along the reinforcement length during
surcharge for different reinfomement conditions.
Comparing stresses on walls with tbe same amount of
reinforcement (i.e. 3b.c.-8 cm and 4b.c.-l2 em) it can be
seen that lower stresses are associated with lower spacing.
This is in agreement with the findings relating to the
movement of the wall where the most important factor was
found 10 be the spacing as opposed to the length. The
difference of stresses between the two reinforcement
situations increases towards the top of the wall.
5

CONCLUSIONS

A satisfactory degree of agreement was found when
comparing the numerical results with those obtained from
the laboratory tests.
From the study carried out it cart be concluded that troth
the reinforcement length and spacing me important as far as
the behaviour of the stmctme is concerned.
In fact, small movement and low stresses on the
reinforcement are associated with longer reinforcement and
lower spacing between reinforcing layers. This might be
explained by the relative movement between the soil and
the face of the watl which decreases both with the increase
of the reinforcement length and with the decrease of the
reinforcement spacing. Due to this movement some
bending takes place on the reinforcement generating tensile
stresses. The lower the movement the lower the generation
of these stresses.
The spacing seems more important than the length of the
reinforcement for both the movement of the wall and the
development of tensile stresses on the reinforcement.
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Large Deformations

FEM Analysis of a Reinforced Earth Structure

R. Arab
Lirigm, Joseph Fourier University, Grenoble, France
P. Villard
Lirigm, Joseph Fourier University, Grenoble, France
J.P. Gourc
Lirigm, Joseph Fourier University, Grenoble, France
ABSTRACT: This paper describes the use of finite element (FE) method in large deformations to predict the behaviour of
reinforced soil walls loaded on the top by a concrete slab load. The measured results are compared to the numerical ones
for both the simulations done. A parametric study was also carried out to investigate the effect of some important
parameters for design, such as the geotextile length, the facing stiffness and the position of top load application considering
a geotextile-reinforced retaining wall with a continuous and vertical facing.
KEYWORDS: Finite element analysis, Retaining wall, Geotextile reinforcement, Top load.

1

INTRODUCTION

This paper outlines the use of the finite element (FE)
method for the analysis of two full scale experimentations
on segmental walls (4.35 m height by 5 m wide) loaded on
the top and constructed with extensible reinforcement: one
with non woven geotextile and another with woven
geotextile. The reinforcement distribution in the two
reinforced walls are not exactly the same as illustrated in
Figures 1 and 2, this is justified by the difference in
mechanical properties between the two geotextiles. The
experimentation was performed and reported by Gourc et
al., (1995). The analysis of the reinforced soil walls was
performed using a finite element program GOLIATH
developed at Lirigm which is appropriate to simulate the
great deformations of this kind of structures and the
membrane behaviour of the geotextiles in the slinding
process.
The comparison between the predicted and the
experimental results shows the difficulties to simulate
correctly field prototype structures behaviour.
In this study, the effect of some parameters such as
reinforcement length, facing stiffness and the position of
load application is examined, considering a reinforcedretaining wall with a continuous and a vertical facing.

node isoparametric elements. The soil was assumed to be
an elastic-perfectly plastic material with a Mohr-Coulomb
failure criterion (E,, v,, c,, ~,) with a non associated flow
nde with a dilatancy angle v,. The unit weight of the soil is
y,= 19 kN/m3. The foundation of the structure is supposed
to have an elastic behaviour (E = 60 MPa, v=O.33).

‘02s’’’’s
t?
\

b’

8 sheets of 2.6

1

m

Figure 1, Non Woven wall (NW) profile and notations

“ P,
‘*t’o

f””

AX
2

NUMERICAL MODELLING

4 sheets

—6

2.1

Materials

—5

>

of 2.6 m

and 4 sheets

of 1m

—4

A plane strain finite element analysis in large deformations
was perfbnned using the finite element (FE) program
GOLIATH. The finite element mesh adopted for the
analysis is shown in Figure 3. The fill is modelled by three

3

/

Figure 2. Woven wall (W) profile and notations.
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The facing is modelled using four node isoparametric
elements and was supposed to be elastic (E~,VJ with a unit
weight y=22 kN/m3. Backfill, foundation, and facing
element are modelled in large strain.
The facing is assumed to be continuous and the sheets are
assumed to be filly bonded to the soil (no relative
displacement.).
The geotex.tile sheets were modelled using linear elastic
bar elements in large displacement with negligible
compressive strength and no bending stiffness (which
allows the simulation of the membrane behavior).
1.5m

Im

~~

N
N
E
m
m
+

N

with the two sets of parameters, are compared to the
experimental one, respectively on Figures 4 and 5 for the
two reinforced walls. The large settlement values
considered shall be noticed.
For low value of the top load, the predicted settlement of
the slab is very close to the measured one. It is worth
noting that below the critical surcharge (breakpoint) the
deformations and the displacement for the two structures
are very small. Above this surcharge value the
deformations increase significantly with the top load.
The measured slab settlement curves versus top load
shown a breakpoint which corresponds to about 130 kNlm
called the “critical surcharge”. This is not predicted by the
simulations. The breakpoint is very significative for
designer because below it, only small deformations and
displacements occur.
In the case of the Non Woven wall (NW) the predicted
settlement obtained great with the two sets of parameters is
lower than the measured one, particularly the solution
calculated with the fust set. However for the Woven
structure (~ the measured settlement curve is enclosed by
the numerical ones.
o

E
N

The geotextile stiffness are respectively J,W=95 kN/m and
JW=340kN/m for a non woven and woven fabrics.

‘)

;15:

— measured
+ set 1
~ set 2

~

Construction and loading

The compaction process is not simulated in this analysis.
The fill height of the wall is initially constructed applying
body forces on the structure with ten load increments of
0.1g. Then the concentrated load is applied step by step
through a linear elastic slab (E = 1500 MPa, v = 0.2) with
10 kpa increments until 100 kpa, followed by 2.5 kpa
increments until failure.
The two reinforced walls have been analysed by Arab et
al., 1996 using the set 1 of parameters as summarised in
Table 1 which was modified afler additional laboratory test
(set 2) as indicated in table 1.
Table 1soil and facing parameters for the modelisation
Ef (MPa) Vf
Es (Mpa) Vs k (0) Ws
(0)
25
0.2
Set 1
20
0.3 36
6
20
0.2
Set
2
35
0.3
36
lb
d

3

RESULTS OF ANALYSIS

The predicted slab settlements versus surcharge Q obtained
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Figure 3. Finite element mesh adopted.
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Figure 4. Slab load settlement versus top load (NW wall).
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Figure 5. Slab load settlement versus top load (W wall).
The low settlement measured below the “critical
surcharge” in the case of the Non Woven wall (NW) is
probably due to the compaction effect. Under compaction,
the extensibility and the texture of the geotextile combined

to the
fine sand used to construct the Non Woven (NW)
reinforced wall induce a better improvement of the
mechanical c:haractenstics than in the case of the Woven
structure (W1.

4

PARAMETRIC STUDY

A parametric study was carried out to investigate the effect
of mechanical and geometric parameters for gaining an
insight into the effects of several of the important design
factors, such as the geotextile length, the facing stiffhess
and the position of top load application considering a
geotextile-reinforced retaining wall with a continuous and
vertical facing. The structure geometry, the finite element
mesh and the material properties of backfill, foundation,
facing used are those corresponding to set 2 as summarised
in Table I unless otherwise stated. The geotexile stiffhess
adopted corresponds to the non woven fabrics (J~W=95
kN/m).
4.1

geosynthetic-reinforced soil retaining wall is not filly
understood and is usually ignored in the design. An
analysis is performed considering a retaining wall
reinforced by Np=8 sheets of geotextile. The sheets are
equally spaced, AH=O.58 m and are 2.6 m long (L / H =
0.5). Different facing stiffhess were examined (E = 5, 10
and 20 MPa). A wrapped facing was also analysed (E = O
MPa). The slab settlement versus surcharge and the lateral
deflections of the facing induced by a top load of Q=60
kN/m for all the cases considered are illustrated
respectively on Figures 7 and 8.
50

0

100

150

200

Q (kNl m )

~

E=IO MPa

Effect of geotextile length (L)

The effect of reinforcement length L is examined by
considering different lengths of reinforcement while the
height H of the wall reinforced by eight sheets with a
constant spicing AH=O.58 m is kept the same. The range of
L/I-l considered varies from 0.36 to 0.8. As shown in
Figure 6 the influence of increasing length of the geotextile
is no more significative when L reaches 0.5H. The short
reinforcement sheets (L/H=O.36) contribute to the
increasing of the bearing capacity as demonstrated by
comparison with the unreinforced retaining wall (No reinf).
This demonstrates that not only the reinforcement tensile
beyond the failure surface will be considered in the design
methods.
()
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35

J

I

“’”

Figure 7. Effect of facing stiffness (E) on the slab load
settlement.
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Figure 8. Effect of facing stiffness (E) on the wall facing
horizontal deflection Ax.
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In the absence of a facing or with a facing of low
stifl%ess, the wall deformed greatly, particularly at high top
load.

c% 30
35

Figure 6. Effect of reinforcement length on the slab
settlement under surcharge.

4.2

Effect of wall facing stiffness

The rigidity of the wall facing depends of the construction
mode. The effect of facing stiffiess on the performance of

4.3

Effect of the position of top load

To examine the effects of the position of the top load,
different distance of slab position from wall face were
considered (d = 1, 1.5 and 2.5 m), The height of the wall,
the number of reinforcement layers and their length were
the same as previously i.e. (H = 4.35 m, Np = 8, L/H =
0.5). The slab settlement curves versus top load are
illustrated in Figure 9 for the three cases. When the rear of
the geotextile is not horizontally beyond the upstream
1998
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corner of the slab, the failure occurs roughly as in the case
corresponding to d = 2.5 m. The mean shear strain field (&l&j) for the cases d = 1.5 m and d = 2.5 m are shown in
Figures 10 and 11. We notice from these patterns that when
the reinforcement length does not include horizontally the
slab width a shear band develops fi-om downstream side of
the slab to the bottom of the facing.
i

o

50

100

150

200

0
g5
w
.qlo
Figure 11. shear strain field (&l-sq)induced by a top load
Q=90 kN/m (scale: 1.5)

25
Figure 9. Effect of the point application of the top load on
the slab settlement.

CONCLUSION

5

A finite element method has been used to model two
experimental walls reinforced by extensible reinforcement,
Despite the assumption done, the predicted results are quite
satisfactory until large deformations. However some
physical phenomenon observed are not predicted like the
experimental “breakpoint” of the diagram surchargesettlement. To simuIate this phenomenon, it would be
necessary to take into account the compaction effect and
the construction stages. However lack of experimental data
on the compaction mode and effect makes such approach
very difficult.

. .

. . .. .. .. .. .. .. ... .,, ,-,

Figure 10. shear strain field (G,-c,) induced by a top load
Q=90 kN/m (scale: 1.5).
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In addition, numerical simulations have been performed to
investigate the effects of some parameters on the behaviour
of reinforced soil wall loaded on the top. The parameters
considered included the reinforcement length, the facing
stiffness and the point of application of the top load, All of
these parameters influence the behaviour of the structure.
But the most important geometric parameter is the ratio of
the reinforcement length to wall height. For a ratio equal or
greater than 0.5 there is no significant increasing on the
bearing capacity, It is also found that the reinforcement
length has to be extended beyond the potential failure
surface developing from the upstream side of the slab to
cover the width of the slab load.
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ABSTRACT:
The purpose of the paper is to evaluate the effects of deformation of geosynthetic reinforced soil wall
backtll on the bearing resistance of the foundation ground using the results of finite element analysis. Here, the reinforced
soil wall constructed on relatively soft sloping ground, which is a real construction site in Japan, is taken into consideration
and a series of parametric study is conducted, in which the effects of the condition of foundation ground and a backcut angle
behind the reinforced bactilll are discussed, and also the effectiveness of soil improvement at the toe of the wall is also
evaluated. The conclusions drawn from this study are (1) the effect of the backcut angle behind the reinforced backfill on
the bearing resistance of foundation ground is less, so that this effect does not have to considered on the design ciilculation
of bearing capacity; and (2) when the foundation ground is relatively soft, the deformation property of the reinforced baclctlll
deeply affects to the reaction at the base of the reinforced backfill. The soil improvement technique at the base of the
reinforcedbackfill is one of the effective method.
KEYWC)RDS: Bearing Capacity, Finite Element Analysis, Reinforcement, Retaining Walls, Steep Slope
1

INTRODUCTION

Applications of geosynthetics to the embankment or
retaining wall have been most popular technique among all
the earth reinforcement practices around the world. This is
because the behavior aad failure mechanism of these
reinforcing structures have been successfully evaluated
under the contributions by many reseamhers. The results of
these researches have been presented in recent international
conferences and symposia (e.g. Proceedings edited by
Yamanouchi et aL,1988, Ochiai et al., 1992, and Ochiai et
al., 1996). But recently, such as in Japan, these
applications have been applied to more severe conditions
such as relatively soft sloping ground or valious backcut
angle behind the backfill. And those conditions have to be
considered on the stability calculation in order to design
these structures safely.
In the current design method, the stress distribution at
the base of the retaining soil wall has been assumed by the
moment equilibrium with assumption of Coulomb earth
pressure theory. However, this distribution is affected by
the deformation and strength properties of the reinforced
backfill and it also depends on the property of foundation
ground. These properties have not been considered in the
current design method so far and besides, in-situ conditions
at the construction site, e.g. the backcut angle, is
variously changed.
The purpose of the paper is to evaluate the effects of
deformation of geosynthetic reinforced soil wall backfill on
the bearing resistance of the foundation ground using the
results of finite element analysis. Here, the reinforced soil

q2

ql

~

p

~

reinforced backfiii

~
L’

Figure 1. Forces on the reinforced backfii in the design.
wall constructed on relatively soft sloping ground, which
is a real construction site in Japan, is taken into
consideration and a series of parametric study is conducted,
in which the effects of the condition of foundation ground
and a backcut angle behind the reinforced backfd] are
discussed. And also the effectiveness of soil improvement
at the toe of the wall is also evaluated.
2

CALCULATION OF BEARING RESISTANCE ON
CURRENT DESIGN METHOD

Current design calculation of the stability concerning
bearing capacity of foundation ground at the base of the
reinforced backfill is summarized based on the design
1998 Sixth International
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manual by Public Works Research Center(PWRC) in
Japan. This design calculation is based on the equilibrium
of all the loads subjected to the reinforced backfill as
shown in Fig. 1. As shown in this figure, the ground
reaction at the base of the reinforced backfii is always set
to be trapezoidal shape and this is based on the assumption
that the ground under the backfiil is always rigid and the
effect of ground settlement is not evaluated in the design
method. As described above, the application of these
structures is extended to the relatively soft foundation
ground nowadays. When the foundation ground is
relatively soft or the backcut angle behind the reinforced
bactilll is changed, this trapezoidal assumption may not
be true and has to be examined. TMs is a key issue here in
this paper and is discussed based on the results of finite
element analysis.
3

FINITE ELEMENT ANALYSIS

3.1

Probrem to be solved

ZO.Om

,.

I

37.Om

—

20.Om

The finite element analysis is conducted for the real
construction site in Japan and this is shown in Fig.2(a).
The geosynthetic reinfroced soil wall was constructed on
the sloping foundation with its slope angle of 25°. The
ground conditions are also shown in the figure and these
are summarized as follows:
t

For natural ground:
a) Ground I: clay with gravel (SPT N-value = 2- 5);
b) Ground II: weathered dacite (SPT N-value = 12- 50);
c) Ground III: dacite (SPT N-value is more than 50).
“ For artificial ground:
d) Reinforced ground: compacted Ground I;
e) Improved ground: improved by cement.
●

It is noted that the Ground I is a sloping soft ground and
the application of soil improvement technique at the toe of
the wall was taken into consideration. The geogrid type of
reinforcing material was used at the site. As shown in
Fig.2(a), there are 11 layers of geogrid and three different
types were used (Tensar SR55, SR80 and SRI 10), in
which SRI 10 was used for the first four layers from the
bottom, SR80 for fifth to seventh layers and SR55 for top
four layers.
3.2

Method of analysis

In order to evaluate not only 1) the effect of backcut angle
behind the reinforced backfill but also 2) that of soil
improvement in the ground, a series of finite element
analysis is conducted. The method used here is elastoplastic finite element method using Drucker-Prager failure
criterion with non-associated flow rule(Otani et aL,1992).
The geogrid type of geosynthetics is modeled by beam
element in the analysis with perfectly elasto-plastic
assumption. The material properties were determined from
material tests in laboratory. The interaction between soil
and geogrid is ignored. The soil testings for both in-situ
and laboratory have been conducted for the soils at this
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d

Figure 2. Problems to be analyzed.
construction site, so that the material property of the
ground was determined from these testings and is shown in
Table 1. In the analysis, the case shown in Fig.2(b) is also
analyzed in order to evaluate the effect of backcut angle.
The analysis is conducted with loading condition of stepby-step constmction of the backfill. [t is also noted that
the joint element is used between natural slope and the
backfiil in order to express the discontinuity phenomenon,
in which this interaction is modeled as a friction property
with setting the shear stiffness of the soil itself in the
joint element. The total cases of the analysis are listed as
follows:
CASE 1: ground condition of natural sloping ground as
shown in Flg.2(a)
CASE 1-1: for rigid foundation ground;
CASE 1-2: without improvement; and
CASE 1-3: with improvement,
CASE 2: ground condition of natural sloping ground as
shown in Fig.2(b)
CASE 2-1: for rigid foundation ground;
CASE 2-2: without improvement; and
CASE 2-3: with improvement.
It is noted that the case of rigid foundation is also analyzed
for the comparative study and this is conducted by
assuming all the natural ground to be Ground III without
improvement technique.

4

Table 1. List of material property of the ground.
Yomogt4
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Figure 3 shows the results of deformation for all the cases,
in which CASE 1-1 is shown in Fig.3(a); Fig.3(b) for
CASE 1-2; Fig.3(c) for CASE 1-3; Fig.3(d) for CASE2-l;
Fig.3(e) for CASE 2-2; and Fig.3(f) for CASE 2-3.
Comparing the results between CASE 1-1 and CASE 1-2
or CASE 2-1 and CASE 2-2, the deformation around the
base of the reinforced backfill for the case of rigid
foundation is much less than that for the case of without
improvement. The lateral deformation is also remarkable
for the case of without improvement. But this is improved
by the application of soil improvement technique as
shown in Fig.3(c) and Fig.3(f).
Figure 4 shows the
results of both distributions of settlement and vertical
pressure beneath the reinforced retaining bacld]. Looking
at the shape of stress distribution at the base of the
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Figure 3. Deformation Property horn analysis results.
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1

backfill, it “isnot always the trapezoidal shape. So that it
affects the calculation of overall stability for the reinforced
soil wall and this depends on the deformation property of
the reinforced bacldl]. It is also pointed out that not only
400 I

the force equilibrium on the reinforced backfiil but also the
local deformation around the toe of the wall have to be
checkedfor its overall stability. For comparing the effect
of slope angle of natural ground behind the reinforced
bacld,
it is obviously realized that it is not much
differencebetween two cases (CASE 1 and CASE 2).

1
5

-+-

CASE 1-1

+

CASE 1.2

-A-

CASE 2-1

+

CASE

2-2

I

0

i

5 I

I

(a) Effect of rigidity of foundation ground
400 I

+

CASE

1-2

+

CASE

1-3

-A-

CASE

2-2

+

CASE

2.3

1

1234

8

distance from reta~ing wall (m;
(b) Wfect of soil improvement technique
Figure 4. Distributions of earth pressure and settlement at
the base of reinforced backfill.
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Recently, the earth reinforcement practice has been applied
to the cases with more severe conditions such as on
relatively soft sloping ground or valious backcut angle
behind the backtl]l. These conditions on the bearing
capacity of foundation ground were evaluated.
The conclusions drawn from this study are listed as
follows:
(1) The effect of the angle of natural slope behind the
reinforced backfill on the bearing resistance of foundation
ground is less, so that this effect does not have to
considered on the design calculation of bearing capacity.
(2) When the foundation ground is relatively soft, the
deformation property of the reinforced backfiil deeply
affects to the reaction at the base of the reinforced backfill.
Therefore, this should be considered in the design
calculation.
(3) For overall stability of the reinforced wall on relatively
soft sloping ground, not only the force equilibrium on the
reinforced backfill but also the local deformation around
the toe of the wall should be checked.
(4) The improvement technique around the toe of retaining
wall makes the settlement less and earth pressure
equivalent at the base of the reinforced backfill.
The field measurements such as earth pressure and
deformation of the reinforced backfill at this site are still
on the way at this moment. When the results of this
paper is compared with this in-situ measurement, it is
promised that the analysis results are quantitatively
evaluated.
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Abstract
The Authors propose a newtonian model for the dynamics of geogrid reinforced soil retaining walls,
based on a scheme with lumped masses having elastic, viscous and coulombian interactions. The
moclel allows to evaluate the local amplifications by integrating the elasticity and inherent damping
with the contribution of the geogrid layers. The aim of the present paper is the drawing, for the
different cases analyzed, of design charts which will allow engineers to evaluate the number and
characteristics of the geosynthetic reinforcing layers required to satisfy given safety requirements,
as a function of the characteristic parameters of the earthquake. A trial-and-error
procedure for the
seismic analysis of geogrid reinforced walls is outlined.
Keywords:
Loads.

Geogrids,

Dynamic

Mechanical

Analysis,

Retaining

Walls, Seismic Design, Seismic

1. INTRODUCTION

2.

A non-linear multidot’ newtonian model for the seismic
dynamics of slopes and walls on horizontally accelerated
bedrock (Carotti and Rimoldi, 1997),is taken as the basic

From laboratory tests (Montanelli and Moraci. 1997),
we assumethe following mechanical actions between the

mathematical and computational support for a pseudostatic design procedurefor geosyntheticreinforced walls.
From the multidof
model, a series of’ 2-D
response spectra and design charts have been obtained;
from such plots the following kinematic and mechanical
information can be deduced:

NON-LINEAR

Based on these char[s, a trials-and-errors
procedure for checking the seismic feasibility of statically
designed reinforcements
is presented for various peak
accelerations at bedrock md various frequency contents
of the accelerogram.
are discussed

in the

present paper: successive developments
which are under
way, will take into considerali(m other characteristics,
inc]uding the interlaycr stiffness and viscous damping.

GEOGRIDS

the l“ stage, with strain threshold El c ().()3. If

Llis the geogrid length in the direction of the seismic
acceleration,
F is the tensile force applied to the
geogrid and A1 its elongation,

pressure K,,lEunder seismic condition.

A first major group of parameters

MODELWITH

geogrids and the soil layers on top and bottom, as a
consequence of the soil-geogrid interlocking:
1. an increase of the interlayer soil stiffness, proportional
to the elastic stiffness
of the geogrids.
From
monotonic tensile tests on geogrids (Fig. 1) the
load+strain curve has been reduced to a tri-linew
curve and the stiffness value in each linear segment
have been identified. We have focused the attention
on

maximum values of the seismic response At the top
of the wall;
spectral values of the active coefficient
of earth

NEWTONIAN

we postulate

that, in

condition of interlocking between the geogrids and
the soil layers, the con[rlbuted inter-layer stiffness is:
G

E

2. An increase of the interlayer
equal to the inherent viscous
From sinusoidal cyclic tests
1997) with frequency
f =
from the examination 0( an

VISCOUSdamPing
force.
.damping of the geogrid.
(Montanelli and Moruci,
1.0 Hz (see Fig. 2) and
average elliptical cycle,

the avera:e viscous t’orcc F,,,. (t’orcc in countuphasc
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[o the velocity, when [he displacement

Lsnil) has been

obtained, together with the value of the peak velocity
(product of the peak displacement, obtained from the
test plot, and of the circular frequency (II = 2n~of the
test). From the ratio force/velocity the damping
coefficient is immediately obtained. In details :

Cgi

.

&

.

F,,,,

Al(t)

(2)

E.L~.(s)

where A] is the differential

interlayer displacement

(Xi – X,_l ) , when perfect interlocking
3.

between soil

and geogrid has been assumed.
An increase of the interlayer damping due to the
friction between the geogrid and the soil layers, under
the weight of the soil. The frictional damping due to
the i-th geogrid (where N is the number of geogrid
layers) is:
,!

-

by the elastic recalls.
In this

non-linear

model

(see Carotti

and

Rimoldi, 1997), the contribution of the friction force to
the equilibrium (at maximum displacement) of the i-th
reinforced
layer of the wall must be taken into
consideration.
In the present research, a geogrid reinforced
earth wall is assumed, with a cohesionless backfill and
possible permanent surcharge loads on the top surface;
the vertical spacing S, of the geogrids and the overall
length L are taken as constant.
Here the following hypotheses are introduced:
the static earth pressure P~,,is balanced even in seismic
conditions by the friction Fc, and by the tensile strength
Tgi of the geogrids;
in seismic conditions, the forces Fc, furtherly provide
an increase of damping, the forces Tg, provide an increase
in terms of damping and stiffness;

(3)

h=!

where the signum function sign(x~ ) introduces the
non linearity in the model, The direction of the
frictional

force is determined

Eq. (3) $,, is the soil-geogrid
g is the gravity acceleration.

by the sign of -ik. In
interface friction angle;

with

fi

of the wall, the Newtonian
th layer is:

(5)

Pad = Pa, + Pa~~

The Newtonian equations of motion for the NDOF non-linear model with geogrids (N soil layers with
N geogrid layers) can be obtained taking into account
the elastic stiffness Kl,, the viscous damping CK and the
Coulomb-type friction force FC,induced by the geogrids,
defined in Eq.s ( 1)+(3).
Indicating

the dynamic earth pressure Pad can be obtained
through the superposition of effects of the static earth
pressure Pa, and the seismic earth pressure Pa,, (suffix
“G” for geogrids and “E” for
earthquake):

[he distributed

The earth pressures can be described with the Rankine
type equations:
Pad = !4 Kad y H’

(6)

Pa, = !h Ka, y H’

(7)

Pa~~ = Vi Ka~~ y H’

(8)

load on top

equation of motion for the i-

Therefore

:
(9)

Pad = % (Ka, + Ka~-) y Hz
and :

(10)

Kad = Ka, + Ka~.

‘“L “1
~

where a

M k + M

represents

the

tOEJ]

~tItVltY

Iotid acting on the i-lb geogrid layer.

3. CONTROL
OF DYNAMIC EQUILIBRIUM
REINFORCED
WALLS

FOR GEOGRID

The steady dynamic

for a 1-DOF

due to the previous hypothesis. the dynmnic forces
can be studied independently
from the static ones;
therefore now on only the equilibrium of the dynamic
forces will be considered.
The conditions ot’ dynamic equilibrium and the
mechanical interaction between the two adjacent layer,
(i-1 )-th and i-th, are described

(one

Degree

Of Freedom)

equilibrium
linear

oscillator

under

sinusoidal resonant excitation is described in Fig, 3, where
[he inertia force is balanced - at maximum displacement
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imagine
wall.

at maximum

Being in conditions

time the viscous

in Fig. 3, which gives un

displacement

damping

As said above,

(zero velocity)

of zero velocity,

of the

at this point ot

force Fv is zero.
only the dynamic

forces :~rc

considered here, without the static earth pressure Pad.

Tab. 1- Natural frequency f and dampingratio ~ for some
of the walls considered

;F
ei represent, respectively, the
1 ; ‘e(i_l)
overall inertia force and the elastic recalls above and

in the parametric

study.

Let ‘IN.

under the i-th layer; and let

F

H=3m.
f ( Hz)
1st mode

c (%)

< (%)

5.63

4.9

2.95

1.3

2nd mode

14.43

14.3

8.8

3.8

mode

25,89

22.6

14.45

6.3

; Fc, ; PagE,
C(]-1)

1

1

represent the upper and lower Coulomb friction force,
and the active earth pressure

due to

the i-th layer.

3rd

With the assumpion that the 1” modal shape is
dominating (Carotti and Rimoldi, 1997), then all the
displacements of the single layers are in phase. Hence

H=6m.
f (Hz)

b) Geogrids:

Wehave considered the geometrical and mechanical
characteristics of the TENAX TT40 I Samp mono-

we can assume that there is a balance between the elastic
recall forces of the soil itselfi therefore Fe, is almost equal
to Fe(l -,, and computatiomdly
they can be neglected.
Under these hypotheses, in condition of dynamic
equilibrium we h~ve (see Fig. 3):

oriented geogrid, which have the following properties:
Unit weight:
Polymer density:
Tensile strength:
Elongation at peak:

Strength at 2’ZOstrain:
,,

(11)

“ 5%

‘s ;

w = 0.77 Kg/m~
p

=

0.950

T = 80 kN/m
&~J~= Isyo
T,,, =26 kN/m
T;,, =48 kN/m

F,N = – M, x,>
where T g. M the tensile strength
1

Taking into consideration
the cross sectional
area of the longitudinal stretched rib of the geogrids:
Al = 1.6 mm x 6.5 mm = 10.4 mm?, and a number of
50 ribs/m, the resistant section is: Ar = 5.2 x 10-’ m:/
m:
And therefore,

in the g-eogrid under

the i-th soil layer (see Fig. 3):

Tg =F
‘]

(12)

Ci

G~J, = T/Ar = 154 MPa
EPJ, = Ow,,/cp,, = 1185 MPa
o ,(J = T,,i f Ar =50 MPa
E;,{
-,- = a~,~ 10,02 = 2500 MPa

When the expression of Eq, 8 is introduced, a
pseudo-static expression for the coefficient of active earth

pressure K4,~ under seismic excitation can be obtained:
2 PaaE
KagE =
“9
y. H-

Other data used in tbe model are:
- soii-geogrid interface friction angle:
$,, = arctan (tan $ / f,,)
where the direct shear factor f,,, bas been assumed
equal to 0.80;

(13)

- constant vertical spacing: Sv = 0.6 m;
L= 0.5H - I.OH
- geogrid length:
where H is the wall height.

4. PRELIMINARYPARAMETRIC DISCUSSION
The following design parameters has been taken into
consideration for discussing the effects of geosynthetic
reinforcement on the seismic response of the wall.

a) Soil:
y=18kN/m~

; +=25°-40”

; c=O

shear modulus G = 10’ kN/m~ ;
H=3m-6m-9m.
The first three natural frequencies and damping ratios
for the 3 m and 6 m high walls,
without
reinforcements.

we given in Table 1.

c)

bedrock excitation:
the following classes of accelerfition time histories
have been implemented:
cl) a stationary gaussian zero-means white noise,
low-pass
filtered
with fixed bandwidth
(0,5 Hz) and varitible peak acceleration.
varying between O. 1 g [o 1. i g.
as above but wi[h parametrically
fixed peak
C2)
acceleration
a! = 5 ms-~ and variable
the
bandwidths
Zrll
bandwidth:
considered
have [he same left cut-oft’
frequency (zero Hz) and different right cut-
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off frequencies, ranging from 1 Hz to 10. By
this way the effects
of many historic
hearthquakes can be modelled and simulated:
from very low frequency
“near-fault”

STEP 2: the seismic input is established. At first, a
standard O - 5 Hz bandwidth and variable peak
acceleration are assumed (characteristic statistical
parameters of the time record, including RMS, crest-

earthquakes, to earthquakes with increasingly
wider bandwidths as the San Salvador ( 1986),

STEP 3: the design charts in Figg. 4-6 are then entered

Mexico City ( 1985] and El Centro ( 1940)
records.
Using these types of bedrock excitation it is
possible to obtain the following spectra:
1. spectra under excitation cl: spectra of top relative
displacement and top absolute acceleration of active earth
pressure coefficient KJ~~ and the overall active earth

pressure P,l~ for two different geogrid lengths, are given
in Figg. 4, 5, 6. Such spectra are obtained by plotting the
maximum value of the response quantity (extracted from
the time history) vs the peak acceleration of the bedrock.
The
family
of parabolic
curves
are
monc,tonically increasing with the base peak acceleration.
Both K~,~and PJg~decrease with increasing geogrid length
L.
2. spectra under excitation c2: spectra as above vs
variablebandwidth of the bedrockacceleration,are given
as well in Fig. 4, 5, 6, respectively for the 3 m, 6m, 9m
high walls. The amplification effect when the seismic
bandwidth includes the naturol frequencies of the wall
(see Tab. 1) is evident: spectra show the possibility of
controlling such amplifications
by means of geogrid
reinforcements of variable lengths.
Note 1: the 1“ mode of vibration is dominating
in
reinflxced
soil structures.
Hence
resonance occurs
around the frequency of the 1st mode (compare Figg. 4,
5 with Tab.1).
Note 2: For soil without geogrids, in order to stress the
influence of geogrids, the model has taken into account
only the viscous damping and not the Colombian
one
(which has been accounted
for in the model with
geogrids). As a consequence the model for soil alone is
not sensitive to the parameter @( in favour of safety);
hence in the charts all the curves without geogrids are
in the future
the same. This limitation will be eliminated
of the model.
developments

5. DESIGN CHARTS FOR GEWRID
SEISMICCONDITIONS

REINFORCED

WALLSIN

The tinalysis has been extended to the ranges 01
practical interest of the main soil and geogrid parameters.
Design charts are given in Figures 4, 5 and 6. The
following procedure can be used for the seismic analysis
of geogrid reinforced w~lls:

STEP 1: design the reinforced block in static conditions.
Adopting, as example, the “tie-back wedge” method. the
following three parameters shall be determined :
minimum length of gcogrids L !,1,,,’
vertical spacing S,,
overall number of ge(]grids: n ~,,,1
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factor and variance, can be imposed),
and the seismic
obtained.

active

pressure

coefficient

K,,[~ is

STEP 4: the dynamic earth pressure coefficient Kd~ is
determined with Eq. 10; then the stability analysis of Step
I is re-calculated with reference to K,,~and allowing for
a reduction of the safety factor FS according to each
National Code (usually a 20% reduction
of FS is
envisaged in the seismic Codes for earthworks, e.g.: a
reduction from 1.3 to 1.06 of the FS ,,,.CI,UI,,,), , a FSP,II,),,,
reduction from 1.5 to 1.2 etc. )
STEP 5: if any of the before mentioned checks at Step 4
are not satisfied, then by a trials-and-errors
procedure
the following corrections may be introduced:
increase the number of geogrids and/or the geogrids
length L,
with these new values, the design procedure starting
from Step 3 is repeated,
as long as all the checkouts are satisfied.
STEP 6: the sequence from Step 2 to Step 5 can be
repeated for a different choice of the seismic input.
If the effects of variable bandwidths and fixed peakacceleration must be investigated, spectra at the bottom
in Figures 4-6 will be considered.
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Influence of Reinforcement Stiffiess, Length and Base Condition on Seismic
Response of Geosynthetic Reinforced Retaining Walls
R.J. Bathurst
Professor,, Department of Civil Engineering, Royal Military College of Canada, Kingston, Ontario, Canada
K. Hatami
Research Associate, Department of Civil Engineering, Royal Military College of Canada, Kingston, Ontario, Canada
ABSTRACT The paper reports selected results tlom a set of numerical experiments that were canied out to investigate the
influence of reinforcement stiffness, length and base boundary condition on the seismic response of a geosynthetic reinforced
full-height panel wall. The two-dimensional explicit finite difference program FLAC was used to carry out the numerical experiments. The paper illustrates how program FLAC maybe a useful research tool to corroborate current empirical guidelines
for the pseudo-static analysis and design of geosynthetic reinforced wall structures or to propose new guidelines. For example,
the numerical results illustrate that the dynamic response of the simulated walls is very sensitive to base foundation condition.
KEYWORDS: Retaining walls, Geosynthetic reinforcement, Seismic analysis, Finite difference, Parametric study.
1

INTRODUCTION

In North America, geosynthetic reinforced soil walls are routinely designed using pseudo-static limit-equilibrium methods for sites with peak horizontal ground accelerations
s 0.29g. A limitation of pseudo-static methods is that they
cannot consider the effect of duration of seismic loading, acceleration amplification through the backfill soil, and
foundation condition on the development of reinforcement
loads and structure deformations (Bathurst and Alfaro 1996;
Bathurst and Cai 1995). The results presented in this paper
are part of an ongoing project directed at understanding the
dynamic response of geosynthetic reinforced wall structures
due to earthquake. The results presented in this paper show
that the two-dimensional explicit finite difference program
FLAC maybe a usefhl tool to investigate the seismic performance of reinforced wall structures. Ultimately, numerical
simulation results of the type demonstrated here maybe used
to verify or modi~ currently accepted pseudo-static design
methods.

2

MODEL
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free-field transmitting boundary
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Figure 1. Numerical grid for example problem with fixed
base condition.
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The example walls were chosen to have the same height and
number of uniformly spaced reinforcement layers as the base
case example reported by Rowe andHo(1992) (Figure 1). A
preliminary set of static analyses were carried out using the
same geometry, material properties and reinforcement layout as that reported by Rowe and Ho to confirm that FLAC
(version
3.30) analyses for the end of construction loading
case give similar results to their finite element analyses.
However, boundary conditions were then modified for the
current study to accommodate the need for a larger mesh and
other details related to the two different foundation conditions investigated,
Each wall was modeled as a continuous panel with a height
of 6.0 m and a width of 0.14 m. The bulk and shear modulii
of the wall were KW= 20,000 MPa and GW= 10,000 MPa,
respectively. The wall was hinged at its toe using beam elements. The soil was modeled as a purely fictional elastic-

0123456
time (s)

Figure 2. Base acceleration-time history.

plastic material with a Mohr-Coulomb failure criterion and
non-associated flow rule. The friction angle of the soil was
~= 35°, dilatancy angle ~ = 6° and unit weighty= 20 kNl
ms. The bulk and shear modulii of the soil were KS = 27.5
MPa and G, = 12.7 MPa, respectively.
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A uniformly spaced reinforcement was considered in the
model. The reinforcement was modeled using linear elastic
cable elements with negligible compressive strength and an
equivalent cross-sectional area of 0.002 m2. The stifl%ess of
the reinforcement (J) was a variable in this set of parametric
analyses. The tensile yield strength of the reinforcement was
TYield= 200”kN/m to ensure that reinforcement IUptUrewas
not a failure mechanism.
The interface between the reinforcement (cable elements)
and the soil was modeled by a grout material of negligible
thickness with interface friction angle bg = 350. The bond
stiffhess and bond strength of the grout model were taken as
kbond= 2 X 106MN/m/m and sb~.d = 103kN/m, respectively.
The interface and grout properties were selected to simulate
a perfect bond between the soil and reinforcement layers.
The soil-wall and soil-foundation interfaces (for the siiding
wall cases) were modeled using a thin soil layer of 0.05 m
thick. However, the fiction angle of the interface layer between the reinforced soil and the panel wall was set to @int
= 20°and the dilatancy angle to ~int = 0°.
The numerical grid was selected to represent an infinitely
wide region. To achieve this condition the soil region was extended to 40 m beyond the back of the wall and a free field
boundary condition was applied at the truncated boundaries
at the left and right edges of the grid to allow for the radiation
of elastic waves to the far field.
The soil and reinforcement elements were constructed in
layers while the panel wall was braced horizontally. The
propped panel supports were then released in sequence from
the top of the structure as reported by Rowe and Ho. After,
static equilibrium was achieved, the fill width of the foundation was subjected to the acceleration history illustrated in
Figure 2.
Table 1. Numerical simulation configurations.

3

Base condition

L/H

J (kN/m)

1
2
3
4
5
6
7
8
9
10
11
12

fixed
fixed
fixed
sliding
sliding
sliding
fixed
fixed
fixed
sliding
sliding
sliding

0.7
0.7
0.7
0.7
0.7
0.7
1.0
1.0
1.0
1.0
1.0
1.0

500
1000
2000
500
1000
2000
500
1000
2000
500
1000
2000

PARAMETRIC ANALYSES

The test configurations considered in the current investigation are summarized in Table 1. The base foundation condiSixth International
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RESULTS

4.1

Wall Displacements

Wall displacements predicted at the end of the excitation period are shown in Figure 3. For the same base condition, the
total wall deflections diminish with increasing reinforcement stifhess. Similarly, for the same base condition and reinforcement stiffness, there is less total wall displacement for
L/H=l.0 compared to configurations with L/H=O.7. However, the plots show that for the range of reinforcement stifiess
values used, the base condition (fixed or sliding) has a greater
influence on wall deflection than the magnitude of reinforcement stiffness. In addition, the dative wall deflections taken
with respect to the wall toe are less for the sliding foundation
case than for the fixed toe case.

4.2

Test

614-1998

tion was either fixed (i.e. the toe of the wall was slaved to the
foundation but was fi-eeto rotate) or free to slide horizontally
along a thin 0.05 m thick layer of soil and rotate about the toe.
The stifiess (J) and length (L) of the reinforcement were
also varied as shown in the table. The synthetic horizontal acceleration record shown in Figure 2 was applied to nodes
along the entire base of the numerical grid at equal time intervals of At = 0.05s. The accelerogram simulates aground motion with both increasing and decaying peak acceleration
portions. The peak amplitude of the input acceleration was
0.2g with a dominant frequency of 3 Hz which is typical of
medium to high-frequency content earthquakes. A mass proportional damping of ~ = 0.05 was assumed for the model.
The total duration of the input excitation was limited to 6 seconds in order to minimize computational time.

on Geosynthetics

Reinforcement Forces

In general, reinforcement forces were observed to accumulate with duration of seismic shaking. Figure 4 shows the relative distribution of axial forces in the reinforcement layers
at the end of the 6 second acceleration record. The reinforcement forces at the connections were almost always greater
than the internal reinforcement forces at all stages of the numerical experiments including end of construction. This
trend can be attributed to the relative downward movement
of the reinforced soil zone relative to the continuous wall
panel.
Figures 5a and 5b show the distribution of maximum total
reinforcement force (typically at the end of the shaking duration when ground accelerations have returned to static conditions) and the distribution of forces at the end of construction
for each experiment (initial). The largest reinforcement
forces at the end of construction and after dynamic loading
were predicted for the sliding foundation case. The distributions of maximum total reinforcement forces are very different for sliding and fixed foundation cases. The influence of
toe fixity and the structural panel member on reinforcement
forces is clear in the two figures. The maximum reinforcement force occurs at the bottom layer for the sliding cases
while the peak reinforcement layer occurs at the second from
bottom layer for the fixed toe condition. The maximum total
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reinforcement force distributions are relatively insensitive to
reinforcement ratio (L/H) for the two values investigated but
relatively sensitive to the reinforcement stiffness value under
dynamic loading. Reinforcement loads increase with reinforcement stiffness. Superimposed on these two figures are
predicted reinforcement forces using Rankine earth pressure
theory and Coulomb earth pressure theory. These curves do
not capture the trend in reinforcement loads at the end of
construction for both foundation conditions and are generalIv
. verv. much lower in mamitude than the .ueak reinforcement forces generated as a result of shaking.
Figures 6~and 6b show the peak dynam~ increment force
recorded in all simulations. These values are calculated by
subtracting the total dynamic load curves in Figure 5 tlom
the corresponding initial static values. Superimposed on the
figures are the predicted dynamic increment forces using the
current AASHTO (1996) method with a peak ground acceleration of 0.2g. In general, the empirical AASHTO method
underestimates the magnitude of additional reinforcement
forces. In addition, the trend in additional reinforcement load
cannot be captured by the empirical AASHTO curves for the
fixed toe condition.
4.3

Other

Figure 7 shows a plot of shear zones in the failed volume of
soiI within the reinforced zone and in the retained fill. This
figure is typical of all numerical simulations reported in this
paper. There was no evidence of a well-defined Ranlcine type
failure surface contained within the reinforced soil zone.
Rather, the reinforced soil zone acted as a parallel sided
monolithic mass. Large shear strains were recorded at the
wall-soil interface and at the reinforced soil-retained soil interface. The failure volume can be approximated by a bilinear wedge with the orientation of the linear segment in the
retained soil approximately 310 from the horizontal. This
failure surface orientation is consistent with MononobeOkabe earth pressure theory when ground acceleration arnplitication is considered (i.e. peak accelerations in the soil
were as great as 2 to 3 times the 0.2g peak input value at the
base of the structure).
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Program FLAC holds promise as a numerical simulation tool
to investigate the seismic response of geosynthetic reinforced soil walls. In particular, the numerical results maybe
used to corroborate current empirical guidelines for the pseudo-static analysis and design of geosynthetic reinforced wall
structures or to propose new guidelines. More work remains
to investigate a wider range of wall geometries and facing
types before predictions based on program FLAC can be
used as an aid to the development of simplified seismic design guidelines. However, it is important to note that the seismic response values reported in this paper have not been verified against laboratory models of any scale. The writers are
currently carrying out reduced-scale shaking table tests of
geosynthetic reinforced soil walls that will be used to calibrate numerical simulations and to verifi simulation results.
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The Verrand High Reinforced-Soil

Structure
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Geot~hnical Consultant and Managing Director, SC Sembenelli Consulting, Milan, Italy
ABSTRACT The Verrrmd Embankment is a 27.5 m High Reinforced Soil Structure topped by a 10 m high unreinforced
embankment, located at the bottom of a steep V-shaped valley, in the Italian Alps. Scope of the structure, which was
completed by the end of 1996, was threefold: providing a stabilizing weight to the natural slope, providing a disposal for
material from tunnel excavation and providing access beyond the embankment. The reinforced portion mainly consists of
three 9 m high blocks, with face angle about 60° from the horizontal. The reinforcements are non-woven geotextiles. The
Paper describes the project geometry, fill and reinforcing materials as well as the constmction sequence. Monitoring data,
collected since the early construction phases, are also presented and discussed.
KEYWCIRDS: Reinforced slope, Geotextiles, Case study, Construction, Deformations
1

INTRODUCTION

A new highway comecting the Monte Bianco Tunnel with
the city of Aosta, in the Italian Alps, requires the construction of a bridge, some 600 m long, parallel to a very steep
slope, about 35 to 40° from the horizontal. The slope
forms the left side of a V-shaped valley, created by the
Dora Baltea River.
The geology of the site is quite complex. Originally, the
valley was filled by a very large earth and rock slide.
During the latest glaciation the slide materials were overconsolidated by the action of a thick layer of ice. Locally,
concretions of carbonate-rich waters had also formed. By
the end (ofWurmian glaciation the increased erosive potential of the river deeply cut the overconsolidated deposits.
The slope material, which is observed today, can be described as a silty sand matrix containing gravel and large
boulders, slightly cemented. The surticial part of the mass
is often decompressed. The natural water table daylights
in the bottom half of the slope.
Presently the slope is close to limit conditions and
repeated slides of limited extent occur, whenever the river
cuts into the toe of the slope. A particularly large slide
took place, in the early years of the century, near the
village of Verrand.
Pier #4 of the bridge is located within the perimeter of
this slide. It was thus decided that the slope had to be
stabilised with a high buttressing embankment.
The steepness of the valley sides imposed the use of
reinforced soil technologies, so that the volume of fill and
thus the stabilizing weight could be maximised. As a side
result of this solution, a large volume of muck from
nearby tunnel jobsites could be disposed in an environmentally acceptable way.

2

PROJECT DESCRIPTION

The Verrand Embankment, shown in plan on Fig. 1, is a
27.5 m High Reinforced Soil Structure overlaid by 10 m
of unreinforced, 1.5H to 1V embankment. The structure is
some 150 m long for a total volume of about 120000 m3,
out of which 50000 m3 are reinforced fill.

The reinforced portion mainly consists of three 9 m
high blocks, with face angle of 60° from the horizontal.
The blocks are stepped to create 5 m wide sloping berms,
almost parallel to the riverbed grade. A 5 m wide service
ramp runs on the lower berm and cuts the second and third
blocks. A ramp was necessary for construction and to
provide access beyond the buttress.
The area where the lower block is founded was cleaned
and excavated to reach a competent foundation. Also the
natural slope was cleaned and stepped in order to get a
better interlocking with the new fill. This operation was
carried out as filling progressed.
The toe of the HRSS had to be protected from river
action by a cyclopean wall, about 4 m high. Additional
riverbed training and erosion preventive works are presently underway.
A deep drainage was located at the contact between fill
and natural slope, in order to keep water away from the
reinforced fill. The drainage system consisted of two
sloping collectors along the sides and one collector at the
toe. All collectors were created backfilling a trench with
selected gravel, wrapped in a geotextile separator. The
drainage system also included geonet bands placed on the
slope at 10 m spacings, across the collectors. Drainage in
form of bands instead of a continuous sheet was selected
in order to avoid creating a low friction contact between
the new fill and existing slope. In addition, a number of
nearly horizontal drain holes heading in the main drainage
collector were drilled to depress the piezometrk level as
far as possible inside the slope. The main collector discharges to the river, on both sides of the embankment.
A surface drainage system was also foreswm. Rain
water is collected and carried to the river by a system of
ditches and collectors, running along the berms and along
the slopes. Collectors along the slopes are included in the
facing system and consist of trapezoidal channels on
galvanised steel.

3

THE REINFORCED SOIL

The first step in designing a reinforced soil structure is
selecting the facing technology, on account that it strongly
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Figure 1. Plan of the Verrand High Reinforced Soil Structure

influences the construction process and the overall structural behaviour. Due to environmental constraints, it was
chosen one patented facing systems, resulting in a completely grassed surface, once construction completed.
The basic element of the selected facing technology are
0.5 or 0.6 m high, L-shaped forms made by a welded wire
steel mesh, left in place. Each form element is to be bent
to an angle which is the one selected for the slope. Short
steel tendons holding the two arms of the forms keep the
section undeformed during lift compaction. A light woven
geotextile is placed inside the form to retain the soil. The
fill material is usually spread and compacted in half form
high lifts, stopped 0.4 m short from the form. A band of
topsoil is placed between the woven geotextile and the lift
edge, in order to create a support for vegetation growth.
The surface is finally hydroseeded so that it becomes
completely and permanently grassed in a short time.
The appearance of the grassed surface at Verrand
HRSS before and atler hydroseeding is shown in Fig, 2.
An heavy vibrating roller is normally used to provide
the necessary compaction effort. The roller actually used
at Vermnd was a DYNAPAC CA35 Class (7 static tons on
drum), instead of the specified CA 25 class (5 static tons
on drum). The roller moves parallel to the slope, covering
the whole spread of both fill and topsoil placed over the
geotextiles, up to the forms.
4

MATERIALS FOR CONSTRUCTION

The fill material placed within the reinforced section was
620-1998
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well graded cmshed rock with a relatively large sand and
silt fractions, obtained by processing tunnel muck, This
material mainly came from tunneling in schists. The
tunnel muck was first crushed in order to reduce its
maximum grain size to 150-200 mm and then mixed with
material obtained from open air excavations. The latter
material was added considering that a relatively high
content in sand and silt fines could reduce the potential for
damaging the reinforcements.
The specifications for till materials could not be excessively tight, on account of the fact that random tumel
muck from different excavations fronts were used to
supply the needed volume.
The backfill was basically the same material with
maximum size in the order of 500 mm. No processing was
required for the backfill.
The reinforcements used at Verrand were anisotropic
nonwoven geotextiles, continuous filament,
needlepunched, Polyester (PET) fibre of three grades, manufactured by Fritz Landolt A. G., Switzerland. The nominal
tensile strengths of the geotextiks were 40, 100 and 120
kN/m and their main characteristics are summarised in
Table 1.
The reinforcements of grade 1000 and 1200 are quite
thick and sometimes the unrolled sheets were undulated.
This required special care during placement, in order to
avoid wrinkles under the lifts, which might reduce the
overall stiffness of the reinforcements. The abcwe deformation were mainly considered to be a consequence of the
production process.

the upper part.

Table 1. Main characteristics of geotextiles FLN-TEXA
used as reinforcement at Verrand HRSS
Type

Mass

Machine direction

Transverse direction

Strength Elongation Strength Elongation
at failure
at failure
Il__b@21

K N/ml

[%]

[kN/m]

[%]

350
350
1000 900
1200 1050

48.5
115.5
132.7

36.8
38.3
40.1

21.8
47.8
55.4

37.6
36.2
39.6

Geotextiles
survivability was checked by full scale tests,
under the worst expected condition, i.e. with the coarsest
fill compacted in 0.3 m thick lifts. After placing the
geotextiles sheets on a compacted layer of fill, 3 additional
fill lifts were spread and compacted with the same roller
used in construction. The reinforcements were then carefully dug out. Exhuming operations are very difficult and

some additional damage is inevitably produced.
The most damaged zones of the unearthed sheets were
thoroughly mapped. From those zones, specimens were
taken, described and tested according to UNI-8639 (RaIian) Standard. This testing procedure requires 100 mm
wide and 200 mm long tubular (folded) specimens (Cazzuftl et al., 1986).
Damages were not uniformly distributed over the geotextiles, but rather concentrated in patches. This is probably related to coarse particles segregation processes in the
fill, as shown in Fig. 3. The tendency for damages to
concentrate close to the outer slope was observed. Apparently segregation tends to increase along the edge of a
given lift. Special attention should be devoted to avoid
excessive segregation and hence excessive damages near
the face, considering that here tensile stresses are the
greatest. The extent of the damaged areas was about 50%
of the reinforcements width.
Damage was classified under three main types: tears,
through-going punctures and partial punctures. Tkars were
large damages probably related to the unearthening operations and were not considered in the analyses. Through1998
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going punctures are the most significative damages on
account that they produce an appreciable loss of strength.
They are small cuts, either rounded or linear, randomly
oriented, 10 to 30 mm long. Partial punctures are small
indentations, where the filaments are displaced and not
necessarily cut.
Within the most damaged zones, the number of observed through-going punctures ranged from a minimum
of 40 per square meter (30 per sq. yard) to a maximum of
100 to 120 per square meter (80 to 100 per sq. yard). The
corresponding average strength loss was in the order of 50
to 60%. The above results could be observed on all the
reinforcement examined and are in good agreement with
previously published works (Sembenelli, 1995).
On account that the most damaged zones spread over
about half the width of each reinforcement, it may be
concluded that the actual strength retained by the whole
reinforcement is 70 to 75% of that of the undamaged
material. Correspondingly, the appropriate Factor of
Safety to account for installation damage is Fd = 1.35 to
1.45.
Our observations suggest that the maximum particle size
has more influence on the width of the damaged areas than
on the level of damage itself.

5
DESIGN OF THE REINFORCEMENT
BUTION AND LENGTH

DISTRI-

The selection of the reinforcement requirements (force and
length) was based on the limit equilibrium. In the Writers’
opinion, when dealing with complex High Reinforced Soil
Structures, this is still the most suitable design tool available.
The total horizontal force necessary for equilibrium was
determined on a homogeneous unreinforced cross section.
The required tensile force to be taken by the reinforcements was then computed as the force required for obtaining a minimum Factor of Safety Fs = 1.3 against sliding.
The computations were carried out with the Simplified
Janbu Method, working directly on horizontal forces.
The assumed geotechnical characteristics of the fill
material were: total unit weight TUW = 21 kN/m3,
cohesion c = O kPa and angle of friction ~ = 35°. Triaxial CD strength values, obtained from 100 mm diameter, compacted specimens, were larger than the assumed ones. However, a conservative value of the friction
angle was selected to take into account the reduction of
friction at high confining pressures and high strain levels.
With this, the conditions of the lower block and situations
of excess of silty frees were covered.
Several design sections were analysed, in order to cover
all typical configurations. On each section a number of
potential sliding surfaces were selected, so that part of a
single block as well as one or more blocks were cut. The
computed maximum horizontal force needed for equilibrium a.t each potential sliding surface was hence distributed over its height. Finally, the minimum required
reinforcement was computed as the envelope of the above
values.
622-1998
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Figure 3. Compacted fill material surface under a reinforcement. Segregation of coarse particles in foreground is
clearly visible
The geotextiles tensile strength values were reduced to
account for installation damage, long term durability and
creep. The Design Strength was finally assumed to be
27% of the Wide-Width (500 mm) strength determined
according with CNR-UNI (Italian) standards (Cazzuffi et
al., 1986).
The length of the reinforcements was selected so that
the computed minimum factor of safety for surfaces passing just beyond the reinforcements would be Fs = 1.3.
Detailed drawings of each reinforcement level were
provided to the Contractor to ensure a proper distribution
of the overall strength and to minimise wastage. This
required a large number of construction drawing, including plans, front views and cross sections. The curved contours of the reinforced embankment surface required detailed drawings to show the exact location in plan of both
the reinforcement sheets and their overlaps.
The heaviest reinforcements were located within the
lower blocks, not only to fulfil strength requirements but
also to provide greater stift%ess. Grade 350 reinforcements were used only locally in the very upper portion of
the upper block. Additional reinforcements at the base of
the top unreinforced till were introduced to reduce the
earth pressure on the reinforced blocks.
A typical reinforcement distribution is shown in Fig. 4.
It is worth noting that the imer side profile of the reinforcements is stepped in order to meet the overall stability
requirement.
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sections, long-base extensometers were placed to measure
horizontal average strains. Due to installation problems,
however, no one of the bases gave reliable readings.
The selected reference points were special plates and the
heads of the extensometers. Horizontal displacements were
measured from stations located on the opposite bank of the
river, so that the distance behveen station and measuring
points was in the order of 100 m. The location of the
reference points on cross section 12 are shown in Fig. 4.
Plates and extensometers are similarly located in section 6.
It should be noted that the extensometer 2E in section 6 is
below the service road.
The main data recorded are summarised in the time
histories of Fig. 5 and 6. The shape of all displacement
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Figure 4. Design cross section 12 with blocks numbering,
reinforcements and instrumentation
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CONSTRUCTION

Construction started in summer 1994. The lower block
and about 3 m of the mid block were completed by November 1994. From winter 1994 through April 1996, construction was stopped, due to non-technical reasons. Fill
could not be placed between late November and early
April anyway, on account of the cold climate.
After resuming construction, the reinforced portion was
completed early in September 1996 and the unreinforced
fill was hence added to final grade. Actual construction
took about 9 months.
The flow of material from neighborhood excavations
was slow so that a standard production, say 300 to 500
mlllday for a crew of 3 men, could not be sustained.
Hydmseeding was carried out early in 1996 for the
lower part, already completed at that time, and at the end
of 1996, for the upper blocks. Some delay between
completion of construction and seeding is usually tolerated, though not beneficial for the facing which remains
unprotected.
A large flood, in the order of 600 m3/s, occurred in the
summer of 1996. The estimated return period of such
flood was 50 years. The water level rose to the top of the
toe wall, but no effects were noted on the reinforced
embankment, though a scour, up to 2 m deep, produced
in the riverbed.
7

I

1

BEHAVIOUR

Since early construction, vertical and horizontal displacements were monitored, with topographic surveys of reference points at cross sections 6 and 12. On the same cross

4“’!’’’!’’1!’”1
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Figure 5. Horizontal and vertical displacements measured
on section 6. See Figure 3 for key

curves is hyperbolic and a horizontal asymptote appears to
be reached after 9 months, from completion.
At Section 6, the maximum horizontal displacements is
in the order of 70 mm, on the lower plate of the lowest
block. The upper blocks exhibited lesser horizontal displacements, in the order of 50 mm. Vertical displacements
range between 30 and 45 mm.
At Section 12, the measured horizontal displacements of
the lower block are somehow larger, with maximum in the
order of 100 mm. The horizontal displacements of the
upper blocks were approximately 50 mm. Vertical displacements are about 70 mm, in the lower block, and 40 mm,
above.
The normalised Horizontal Displacements with respect
to the relevant height vary over a wide range, between
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Figure 6. Horizontal and vertical displacements measured
on section 12. See Figure 3 for key
ds/H = 0.25 % to ds/H = 0.56 %. A good correlation
between the normalised height and the average slope
above the reference point, to which displacements are
referred, seems to exist as shown in Fig. 7. Data from
Champagne HRSS, a similar structure built according with
the same facing technology, are also included for reference (Sembenelli, 1995). The experimental points from
Verrand HRSS fit to a logarithmic curve, with a satisfactory correlation. Only one point from Champagne HRSS
lays close to the above fitting curve while the other ones
lay on an almost parallel curve. This latter points actually
refer to a different condition, which included an arched
facing and geogrids reinforcements (Sembenelli, 1994).
All points, which fall close to the fitting curve, are
related to structures built with well graded (silty) sand and
gravels, reinforced with non-woven geotextiles.
Casagrande Standpipe Piezometers will also be installed
in order to monitor the water table in the long term.
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Figure 7. Normalised horizontal displacements vs. average
slope
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GEOGRID REINFORCEMENT
OF SLOPES FOR EARTHQUAKE
RESISTANCE AT THE NEW U.S. EMBASSY IN CARACAS,
VENEZUELA
J.R. Lambrechts
Vice President, Haley & Aldrich, Inc., Cambridge, Massachusetts
ABSTRACT: Construction of a new U.S. Embassy building in Caracas, Venezuelaposed a number of site stabilization challenges
that were overcome with extensiveuse of geosynthetics. The new site contained several deep, steep sided valleys that had been
previously filled in an uncontrolled manner. These 15 to 30 m thick fills were stabilized by installing more than 200,000 sq.m.
of geogrid to provide necessary seismic stabtity in what was the largest application of geogrids in South America, and ranks high
in worldwide use at a single building site. Two large walls supported with gee-mechanical stabilization were incorporated into
This paper reviews the site conditions, design requirements that prompted the use of geogrid
slope stabilization design.
stabilization, and the unique application for stabilizing long sloping valley fills placed on bedrock.
KEYWORDS: Geogrids, Slope stabilization, Reinforcement, Seismic design.
The construction of the new U. S.Embassy building in
Caracas, Venezuela required extensive site stabilization
with geogrid to make the long, steep slopes on the site
resistant to the local severe earthquake design conditions.
Stability considerations that were incorporated into slope
reinforcement designs required special construction to
provide resistance to interface sliding of reinforced fill
along the surface of underlying sloping bedrock. Other
applications of geosynthetics included support of retaining
walls and surface slope stabilization using cellular
confinement systems in landscape areas of steep final
ground surface.
1

SITE CONDITIONS

building lots being formed on previously steep sloping
hillsides. The initial site development in the early 1980’s
involved considerable earthwork to make level building
lots in the originally hilly terrain.
This involved
bulldozing off topogra@ic high ridges to fill in the deep
intervening, incised valleys.
Several building lots were combined to make a site
large enough to accommodate the security needs of a
Most of the ,abassy site had been
U. S.Embassy.
transformed from hilly terrain, to a series of relatively
level plateaus by extensive cutting and filling. Figures 1.a
and 1.b present the pre- and postdevelopment site
topographic conditions, with the major fill areas labeled.
The principal building and land uses of the new embassy
are also indicated.

1.1 Local Geology
The site of the new embassy is in the Alameda area of
southeastern Caracas, near the top of a high ridge that rises
more than 150 m above a major southern trending valley
corridor in this city of 5 + million people. At the edge of
the Ctibbean tectonic plate, the region is seismictiy
active, and mountains and hilly terrain are present
throughout. The bedrock in the area of the embassy is a
dark gray micaceous, cdcareous schist, which is a member
of the Las Mercedes Formation.
The locai hilly topography results from erosion of the
The tropical environs has produced deep
bedrock.
weathering of the bedrock. A mantle of residual soils that
has developed over the weathered bedrock is typical for
such environs, with gradual transition from weathered
bedrock upward through decomposed bedrock, which
becomes residual soils, and finally topsoil.
1.2 Original Site Preparation for Development
An area of several square miles south and east of the
embassy site was developed in the early 1980’s, with level

Figure 1.a Pre-Development Site Topography
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Figure 1.b

100m

Conditions After Development Grading

Ground surface across the majority of the developed
site area varies El. 945 m to El. 990, but lower levels to
El. 915 occur at the bottom (east end) of FiU 2. Bedrock
was exposed at ground surface after site development in
the flat areas and on slopes between the FiUs., Only about
half of the FiU 4 area, at the southwest side of the site, is
within the site limit, with the remainder continuing across
the road and onto the sites on the other side of the street.
Similarly, Fill 3 continues downhill beyond the site limit
and road, and beneath the lot across the street. The design
of stabilization for each Fill area had to account for these
conditions.
The Fills were found to be 20 m to 35 m thick, with
density being generrdly loose to compact. The fill was a
mixture of the topsoil, the residual soils, and the
decomposed and weathered bedrock. Gradation of fill
genemlly varied from silty coarse to fine sand, to medium
to fine sandy silt, aU with trace clay and rock fragments.
Some organic matter was also randomly present. Since
there had ‘been little clearing and grubbing prior to vaUey
tilling, in many borings topsoil and residual soil were
found below fill. Also, as a result of the bulldozing of
ridges, vegetation was sometimes found buried in bottoms
Based on results of test boring Standard
of fills.
Penetration Test N-values, the following strengths were
assigned to the various strata:
Friction Amzle

S!K@m
Fill
Uncompacted
,

Residual Soil
(& Topsoil)
Decomposed Rock
Schist Bedrock
Compacted BackfiU
626-1998

.

y

Wekht
(kN/m3]

Unit

19.6
20.4 (18.8)
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20.4
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40
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DESIGN CONSIDERATIONS

Site use requirements for the proposed ~bassy
necessitated adding fiU on the slopes of FiUs 2 and 3, and
changes in grading on Fill 4. Also, in certain areas
adjacent to the new building, filling was necessary for
landscaping, with slopes as steep as 45 deg. However, the
calculated stability of the FiU slopes existing before
construction was marginal for even static conditions.
Conditions for Fill 2 we shown on Figure 2, indicating
new fiU necessary. for required final site grading and
cn”ticalstability surfaces. Similar Factors of Safety were
found for Fill 3. Factors of Safety were calculated using
theprogram GEOSLOPE for the Janbu procedure to study
irregular sliding models. The constraining effects of the
buried valleys were considered, and applied by increasing
the calculated Factors of Safety by 10 %, per findings of
Baligh and Azzouz (1975).

980
Elev
(m)
950

F.s.

-.
n

-~--”’”

SISm

:Shailow 0.9-1.1

,Deepl.1 -1.2

Figure 2. Stability Conditions of Original FiU 2
_
geotechnicd design considerations stem ffom
the severe regional seismicity, which requires design for
Richtermagnitude 7.0. From earlier site specific
seismicity study, the design earthquake was determined to
produce bedrock horimntal acceleration of 0.30g. This
was used m seismic slope stabilityanalyses, which lowered
calculated factors of safety to considerably below 1.
Major reconstruction of the large site tills was therefore
imperative.
Design for developed site required. static Factor of
Safety of 1.5, and for seismic conditions a FS of at least
1.0, plus the requirement that toe of slope not move
beyond the property line as result of earthquake shaking.
To satisfy these requirements, it was found necessary to
ranove and replace considerable amount of the existing fill
in the three major Fills.
3

DESIGN OF SLOPES USING GEOGIUD

In designing the stabilized fills for surface slopes as steep
as 2 her. to 1 vert., extensive use of geogrid
reinforcement was essential to meet design criteria. Slope
stability Factors of Safety were calculated using friction
angle of reinforced fiUjudgegd to be at least 5 deg. more

i

than compacted backfill; i.e., 38 deg. Generalized profile
through Fill 2 in Figure 3 shows the extent of reinforced
fill necessary to meet design requirements for both the
resist deep seated and shallow instability. As indicated,
the dynamic conditions were the more severe, and thus
necessitated more geogrid fhan would have only static
considerations.

resistance to make up the 5 deg. difference in friction
angle between the compacted unreinforced fill and the
reinforced fill. This force was then converted into
equivalent length of geogrid using reasonable grid
spacings and applying the equation shown in Figure 5.
The equation parameters were derived from FHWA
(1989).

Existing fill \

r
Compscted fill

980.
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(m)

Reinforced fill

/
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Figure 3

Calculated Stability for Reinforced Fill
Buttress in Fill 2

However, design consideration was necessary to
prevent a possible sliding surface from occurring on the
interface between reinforced fill and bedrock, which
would have been at the lower strength of the unreinforced
fill.
A means was devised to anchor the geogrid
reinforced fill into the bedrock using “step cuts” into the
weathered rock (below the decomposed rock). The need
to “tie” the reinforced fill into the bedrock illustrated in
Figure 4; the Tg force would have to be developed to
bolster base friction is to prevent sliding along the bedrock
surface.

Bedrock

Figure 4 Sliding Block Model for Slope Stabilization
The necessary tension force from the geogrid was
determined from the slope stability calculations as
increments of load applied to bottoms of slope slices to
hold the slice in place, thus supplementing base friction.
The geogrid force, Tg, provides the increase in fictional

,,

‘

“-”

“=+%
.

“

I

Step cut

Figure 5 Model for Determining Embedment Length
The key feature to make the geogrid reinforcement
effective was the use of “step cuts” into the top of
bedrock, as shown in Figure 5. The width of the step cuts
had to be long enough to engage the Le of the geogrid.
This was generally accomplished by limiting the height of
cut to 2 m. since fhe slope of bedrock was relatively
gentle, see Figure 3. The upper layers of geogrid in each
step cut were less than fully effective, but this was taken
into account in the overall stabilization design.
Further, the effectivenessof the engagement zone was
‘enhanced by use of coarse to medium sand as a 1 m
minimum thickness “slope drain” layer betsveen the
retiorced till and bedrock. The slope drain contained less
than 5% fines and is used to keep piezometric pressures
from building up in the base of the reinforced till.
Although bedrock was not found to :freely yield
groundwater, infiltration over the life of the project from
surfke imigation, rainfall, or the surface draimge system
were considered possible sources which- the slope drain
would protect against. Leaks in drain pipe lines are
considered possible given the seismic potential, of the area.
The non-uniformity of the valley fills led to intricate
riming of the reinforced tills in design drawings. Typical
sections of the fills m shown on Figures 6a, 6.b and 6.c.
In the Fill 3, the stability of the on-site fill was provided
for with the arrangement shown in Figure 6a. The Fill 3
section proceeded further downslope beyond the property
limit, so the deeper overall stability of the valley fill could
not be fully improved. However, the reinforcement
provided makes the slope within the site secure against
earthquake loadings.
At the sides of the Fill 3 valley, the soil fill was joined
to the bedrock as shown in Figure 6.b, with a series of
step cuts. Also of importance in the design of the geogrid
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was the retained fill wall at the top of the slope which was
designed as a geogrid supported precast concrete wall. ”
Spacing of geogrid layers is shown on the cross-sections.
At both locations above Fill 3, a retaining wall was
constructed to achieve area needed for parking lots. The
wall was designed to use pre-cast concrete panels
supported by geogrids extended back sufficient distance
for seismic loading conditions.

Figure 6.a

“surficial” slope, since the overall stability was sufficient
with the large buttress formed in the bohom part of the
slope. At the bottom of the Fill 2 slope, another retaining
wall was provided for grade separation at the property
line. It also will act as buttress in the event adjacent
ground suppo~ is removed (by earthquake or excavation).
The contract documents set the following
requirements for geogrid material:
Weight, per square m.
644 g/sq.m
Minimum Opening S%, in.
15.2 mm
Long-Term Allowable Design Load
14.6 kN/m
determined per GRI GG4 (1991)
Material chosen by the Contractor was Mirafi
10 T. In limited areas around the building where small
slopes were reinforced to provide 45 deg. inclinations,
Mirafi 7 T was used, since the LTADL was less. To
maintain landscape slopes adjacent to the building that
we~ at 45 deg. inclinations stable against surface runoff,
Geoweb cellular confinement system was installed and
intercomected with the layers of geogrid.
Stabilization of the three large fills to provide site
slopes, roads and parking areas that would be stable under
the design earthquake conditions involved removal of deep
fill, and reconstructionwith geogrid reinforced backfill. At
the time of installation in 1992-3, the more than 200,000
sq.m of geogrid used was the largest installation in South
America. About 8,500 sq. m of cellular confinement was
also installed.

Fill 3 Deep Buttress
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The Fon5gn Buildings Office of the U. S.Depar@nent
of State supervised the design and construction of the
Caracas embassy project, and their permission to publish
this paper is gratefully appreciated. Project Architect was
Gunnar Birkerts Associates of Birmingham, MI. Ammann
and Whitney of New York City was the site civil engineer.
General Contractor for the construction was Perini
International, of Framingham, MA. Haley & Aldrich
served as the geotechnicrd consultant for the project,
including design of the geogrid system, and provided onsite geotechnical consultation during building foundation
and geogrid installation during earthwork construction.
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Fill 2 Cross Section of Reinforcement

Fill 2 profile shown on Figure 6.c provides heavy
reinforcement at the toe to create a buttress, with geogrids
Further up the slope,
anchored in the step cuts.
reinforcement was provided only to provide stability of the
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The Construction of Steep Reinforced Slopes in Hilly Terrain
C.R. Lawson
CEO, TC Nicolon Asia, Malaysia
T.W. Yee
Manager, TC Nicolon Asia, Malaysia
ABSTRACT: The flexibility of reinforced soil makes it an ideal solution for the construction of steep reinforced slopes in
hilly terrain. However, due to the nature of hilly terrain, four major construction constraints can arise. These are the lack of
a firm foundation on which to construct the reinforced slope; excavation instabilityy or the occurrence of bedrock that limits
the width of the base of the reinforced zone; the presence of groundwater emanating into the excavation from behi;nd the
reinforced zone; and the overall instabilityy of the hilly terrain that limits the geometry of the reinforced slope. A parametric
study was performed to evaluate the effect of these constraints on reinforced slope stability. Guidelines for maximizing
reinforced slope geometry, the role of drainage, and the modular approach to design are given for reinforced slopes
constructed in hilly terrain.
KEYWORDS: Reinforced slopes, Hilly terrain, Construction constraints, Slope geometry, Drainage, Instability
1

INTRODUCTION

The use of reinforced soil as a technique to construct steep,
stable slopes is a common practice. Today, much is known
of the performance of reinforced soil slopes designed and
constructed to “standard” geometries. Standard geometries
include the presence of a flat, firm foundation beneath the
reinforced slope; no limitations on the width of the
reinforced zone for stability purposes; and no unusual
loading regimes above the reinforced zone.
Reinforced soil is also an ideal technique for the
constructic,n of steep slopes in hilly, or mountainous,
terrain. The technique results in a retaining structure that is
flexible (i.e. it can undergo deformation without exhibiting
structural distress) and highly cost-effective. This is
important because the topography of hilly terrain dictates
the adoption of significant earthworks structures, in some
cases founded on suspect and unstable foundation
materials. In addition, groundwater is normally present in
this type c,f topography. This is particularly so in tropical
climates where heavy rainfall can result in severe
groundwater conditions. In this environment the
constructic,n of stiff, brittle structures is to be avoided.
In South East Asia, development effort is spreading from
the coastal areas into the hinterland of many countries. For
the majorily of these countries, large areas of the hinterland
consist of hilly and mountainous terrain. The overall
topographical and geomorphological geometry of this
terrain ccmpled with the need to maximise stable
earthworks platforms for infrastructure and other
development purposes results in reinforced slopes of
significant magnitude, Slope heights over 20 m and slope
angles greater than 60 degrees are not uncommon.
An example of such a reinforced slope, whose final
height will be over 40 m, is shown in Figure 1 (it is
currently at a height of 30 m). It should be emphasised that
slopes of this magnitude require good construction quality.
Two examples of good construction quality shown in this

example is the use of grass-impregnated soil bags for the
slope facing and the use of tiered catchment drains for the
collection of surface and subsurface water run-off. The use
of grass-impregnated soil bags enables a stable slope face
to be developed while at the same time promotes quick
vegetation growth. The use of tiered catchment drains
enables the quick removal of surface water run-off as well
as being the exit drains for the subsurface drainage galleries
within the reinforced slope,

Figure 1. Example of a high, reinforced slope constructed
in hilly terrain.
2

REINFORCED SLOPE CONSTRAINTS IN HILLY
TERRAIN

The geomorphological and topographical nature of hilly, or
mountainous, terrain poses considerable constraints on the
design and construction of steep reinforced slopes. The
general geomorphology is similar to that shown in .Figure
2a where the terrain consists of a soil-filled slope overlying
a dipping bedrock stratum. The soil-filled slope either has
formed naturally or is the result of the dumping of earthfill
1998
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consequent y
exhibit
relatively
high
hydraulic
conductivities enabling easy penetration by groundwater.
When a reinforced slope of standard geometry is
proposed for construction in this type of terrain (Figure 2b)
a number of constraints may exist that considerably affects
the final design geometry. These are (Figure 2c):

K

/“”

Soil-filled
slope

/

a) General

. The ability to excavate the soil-tilled slope in order to
provide an adequate base width for the reinforced
slope. Slope instability at the rear of the excavation
may limit the base width possible.

1

geomorphology

Platform for,development

d
Reinforced
slope

. The presence of groundwater during excavation of the
soil-filled slope can promote slope instability at the
rear of the excavation and can prevent the formation of
a firm foundation beneath the proposed reinforced
slope.
While each of the above constraints has a marked effect
on the design geometry of the final reinforced slope it is
impossible to foresee these events with any degree of
certainty until construction is in progress. Consequently, in
many instances it is necessary to carry out a revised
reinforced slope design once the construction constraints
are known. To accommodate these construction con~,traints
the final design geometry of the reinforced slope may
resemble that shown in Figure 2d.
The revised reinforced slope geometry shown in Figure
2d is not what one would consider a “standard” reinforced
slope geometry inasmuch as:

slope

/

. The foundation at the base of the reinforced slope may
be uncompacted and soft. This may constrain the
geometry of the reinforced slope.

b) Required

solution

Required extent of
excavation
Instability at rear
of excavation
4

<“unc~so,idated
f :gjg~terenterin9
foundation
c) Construction

●

The foundation surface dips down from the toe of the
reinforced slope and is not horizontal.

●

The foundation may not be firm but may be sclft and
compressible.

●

Instability at the back of the excavation limits the
width of the reinforced zone at the base of the
reinforced slope.

●

The presence of the bedrock stratum may limit the
extent of the reinforced zone and may concentrate
shear stresses behind the reinforced zone.

constraints

Platform for,development
/

\

w’
/

Bedrock

Soil-filled
slope

d) “Revised

slope

Figure 2. Constraints on construction of reinforced slopes
in hilly terrain.
from nearby construction sites. In South East Asia these
soils are normally saprolytic, residual or colluvial deposits.
In many instances these soils are not compacted and
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Because of the above features, the use of design
procedures based on “standard” geometries is only of
limited use. When establishing an appropriate, safe
geometry for the required reinforced slope all of the above
features need to be considered. Because of some of the
unusual topographical and geomorphological features
involved in hilly terrain it is important to have an
understanding of their effect on the resulting geometry of
the reinforced slope. This is especially the case where
required reinforced slope heights are to be maximised.

Table 1. C,eotechnical parameters used in the parametric study,
Reinforced
Foundation soil
soil
Firm
Moderate
Bulk density (kN/m3)
18
18
16
Friction angle (0)
35
35
32
Cohesion (kPa)
150
150
20
Bulk modulus (MPa)
115
115
65
Shear modulus (MPa)
70
70
40
PARAMETRIC STUDY

3

To evaluate the effect of various geometric and material
parameters on the stability of reinforced slopes in hilly
terrain a parametric study was performed. It was considered
that the boundaries of external stability were important
aspects that required assessment for reinforced slopes
constructed in hilly terrain. In addition, stresses and
deformations were also considered important parameters
for investigation. Because of the specific nature of this type
of terrain and the need to evaluate the effect of foundation
compressibility as one of the aspects of reinforced slope
stability, it was concluded that a sophisticated modelling
procedure would be required. Consequently, the parametric
study was performed using a continuum method approach
(FLAC 1995).
3.1

Slope Geometry Analysed

A slope geometry indicative of that encountered in hilly, or
mountainous, terrain was used as a basis for the parametric
study. This is shown in Figure 3. The reinforced zone has
variables IT, L and ~.
Reinforced slope
\/

Soil backfill
/

H

1

/

Soil foundation

Figure 3. Reinforced slope geometry used in the parametric
study.
A bedrock stratum, on a 1:1 dipping plane, is present
near the heel of the reinforced zone. The presence of this
bedrock stratum concentrates shear stresses within the
backfill zone behind the reinforced zone, thus accelerating
a potential global failure mode. The location of the bedrock
stratum also restricts large vertical deformations at the heel

Backfill soil

Bedrock

18
35
10
85
50

22
45
5,000
20,000
15,000

soft
15
30
10
15
10

of the reinforced zone. This condition is considered
common in hilly terrain.
The reinforced zone is seated on a soil foundation with a
surface slope of 3:2 (34° to the horizontal). This slope angle
is close to the natural angle of repose for various soil types
and is considered common in hilly terrain.
3.2

Material Parameters Used

The various geotechnical parameters used in the study are
listed in Table 1. The soil in the reinforced zorle was
assumed a compacted cohesive-frictional fill indicative of
the saprolytic, residual and colluvial soils found in South
East Asia. In the reinforced zone, the reinforcement was
modelled by means of an additional apparent cohesion
within the compacted soil. To ensure the maintenance of
internal stability within the reinforced zone the layers of
reinforcement would have to impart an apparent cohesion
of 130 to 140 kpa according to the method proposed by
Hausmann (1976). Consequently, a total cohesion of 150
kpa was assumed for the reinforced zone.
Three different foundation soil conditions were adopted
for the parametric study – firm, moderate and soft (see
Table 1). Standard design methods for reinforced slopes
always assume a firm foundation beneath the reinforced
slope. While never specifically stated. a firm foundation
can be assumed to be one where it is impossible for a
bearing failure to occur, or where another type of external
instability occurs before the onset of bearing failure. IForthe
parametric study, the firm foundation has been given the
same properties as the reinforced zone. This was done to
ensure that foundation failures beneath the reinforced zone
could not occur, given the specific geometry of the
problem. With a foundation having these properties the
only external failure modes are global, sliding, compound
or overturning instability.
The soil foundation soil parameters listed in Table 1 may
be considered indicative of loosely placed soil or fill. While
not implicit, groundwater may be also present within the
loose fill.
The moderate foundation soil parameters are considered
indicative of naturally deposited soil without any form of
densification carried out. This is considered to be the most
prevalent tWe of foundation condition encountered in hilly
terrain in South East Asia.
It has been assumed that the soil backfill consists of
compacted local soil taken from the excavation of the
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reinforced slope. The bedrock is an incompressible stratum
that cannot fail internally.
For the parametric study, a reinforcement layer was
included at the base of the reinforced slope. The inclusion
of this layer was not to enhance the internal stability of the
reinforced zone but to determine what additional tensile
loads are exerted on the base reinforcement layer, given the
different foundation conditions and potential failure modes
occurring. In addition to the base reinforcement layer a
interface was included between the
horizontal
reinforcement layer and the surface of the soil foundation.
This interface layer was given a bond coefficient a’ = 0.7
which, while being lower than expected for modem
geosynthetic reinforcements, would be considered to
provide conservative (i.e. safe) stability solutions.
A second interface was included between the compacted
backfill and the rear of the reinforced zone. For this
interface a bond coefficient of a’ = 1.0 was used for all
cases.
3.3

External Stability Boundaries for Reinforced Slopes

From the parametric study it was possible to determine the
boundaries of acceptable external stability for reinforced
slopes analysed according to the geometry shown in Figure
3. Figure 4 contains plots of regions depicting stable and
unstable behaviour for the cases of reinforcement length L
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= 10 m and L = 20 m and for firm. moderate and soft
foundation conditions.
For the firm foundation case, Figure 4a, and for
reinforcement length L = 20 m global instability begins at
around 40 m height for the reinforced slope. Global
instability occurs along the boundary of the bedrock
stratum (see Figure 3). “Standard” design methods such as
the chart method proposed by Jewell (1990) would indicate
that significantly higher slopes were possible for L = 20 m,
however, these methods cannot take into account the
geomorphological featares shown in Figure 3. For the
reinforcement length L = 10 m case shown in Figure 4a
external instability can be induced by overturning,
compound or sliding depending on the reinforced zone
geometry. The calculated upper limit according to Jewell
(1990) has also been plotted. The results show that an
additional slope height of 8 to 10 m can be adopted
compared to that calculated using “standard” design
methods.
For the moderate foundation case, Figure 4b, and for
reinforcement length L = 20 m the onset of external
instability occurs around 25 to 30 m in height depending on
the slope angle. The onset of global and bearing instability
occurs before other forms of instability, e.g. sliding, etc.
Comparison with the firm foundation case shown in Figure
4a shows the effect of the change in foundation properties
on the achievable reinforced slope geometry. For the

reinforcement length L = 10 m case shown in Figure 4b
external instability is also induced by global and bearing
but (as expected) at a lower slope height than for L = 20 m.
The calculated upper limit according to the design charts of
Jewell (1990) has also been plotted. The results show that
there is fair agreement, however, this is considered to be by
chance as “standard” design methods cannot account for
bearing instability, which is the major mode of instability in
this case.
For the soft foundation case, Figure 4c, and for
reinforcement length L = 20 m the onset of external
instability occurs around 8 to 10 m in height depending on
the slope angle. As to be expected the dominant mode of
instability is bearing failure. For the reinforcement length L
= 10 m case shown in Figure 4C external instability is also
induced by bearing failure at comparable slope heights to
the L = 20 m case.
3.4

Reinforced slope,,
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2.0

Vertical Stress at Base of Reinforced Slope

The vertical stress acting across the base of the reinforced
slope was also recorded from the parametric study. This
stress was derived in the form of a vertical stress ratio
(VSR), being:

0
90

80

60

50

’60

50

Slope ~~gle ~ (0)

a) Vertical stress ratio at toe
(1)

where: cr’.,b= vertical stress along the base of the reinforced
slope; y = bulk density of the soil in the reinforced slope;
and H = height of the reinforced slope.
While the vertical stress at the base of the reinforced
slope varies across the width of the reinforced zone, for
simplicity, the vertical stress ratio at the toe of the slope
(KSRIOe)
and at the heel of the slope (l’SRh,,l) were the only
two locations recorded.
Figure 5 shows the results obtained for the firm
foundation case. At the toe of the reinforced slope (Figure
5a) VSR,O,ranges from 1,2 to 0.35 according to slope angle
and H/L ratio. For slope angles greater than 75° VSRtO, >
1.0. This is consistent with retaining wall theory. For slope
angles less than 75° VSR~O.< 1.0, the value reducing as the
= 1.0.
slope angle reduces. At ~ = 75°, VSR~O~
At the heel of the reinforced slope (Figure 5b) the
magnitude of Y~Rhe~]
is greatly dependent on the H/L ratio
of the slolpe. Relatively high values of VSRhc,l are obtained
for H/L ~=0.5. The reason for this is the effect of the
development of full friction between the reinforced zone
and the soil backfill. This effect reduces as the slope angle
reduces. For H/’ = 1.0 there is still some effect of backfill
friction giving VSRhc,l > 1.0 for slope angles greater than
55°. For H/L > 1.5 the effect of backfill friction is
negligible and consequently, VSRh,,l = 1.0 for slope angles
greater than 65°.
Figure 6 shows the results obtained for the moderate
foundation case. In general, the results are similar to those

.; 0.4
3
0’80
90
Slope ;~gle (3(0)
b) Vertical stress ratio at heel

Figure 5. Vertical stress ratio at the base of the reinforced
slope for the firm foundation case.
presented in Figure 5 for the firm foundation case.
However, the moderate foundation, being more
compressible than the firm foundation, enables al more
uniform stress distribution to develop across the base of the
reinforced zone than is the case with the fii foundation.
Consequently, the curves plotted in Figure 6 show more
agreement between the VSR~O.and VSRh..l values than is the
case for the firm foundation.
3.5

Additional Load in Reinforcement
Reinforced Slope

at B:~se of

Standard design methods that assume the presence of a firm
foundation calculate reinforcement loads according to
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slope applications the design loads carried by the
reinforcements are between 30 and 60 kN/m. Thus, only for
SOft foundation
conditions would the additional
reinforcement load be significant.

m

Reinforced slope.
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However, at the onset of instability the additional load
applied to the base layer reinforcement increases
significantly, even for the firm foundation case. This
increase in reinforcement load should provide added
incentive to ensure that reinforced soil slopes do not
approach external instability as the additional loads applied
to the base layer reinforcements could lead tc, their
premature rupture with subsequent collapse of the structure.
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THE ROLE OF DRAINAGE

The influence of good drainage on the performance of
reinforced slopes constructed in hilly terrain should not be
underestimated. This is especially the case in wet, tropical
climates where significant flows of surface and subsurface
water can occur. In these environments well- designed and
constructed drainage systems are essential and should be
considered an integral part of reinforced slope design and
construction.
Water may penetrate the constructed slopes in two ways
— as groundwater flow from the existing undisturbed
deposits behind the slopes, and as surface water run-off due
to rainfall. To accommodate these events a recommended
drainage layout is shown in Figure 7,

~ 2.0

!3 o

Table 2. Additional reinforcement load at base of
reinforced slope due to different foundation conditions.
Additional reinforcement load
Foundation
Stable conditions
Onset of instability
>20 kN/m
Firm
= 1 kN/m
> 3(I kN/m
Moderate
= 3 kN/m
>40 kN/m
soft
= 10kN/m

60

5(

Slope ;~gie p (0)
Compacted
backfill

b) Vertical stress ratio at heel

Fiwre 6. Vertical stress ratio at the base of the reinforce
S1OPC
for the moderate foundation case.

Reinforced zones
\*

internal stability requirements only. However, in situations
where the foundation is compressible additional tensile
loads may be imparted to the reinforcements as the
reinforced slope deforms. These additional tensile loads
would be a maximum at the base of the reinforced slope.
The parametric study was also used to calculate the
magnitude of these additional tensile loads imparted to the
reinforcement layer at the base of the reinforced slope.
Table ;! contains a summary of the results obtained. It is
noted that for stable conditions the additional loads
imparted to the base reinforcement layer are relatively
small and may be neglected for all cases except the soft
foundation case. For the soft foundation case the additional
loads are greatest, at around 10 kN/m. For most reinforced
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Figure 7. Recommended layout of drainage system within
high, reinforced slopes.
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To ensure the effective removal of groundwater from
behind the constructed slope subsurface drainage galleries
should be constructed within the fill zone, preferably at
every tier level in the reinforced slope. Since the compacted
backfill material is normally the same material as that
excavated at site, when replaced and compacted it exhibits
significantly less hydraulic conductivity than the adjacent
undisturbed deposits. Consequently, to remove the
groundwater effectively it is essential that the subsurface
drainage galleries be extended beyond the compacted
backfill zone to interface with the existing undisturbed
deposits. The subsurface drainage galleries can be of the
form of drainage blankets or feeder drains. The materials
used for the drains are normally small aggregates (for
drainage) with geotextile filters. The outlets of the
subsurface drainage galleries extend beneath the reinforced
soil zones, and exit within the surface catchment drains at
the toes of the reinforced slope tiers.
If the excavated soil is suitable it is normally used with
the geosynthetic reinforcement to construct the reinforced
soil zones, This is common practice in South East Asia
where the saprolytic, residual and colluvial soils exhibit
good shear resistance when combined with geosynthetic
reinforcement. The use of the locally available soil also
provides the most economical solution. When these soils
are compacted to form the reinforced zones it is difficult for
surface water to penetrate these fills especially when one
considers the nature of the surface geometry of steep
slopes. Consequently, surface water damage is normally
confined to surface erosion. To protect against surface
erosion, open catchment drains should be constructed at the
toe of each reinforced zone tier to prevent excess surface

run-off, Figure 7, To prevent surface soil loss it is normal
practice either to use an erosion control mat on the surface
of the slope or to use grass-filled soil bags. Grass-filled soil
bags are normaIly used for the steeper reinforced soil
slopes.
5

MODULAR APPROACH TO DESIGN

The design of steep reinforced slopes in hilly, or
mountainous, terrain lends itself to a modular approach
inasmuch as the reinforced slope can be divided into similar
regions, or modules, within the height of the reinforced
slope, Each module can be assessed for internal stability as
well as sized appropriately to ensure external stability of
the whole reinforced slope. A modular approach to design
also enables added flexibility in the sizing of the individual
modules, standardisation and simplification of the
reinforced soil components within each module, and the
ability to readily re-size specific modules if construction
conditions are not the same as assumed during the design
phase.
Figure 8 shows the general basis for the modular design
approach. The reinforced slope is designed as a series of
reinforced soil modules. Each module consists of its
reinforced soil zone along with its associated integral
drainage system. Each reinforced soil module can be 6 to
10 m in height, but is more commonly 6 to 8 m. During
construction, it is common practice to step-back the face of
each succeeding module between 1 to 1.5 m. This enables
enough space for the construction of the surface catchment
drain.
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The length of each module, L. in Figure 8, needs to be
assessed with regard to the maintenance of internal and
external stability. The results shown in Figure 4 may be
used as a basis for the assessment of external stability.
The internal stability of each module is assessed by
plotting the horizontal stress distribution through the
module and ensuring that there is adequate reinforcement
capacity 10 resist the horizontal stresses. The procedure
used to determine the horizontal stress distribution through
each module is shown in Figure 8. First, the vertical stress
distribution at the top and the base of each module is
determined, e.g. by using the results in Figures 5 and 6.
Second, the vertical stress distribution through each module
can then be determined using the vertical stress at the toe of
each moclule as the basis. Third, the horizontal stress
distribution can then be determined by adopting an
appropriate value of K, the ratio of horizontal to vertical
stress. Values of K as proposed by Jewell (1990) may be
used. Checks for adequate reinforcement bond capacity can
be performed by deriving a vertical stress distribution
through each module based on the vertical stress at the toe
and the heel of each module.
6

CONCLUSIONS

The paper has concentrated on a specific, but important,
aspect of reinforced slopes – that of their construction in
hilly, or mountainous, terrain.
While the use of “standard” design methods may be
appropriate for assessing the internal stability of reinforced
slopes constructed in this type of terrain, their use for
assessing the overall dimensions of the reinforced zone for
external :stability purposes is not appropriate. Specific
aspects such as local topography and geomorphology, as
well as foundation conditions need to be considered, and
these can result in significantly different solutions
compared with those solutions provided using standard
design methods and charts.
Good drainage should form an integral part of any
reinforced slope design in hilly terrain, especially in
tropical climates where high rainfall is prevalent. Attention
to the controlled removal of both surface and subsurface
water is crucial for good performance.
A modular approach to the design of steep reinforced
slopes offers a number of advantages over the conventional
approach of considering the reinforced zone as one single
mass. Its major benefit lies in the flexibility of being able to
consider the reinforced slope as separate regions (modules)
that can be sized according to their location in the slope,
and reinforced according to the magnitude of the vertical
stresses acting at the top and the bottom of each module.
The modular approach enables a number of the components
of reinforced slope design to be standardised, and allows
the slope geometry to be easily adjusted according to local
construction conditions.
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Case Study. Bluewater Retail & Leisure DestinationMajor reinforced soil slopes to form steep sided new lakes.
J.H. Dixon
Tensar International Ltd, New Wellington Street, Blackburn, UK
ABSTRACP Bluewater is a new f360M ($580M) retail and leisure destination located in a former chalk quarry in
England. Enabling Works involved bulk filling and the formation of a number of lakes. Two of these lakes were formed
with slopes at 70° to the horizontal, about 10m high, and which in places were surcharged with highway embankments.
Lakes 1 and 2 were constructed with several hundred linear metres of reinforced soil slopes, incorporating high density
polyethylene uni-axially oriented geogrids. Lake 1 was also lined with a geomembrane which, to avoid damage could not
be placed on or near the slope face. The geomembrane was therefore located underneath and behind the rear face of the
reinforced soil block. This detail posed unusual design considerations involving sliding stability and the analysis of a
number of load cases for different combinations of water level, The design and construction of these lakes including
three innovative facing details are discussed.
KEYWORDS: Geogrid, Steep slope, Reinforced embankment, Geomembrane lake liner.
1

INTRODUCTION

Bluewater, developed by Lend Lease is located
approximately 30km east of London. On completion, in
March 1999, it is intended to be the largest and most
prestigious retail development in Europe, containing
140,000m2 of retail space, 13,000 car parking spaces,
nearly 12,0C~Om2
of leisure space and with a million trees
and shrubs landscaping the area.
The site is located in a former deep chalk quarry. The
construction of several lakes was included within an
Enabling Works contract which principally involved bulk
filling with approximately 3M m3 of a local silty sand.
Two of the lakes, Lakes 1 and 2, were formed with steep
sides in order to maximise their water volume and depth
for environmental reasons.
Lake sides sloping at 70° to the horizontal and
approximately 10m high were selected. In places these
slopes were to be surcharged by highway embankments
and landscaping fill under a later contract. The Client’s
Consulting Engineer, Waterman Partnership, recognised
at an early stage the economic and practical advantages
of reinforced soil techniques.
As the ground water level was known to vary
significantly it was decided to line Lake 1 with a
geomembrane in order to retain a constant lake water
There were concerns about the long-term
level.
durability of the geomembrane and in particular its
vulnerability to potential damage from burrowing
wildlife or boat impact if it were placed on, or close to,
the slope surface. It was therefore decided to locate it
underneath and up the rear face of the reinforced soil
block.

2

REINFORCED SOIL DESIGN

2.1

Outline Design Brief

The Engineer invited Tensar International Ltd to assist
with specialist design support in developing the
reinforced soil design beyond the concept stage.
Lake 1, with the geomembrane lining located below the
reinforced soil block, presented two unusual reinforced
soil design challenges:
a) The potential for sliding of the reinforced soil block
over the geomembrane.
b) The combination of the large number of possible
water levels (within both the lake and the external
ground) and various imposed loadings conditions,
phased with the subsequent highway and landscaping
contracts.
Furthermore, the design brief called for a lowcost
durable face with a 120 year life and high security
against wash out of the fill.
2.1.2 Basic Design Parameters
The till which was to be sourced from an adjacent quarry
Its design
was a silty fine sand (Thanet Sand).
parameters were:
4W = 31°, c’ =0, YOP,
= 19.3kN/m3 and y,., = 20.2kN/m3
A series of 30cm x 30cm laboratory shear box tests was
commissioned to measure the frictional shearing
resistance between the various specified geosynthetic
materials and this fill.
The selected lining system was lmm thick modified low
density polyethylene (LDPE) geomembrane protected by
a 700g/m2 polypropylene needle punched geotextile. The
critical interface shearing angle (41,)for this combination
was measured at 20°.
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Two strengths of high density polyethylene (HDPE)
geogrid reinforcement were selected; Tensar 40RE (Type
1) and Tensar 80RE (Type 2). These are manufactured
from extruded sheets and orientated (stretched) in the
machine direction, Their Index QC strength in the
longitudinal
direction is 40kN/m and 80kN/m
respectively and rib thicknesses (tf) O.7mm and 1.3mm
and (tb) 1.!hnm and 3.6mm respectively (Figure 1).
Shear tests on these two grid types with the chosen fill
material indicated friction angles in excess of 26° (i.e. a
coefficient of soil interaction p > 0.8).

Note: the net mobilizing force (P) is assumed to act on
an angle to the rear of the reinforced soil wall = 1Ax +’l,.
W = weight of the reinforced soil block and F and N are
the frictional and normal forces acting on the inclined
geomembrane.
By resolving forces perpendicular to the geomembrane:
Wcosct+

Psin(lOO+a)=N

(1)

By resolving forces parallel with the geomembrane:
F = N tan 20°

Roll width

Roll

(2)

R

FoS =

F+ Wsina

(3)

Pcos(lo’’+a)

FoS = [ ‘Co’a+’sin(’oo+
Pcos
Figure 1 Geomehy of the grid reinforcement
2.2

External Stability

The shear box testing contlrmed that a critical potential
failure mechanism for Lake 1 was sliding over the
geomembrane lining system. It was therefore decided to
incline the lining at an angle a of approximately 5°
below the reinforced soil block (This equated to a fall of
1.5m from toe to heel over the width of the block).
The basal reinforcement layer remained horizontal and
was positioned a minimum distance of 100mm above the
lining system at the face. This ensured that the critical
interface frictional value would not be further reduced.
The factor of safety against sliding over the inclined
geomembrane was calculated by resolving forces about
the gcomembrane (Figure 2).

Incllned /
geornernbrane

F

Figure 2 Force resolution on reinforced soil block.
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10°+a
()
(4)

Where FoS = Factor of Safety against sliding over the
lining system. (i.e. the resisting force divided by the
sliding force).
FoS for design was specitied as 1.5 for the temporary
condition and 2.0 for the completed works. Figure 3
shows the cross section through the north side of Lake 1
and the particular loading condition which was found to
be critical for sliding stability i.e. the condition prior to
the placement of landscaping fill and with the lake water
level lower than its final design level.
The width of the reinforced soil block is dimensioned to
provide sntllcient weight (W) to satisfy FoS.
Lakes 1 and 2 were also checked for other external
stability conditions, including
sliding over the
reinforcement.
2.3

Reinforced SOIIblock

a)lhn’o”+wsina

Internal Stability

The specialist designer’s experience of other reinforced
soil structures with a similar geometry was that design
principles based on the German Institut fiir Bautechnik
(DIBt) would produce a stable and economical solution.
Internal stability calculations take the form of a two-part
wedge analysis through the reinforced soil block. A
series of two-part wedges are examined with the lower
part of the wedge originating at the structure face and
passing through the block, and the upper part of the
wedge passing up the back face of the reinforced soil
block. The active pressure, above that point where the
lower part of the wedge cuts the back face of the
reinforced soil block, is added to the disturbing forces
acting on the two-part wedge to give the total disturbing
force. In the case of internal stability, the resultant active

force is taken to act on angle equal to the friction angle of
the soil block rear face.

Traffic load of 10kNlm2

Landscape
zone mlsslng ~

For Lake 1, the critical condition for internal stability
was identit3ed as the completed structure fully landscaped
under the rapid ‘draw-down’ condition with the lake
empty (perhaps during a future maintenance operation)
and the bactilll behind the reinforced soil block filly
saturated, A typical reinforcement layout for the north
side of Lake 1 is shown in Figure 5. The maximum
vertical reinforcement spacing was set at 60cm.
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Figure 3
Reinforcement must be provided to resist the disturbing
force on each two-part wedge by intercepting the wedge
The two-part wedge stability
being considered.
calculation should be carried out from the toe of the
structure, the bottom grid layer, at all levels where the
grid spacing alters and at every level where the grid type
alters.
The reinforcement design strength is obtained from the
creep-limited strength appropriate to the design life and
in-soil temperature.
Specific partial factors are then
applied to take account of such factors as installation
damage. Finally, an overall FoS = 1.75 is applied to the
strength.
The reinforcement layout was derived by analysis with
lower part wedge angles @) set at 3° intervals (Figure 4)
using the specialist designer’s computer program Winwall. (Tensar International, 1995)
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Figure 4 Two-part wedge analysis.
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Figure 5 Typical reinforcement layout.
Note: The road embankment (part of a later contract)
was constructed using reinforced soil.
2.4

Face Detail

The face of the reinforced slopes had to be relatively
inexpensive while possessing high durability and damage
resistance.
The Engineer ruled out a proprietary
segmental concrete block face on the grounds of cost, and
instead selected a geogrid wrap-around face. With this
detail, the horizontal reinforcement layers are extended
up the temporarily supported face of the fill and then
returned back horizontally and connected with a fhllstrength joint to the next layer of reinforcement. There
was stilcient
information on the durability of the
grids to sati@ long-term serviceability
specified
questions (Wrigley, 1987).
The face also had to remain permeable and retain the
silty sand fill. Attention was therefore focused on the
selection of a geotextile filter to line the wrap-around
face. It was recognised that any damage or malfimction
of this geotextile could lead to a steady wash out of tines
and ultimately to collapse.
It has
Netlon 1004R geotextile was specified.
independent certification from the German Federal
Waterways Authority (BAW) based on rigc~rous
performance testing with a range of soils including silty
sand. These tests assess:
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filter performance by filtering a real soil in turbulent
conditions and also examining the resultant
permeability after impregnation with soil particles.
residual tensile strength following exposure to
abrasion (16 x 5000 revolutions of a rotating drum
containing gravel and water).
puncture resistance in a test replicating rock armour
units being dropped on a soil supported-wmple.
This non-woven geotextile is manufactured by needle
punching two separate geotextiles, one containing staple
(short) fibres of polypropylene and the other, a polyester,
to create an integrated 800g/m2 duplex material. This
efficient double layer arrangement provides a coarse fibre
pre-filter which, additionally, interacts with the soil to
achieve a degree of mechanical stabilisation of soil
particles which may otherwise be prone to migration.
Despite this certified evidence of the geotextile’s
robustness i~d field experience with similar products
under extremely severe test conditions (Dixon et. al,
1990), the Engineer was concerned about its vulnerability
to damage e.g. from accidental impact, burrowing
animals, nesting birds and long term exposure to ultra
violet (UV) radiation.
The Engineer, therefore, specified an outer grid wraparound face retaining a 15cm wide layer of 5 - 10cm
sized hard durable fill as cover protection to a geotextile
wrap-around local to the face of the silty sand fill (Figure
6).
With the specified grids it is possible to create a iidlstrength connection between adjacent lengths using an
HDPE bodkin (Figure 7). In a wrap-around detail this
bodkin provides a more positive joint than simply relying
on a frictional anchorage. Furthermore, when the higher
grid length is tensioned during installation this helps pull
the lower wrap-around face tight.
/:
Hard, durable granular fill
[50mm paruck sizel

Chalk fill

Geomembrane’

*

1
300mm

I

I 00mm

4

/

/

Thanet sand screened to 5mm max
As-dug Thanet sand
compacted in accordance Pm*
*e compa-d aaordln9 ~
specltlcatlon
with spadflcatlon

Figure 6 Cross-section showing face detail.
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Figure 7

3

CONSTRUCTION

3.1

Contract Award

The Enabling Works contract was let by Bluewater
Construction Management Team (BCMT) to O’Rourke
Civil Engineering Limited in early 1996 following a
competitive tendering process. O’Rourke chose to use
the specified geosynthetics. They appointed a specialist
sub-contractor to supply and install the lining system for
Lake 1 and opted to construct the reinforced soil slopes
themselves.
3.2

Lake 1

Lake 1 is oval in plan with a perimeter slope length of
approximately 500m. Reinforced soil installation began
in April 1996. The Contractor selected a 2.4m high
timber formwork system, supported by scatlold tube and
fittings, for temporary support to the grid wraparound
face (Figures 8 & 9), A 60cm high inner plywood former
with lifting holes, tapering in cross section from 20cm at
the top to 15cm at the bottom, was used to form the inner
geotextile wrap-around.
The grids were cut to design length on site. Bodkin
joints were used to avoid wastage from end of roll offcuts. These lengths were abutted against the inside face
of the shutter and nominally joined by cable ties to avoid
The internal
any gaps opening during installation.
former was then placed against the grid face and the
geotextile was wrapped around the internal face of the
former. A geotextile overlap of 50cm was specified. The
silty sand fill was placed and compacted in lifts to a
depth of 60cm. This fill was found to have sutllcient
short-term cohesion that the former could be carefilly
raised and the resulting void filled, by hand, with coarse
material without any slumping of the geotextile face.

Figure 10
The geotextile was then wrapped up the rear face of the
filled unit and the bulk fill placed behind. The main grid
length was then wrapped up the front face of the unit and
bodkined and tensioned as normal.
This alternative method proved a little quicker,
particularly for the higher levels, although the alignment,
while acceptable, was less consistent.
The reinforced soil slopes of the Lake are constructed
with approximately 60,000m2 and 80,000m2 of geogrids
Types 1 and 2 respectively supplied in 50m x 1.3m rolls.
They were constructed in approximately 3 months.
Figures 8 & 9
3.3
The grid wrap-around face was next returned over the
coarse fill and connected to the next grid layer using a
bodkin. The free end of the upper grid was then hand
tensioned using a steel beam.
The face of Lake 1 was slightly reprofiled by local
steepening to accommodate 20cm horizontal ledges at the
top of each 2.4m lift on which the shutter could be
The overall slope remained at 70°. (The
seated.
geomembrane which extended up the rear of the
reinforced soil block also required its own temporary
shattering).
These details resulted in relatively slow outputs of
around 40 - 50m2 of completed face area per day using
two gangs. In order to improve this, the Contractor
developed a face detail which replaced the shutter and
plywood former with an internal steel mesh former. This
was produced by site cutting 5mm diameter steel mesh
sheets and bending them into ‘U’ shaped units 60cm
high x 28cm wide. These units were positioned to act as
a permanent face former (Figure 10) and then filled with
the coarse fill. Since the steel mesh aperture was 20cm x
20cm, the vertical face of the unit was lined with geogrid
Type 1 before filling. The top of the unit was cross
braced using steel tie wire.

Lake 2

The water level of Lake 2 was designed to fluctuate with
that of the surrounding chalk aquifer and so no
geomembrane lining was necessary. About half of the
sIope length of Lake 2 was formed from the existing
chalk quarry face.
Reinforced soil construction took place in the Winter
and Spring of 1997. In order to simpl@ and accelerate
installation the Contractor, with assistance from the grid
manufacturer, proposed a radically different face
comprising site-cast, ordina~-Portland-cement concrete
blocks (with 50MPa 28 day compressive strength).
These blocks were 2.7m long, 0.6m high and 0.3m wide
and contained either one or two layers of’ starter’ lengths
of cast in Type 2 geogrid (Figure 11). The deeply
embedded thick transverse bar of the grid has been
shown to provide an anchorage in excess of the design
strength of the reinforcement.
HDPE grids have been shown to be untiected by the
highly alkaline environment associated with concrete
embedment. (Wrigley, 1987)
This solution was attractive to the Contractor who had
already established a batching plant on site and estimated
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that he could produce blocks at about a third the cost of
typical propriety segmental units.
For simplicity, the blocks were produced with a stepped
vertical face and so the slope profile was amended
(Figure 12).

Complete
transverse bar
of geogrld

\

Gaogrid lype 2

I

\

4

CONCLUSIONS

This paper explains the design approach used to address
the unusual situation of a reinforced soil lake slope
overlying a geomembrane lining system.
The construction details of the three reinforced steep
slope facings on this major UK project are also described.
Although the retail park is not scheduled to open until
early 1999, Lake 1 (lined) had been substantially
completed by the end of 1996 and Lake 2 by the Spring
of 1997. There has been no sign of any movement or
instability in the reinforced soil structures.
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YFigure 11 Cross-section of typical block.
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Stabilization

Of A Slope Failure
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ABSTRACT This paper describes the basic principles of steep slope stabilization using soil bioengineering to reconstruct and
stabilize a section of slope along Massachusetts Turnpike at Mile 79.3 E.B. Discussions will focus on the principles of soil bioengineering and reinforced soil slope (RSS) designs, benefits of this interdisciplinary environmentally sound approach, and case
study details: vegetation harvesting and storage, design, installation and project status as of October 1997. Design of a fill material, satisfying both agronomic needs of vegetative components and engineering requirements for slope stability, is described.
Meeting environmental and aesthetic goals was paramount.
Use of tensile inclusions made from live branches and polymeric geogrids made it possible to construct a highly steepened
4V 1H vegetated earthen buttress slope.
RSS is useful in constructing steepened slopes, improving stability and reducing required fill volumes. Soil bioengineering
uses woody vegetation installed perpendicular to the slope face on constructed illl terraces. The installed branches offer immediate reinforcement as supplemental tensile inclusions.
KEYWORDS: Soil Bioengineering, Bioted-mical, Slope, Stabilization, Vegetation.
1

INTRODUCTION

Mechanically stabilized earth (MSE), or reinforced soil slope
(RSS) embankment systems are commonly used for the
widening and reconstruction of existing roads and highways.
This paper focuses on the benefits achieved by combining the
principles of soil bioengineering and reinforced soil slope
design to reconstruct a failed slope on the Massachusetts
Turnpike.

2

SYSTEM OVERVIEW

2.1 Soil Bioengineering and Biotechnical Slope
Stabilization Techniques
Soil bicengineering techniques have been used around the
world for centuries and were used in the United States by the
Department of Agriculture’s Soil Conservation Service in the
1930s. They have since been incorporated into the USDAS
National Resources Conservation Service Engineering Field
Handbook as Chapter 18, “Soil Bioengineering for Upland
Slope and Erosion Control.”
Soil bioengineering uses
mechanical, hydrological, biological, and ecological principles
to develop living structures for the stabilization and revegetation of cut and fill slopes. Living woody plant material forms
the main structural component. Soil bioengineering is typically used in conjunction with sound engineering data and design,
a fact that is especially evident on this project.
In this case, live cuttings from woody plrints were installed
in the ground in specific contlgurations and served immedi-

ately as soil reinforcements, horizontal drains, barriers to earth
movement and hydraulic pumps or wicks. Much the same as
with geogrids, additional stabilization occurs when the roots
develop along the length of the embedded stems. Woody vegetation when properly designed and installed in these speciilc
contlgurations, can create stable, composite earth masses. Its
functional value has been well established. These cuttings can
be used alone or in combination with geosynthetic materials.
When living vegetation is combined with inert components
such as geogrids, the approach is referred to as biotechnical
stabilization. Essential y the vegetated geogrid is a composite
of soil bioengineering and an RSS system in which the slope
will always be dependent upon the RSS structural measures
for stability. This case study project represents an excellent
example of how to combine technologies.
2.2 Engineering a Reinforced Soil Slope
The design approach to engineering an RSS is a generic
process that is typical from slope to slope.
2.3 Anticipated Benefits
The combination of RSS and soil bioengineering systems typically provides the following benefits:
.
Immediate slope stabilization and erosion control
~limination of the need to purchase additional rights-ofway since slopes can be nxonstructed at very steep angles
.
Reduction of maintenance costs, as there is no need to
return to the site to add soil or gravel, or to hydroseed
.
Moditlcation of soil moisture regimes using backslope
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drainage systems and/or the
brushlayer branches which
act as wick drains
.
Enhancement
of
opportunities for wildlife
habitat
and ecological
diversity
.
Improved
aesthetic
quality and scenic beauty
through revegetation and
naturalization of the slope.

3

CASE STUDY

3.1 Project Site
The project site is located
immediately adjacent to the
eastbound lane of the
Massachusetts Turnpike at
Mile 79.3 in Charlton,
Massachusetts. The slope
was approximately 144.87
meters (475 feet) in length,
ranged from 3.05 meters vation and slope reconstruction
(10 feet) to 15.25 meters
(50 feet) in height and had a
slope angle of approximately lV 1.5H. Stabilization was
needed to remediate ongoing stilcial sloughing failures.
These failures ultimately formed a large expose~ unvegetated
area that was increasingly vulnerable to progressive surface
erosion and further failure. Groundwater seepage, saturated
surtlcial soils, and seasonal freeze-thaw cycles exacerbated the
instability of this north-facing slope. On both sides of the
failed area the slope was well vegetated and appeared stable;
however, it was apparent that the failure was expanding on
both sides, as shown in Figure 1.
Subsurface conditions at the site include widely gradecL
slightly cohesive, dense to very dense glacial till overlain by
shallow surticial topsoil and forest mat. Bedrock is typically
located within 3.05 meters (10 feet) of the base elevation of the
slope. However, during construction an outcrop of poor rock
was discovered along a 7.62 meter-long (25 feet) section of
slope. The rock sloped unfavorably toward the roadway and
required controlled blasting to cut it to a stable surface on
which the slope could be ~constructed.
3.2 Project Background
Due to the nature and extent of the failure conditions, the
Massachusetts Turnpike Authority (MTA) decided it was
imperative to correct this situation by reconstructing the slope.
See Figure 1. If not treated, these conditions would inevitably
lead to further slope failures, additional maintemnce costs and
an expanding, unsightly, unvegetated slope along a scenic
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stretch of the Turnpike. A concrete barrier was installed along
the base of the slope to contain the failed soil mass and prevent
it from moving onto the roadway.
The aim of the project was to design and construct a 4V lH
earthen buttress immedmtely in front of the cut slope to provide internal, external, and compound stability. The soil bioengineering approach was adopted to meet the requirement of
an aesthetically pleasing and environ-mentally sound reconstruction and to assist in controlling internal drainage. This
combined approach uses vegetated geogrids to provide the
much-needed surflcial stability and to suppmt long-texm vegetative growth with almost no maintenance requirements. The
geogrid is a hybrid design that incorporates brushlayers in the
frontal, wrapped portion of the RSS. Over time the live
branches take root and increase the internal stability of the
reinforced slope.
3.3 Remedial Design
The remedial design called for excavating the failed slope
back approximately 6.1 meters (20 feet) to the same slope
angle (4V lH) as the proposed slope and constructing a steepened, biotechnically stabilized earthen buttress. The slope was
stabilized with layers of primary and secondary geogrids,
burlap, vegetated geogrids at the face, and live fascines over
the top of the finished slope. Figure 2 shows a cross section
depicting the existing slope (dashed line) and the remedial
design.

the slope. They will also
provide
some measure of
EXIRTTNGGRADE
WOODS
I
internal stability initially and
over the long term. The
LIVE
FAW3NS
alternating sequence of constructed earthen terraces and
GLACIAL
TILL
live branch brushiayers is
shown
in Figure 5.
SPECIFIED
FtLL
MATFWAL
PREFABRICATEDDR.41NAGESTRIPS
(FOURPART5ORDINARY BORROW
(5’ WIDE AT 15 O.C. ON EXFWSEDSLOPE)
TO ONS PARTORGANIC LOAM BY
Drainage panels (1.52
VOLUME)
STABILIZATIONGEOGRID
meters (5 feet) wide, spaced
(4,
VER’IIC,4LSPACING,
LIvE CUT BRANCHES
3. SPACES
4.57 meters (15 feet) on center) that extend vertically
GEOGRID
along the back side of the
,/”
.<
slope were designed to
accommodate the migration
of groundwater into the reinforced portion of the slope,
preventing the buildup of
Figwe 2. Cross section of remedial slope design
hydrostatic pressures in that
area. These panels connect
The primary geogrid was designed to provide global, interinto a .305 meter ( 1-foot) thick crushed-stone drainage layer at
nal, and compound stability to the slope. This grid extends
the base of the slope, which extends the full length and width
approximately 6.1 meters (20 feet) from the face to the back of
of the slope.
the slope. The vertical spacing of the primary geogrid is .61
As shown on Figure 1, four types of backfill were used to
meter (2 feet) over the lower half of the slope and 1.22 meters
reconstruct the slope in addition to the crushed-stone drainage
(4 feet) over the upper.
layer at the base. These bacldls are granular borrow, ordinary borrow, 50/50 mix, and specified fill. The first three conAs shown in Figure 3, the secondary geogri~ burlap, and
stitute the structurally competent “core” while the specified fill
brushlayers (which together constitute the vegetated geognd)
at the face provides a media amenable to plant growth. The
were primarily designed to provide facial stability to the slope.
specified Fdl used in the front 3.05 meters (10 feet) of each lift
As shown in Figure 2, the secondary geogrid and burlap
is a blended material consisting of four parts ordinary borrow
“wrap” the face of each vertical lift between each row of
to one part organic loam by volume. It should be noted that
brushlayer branches. The burlap temporarily prevents soil
the lifts were constructed to slope away from the face (-2tT)
from sloughing out of the face through the grid openings until
the plant materials produce leaves and
roots. The face wrap extends .91
meters (3 feet) into the slope at the bottom of each vertical lift and five feet at
the top. All lifts were constructed
using a continuous batter board to contIol the slope of the face. A front view
of the vertical and lateral limits of the
vegetated geogrid lifts and brushlayers
is provided in Figure 4.
Brushlayers consisting of 2.44 to
3.05 meter (8 to 10 feet) long willow
(@ix sp.) and dogwood (comus sp.)
branches were placed on the constructed earthen terraces between each .91
meter (3 feet) vertical lift. These
brush-layem, which are installed in
layers with the growing ends exposed
extend from the face approximately
3.05 meters (10 feet) back to the midpoint of the slope. During the growing
season, these brushlayers will root and
produce leaves, stabilizing the face of
FENCZ

~“”A”’R-”BO”ow

Texas at Austin
UTEXAS3 program.
For design of
the slope, stability
analyses were conducted to determine:
(1) the width of the
I /
1
:
I
I
reinforced
zone
1’
I
I
required to provide a
A
I
I
I
@
I
minimum safety facJ
@
VECETATED
GEOGRID
1
r
@
I
I
tor of 1.5 for deep@
I
I
seated failure suro
I
FIRST LAYEROF
/I
;
faces,
and (2) the
r LIVECUTITNGS
vertical spacing and
design strength of
FACE VIEW
soil reinforcement
elements required to
Figure 4. Front view of as-built slope illustrating limits of slope remediation aetivites.
provide a minimum
factor of safety of
1.3 for both inter@
and that fertilizers were added to each lift to further optimize
and compound failure surfaces. For temporary construction
the growing conditions for the installed brushlayers.
conditions, stability analyses were conducted to cordlgure the
A 1V3H cut was made above the steep slope and live
cut so that a minimum factor of safety of 1.2 was maintained
fascine bundles were installed to prevent surface erosion and
during the construction process. The computer output for the
global stability analysis used to determine the lateral extent of
to rapidly revegetate the slope with woody plant materials. As
illustrated in Figure 6, a live fascine is a collection of live cut
the reinforced zone is provided in Figure 7. The failure surface yielding a minimum factor of safety of 1.5 generally
branches grouped together in a bundle and secured with twine.
defines the extent of the reinforced zone.
The bundle was placed in trenches and anchored with dead
stout stakes and live stakes. These structures provide immedi3.5 Agronomic and Geotechnical Considerations
ate mechanical stabilization and erosion control and will evenThe design and construction of this slope presented several
tually grow and reinforce the surface soil mantle. In this particular application,
they also act as a
drain, collecting
water and transporting it laterally
to both ends of the
site.
TOP
OFSLOFZ

3.4 Stability
Analyses
A series of slope
stability analyses
were conducted to
design the RSS
and assess the stability of the slope
under temporary
construction conditions (i.e., the
cut slope condition).
These
were
analyses
conducted using
the University of
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cial soils. However, since it was desirable to allow some water to migrate to
the willow and dogwood branches in
the slope, the design was moditled to
utilize 1.52 meter (5 feet) wide p~fabricated drainage strips spaced 4.57
meters (15 feet) on center in place of
the continuous crushed-stone backslope
layer. That allows some groundwater to
migrate into the reinforced zone withSELECTED
FILLM4TERL4L
OUtPt2rmitting hydrostatic preSslllW to
develop on the back side of this zone.
LIVEBRANCHES—
The brushlayem also function as horizontal drains, Educing the possibility
Ofhydrostatic plWS~S.
“ O-c
material - To provide favorable conditions for plant grew@ it was
desirable from an agronomic standpoint
to
incorpomte orgtic material & the
“1 .“”’”w
backtlll. To accommodate this, the
outer 3.05 meters (10 feet) of slope,
Figm 6. Establishing live fascine.
starting approximately 1.52 mete~ (5
feet) up from the base of the slope, was
bacldled with a blended material conchallenges involving the need to balance agronomic and geotsisting of four parts of ordinary borrow to one part loam by
echnical requirements. The factors to be balanced were these:
volume. By carefully seleeting the mixture and the location
(1) the need for water and nutrients in the slope to sustain and
within the slope and checking the global stability and location
promote vegetative growth versus the desk to remove water
of faihue planes, it was possible to satisfy both the agronomic
so as to eliminate hydrostatic pressunx; (2) the need to use
and geotechnical design requirements.
organic matter in the slope to provide nourishment for plant
“ Construction time fmme - The freezing of subgmde soils that
growth and development versus the desire to construct the
contain high organic material and water was a daily conce~
slope with freedraining, inorganic, granular soils and (3) the
since the construction was done mostly during the winter
need to construct the slope during the
fall and winter months while the vegetative plant materials we~ in a dormant
state versus the desire to construct the
slope during warmer weather to prevent
TOPSOILJFOREST
MAT
soil freezing problems and weather
delays. A fti agronomic considemtion
was that the plant materials needed to
be properly stmed following hmvesting
to protect them from shock. A brief
discussion of each of these topics folTILLUPPER
lows.
●

Drainage - The original design ea.lled

1
r-

4
for a continuous backslope drainage
system to intemept groundwater before
it enters the reinforced portion of the
slope and divert it to the gravel subbase
and drainage system beneath the slope.
The backslope dminage system was
originally designed to consist of freedraining cmshed stone, with filter fabric against the natumlly deposited gla-

T3LL
LOWER
FS=I.S3
BEDROCK
20’
Figm 7. Factor of safety for deep-seated global failure surface.
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The face of the major slope
reconstruction, the vegetated
geogrid, looks very good. As
shown in Figure 8, the slope is
stable and the vegetation is
well developed. The cut slope
above is also well vegetated
and appears stable.
This biotechnical installation should continue to root
and grow, thus providing for
increased surface protection,
soil reinforcement, and an aesthetically pleasing revegetated
slope. Over time, natural invasion from the surrounding
plant community is expected
to occur, causing the system
to blend into the naturally
wooded scenic setting of the
area.
Thus the long-term
mechanical and ecological
goals of the project will be satisfied.

Figure 8. The condition of the project site, July 1996.

months. To minimize the impact of freezing, the lifts were
adequately compacted at the end of each workday, and were
inspected the following day for the occurrence of heave or formation of ice lensew in additiom unsuitable frozen subgrade
soils were removed when needed. Furthermore, frequent
snow-storms limited the number of workdays on the project’s
already tight schedule. Accumulating snow, which had to be
plowed from the previously constructed lifta before work
could continue, shrunk staging and storage areas significantly.
It should be noted that a near record snowfall in excess of 254
centimeters (100 inches) occurred during the winter this slope
was constructed, following an unseasonably warm fall.
“ Harvesting, handling and storage of cuttings - The barvesting
of suitable, biotechnically capable plant material and installation of the soil bioengineering systems needed were carefully
plannecL coordinated and maintained. Numerous potential
harvest sites were located before the project started. Sites
were then selected based on the quality of material, site accessibility, and proximity to the project site. These harvesting
sites contained large stands of willow (Salix sp.), a species
well-suited for soil bioengineering construction. Refrigerated
trucks were used to transport and store the live cut branches,
which allowed the cuttings to be stored for long periods of
time, such as a month or more. Proper temperate. and
humidity controls were maintained to keep the branches in
dormancy and prevent the cuttings from dying out. The use of
refrigerated trailers allowed the contractor to transport larger
quantities of material to the site, providing installation CEWS
with immediate access to live cuttings when needed and
improving overall operations and eftlciency.
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Finite Element Analysis of instrumented geogrid reinforced slope
A. Ghinelli
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ABSTRACT: A 15 m high green faced reinforced slope was built in 1996 to consolidate a landslide situated on the
Montone hill in the province of Perugia (Italy). The reinforced slope was built using as fill material locally available soils
and as reinforcement HDPE mono-oriented extruded geogrids. A section of the slope has been fully instrumented in order
to ver@ its long term behavior. To evaluate the field stress and deformation behavior of the Montone reinforced slope a
finite element analysis has been carried out. The paper describe the model technique developed to evaluate the filed stress
and deformation of steep reinforced slope using special interface elements The results of finite element analysis are in
good agreement with the field measured results.
KEYWORDS: Steep slope, Geogrids, Fieldtest, Finite Element analysis
1

INTRODUCTION

The Montone hill located in the province of Perugia
(Italy), was interested in the past by several instability and
erosive phenomena along its slopes, which caused great
damage at historical buildings and at road network.
During the last decades important landslides concerned
the North-East slope of Montone hill, particularly along
the Montone-Pietralunga main road. These phenomena
that involved an area of about 15.0 m high and 200.0 m
long, produced in proximity of the Fosso Fornaci a road
interruption.
In one of the sub-project for the consolidation of the
Montone hill, near the Fosso Fornaci, was foreseen to
restore the interrupted main road and to stabilize the
natural slope by rebuilding it with the local soils
reinforced with HDPE geogrids. The reinforced slope
presents a maximum height of 15.5 m and a length of
about 53.0 m (see Figure 1). Due to the importance of the
project, a section of the slope has been instrumented in
order to ver@ its long-term behavior,
The paper deals with the stress and deformation
analysis of the Montone reinforced slope by finite element
analysis. A procedure to model the fill soil, the
reinforcements and the soil-reinforcement interaction
using discrete finite elements are described. The
properties of the soil till and of the reinforcement geogrids
are also presented.
Field measurement taken over two months period tier
construction are reported and compared with numerical
analysis results.
The paper shows a good agreement between compared
results. This fact highlights the possibility to use element
finite methods to predict filed behavior of reinforced
slopes without rigid face and with a complex geometry.

Figure 1. Reinforced slope location
2

REINFORCED SLOPE DESCRIPTION

In the last decades the North-East slope of Montone hill
was interested by important landslides and erosive
phenomena that produced in proximity of the Fosso
Fornaci an interruption of the Montone-Pietralunga main
road.
For better understanding the reasons of slope instability
an intensive geophysical and geotechnical test campaign
and aback-analysis study on the old landslide bodies were
carried out (Coluzzi et al., 1997).
To restore the interrupted main road and to stabilize the
natural slope a green faced reinforced slope was built. The
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construction commenced in the summer of 1996 after the
landslide body has completely been removed from the
main road and after the existing ground surface has been
remodeled.
The reinforced slope shows a running length of 53.0 m
and a maximum height of 15.5 m, split up in three bodies
respectively of 5.3, 5.6 and 4.6 m of height, with 1:1.73
side slope, separated by two horizontal berms of 4.1 m and
3.1 m length (see Figure 2).
As above mentioned the reinforced slope was built
using as fill material locally available soils and as
reinforcement HDPE mono-oriented extruded geogrids. In
particular the entire slope was supplied of 23
reinforcement layers, 0.65 m vertically spaced, with
length variable between 4.5 m and 3.15 m.
The green faced reinforced slope was built using the
TENAX RIVEL system (Rimoldi et al., 1996), which
consist in the use of sacrificial steel mesh form-works that
help in the face construction and permit to obtain a very
uniform geometry of the slope. A thick drainage system
was placed beneath the reinforced bodies.
The Jewell method (Jewell, 1990) was used to design
the reinforced slope, whereas global stability analysis was
carried out using the STABGM, a code based on the
Bishop’s rnoditied method (Coluzzi et al., 1997).
The main geothecnical properties of the fill soil and
mechanical properties of the reinforcement geogrids

adopted to design are reported in Table 1.

Table 1. Geothecnical properties of the fill soil and
mechanical properties of the reinforcement geogrids
adopted to limit equilibrium design
unit

Design
value

[kN/m’]

19.7

FILL SOIL
Unit weight

[01

Friction angle

26

Effective cohesion
Interstitial uressure ratio

r-1

o

~/m]
[kN/m]

60
17

&N/m]

25

REINFORCEMENT
Peak tensile strength
Strength at 2’?4.strain
Long term design strength

2

INSTRUMENTATION

Due to the importance of the project, a stction of the was
provided with extensive instrumentation.
The main purpose of the instruments installkd is to
/

Erosioncontrolgeosynthetic

T

I

q

/

k
1
/ -.

Vegetated
face

Geogridreinforcement
Fillsoil
Drainagesystem

‘Am
I

LEGEND

+ ‘~

Remodeled
moundwface

Figure 2. Cross section of the instrumented geogrid reinforced slope
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Porepressurecell

check the overall deformation of the slope and to indicate
the long-term behavior of the reinforcements under field
stress conditions. Moreover, field measurements are very
valuable input data for subsequent numerical analysis
with finite element method.
The instrumented section was equipped with 40 strain
gauges (electrical wire resistance type) positioned on
geogrid ribs of the first and second reinforced block; 3
total vertical pressure cells positioned at the bottom of the
first reinforced block 2 vertical inclinometers installed on
the first block and on the top of the third block; 1 pore
pressure cdl and 1 acquisition system installed on the
first block (see Figure 2). Descriptions of instrumentation
types and installation procedure are detailed in Coluzzi et
al. (1997).
The strain gauges and total pressure cells has been
activated after construction, whereas inclinometers and
pore pressure cell are not yet active. After about one
month measurements 9 strain gauges are “dead.

reinforcement geogrids. In this pattern the use of “SLF
elements with frictional and adhesive behavior, which
permits relative displacements, seems to be able to
simulate the above mentioned interaction mechanics.
The finite element model created consist of 2107 nodes
and 872 elements (16 1 reinforcement elements, 322
interface elements and 389 soil elements) (see Figure 3).
Computational problems connected with the dimension of
the overall stiffness matrix imposed heavy limitations on
the elements number of soil foundations. Therefore we
decided upon to model a little portion of natural slope
with very simple linear-elastic elements having adequate
resistance and-stiffness to support the reinforced body.
Reinforcement
Fill soil-reinforcement

Fill soil

●

●

●

/

=

—

/r
“..

I

FINITE ELEMENT ANALYSIS

For reinforced slopes, deformation and stability are the
two main concerns. Nevertheless an accurate assessment
of deformations in field condition can only be achieved
through a stressdeformation analysis, such as a finite
element analysis.
To evaluate the field stress and deformation behavior of
the Montone reinforced slope a finite element model of
the entire structure has been developed. The numerical
simulation has been performed using the CRISP90
computer code (Britto et al., 1990), developed at
Cambridge University in the eighties, which uses many
soil constitutive models, and capable to simulate drained
and undrained gotechnical problems with static load
conditions. In particular to simulate the field behavior of
steep reinforced slope, without rigid facing, a modeling
technique has specifically been developed. This technique
foresee to use the following elements:
“BAR” elements, with linear<lastic or linear elastoplastic behavior, for reinforcements.
“LSQ (Linear Strain Quadrilateral) and “LST”
(Linear Strain Triangle) elements, with linear elasticplastic behavior, for fill soil.
“SLIP” elements, with behavior based on the
Goodman & Taylor (1968), for soil-reinforcement
interface.
“LSQ and “LST’ elements, with linear-elastic
behavior, for foundation soil.
To obtain a true and correct forecast of the stress and
deformation behavior of reinforced slope by numerical
finite element analysis it is necessary to define and
subsequently to simulate the very complex interaction
mechanisms establishing between the fill soil and the
●

A

Foundation
soil-reinforcement
interface
Foundation wil

3

Part.

interface

Figure 3. Finite element model

4

MATERIAL PROPERTIES

With the final purpose to obtain a more realistic
numerical simulation a series of field tests on the
reinforced slope and laboratory tests on materials taken
from reinforced bodies were carried out. From these tests
were assessed the most important mechanical parameters
to introduce into numerical model. The tests undertaken
are:
. Field density tests, carried out on all three reinforced
bodies, that supplied the unit weight of the fill soil.
. Field pull-out tests, performed on geogrid layers, about
0.50 m wide with different anchorage length,
purposely embedded into the bottom reinforced body,
that given the pull-out factor of reinforcement.
Rigid plate load tests, carried out on the first
reinforced body using circular plates with 30Clmm and
600 mm diameter, that supplied the principal
deformation parameters of the fill soil.
Classification tests, performed on several samples of
●

●
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fill soil taken from reinforced slope, that supplied the
limit indexes and the particle size distributions.
Direct shear tests with standard box of 60x60 mm,
pefiormed on samples of fill taken from reinforcxxl
slope, that given the shear resistance of fill with
particle size finer than ASTM1O sieve.
Tensile creep tests, carried out on geogrids samples,
using different tensile loads and temperatures
(CazzutK et al,, 1997), taken from the reinforced slope
after end construction, that given the long-term tensile
stiffhess of reinforcement.
The most important test results achieved are summarized
in Table 2.

,,
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Table 2, Geothecnical properties of fill soil and mechanical properties of reinforcement geogrids adopted to finite
element analysis
unit

Desitzn value

Unit weight
Friction angle
Effective cohesion
Initial elastic modulus
Poisson ratio
REINFORCEMENT

@cN/m~

18.4
33
.

[-1

35.2
0.2

Tensile stiffness
FOUNDATION SOIL
Unit weight
Friction angle
Effective cohesion
Elastic modulus
Poisson ratio

[kN/m]

500

@J/m’]

[-1

20.0
23
100
10
0.4

[-1

1

FILL SOIL
r]
ma]

[01
&a]
[MPa]

INTERFACE
Pull-out coefficient

5

FINITE ELEMENT ANALISYS RESULTS

The state of deformation at end construction of the
Monotone reinforced slope, achieved with numerical
analysis, is showed in Figure 4.
5 shows the comparison between the
Figure
distribution of reinforcement strains achieved with
numerical analysis (light dots and dashes) and achieved
fmm field measurement (dark dots) after two months of
the end construction, relating to the first reinforced body
(layers A to H). Figure 6 shows the same comparison
relating to the second reinforced body (layers I to R).
With reference to numerical analysis results, all layers
presents the same shape strain distributions, excepting the
652-1998
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Figure 4. Deformation state of entire reinforced slope

layers G and H on the first body and Q and R on the
second body. In particular the second layer of each body
(respectively B and L) has the largest strain whereas the
top layer (respectively F and P) has the smallest. The peak
reinforcement strains occurred in the bottom layers closer
to the slope surface than the top layers. The very
particular strain profiles of layers G and H on the bottom
body and Q and R on the second body are mainly related
to their spectilc border conditions.
From Figures 5 and 6 it is also possible to highlight a
close tilnity between measured values and calculated
values, excepting the at layers A and G. The reasons of
this disagreement may be attributable to specitlc border
conditions. In fact for layer A the distribution of strains
along its length depends also from foundation soil-geogrid
interface characteristics, while for layer G the distribution
of strains is influenced by different confinement pressure
conditions and different support soils along its length.
The presence of a second peak in the strains profile in
proximity of different contour condition confirm the
above mentioned consideration.
At the last Figure 7 shows a ve~ good agreement
between numerical and measured distribution of total
vertical pressure at the bottom of the first reinforced body.
In the same figure the total vertical pressure has been
compared also with “static” pressure due at the weight of
reinforced slope. The different envelope is obviously due
to thrust of backfdl.

6

CONCLUSION

To evaluate the field stress and deformation behavior of
the Montone green faced reinforced slope a finite element
model of the entire structure has been carried out. A
modeling technique has specifically been developed to
simulate the field behavior of reinforced slope without
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rigid facing which foresee the use of “SLIP” elements
with frictional and adhesive behavior, which permits
relative displacements,
to simulate the complex
interaction mechanisms establishing between the soil fill
and the reinforcement geogrids.
A series of field and laboratory tests was carried out to
asses the most important mechanical parameters to
introduce into numerical model.
The performance of the Montone reinforced slope was
monitored by a SPCCMCinstrumentation installed in a
section of the slope during its construction. Field
measurement showed the mobilization of tensile
resistance on the geogrids and the distribution of total
vertical pressure at the base.
The strain distribution results of finite element
analysis are in good agreement with field measurement
results taken after two months of the end construction.
Nevertheless the border conditions have a remarkable
influence on the base reinforcement layer and on the
layers disposed between each reinforced body. This
influence is negligible in the others reinforcement layers.
The good agreement achieved confirm the validity of
modeling technique developed and highlights the concrete
possibility to use of element finite methods to obtain
detailed information about stress and deformations under
field condition.
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The Assurance Of Durability
John H Greenwood
ERA Technology Ltd, Cleeve Road, LeatherheadKT227SA,

UK

ABSTRACT: The design engineer requires assurance that the geosynthetics he uses will function over a particular service
lifetime. This paper introduces the CEN Guide to Durability which provides guidance to the user of geotextiles for
non-reinforcing and, to a limited extent, reinforcing applications on the resistance to weathering, chemical and biological
effects. “Normal service conditions” are defined for which testing is restricted to a minimum and there is exemption for
materials where there is sufficient field experience. The designer of reinforced soil will require in addition information on
potential reductions in strength, expressed as partial safety factors, and methods are described for deriving these factors
expressed as in BS 8006.
KEYWORDS: Degradation, Polymeric ageing, Predictions, Reinforcement, Safety factors
1

INTRODUCTION

The design engineer requires assurance that the
geosynthetics he uses will fiction over a particular service
lifetime.
In the absence of long-term experience, it is
necessary to make predictions, which of necessity are based
on changes in properties measured over shorter periods, or
under more severe or accelerated conditions. For most
applications an assurance of a minimum level durability is
sufficient, and standards committees on both sides of the
Atlantic have defined practical tests intended to assure a
minimum durability.
Reinforced soil design requires additional calculation of
the reduction in strength due to environmental or other
factors and the calculation of a corresponding partial factor
for use in design.

load will cause creep or rupture, particularly of soil
reinforcements, while transverse load in coarse soils can
lead to mechanical damage and to compressive creep of
Under some circumstances
drainage composites.
mechanical load can accelerate chemical attack (or vice
versa), although this is not seen as a major problem in the
highly oriented polymers used in fibres and geognids.
The final chapter of the Guide provides guidance on what
testing is necessary and when, introducing the concept of a
window of “normal service conditions” for which only very
Recognizing that the
limited testing is necessary.
geotextiles have been used for upwards of 25 years after
which, with few exceptions, the only significant
degradation found has been that caused by mechanical
damage, the normal service conditions are defined as:
fictional

2
2.1

NON-REINFORCING APPLICATIONS
“Normal Service Conditions” and When to Test

The CEN Guide to Durability of Geotextiles and
Geotextile-Related Products (CEN 1998) has been written
by members of Working Group 5 (Durability) of CEN
Technical Committee TC1 89, Geotextiles, to guide the user
and to provide the background to the recommendations it
makes. Starting with definitions of durability, “required”
and “available” properties, design life and end of life, it then
describes the polymer structure, polymer types and
manufacturing processes relating to the principal types of
geotextile. The environments above and below ground are
noted, with particular reference to the temperature,
humidity, organic and chemical content of soils and of their
potential effects on the polymer. In addition mechanical

design lifetime less than 25 years

pH value between 4 and 9
soil temperature not greater than 25°C
natural soil, excluding landfills and contaminated land.
It is recognised that the soil maybe dry, partially or filly
saturated, aerobic or anaerobic, and may contain common
transition metals in ionic form such as Fe*+and Fe’+.
For non-reinforcing applications in natural soil where the
geotextile has a functional design life of less than five
years, even when the soil structure itself has a longer
lifetime, the only tests required are for mechanical damage
and weathering. For all other applications with design lives
of up to 25 years, screening tests for the hydk-olysis of
polyester and for the oxidation resistance of polypropylene
and polyethylene will be required in addition. A soil burial
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test for biological resistance is not required for these
polymers, but should be performed on new materials,
vegetable based products, geocomposites, coated materials
and any others of doubtfid quality (such as materials
recycled after consumer use). Other polymers require
separate assessment, including polyamides which can be
subject to both hydrolysis and oxidation.
An important feature of the Guide is the inclusion of a
clause iallowing manufacturers to use a demonstration of
satisfactory long-term service as an alternative to screening
tests.
The user will decide whether the site conditions
experienced were sufficiently similar to the new design
conditicms for the field evidence of good durability to be
accepted, and whether the new product is sufficiently
similar to the old. So far, most studies on exhumed samples
have shown little evidence of degradation other than
mechanical damage due to compaction in coarse fills on
installation.
The assessment of field experience is
mentioned fin-ther in Section 3.8.
2.2

Mechanical Damage

A simulated site test for mechanical damage has been
described by Watts and Brady (1990) and a database of
measurements has been compiled by Allen and Bathurst
(1994). The results are generally expressed as a reduction
in tensile strength (see below, Section 3.4), but for visual
observation holes and tears may be more significant for
applications in filtration and separation.
2.3

Weathering Tests

The screening test for weathering test, ENV 12224, will be
a fluorescent tube test based on current practice in artificial
weathering and is described further in Greenwood et al.
(1996). Drawing on the results of intercomparison tests on
a range of stabilised and specially prepared unstabilised
geotextiles, the Guide recommends that, unless they are to
be covered on the day of installation, all materials should be
subjected to accelerated weathering for a UV radiant
exposure (total ultraviolet light below 400 nm wavelength
receiveci per unit area) of 50 MJ/m2. This corresponds to
approximately 250 hours in a weatherometer and to one
summer month’s exposure on site in southern Europe. As
with mechanical damage, loss of strength is taken as the
indicator of degradation for all applications, since it can be
measured quantitatively and more accurately than, for
example, hydraulic permeability.
For applications in soil reinforcement or otherwise
dependent on long-term strength, geotextiles which retain
over 80’%0of their strength in the weathering test should be
covered within one to four months, while those which retain
60% to 80 % of their strength should be covered within 2
weeks. For non-reinforcing applications the acceptable
bands of retained strength are over 60?Z0and 20% to 60’%0
respectively. The time to cover depends on the season and
location in Europe, it being unreasonable to apply the same
658-1998
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rule on a hot summer’s day by the Mediterranean as on a
short winter’s day in Scandinavia. If the materi:~l fails the
test it has to be covered on the day of installation.
Correlation between the reduction in strength and the
time to cover on site is believed to be a usefid and practical
concept. Extended artificial weathering tests using similar
methods are required for materials which are to be exposed
for longer durations.
2.4

Hydrolysis and oxidation

Apart from the soil burial test for biological resistance
(ENV 12225), which was described by Greenwood et al
(1996), the only tests required for non-reinforcing
applications with service lives from 5 to 25 years are the
screening of polyester geotextiles for resistance to internal
hydrolysis and of polypropylene, polyethylene and
polyamide for resistance to oxidation. It is well established
that normal textile grade polyester degrades slowly under
moist conditions, and high tenacity polyesters even more
slowly. Based on current quality control practice in
polyester manufacture, ENV 12447 proposes immersing the
geosynthetic in water at 95°C for 8 weeks and determining
the percentage reduction in strength. This is a simple and
directly relevant screening test that avoids the problems of
determining carboxyl end-group count and molecular
weight. The screening test for oxidation of polyethylene
and polypropylene is an oven ageing test at 11O°C for
polypropylene and at 10O°C for polyethylene.
The
passmark is so~o of tensile strength and the durations are
longer for reinforcing than for non-reinforcing applications.
2.5

Beyond Normal Service Conditions

Outside the “window” of normal service conditions the
Guide recommends the designer to consider fbrther tests.
For example, for pH values below 4 and above 9, screening
tests in concentrated alkali and in acid under aerobic
For landflll sites,
conditions have been developed.
contaminated land, or for very long duraticms under
hydrolyzing or oxidising conditions, Arrhenius type
accelerated testing should be considered.
3

REINFORCING APPLICATIONS

3.1

General

The design of reinforced soil is not covered in detail by the
CEN Guide to Durability but is governed by codes such as
BS 8006 which specify a safety factor f. for the durability
of the material which is applied to the design. strength.
Design lives are long, typically 50 to 120 years. Deftition
of f~ requires a numerical estimate of the reduction in
strength that will occur by the end of the design life. f~ is
the product of several partial safety factors (>1) m listed in
Table 1 but for only some of them does the code specify the

means of calculation. Methods for deriving these factors
from the properties of the reinforcement are not included in
the Guide, but some have been drafted elsewhere (for
example WSDOT 1997). The following Sections are
intended to point out some of the items which should be
addressed.
Table 1. Partial safety factors as defined by BS 8006:1995.
fmill applied where the base tensile strength statistical*
is not the characteristic strength
fmi12= 1.0 for polymers
fm121statistical scatter of long-term data

statistical

fm122 uncertainty of extrapolation

uncertainty

fM211mechanical damage

reduction

fm212 long-term effect of mechanical damage uncertainty
fm22 chemical effect of the soil environment reduction
uncertainty
—
*For the use of these definitions see Section 3.9
3.2

;Speciflcations

The general service environment including the soil types,
temperatures and gradations, the expected loads and the
design life must first be defined. The information required
includes:
-tensile properties including characteristic strength
-creep and rupture tests
.darnage tests
-chemical description of the material
chemical durability tests
.fleld experience (if any)
-quality assurance statement.
The range of loads, temperatures, times and soil gradations
used, in particular those for the creep and rupture tests,
must correspond to the service environment. Without a
complete set of data it is necessary to resort to default and
uncertainty factors which too often turn out to be
controversial. The ultimate goal must be to define a
procedure which is independent of the operator and
excludes all uncertainty factors.
3.3 Separation of Long-Term Strength from Long-Term
Strain
Until there is an integrated theory of creep and
stress-rupture the calculation of partial safety factors for
strength and strain should be kept separate. While strength
is sensitive to mechanical darnage and to environmental
influences such as weathering and possible long-term

chemical degradation, creep strain at lower loads is affected
by little except load and temperature.
3.4

Mechanical Damage

As mentioned in Section 2.2, the effect of mechanical
damage is generally expressed as the ratio in strengths of an
damaged material compared with the undamaged material
and expressed as a percentage. The partial safety factor
f~l, will then be the inverse of the ratio. Methods are being
developed for performing damage tests in the laboratory
using standard fills. The reduction in strength for the fills
on the site being considered can be interpolated by plotting
the reductions in strength against a soil parameter such as
d,O(WSDOT 1997).
Very little information exists on the effect of mechanical
damage on long-term strength, if any, and in this situation
the method of Allen and Bathurst (1996) could be used to
define f~212.
3.5

Environmental effects

The principal potential degradation mechanisms for
commonly available geotextiles are those which are the
subject of screening tests (Section 2.1). Internal hydrolysis,
the slow degradation of polyester fibres in water
irrespective of pH, has been studied by a number of authors
and the reduction in strength of high tenacity fibres has
From measurements of both retained
been predicted.
strength and molecular weight after immersion in water
(pH7) at elevated temperatures the rate of bond breakage
can be derived as a function of temperature. The strength
of the polyester at long times and lower temperatures can
then be derived by extrapolation using Arrhenius’ formula.
The predictions in Table 2 use the calculations of Burgoyne
and Merii (1993) for the two fibres they used, PET1 and
PET2, while the results of Schmidt et al (1994) ior tests at
50 to 70°C have been extrapolated assuming that the rate of
loss of strength is linearly proportional to the rate constant.
All refer to high tenacity fibres with number-average
molecular weight ~ > 25000. A similar calculation has
been made by Sahnan et al ( 1997) for a polyester with Mn =
18200.
Table 2. Percentage retained strength following internal
hydrolysis.
120 years
50 years
20”C

30”C

20”C

30”C

Burgoyne(PET1)

98

92

96

87

Burgoyne(PET2)

96

85

92

74

Schmidtet al.

95

89

85

64

Salmanet al.

84

54

62

0

These predicted reductions in strength can be used to derive
the reduction factor ftiz . It should be noted that the data
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refer to saturated conditions and that internal hydrolysis will
take place more slowly in unsaturated soils. Alkaline
hydrolysis, which reduces the strength due to surface attack,
should be considered in addition for soils with a pH of 9-10
or above.
There is no generally accepted method for predicting the
reducticm in strength of polyolefins due to oxidation, but
that of Salrnan et al (1997) provides an example.
Extrapcdations based on logarithmic scales as in Arrhenius’
method can have wide confidence limits and an estimate
should be made of the sensitivity of any prediction to
changes in the input data. It may therefore be necessary to
set an additional factor to account for the uncertainty of the
extrapolation, but this factor should be handled separately
as described in Section 3.9.
Weathering is discussed in Section 2.3. If a reduction in
strength is anticipated due to weathering during installation,
then this must be included in the calculation of f~22.
3.6

Stress-Rupture

As with all extrapolations, stress-rupture results must be
examined for any evidence of a change of behaviour,
whether in the shape of the curve, the elongation at break or
the appearance of the broken specimen. Any change in the
mechanism of failure will invalidate the extrapolation.
Long-term design strength is currently predicted by
fitting a curve to the stress-rupture data, conventionally
plotted as in Fig. 1, and extrapolating it from shorter times
at high loads to longer times at lower loads. The most
commonly used fit is:

Table 3: Example of stress-rupture results (fictitious).
load as% tensile strength
time to rupture (h)
85

1.2

85

7

85

21

80

19

80

61

80

225

75

345

75

716

75

2,014

70

3,970

70

9,836

70

=-18340

xav

2.351

Ya,

n

12

s x.,

19.06

K

0.0442

Sfl

375

t

1.812

s XY

-80.27

s

0.4340

predicted stress rupture load for 1000000 h

60.5%

lower confidence limit for 1000000 h

sA.T~o

f~,z, based on statistical procedure

Tensile

strength

nominal

(1)

T=~-blogt

1.11

at

1 min

duration

+

100

where T is applied tension (load) expressed as a percentage
of the tensile strength of the same batch of material, t is
time and TOand b are constants. With x = log t, y = o, and
the subscript,, indicating a mean,

90

S~~= Z (Xi- X,”)’
SW= Z ~i - y~,)’
S., = Z (X,- X,V)@i
- y,,)

60

.

\
...
..

80

‘.
.

70

‘.

(2)
(3)
(4)
(5)

b= SXXISW

and the straight line fit is:
(6)

TD

50
40

20

●

ruptures

o

incomplete tests

- —regression
. . . . . - 95% lower confidence limit

10

The regression line is then extrapolated to the design
lifetime to give the unfactored design strength Tc~, again as
a percentage of the batch tensile strength. The regression
line is expected to cross the line T = 100’% at a time
comparable with the duration of a tensile test.

0 -1

m
1

tensile strength
1
I
I

1

~~”.oo

Ogo
ogog

o

00
0

Fig. 1 Stress-rupture diagram
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-0.214

b

77.5

Statistically, the lower confidence limit is given by a
formula which combines the variance of the data with the
variance of the gradient of the line:
y =y=v+-b(x - xav)/K- (ts/K)[K(l + l/n) + (x - x,v)USw]’~(7)

3.7 Combination of Partial Safety Factors
Following Greenwood and Yeo (1996) partial safety factors
should correctly be classified and combined as follows:
reduction factors multiply
statistical factors

where n is the number of measurements, t is the value of
Student’s t corresponding to (n - 2) and the appropriate
(one-sicled) probability level, and
s = [(sxx -$..

2/Sw)/(n - 2)] “2; K = bz - t2s2/Sn .

(8)

This curve forms the lower branch of a hyperbola that
draws away from the stress-rupture line on extrapolation
and meets the design life at T~ such that Tc~ I T~ = f~lzl(see
example with numerical data in Table 3 and stress-rupture
diagram in Fig. 1). WSDOT (1997) defines the reduction
factor as equalling 100/Tc, and applying it to the MARV
strength., which in the BS 8006 system is equivalent of
applying f~l,, and then setting f~121= 1. In either case it is
important not to double-count the variability due to scatter.
The question of whether design should more correctly be
based on residual strength has been raised elsewhere
(Greenwood 1997).
Methods for deftig
f.122, the uncertainty factor which
reflects the considerable step of predicting 50 to 120 year
performance from rupture data over much shorter periods,
are based on the duration of the longest test result. The
methods allow extrapolation up to ten times without further
penalty and then increase f~Lzzprogressively to reach values
of 2 for extrapolation by a factor of 100 based on T~ (BS
8006), or 1.2 or 1.4, depending on the likelihood of a knee,
based on the confidence limit as defined by WSDOT
(1997). Following current practice in the calculation of
stress-rupture characteristics, it is proposed that the duration
of an incomplete rupture test should be acceptable for this
procedure provided that it lies to the right of the curve as in
Fig. 1,
Any such procedure should include measurements made
at different temperatures, firstly to allow design strengths to
be defined for different design temperatures and secondly to
accommodate predictions made by time-temperature
shifting, If this is done, the longest duration used to define
f~,zz may be redefined as the longest test after
time-ternperature shifting (WSDOT 1997). A maximum
temperature shift of 20”C below the lowest test temperature
is proposed.
Measurement of stress-rupture data is laborious,
expensive and can give similar results on similar products.
Small and Greenwood (199 1) combined results from a
range of polyethylene geogrids to produce a general
stress-rupture curve for the range. Such measurements on
products from the same range of products are generally
acceptable but the rules for acceptance require definition
(WSDOT 1997).

combine statistically to give the
correct final probability level

uncertainty factors choose an appropriate overall factor
not less than the largest partial factor
The resultant factors defined by the three classes should
then be multiplied.
Creep Strain

3.8

In the absence of a satisfactory method for predicting the
creep of the soil-reinforcement composite, current practice
is to measure the unrestrained creep of geosynthetics for
soil reinforcement in air. This yields maximum and thus
conservative values for strain.
The comments made at the start of Section 3.6 concerning
the extrapolation of stress-rupture apply equally well to
creep. Again, there is no fundamental materials based
equation for curve fitting. The equation
E=

(9)

EO+E,lOgt

is normally sufficient for polyester and a power law
&=&o+

(lo)

&,t”

is a useful model for the primary creep of polyethylene with
E = strain. CO,
&land &z(below) are all functions of applied
load, the shape of which is reflected in the isochronous
curves. For polyethylene it is necessary to predict the onset
of secondary (constant strain rate) creep. This can be done
by adding a constant strain rate term EZtand curve fitting to
tests at higher values of load which exhibit secondary creep.
If a relation is established between E,, T and applied load,
for example by using Sherby-Dom diagrams, then the onset
of secondary creep can be predicted at lower values of T.
As for stress-rupture, creep strain curves can be
time-temperature shifted, offering the possibility of
abbreviated testing (see for example Thornton et al 1997).
It should be noted, however, that since the elongation at
break is itself a Iimction of time and temperature the shift
factor for creep strain may differ from that for stress-rupture
of the same material.
The accuracy of the prediction of creep strain has been
examined by Muller-Rochholz and Koslowski (1996) and
found to lie within 0.7’%. strain for polyesters and
polyethylene at 7% strain, predicted horn 24 h to 24000 h.
These levels of accuracy are comparable with the variability
in short term creep modulus, suggesting that a partial safety
factor for uncertainty of strain extrapolation is superfluous.
As 10 year creep strain measurements on polyester based
products are become available, the only partial safety factor
1998 Sixth International
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required for creep strain extrapolated to 100 years, given
that temperature has already been taken into account,
should be to reflect the variability in the initial strain or
modulus of the material. This argument will not apply to
creep rupture data until corresponding 10 year data are
available.
3.9

Field Experience

The above predictions will increasingly be complemented,
and eventually replaced, by experience from site.
Statements that no degradation took place should always be
accompanied by an estimate of what degradation might
have been predicted given the site conditions. A conclusion
that “no degradation occurred, and none was expected”
serves only as a demonstration that no unexpected
phenomena are present.
4

CONCLUSIONS

A document on the durability of geotextiles is in place for
the guidance of civil engineers.
Further details are
necessary to cover the definition of partial safety factors
used in the design of reinforced soil.
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Long-Term Experience with Reinforced Embankments
Mechanical Behavior and Durability
K.-H.

on Soft Subsoil:

Blume

Dipl.-lng.,

Federal Highway Research Institute, Bergisch-Gladbach, Germany

D. Alexiew
Dr.-lng., HUESKER Synthetic GmbH & Co., Gescher, Germany
ABSTRACT: Two projects of embankments on soft ground with high-strength basement reinforcement are shortly described. Started in 1981 and 1986, respectively they belong to the first one’s using preloading plus reinforcement for autobahns and highways in Germany. Site conditions, construction stages, measurement data and evaluation are presented, including long-term reinforcement strain measurements. The geotextiles are still under tension. In 1995 high-tenacity polyester
woven was exhumed from underneath the first embankment and analyzed for evaluation of durability. Important preliminary
results are reported, showing negligible loss of strength in 14 years. [n conclusion, findings and recommendations for focal
points of design, long-term reinforcement behavior and durability are summarized.
KEYWORDS: Embankments, Reinforcement, Long-term-measurements, Soft soils, Durability
I

INTRODUCTION

In Germany, in the construction of highways on soft saturated subsoils, increased use is being made of the preloading method. The advantages compared to soil replacement
are not only the high cost savings but also countryside,
envircmmental and ground water protection. The development of the preloading method is closely connected with the
development of geosynthetics. The reinforcement fhnction
is of particular importance as it can be required not only to
ensure the short-term stability during construction, but also
the final long-term stability.
Since around 1970, the Federal Highway Research institute (Bundesanstalt fur Stra13enwesen-BASt) has been involved in such projects on federal highways and autobahns.
Investigation and measuring programs have been performed
on large-scale test embankments. The aim was to ascertain
the behavior of the soft subsoil and the long-term behavior
of high-strength geosynthetic reinforcement. Some of the
experimental embankments were just loaded up to ground
failure to veri~ the assumptions and results of the stability
calculations.
Fc,rthe Federal autobahn project BAB A 26, connecting
the cities of Hamburg and Stade, a test embankment was
built near the town of Rubke (designated as ‘Ritbkeembankment’ here) by the BASt in 1981, simulating a real
autobahn-section on saturated peat with high-strength
basement reinforcement. The project, materials used and
deformation behavior until now are reported below.
Based on this experience the entire highwayB211 at the
town of Grossenmeer was built in 1986 under similar conditions using a reinforcement of even higher strength
(designated as ‘Grossenmeer-embankment’ here). The measurements in this case were extended by direct strain measurements on the high-strength woven used, which are continued up to now. The project, materials and most important
measurement results including the long-term strains are
shortly described.

In autumn 1995, after a 14-years-service period, parts of
the high-tenacity polyester woven ffom underneath the
‘Rttbke-embankment’ were exhumed. Tests and analyses
were carried out for evaluation of durability. Tlhe most important findings are also presented.

2

TEST EMBANKMENT AT RUBKE

2.1

Description Of The Full-Scale Test

The dimensions of the embankment were in compliance
with the standard cross section RQ 26 planned lor the autobahn. Geometry and essential characteristic values of the
peat subsoil are shown in Figure 1. The consolidation calculations resulted in a required preloading height of 3.6 m. A
part of preloading had to be removed after ccmsolidation.
The stability calculations were performed according to DIN
4084 (Bishop’s method) modified by reinforcement retaining force. Only low short- and long-term strains were allowed. The calculations resulted in a reinforcement mobilizing at least 90 kN/m at maximum 5% short-term strain,
with an ultimate tensile strength (UTS) of at least 200 kN/m
and ultimate strain < 10O/O.Only 1‘Zocreep strain in two
years was allowed under 90 kN/m tension force. A highstrength polyester woven geotextile (Stabilenka@200) was
selected. The test comprises preloading with a subsequent
consolidation period of just under two years, removal of
preload, a reloading and the long-term measurements of the
deformation behavior.
The test embankment was constructed directly on the
terrain without any soil replacement. First of al1the woven
was laid on the grass in July 1981.
Loads, heights and settlements to date are shown in
Figure 2.
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2.2

Course Of The Test And Measurement Results

Measurements of settlement, pore water pressure, base
pressure, inclination and groundwater level were performed.
In this test, it was not possible to perform strain measurements directly on the fabric. Because, at this time, a
measuring system with robust, precise and water-proof
strain gauges was not available. Four years later, long-term
resistant strain gauges were developed and applied for the
‘Grossenmeer-embankment’ (see section 3).
The development of the settlement shows a significant
drop in the settlement rate, which was below
1 cm/year in the first year after the reloading. Nowadays the
settlement rate is less than 0.5 cm/year with a decreasing
tendency. The BASt is continuing the measurements.
::~rn.<PRELOADth4G

::
;

!

2.6m
: :---------------------.,

::

.-~
2.2m

Figure

2. Load

EMBANKMENT
LOAD
( PLANNED GRADIENT)
---- / ------------------------------

and

JULY 1891

settlement

JULY 1997

at Rtibke from July 1981

until .July I997.
The high permeability of the peat in the unconsolidated
state has made a rapid consolidation settlement easier.
For an embankment thickness of 2.3 m, the degree of
consolidation was already 80°Aatler two-months. Very high
primary settlements of around 1.1 m were measured. The
664-1998

The measurement results confirmed the feasibility of controlled construction of reinforced embankments on very
weak subsoil (peat) by preloading, removing of preload and
partial reloading to justifi the final gradient. Due to the
controlled preloading and the reinforcement, no failure-type
deformations occurred, neither in the embankment nor in
the foundation soil. The high-modulus geotextiile (see section 2.1) allowed only small lateral spreading,lsqueezing
deformations. Based on the average strain only the reinforcement looked understressed compared to design assumptions and calculations. But note, that strain (and tensile
force) could had been higher e.g. in the usually critical zone
(from the point of view of stability) under the slope and
near the toe (see section 3.3). Summarizing the simplified
design calculations according to DIN 4084 agreed well
enough for engineering purposes with the measured behavior. Nevertheless, continuos measurements are an important
tool to control the construction progress.
The measurement results and the collected experience
from July 1981 until March 1985 were adequate to recommend the preloading method with high-strength reinforcement for the entire new autobahn route BAB A 26.

3

HIGHWAY EMBANKMENT AT GROSSENMEER: TEST AND REFERENCE SECTIONS

3.1

Description Of The Project

RELOADING

JULY 1;81 JULY 1983 JULY 1986
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Assessment Of The Measurement Results

60

Undrained shear resistance

test embankment

transition primary / secondary settlements at ia degree of
consolidation of gOO/o occurred afier 5.5 months. The total
settlement of the peat mounted to around 1.6 m. The peat
was compressed by around 40°/0.
The average strain of reinforcement derived from the
settlement profiles (not shown) amounted up to 3°/0.
Maxima and minima could not be registered due to absence
of strain gauges (compare with section 3, ‘Grossmrneer’).
During filling and consolidation relatively 1(3whorizontal displacements occurred at the toe of embankment:
maximum 18 cm in the peat and 12 cm on the ground surface. In a distance of 10 m from the toe of the embankment
horizontal displacements of 1 cm to 3 cm were registered.
The increase of undrained shear strength is shown in
Figure 1.
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Due to the positive results from the ‘Riibke-embankment’,
the BASt recommended the preloading method with
geotextile reinforcement for the construction of the new
federal interstate highway B 211 at the town of Grossenmeer.
The BASt performed measurements on two sections.
The first one with steeper slopes, called here ‘test embankment’, had to be integrated later after reshaping in the
standard highway embankment. The second one, called here
‘reference section’, was already from the beginning a standard highway embankment. The test program was extended
here by direct short- and long-term strain memurements of

the high-strength basement reinforcement.
The highway embankment at Grossenmeer has a length
of around 2 km. The weak subsoil consists of layers of peat
and organic silts in all 3 m to 5 m thick, undedayered by
dense sand. According to pre-design calculations, typically
an embankment thickness of 4.5 m height was selected for
the stage of consolidation (reloading). The consolidation
period was expected to be about two years. After that layers
of different adequate thickness had to be removed to tit the
planned final gradient.
The following design soil parameters were assumed for
the stability calculations according to DIN 4084:
Soft subsoil: Undrained shear strength Cu = 8 kN/m2
Unit weight Y. = 11 to 13kN/m3
Sand:
Angle of internal friction+’ = 32.5°
Unit weight yn = 18 kN/m3
in an allowable embankment
height of only 2.6 m without reinforcement. To achieve the
aimed preloading height of 4.5 m and the required FOS
= 1.2 (global stability, temporary stage) according to DIN
4084, a reinforcement tensile force of about 200 kN/m was
required (Blume 1995, Blume 1996). For reasons of deformation compatibility the corresponding short-term strain
was limited to 5°/0, and the total strain (short-term plus
creep) was not allowed to exceed 6°/0 for several years.
Based on the stress-strain and creep curves a high-tenacity
polyester woven with an UTS = 400 kN/m and 10% ultiThe

mate

calculation

strain

was

resulted

selected

(Stabilenka”

400).

for the entire 2 km-stretch was carried
out from June 1986 until June 1987, followed by a consolidation period of 15 months. Afier then in some sections the
embankment thickness had to be increased additionally
from 4.5 m up to 6.5 m (including the ‘reference section’,
see below) to compensate the unexpected high settlements.
After a new consolidation period of 17 months, parts of the
preloading thickness were removed in March 1990 for
fitting the final gradient. The highway was opened to traflic
in October 1990.
Since October 1990, after the end of the measurements
direct Iy accompanying construction, measurements have
been and are being performed on the long-term deformation
behavior of the subsoil, of the completed highway and on
the strain behavior of the basal reinforcement.
The

3.2

earthwork

Description Of The Tests

The main aim of both the ‘test embankment’ and the ‘reference section’ was to provoke the highest possible stress in
the woven, selecting sections of the highway having particularly unfavorable subsoil conditions. Knowledge was to be
gained of the long-term behavior of the reinforcement.
Under the ‘test embankment’, which was planned as a
‘crashltest’, extremely high reinforcement stress had to be
generated by rapid construction (4.5 m in four days), and by
a steep slope of 1 V :2 H. Nevertheless, ground failure had
to be avoided because of the later integration in the stan-

dard highway embankment, after reshaping. Around
40 m away, in the ‘reference section’ with a standhrd (flatter)
slope of 1 V :3 H, the loading process lasted around a year.
For the direct geotextile strain measurements, the BASt
developed a suitable strain measuring system which does
not influence the strain of the fabric. Robustness, precision
and water-resistance were proved in advance in contact with
soil and under water also.
Settlements, pore water pressure, inclination and
groundwater level of the subsoil were measured. The strain
measurements were performed on, in total three cross sections, two of them in the ‘test embankment’ and one in the
‘reference section’. In each case 9 strain gauges were installed at 2 m space. Additionally, settlement gauges were
placed near the strain gauges (Figure 3 a, d).
3.3

Measurement Results And Assessment

The most important results are depicted in Figure 3 a, b, c
for the ‘test embankment’ and in Figure 3 d, e, f for the ‘reference section’. Note, that embankment material, single
layer thickness, height (4.5 m) and reinforcement are the
same.
The construction periods and slope inclinaticms are quite
different, as mentioned above.
In Figure 3 b, c the graphs show the development only
within the first 4 days (height from zero to 4.5 m). After that
the increase in strain became less and, after 2 months, came
almost to a halt (not shown). In the subsequent 25 months
the strains asymptomatically came up to a maximum final
strain of about 7°/0below the slope and 60/0below the center
of the embankment (not shown).
In Figure 3 e, f the graphs show the processes within
around one year (height from zero to 4.5 m stepwise). The
line with the number 1 corresponds to the 4* day (1,5 m
sand), and with the numbers 2 to 5 to the 3Cltiday afler
placing of the respective sand layer, at nearly constant time
intervals.
Although the distance between the ‘test embankment’
and the ‘reference section’ is only around 40 m,,the subsoil
conditions seem to be considerably different, resulting in
unexpected high settlements of the latter. In both cases a
weak zone below the slopes was identified. Nevertheless,
slope failure was not observed in the embankment body
itself, neither for the ‘test embankment’, nor for the ‘reference section’. On the contrary, the horizontal displacement
of the subsoil near the toes became large, for the ‘test embankment’ up to 40 cm, destroying the inclinometer tubes.
The ground tended to a ‘squeezing-out’, but a real failure did
not occur. Note, that the typical subsoil-squeezing-mode
cannot be checked by Bishop’s method (DIN 4084) used for
design calculations. Nowadays this mode shoulcl be checked
e.g. according to Michalowski and Lei Shi (1993).
The reasons for the surprisingly high reinforcementstrains (and corresponding stresses) below thle slopes in
both cases are apparently both the weak zones and the
squeezing-out tendency.
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Grossenmeer: construction stages, settlements and strains

The strain increase and the horizontal deformations
came to a halt shortly after completion of the construction.
Based on the observation,
h can be concluded that the reinforcement prevented both slope failure of the embankment
and ground failure due to squeezing of the soft layers.
The reinforcement strains exceeded at some locations
the values of 5V0 (short-term) and 6V0 (long-term) assumed
in design. The real mobilized tensile forces were higher
than expected according to the stability calculations (DIN
4084, Bishop’s method). The stress ratio (tensile force/
UTS) exceeded 50% clearly.
In 1993, the strain measurements in the ‘test embankment’ were terminated due to adjacent building activities.
Only the results of the continued long-term measurements
from the ‘reference section’ are reported below.
Note, that in Figure 3 d, e, f only the period from June
1987 to June 1988 is depicted. After that in Autumn 1988
the height of the ‘reference section’ was increased to 6.5 m
to compensate the high settlements, and was reduced again
just in Spring i990 (Figure 4).
So far, at the center of the embankment, maximum
strains between 6.8°/0 and 7.6°/0 and maximum settlements
of the soft subsoil of between 190 cm and 205 cm have
been measured. The strains presented in Figure 4 from
commencement of construction in July 1986 until July 1997
remained practical Iy unchanged afler removal of the preIoading height and opening of the highway to traffic in
October 1990.
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Figure 4. Variation of load, strain and settlement in the
Grossenmeer ‘reference section’ (1986 to 1997).
The constant strain level indicates that the reinforcement
is still under tension atler 10 years. It is difficult to evaluate
the effective tensile forces from the registered strains with
high precision now. In comparison with the short-term behavior a reduction in the effective tensile stress could be
expected theoretically due to some factors. Relaxation could

play a (negligible) role; for the high-tenacity polyester used
relaxation due to creep is very low. Furthermore, installation/compaction damage and environmental effects could
have reduced the really available mobilized tensile force.
For the evaluation of relaxation the isochrones could be
used, and the percentage of installation damage in sands is
known in good confidence, being in the range of 5% to 10%
for the reinforcement used. For evaluation of environmental
effects the best way is to exhume and analyze an analogous
reinforcement material, which has been embedded under
similar conditions for a long time. For this purpose the
Rubke-embankment offered a good possibility (see
section 2).

4.

INVESTIGATION OF A HIGH-STRENGTH
POLYESTER WOVEN AFTER 14 YEARS
EMBEDDED IN SOIL

4. i

Description Of Exhumation And Tests

In 1995, the BASt initiated the investigation of exhumed
fabric samples. Since it is not possible to take samples from
Groswnmeer, the BASt proposed, samples to be taken at
Rttbke (see section 2).
In September 1995, around 120 m’ of the high-strength
woven were exhumed from the embankment base afier 14
years in use. The entire geotextile was lying below the terrain in the peat and groundwater due to settlements. By an
excavator, embankment parts were removed down to the
woven, from the slope to the center of embankment. At the
beginning, it was possible to remove the remaining sand by
hand. lDue to the rapid rising of water, it was unavoidable to
pull out and up most of the woven directly by the excavator.
Thus, abrasion and damage of the fabric could not be fully
avoided.
It was observed during uncovering, that the woven was
sti11under tension before cutting. A considerable effort was
necessary to Iifl up the edge of the woven by a shovel
(Figure 5). This observation corresponds to the strains under the Grossenmeer ‘reference section’, which indicate
considerable tensile forces until today also (Figure 4). Discoloration of the fabric due to contact with the rotted grass
and the peat were clearly visible. In some places, grains of
sand had penetrated its structure.
Samples for the testing institutes, participating in the investigations, were taken from four different geotextile areas
atler exhumation, corresponding to defined different positions in the base.
For each of the four areas the following tests were performed:
(1) Yam tensile tests according to DIN 53834, T 1 with
15 individual tests per each area
(2) Analyses for determination of the carboxyl end groups
(CEG) and of the molecular weights of the hightenacity polyester
(3) Scanning electron microscopy (SEM) of filaments
(4) Chemical analysis of the groundwater (pH-values).

4.2

Evaluation

Of The Results Available To Date

The evaluation of the investigations regarding durability are
almost completed. The most important results to date are
presented here. The final evaluation and details will be
reported separately.
The results of yarn tensile tests form a better criterion
for evaluation of strength loss due to environmental effects
than the wide-width strip tests. Damage caused by installation, compaction and (in this case) removal and exhumation, and sand-grain inclusions in the woven structure has a
less pronounced influence on the cleaned single yarn
(although it can not be eliminated). The graphs in Figure 6
show the stress-strain behavior of the exhumed :yarns. Each
curve represents the average of 15 tests per area.

Figure 5. Rubke: the woven being still under tension aller
14 years.
The specific yarn strength of the ‘virgin’ (Ibrand new)
high-tenacity polyester used (Diolen ‘: CEG <27 meq/kg;
number average molecular weight M. > 25000; further
exact data are known also) is shown in Figure 6, too. To
perform a durability evaluation on the safer side, an increased possible average value of ‘virgin’ strength of 86
cN/tex (instead of 84.6 cN/tex) could be assumed. Thus, the
residual strength is around 83°/0of the ‘virgin’strength. The
ultimate strain is practically unchanged. Note, that the yarnstrength-loss of around 17°/0 includes (in chronological
order) the effects of weaving of the yarns prc}ducing the
fabric, of installation and compaction damage, of biological
and chemical degradation (chemical attack plus hydrolysis)
and of exhumation process.
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respectively.
The ‘Riibke-embankment’ is a pure test-embankment for
the autobahn BAB A 26. The ‘Grossenmeer-embankment’ is
an integral part of the federal highway B 211. In both cases
high-modulus polyester woven is used with 200 kN/m and
400 kN/m UTS, respectively, and 10°%ultimate strain. For
stability calculations DIN 4084 (Bishop’s method) has been
used, modified by reinforcement force. Measurement programs are performed up to now, including direct strain
measurements at ‘Grossemneer’.
Woven from ‘Ritbke’was exhumed afier 14 years under
tension below groundwater to evaluate durability.
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Figure 6. Specific yarn strength after 14 years in soil under
groundwater level for the four different sampled areas according to DIN 53834, T 1.
The loss of yam-strength due to the manufacturing process is 7°/0 to 12°/0, on the average 9°/0 (HUESKER Synthetic
1996]. Further, for the woven mentioned loss of strength
during compaction in sands of 5’%.to 10’%has been observed. The loss of strength due to exhumation process is
hardly to be identified exactly, but it can be set to 1% to 5%
in this case. (Note, that a gentle exhumation was not possible, as mentioned above.)
The comparison of the percentage terms described
above (weaving, compaction and exhumation) with the
registered total loss of yam-strength of about 17°/0results in
O’?40
to 3% loss of strength due to environmental effects in
this case.
Fullher, the SEM-photomicrographs performed indicate
no chemical damage of the filament surface; it is completely
smooth.
Thle comparison of molecular weights and number of
CEG of ‘virgin’ and exhumed material leads so far to the
conclusion, that I ‘%0 to 2% of strength-loss could be caused
by changes in the polymer itself.
These latter evaluations of the microscopic and chemical
investigations correspond well to the evaluation of loss in
strength based on mechanical yam-tests as mentioned earlier.
The pH-value of the groundwater is 6.6 on the average.
This fact together with the SEM leads to the conclusion,
that no chemical attack (’external’ hydrolysis) has taken
place.
The loss of strength of about 1.5”A per 10 years, evaluated by different methods in this case, may be explained by
‘internal’ hydrolysis (’aging’) in the groundwater and
(unlikely) by biological effects (rotted grass, peat).

5

SUMMARY AND CONCLUSIONS

Two projects of embankments on soft subsoil with highstrength basement reinforcement have been started in
Germany in 198I (’Rubke’) and 1986 (’Grossenrneer’)
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1. Stability calculations according to DIN 4084 are correct
enough to prevent failure of embankment and/or subsoil, at least when high tensile force at low strain is
mobilized to restrain deformations.
2. High-moduli for a long period (low creep) are important, because the reinforcement works after consolidation also. In the projects described it is still under tension after 15 and 11 years, respectively.
3. The high-strength reinforcement used prow:d to resist
overstressing successfully for a long period.
4. Local weaker subsoil zones can easily result in reinforcement overstressing and/or failure tendency; it
should be kept in mind when selecting safety factors.
5. Subsoil squeezing-out is recommended to be checked
additionally to DIN 4084-calculations by other methods.
6. The analyses of durability and operation conditions
indicate in this case, that (internal) hydrolysis under
stress in groundwater is the main reason for the registered negligible loss of strength.
7. The loss of strength due to ‘aging’ (environmental effects) is 1.5V0to 2% in 14 years for the high-tenacity
polyester woven used.
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Durability of Polyester and Polypropylene
Environment for 14 Years

Geotextiles

Buried in a Tropical

J.W. Cowland
Geotechnical Engineering OffIce, Hong Kong
K.C. Yeo
Geotechnical Engineering OffIce, Hong Kong
J.H. Greenwood
ERA Technology, United Kingdom

ABSTRACT: The demolition of a 14 year old embankment on soft clay provided the opportunity to exhume samples
of the geotextiles that had been used to reinforce the base. Specimens of these woven polyester itnd woven
polypropylene geotextiles were then tested to assess their durability. From tensile and hydrolysis tests it was found that
the polypropylene geotextile largely retained its strength, and the polyester geotextile lost about 15% of its strength.
A portion of the polyester strength loss was attributed to hydrolysis.
KEYWORDS: Durability, Polyester, Polypropylene, Geotextiles, Tropical Environment.

1. INTRODUCTION

2.1 Polyester

In 1982, a 3.5 km long coastal road embankment was
constructed on soft clays in a tidal area of Hong Kong.
The base of this embankment was reinforced with woven
polyester and woven polypropylene geotextiles. Figure 1
shows a typical cross-section of the embankment.
In 1996, part of this embankment was demolished to
make way for a river improvement scheme, which
provided the opportunity to exhume some of these
materials. Large pieces of both the polyester and the
polypropylene geotextiles were carefislly removed from
the embankment by hand, and tests were carried out to
detem~ine their durability.
Tensile tests were carried out to determine the
strengths of the recovered geotextiles, and they were also
examined under a scanning electron microscope to
detemline the extent of site damage, Carboxyl end group
counts, and molecular weight determinations, were
performed on the polyester geotextile to evaluate the
extent of hydrolysis. This paper presents the results of
these durability tests.

The woven polyester geotextile was a multifilament
material, with a weight of 450 g/m2. Quality control tests
at the time of construction demonstrated a characteristic
tensile strength of 200 kN/m in the warp. The maximum
tensile strength was often 220 kN/m, at a strain of 80A,
with a 10°/0strain at break. In the weft the characteristic
tensile strength was 45 kN/m, with a 20°A strain at break.
Ten strain gauges were attached to one roll of the
polyester geotextile during laying, and a 9’% extension
was recorded after the placing of the fill material.
2.2 Polypropylene
The woven polypropylene geotextile was a fibrillated tape
material, with a weight of 570 g/mz. Quality control tests
demonstrated a characteristic tensile strength of 200 kN/m
in the warp, with a strain of 12°/0at the maximum tensile
strength, arsd 40 kN/m in the weft.

3. ENVIRONMENT
2. GEOTEXTILES
A single layer of reinforcing geotextile was used beneath
the embankment. Rolls 5 m wide were placed on the
intertidal mud flats and stitched together. The project
commenced with a polyester geotextile, which was
substituted in places by a polypropylene geotextile. The
exhumation encountered areas of both materials.

The coastal road embankment was constructed in the
intertidal zone of a mangrove swamp. The geotextiles
were placed by hand directly onto the very soft dark grey
organic silty clay, which contained a large number of
shells, The fill material, essentially a brown gravelly silty
sand of granitic origin, was mechanically placed on top in
0,5 m layers.
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Figure 1. Cross-Section of the Embankment

During exhumation, pieces of pH indicator paper were
placed in the water surrounding each geotextile, and they
all indicated a pH of 7. It should be noted, though, that
the portion of the exhumed embankment where the
polyester geotextile was located was adjacent to the
estuary of the Shari Pui River, which flows through the
Yuen Long Industrial Estate, and is polluted.
The Hong Kong Observatory has been measuring soil
temperature, for agricultural purposes, for over 25 years.
At a depth of 3 m below ground level, the average soil
temperature has consistently been found to be 26”C.

4. EXHUMATION AND SAMPLE SELECTION
The polypropylene geotextile was encountered during the
initial stage of demolition of the embankment. With the
full cooperation of the site staff, carefid hand excavations
were then made to recover large pieces of both the
polyester and the polypropylene geotextiles. These large
pieces were then washed with a hose of water to remove
some of the adhering soil, their appearance carefully
observed and recorded, before being transported to the
laboratory.
The appearance of the black polypropylene geotextile
was relatively uniform, and appropriate samples were
taken for tensile testing, and examination for site damage.
The white polyester geotextile had more marked
differences in appearance, especially in colour. One area
was greyish white, and showed some signs of installation
damage, whilst another area was stained brown and grey.
Samples for testing were selected from areas that were
visually undamaged (to the human eye), although stained.
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5. DURABILITY TESTING
5.1 Tensile Tests
Ten specimens of the polyester geotextile, and ten
specimens of the polypropylene geotextile, were subjected
to wide width tensile tests, in accordance with BS 6906:
Part 1 (1987), except that individual specimens were
tested at different rates of strain. Two specimens of each
geotextile were tested in the warp direction at 100, 10, 1,
0.1 and 0.01 per cent/minute strain. The specimens were
gripped with roller clamps, and their extensions measured
using a non-contacting video extensometer.
The results are shown in Table 1. Examples of the
load strain curves for both the polyester and the
polypropylene geotextiles, at a constant strain rate of
10OA/min,are shown in Figure 2. None of the polyester
specimens showed any visible signs of damage before
testing, although some staining was evident on all
specimens. Specimen F of the polypropylene material
showed visible fraying of some of the warp fibres, and
this probably accounts for the low value of tensile
strength.
The results are summarised in Figure 3.
5.2 Scanning Electron Microscope Examinaticm
Three specimens of the polypropylene geotextile were
examined in a scanning electron microscope, one on both
sides. Their appearance, as shown in Plate 1, was typical
of a fibrillated tape geotextile. Most of the damage was
confined to the surface.
Both warp and weft were
damaged equally. Soil residue had penetrated the textile.

rable 1. Tensile Test Results

Rate of strain
(%/minute)
100
100
10
10
1
1
0.1
0.1
0.01
0.01
Damaged specimen
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Pol~ ]ropylene Geotextile
Maximum
Strain at
maximum
strength
Sample
(kN/m)
strength (%)
246.4
A
10.7
11.2
259.5
B
12.6
216.9
c
11.5
215.4
D
213,1
14.5
E
11.1
~144.8
F
15.3
210.9
G
13.7
167.2
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15.6
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Plate 1. Scanning Electron Micrograph of Polypropylene
Geotextile

Plate 2. Scanning Electron Micrograph
Geotextile

Plate 3. Scanning Electron Micrograph of Polyester
Geotextile

Plate 4. Scanning Electron Micrograph of Polyester
Geotextile
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Table 2, Hydrolysis Test Results

Specimen

Staining

Intrinsic
viscosity

Viscosity
molecular
weight

1

Greyish white

1.08

38,200

28.9

25.9

29.8

28.2

2

Grey I brown

0.61

19,200

30.4

30.1

29.8

30.1

3

Grey I brown

0.64

20,300

29,6

30.2

29,4

29.7

Two specimens of the polyester geotextile, one from the
area stained brown and grey, and the other from the area
stained greyish white, were examined in the scanning
electron microscope. There was no darnage visible to the
Examples of the
unaided eye in either specimen.
micro,graphs are shown in Plates 2, 3 & 4; in which the
warp direction is horizontal.
Locally there was damage to the fibres in the form of
splits, indentations or openings in the fibre surface parallel
to the axis, In places the surface of the fibres appeared
flaky. This was sometimes, but not always accompanied
by local distortion, as shown in Plate 3. Individual soil
particles and smeared areas were present, primarily
attached to the warp fibres,
X-ray analysis of an area stained brown and grey
showed that the smeared areas contained aluminium,
silicon and some iron, and were therefore likely to be
from an iron containing clay. Analysis of the discrete
particles showed that some were clay, but others consisted
mostly of sulphur. Analysis of an area stained greyish
white found similar distributions of sulphur containing
particles. The clay was found to contain silicon and
aluminium as before, but no iron.
5.3 Hydrolysis Tests
Nine carboxyl end group tests were carried out on the
polyester geotextile, using the non-aqueous titration
method of Pohl (1954), but with bromocresol green as the
indicator. Three tests were performed on a specimen of
the material stained greyish white and six were performed
on two specimens of the material stained brown and grey.
The results are shown in Table 2.
Three intrinsic viscosity measurements were made, in
accordance with 1S0 1628-1 (1984), using o-chlorophenol
as the solution medium; from which the viscosity
molecular weight, which approximates to the weight
average molecular weight, was then calculated. These
results are also shown in Table 2.

Carboxyl end group (CEG)
(meq.lpg)

Mean CEG
(meq.l~g)

6. DISCUSSION OF RESULTS
6.1 Polypropylene
The loss of strength of the polypropylene geotextile after
burial for 14 years was relatively insignificant. Also, as
shown by comparison of a test at 10O%/minute strain
(Figure 2) and the original properties, there was little
change to the strain characteristics.
In addition, examination in the scanning electron
microscope found only surticial surface darnage to the
material.
Thus, it is concluded that tlhis woven
polypropylene geotextile has survived installation, and
burial in the ground for 14 years at 26”C., with little
change.
6.2 Polyester
The polyester geotextile lost about 15% of its strength
atler installation and burial for 14 years in a saturated
ground at 26”C.
From Table 1 it can be seen the strain at maximum
strength was less than that measured before installation.
Figure 2 shows that the strain at break was also less. The
relatively flat gradient of the polyester change of strength
with strain rate plot, shown in Figure 3, indicates that it
is not particularly strain rate sensiiive.
The carboxyl end group test results ranged from 26 to
30 equivalent ends/microgram, which when compared
with the range of 25 to 50 normally required for the
production of high tenacity polyester fibres, indicates little
The results for the material
hydrolytic degradation.
stained brown and grey were slightly higher than for the
greyish white material.
The weight and number average molecular weights of
the original geotextile are believed to have been at least
33,000 and 12,400 respectively. The intrinsic viscosity
measurements and molecular weight determinations
showed that material from the areas stained brown and
grey was only two thirds of the original molecukir weight.

1998 Sixth International

Conference

an Geosynithetics -673

Taking all these measurements into account, especially
the loss of molecular weight, it is concluded that a portion
of the 1So/o loss of strength of this woven polyester
geotextile was due to hydrolysis. The rest may be due to
installation damage (Brady et al, 1994).
The analysis of Burgoyne and Merii (1993) and the
Arrhenius diagram of Schmidt et al (1994) both predict a
loss of less than s~o due to hydrolysis after 14 years in
saturated soil at 26°C. Salman et al (1997) predict a
larger loss, and Schmidt et al indicate that a 30% loss of
molecular weight would be associated with a 14°/0loss of
strength.
The relationship between a change of carboxyl end
group count and the change in the molecular weight
depends on the distribution of molecular weights. Local
hydrolysis may be associated with the presence of metal
ions in the degraded areas.
This loss of strength does not preclude the use of
similar polyester geotextiles for the basal reinforcement of
embankments on soft clay, as the strength of the
reinforcement is only required for a few months, until the
clay has consolidated. It is suggested, though, that similar
durability studies be carried out on polyester geotextiles
and geogrids exhumed from permanent reinforced fill.
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Study on Creep-Rupture

of Polyester Tendons:

Full Scale Tests

P. Orsat
Freyssisol, Freyssinet International and Cie, Velizy, France
M. Khay
Centre d’Experimentation Routiere, Le Grand Quevilly, France
M. Mc Creath, Linear Composites Ltd, Keighley, United Kingdom
ABSTRACT: The behaviour under creep of polymeric materials used to reinforce soil structures is an essential criterion in
the study of the durability of structures. The report presents the results of fill-scale tests carried out to study the behaviour
under creep of polyester tendons. Loading tests to rupture were performed on tendons for assumed life periods of 2, 10, 30,
100, 300 and 1000 days. Samples taken before rupture at different ages allow determination of the residual strength
characteristics of the tendons. The results obtained confirm the law of the linear behaviour of creep rupture versus the
logarithm of time. It also shows that the residual strength of tendons subjected to creep tests remains greater than that
calculated from the stress rupture curve and very close to the initial test strength of polymeric materials.
KEYWORDS: Polyester, creep rupture, residual strength, creep.

1

INTRODUCTION

The results of creep rupture tests on polyester fibres are
generally expressed in the form of creep rupture curves of
the type: load in relation to log (time) as shown in Figure 1.
The admissible tension load at time “t” is determined by
extrapolation of the tensile strength data obtained from
creep tests at time ~. Safety coet%cients are applied to the
tensile strength to allow for uncertainty due to
extrapolation. Knowing the true strength of the material
under the effect of creep related to time is of major interest
when defiiing these safety coefficients.
It is important, therefore, to establish the residual
strength of tendons used i.e. what is their actual breaking
load Tfl at time “tl”, under a given load applied Tfz,
whenoff loading takes place some time before creep
rupture, as per the creep rupture line at time “tz”(Figure 2).

The report presents the results of a study carried out in
order to establish the characteristics of creep rupture of
polyester cables used as tendons in reinforced fill and to
evaluate their residual strength before rupture (Linear
Composites Ltd 1995).

Load
~
Tf 1

I

tl

t2

Time
‘(log
scale)

Figure 2. Residual strength.
2

I

I

to

Figure 1. Creep rupture curve.

I

t

b

Time
(logstate)

TESTS

The loading test was performed to full scale in a covered
test pit under ambient atmospheric conditions. A device
allowed maintenance and monitoring of the temperature in
the pit at about 18°C. Tendon test pieces were loaded to a
constant value calculated for different rupture times. For
each series, the tests were continued on the one hand up to
creep rupture of the test pieces, and on the other hand by
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taking samples at different times before rupture for
determination of their residual strength in a laboratory
tensile test.
2.1

Tested Material

For this study and for experimental purposes, the tests were
performed on Parafil polyester tendons of the same nature
as polyester reinforced strips used in the reinforced till.
These were composed of polyester fibres covered with a
polyethylene sheath. The test pieces, prepared specially for
these tests, were 550 mm long and comprised two
termination devices at their extremities.
2.2

Loading Weights

These tendons are characterised by:
their Nominal Breaking Load “N.B.L.” defined as 10 kN,
their actual breaking load i.e. the mean of 20 samples
tested as initial reference. However, this value can vary
between various series of samples tested due to
termination dimension as pre-tensioning conditions
during samples preparation.
The weights consist of concrete blocks which are
adjusted by adding additional weights before loading the
samples.

2.4

Determination of Creep Rupture Loads

The calculation of the creep rupture loads for each phase of
the tests was determined ffom the experimental results
obtained during a previous study and readjusted by a series
of rupture tests under creep. This relationship subsequently
recalculated after each test phase, was used for calculating
the weights for the following phase. The weights were
calculated with reference to the tensile strength of the test
samples.
2.5

Determination of the Reference Tensile Strength

Characterisation of the 550 mm long tendons due to be
tested was established using tensile tests at a strain rate of
100 mm/min. Table 2 gives the results for the tendons for
the three series of samples tested.

Table 2. Reference tensile strength.
2
Series 1
3
Samples 20
20
5
Loads ExtensionatLoads ExtensionatLoad Earupture
kN
at rupture
rupture (%) kN
kN
(Yo)

Mean

15.85

10.09

14,72

9.7

15.57

10.3

S.D.’

20
1.3

0.31
2.9

56
3.8

0.5
4.8

71
4.5

0.7

V.C.%0

2.3

‘Standard

Table 1

This table gives the plan of the experiments carried out.
The set of samples was prepared successively for the tests.
In general, 16 samples were loaded for each creep rupture
point and 6 samples for each strength retention point,
Table 1. Plan of experiments performed.
TestperformedType
Phase Reference
Loadingfor
Sample Test RuptureTest Time Test
pieees at (days)piers (day) pieces
5
2
Creep
52
o
12
CreeQ
20 2
12
2
11
10
16
10
16
Creep
20 30
14
30
14
Creep
2.10 4x6=2 Resi.
22
20 100
40
strength
3060 4
----100
16
Creep
R&id.
30
6
strength
100 6
300
34
33

5

1000
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200
300

6
16

Creep

30
100

6
6

Resid,

200

6

strength

300
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Deviation -‘ Variation Coefficient

All tendons tested came from the same batch of cable.
However, slight changes were introduced in the termination
conditions (dimension and pre-stressing rate during
preparation stage). This can explain the slight changes
observed for reference tensile strength
measurement
between phases,

3

TEST RESULTS

Table 3 gives the creep test results. The graph in Figure 2
shows an adjustment by linear regression of the relation
load - f(log(time)) with very good correlation.
The creep rupture equation line obtained is:
Tf(%) = 88.8-2.38 log(~i~)

(1)

where: Tf(%) = actual breaking load (in 0/0 of original
breaking load) at time t ; and t = time in minutes.
This equation has been established using creep rupture
results at 2, 10, 30 and 100 days. It will be confirmed by
300 days tests which are still on going.

Table 3. Rupture time under creep.
Rupture under observed
Rupture time
Phase Weight
undercalculated creep(day)
values
Mean S.D.’ V.C.2Y0
creep(day)
(kN)
0.05
I00
0.05
o
13.40
2
0.91
1.21
74.9
12.62
2
10.34 7.47
72.2
1
12.41
10
15.51 10.81 69.7
I2.20
30
100
81.87 62.61 76.5
2
11.95
*
*
*
300
3
11.75
* Test under wav
1StandardDevi;tion-2 VariationCoefficient

For phase 2, the variations observed, as well as the fall in
measured residual strength, may result from problems
related to the termination devices on the tendons, which
were improved for phase 3.

4

DISCUSSION

The objective of this project was to firmly establish the
long-term tensile behaviour of Prtraweb soil reinforcing
products, However, the creep and creep rupture behaviour
of webbing is difficult to study because slip-free methods
of holding the web are complex and expensive and
Table 4 gives the results of the determination of residual
prechtde the multi-sample approach. Polyester cable was
strength for tendons subjected to creep tests. These show
used in this work to simulate webbing because it performs
that, for different loads and before termination of their
in an identical manner to the equivalent web and is easier to
foreseeable life span, the residual strength is not affected by
hold in standard terminations. The breaking load of the
the load (Cf. Figure 3).
cable was limited to about 15 kN so that the concrete
weights could be restricted to a maximum of 14 kN.
120 ➤
The test results for creep rupture and strength retention
are shown in Tables 3 and 4 and graphically in Figure 3.
The anticipated creep rupture performance was confirmed
and the regression equation established.
Evidence of retention of strength under load approaching
100% is clearly demonstrated for three different loads (it is
I
I
.g
I
— 40 +
clear that the phase 2 results were slightly lower than
_._.— ———
anticipated. This was due to minor termination difficulties
+ Residual strength (m %) ~
100 days load rate
. Residual strength (in %) wth S00 days load rate
which
were resolved for phase 3).
. Residual strangth (In %) with 1000 days Ibsd mle
1
Evidence is also presented confirming the retention of
o L1CHXH2 initial strength until close to the creep rupture point.
100
Iom
10
t
Number of days pog scale]
This strength retention phenomenon brings into question
the current techniques (based on creep rupture) used to
Figure 3. Creep rupture curve and residual strength.
establish safety factors for design loads. The following
example demonstrates the anomaly:
takhg the Characteristic Breaking Load (CBL mean Table 4. Residual strength of tendons subjected to
1.64 SD) of series 2 as 13.8 kN,
creep test.
Measureresidualstreneth
- assume a typical factor of safety (which includes the
Timeof
effects of creep rupture) of 3 on CBL,
Phase Refe.3 rupture Ageof 0/0 of the referencetension
(kN)
calculated thetest
- the design load for the tendons becomes:
Mean
S.D.l
V.C.2%
creep4(day)(day)

I

‘Cmmmp’”r”m
-1
L

~

2
2

14.72

100
(81,2%)

10
30
60

95.2
92.5
99.0
90.4

.—.—

4.6
3.5
4.8

1.7
102.8
3.1
30
100
100.8
5.3
300
99.5
1.9
3
15.57 (75,5%) 200
100.9
8.8
30
100
100.7
6.2
1000
101.4
2.3
(74,2VO) 200
7.1
94.5
300
‘StandardDeviation-‘ VariationCoefficients
- ‘ Reference
4Rateofloadinginrelationto reference

4.9
3.7
4,8

1.9
3.0
5.2
1.9
8.7
6.2
2.3
7.5

DL = CBL 13.8
— = 4.6 kN
3=3
- using the creep rupture equation, if we calculated the
time to rupture for a load of 4.6 kN from:
Iog(tmin) =

88”82-3;”25

this results in t = 2.3 x 101syears.
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The evidence presented in this paper suggests that if this
tendon was off-loaded after “only” 120 years its breaking
load would still be close to 100’%..
It is believed, therefore, that the phenomenon of strength
retention should be a major consideration when calculating
design loads. Clearly, providing the final design load is
below the predicted creep rupture load for 120 years, safety
factors should be applied to the retained load i.e. the initial
strength of the geotextile. In addition any factors for
transient load increases during the life of the structure
should be based on the retained, i.e. initial strength.

5.

CONCLUSION

1. This work has confined the linear nature of the creep
rupture performance of polyester tendons on a load
versus log time basis.
2. The residual strength of the tendons when subjected to
the creep tests remains far above the creep rupture curve
and is unaffected by time under load until close to the
creep rupture life.
3. A new approach to design load safety factors should be
considered which take into account residual strength (as
opposed to the current BNSR 1991).

Figure 5. A pit view with all the samples under testing.
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Coated PET-geogrids, wovens and yarns - comparison of longtime
performance under tension
J. Mtiller-Rochholz
Professor, Department of Civil Engineering, Fachhochschule Mtinster, Labor flh-Baustoffe, Mtinster, and Institute for
textile Building and Environmental Techniques (tBU), Germany
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ABSTRACT: The load/deformation behavior of geogrids is the dominant characteristic for the bearing behaviour of the
composite soil-geogrid. As deformations of soil shall be small during implementation of geogrid and very small afler
construction high modulus at low deformations and low creep are the aims. As polyester normally has a orientation
phase at low deformations the attempt was made to use other polyester yarns for geogrids. Short-time and creep tests
show significantly better behavior in initial load bearing capacity and creep behavior.
KEY WORDS: Creep, Design deformation, Polyester, Geogrid
1

INTRODUCTION

.

,

1=0
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1=0
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The coaction of reinforcing geosynthetic and soil is the
basis of design methods. Examples are given by OECD
Expert Group 18 (1991). The following figures are taken
from the OECD report.
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Figure 1 b. Calculation of slope stability and
compatibility of soil and geotextile reinforcement

S,Y3J

<I geolexlile)

Figure 1 a. Calculation of slope stability and
compatibility of soil and geotextile reinforcement

The curves show loadlextension curves for the
geosynthetic (,,isochronous stress-strain curves) and the
soil curve. Independent from the design approach, it is to
be seen that a steeper curve fort= t] (for example t, = 106
h = 114 years) leads to structures with low movement. A
big difference between t = O and t = t] leads to movement
in a post construction phase i.e. service period For the
post construction deformation values are given between
.5 % for rigid structures and 1 % for not sensitive
structures by the OECD Expert Group 18 (1991).
So a reinforcing material should have a curve with
design-relevant
area
low deformation
in the
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(deformations of s 3 %) and the smallest difference
possible between t = Oand t = tl.
As some polymers have orientation phases of the
macro molecules at relativ low deformation, this
orientation should be eliminated by stretching during
production or other thermo-mechanical pretreatment.
This investigation deals with two types of polyester
(PES-) yarns and grids woven tlom these yams.

2

GENERAL DEFORMATION BEHAVIOR

Geosynthetics deformation behavior is influenced by
- deformation in the textile structure
– polymer type
–thermo-mechanical treatment of tapes, yams, fibres
etc.
The deformation in the textile structure of woven
materials may be influenced by kind of weaving and
warp tension. Knitwear may have straight load bearing
elements, thus having no construction deformation. The
same is valid for extruded and stretched grids.
Polyester materials are characterized by a orientation
phase between 20 and 30 % of short-time strength. The
phenomenon is visualized in Figure 2 (C. Koslowski,
1996) versus time, as this orientation occurs under
sustained load at lower stresses.

Bruh

1
CTIII

I

standard PES-yam. Short-time tensile, tensile creep and
creep rupture tests were conducted, this report deals with
short-time tensile and creep tests.
3.1

Short-time

Tests

The short-time tests were carried out with two grids of
identical nominal maximum force. All tests were
performed on identical equipment by same staff
according to 1S0 10319 i. e. 1 0/0 preload, 2’0 O/O/rein
strain rate, videoextensometer. Figure 3 shows the stressstrain curves, which (best to be seen for the product with
150 kN/m) miss the typical orientation phase,
characterized by a depressive gradient fi-om ablout 1 0/0
strain up to 4 ‘%o. Also the ultimate deformation is about 9
0/0 for the NT-materials compared with about 12 0/0for
the standard material.

Figure 3. Stress-strain curves - woven polyester-geogrid
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Figure 2. Creep deformation and creep rate

3

TARGET OF THE INVESTIGATION

The tests reported here should show, whether a different
yam [called New Technology (NT) in this report] gives
better performance at low deformation values than a
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For the creep comparison we took old values for the
standard materials [published by J. Mtiller-Rochholz and
R. Kirschner at the 4ti International Conference on
Geotextiles, Geomembranes and Related Products, The
Hague, Netherlands (1990)], therefore sometimes
stress/strength values and temperatures are close but not
identical.
Creep curves for yam and geogrids of different
strength woven of this yarn are shown in Figures 4 a and
b. The problem in testing is to be seen by the remark
,,clamp failure”. If stress level is very C1OSOto the
bearable load, any lateral stress may cause rupture.
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In Figure 6 identical stress levels (50 %) of products
are compared at differing temperatures showing the low
influence of temperature for PES and ca. 2 0/0less strain
for the NT-materials. In this figure results of yarn creep
tests supplied by the producer are plotted additionally.
There is a different stress level for the standard yarn. The
coincidence of yarn and product strains shows low
construction influence.
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Figure 4a. Creep curves - woven polyester-geogrid ,,new
technology” (35 kN/m)
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Figure 6. Creep curves – woven polyester-geogrid (80
kN/m)
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Figure 4 b. Creep curves - woven polyester-geogrid ,~ew
technology” (150 kN/m)
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Figure 5 shows 1 year NT-values at 30 % stress level
and 3 years lines of standard PES of lower (= 25 ‘%0)
stress level, showing ca. 1 0/0higher strains for the lower
stress level of standard yarns.
Figure 7. Isochronous curves - woven polyester-geogrid
,,new technology”
nOnlhnlwIh

,,0!

t,

!

to

lm

W4

-

,~

From these creep curves isochronous stress-strain
curves were derived, showing in Figure 7 the close lines
for 1 h up to 10000 hrs. Two lines of Figure 7 are
transferred to Figure 8 to see the difference between the
products with different yarns; which leads to strain
differences f. e. at 20 % stress-level of> 3,5 VOstrain at
10000 hrs for standard to <1,5 % for NT-products or at
strain level of 2 YOto stress levels from 5 YO(standard) to
15 Yo(NT).

L4.adnmmwrsl

Figure 5. Creep curves - woven polyester-geogrid

1998 Sixth International

Conference

on Geosynthetics

-681

r
.~l+Ih.

t+”r.d-?-w

+!OcOa.lia.T+t.

-

+,,

m.-

:

..h

h%

Figure 8. Isochronous curves – woven polyester-geogrid

4

CONCLUSION

It can be shown that the thermo-mechanical treatment of
yarns (here: Polyester) may lead to significant changes in
the load deformation behavior especially in the
application relevant area of admissible deformations/
stresses. So the load bearing capacity at 2 0/0strain is
tripled.
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The Effect of Oxygen Pressure, Temperature and Manufacturing
Processes on Laboratory Degradation of Polypropylene Geosynthetics.
A. Salman
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ABSTRACT: To quali~ geosynthetics for in ground reinforcement use, it becomes mandatory to assess their durability
within a short time with respect to environmental parameters to which they will likely be subjected for 75 tc~100 years.
This requires the development of accelerated tests permitting prediction of potential degradation under actual use
conditions. It is known that polyolefin may oxidize resulting in polymeric molecular chain breaks directly resulting in
strength loss of the material. The available studies of polyolefms oxidation indicate that rates of oxidation are very low at
ambient temperatures, however in the context of the lifetime of civil engineering applications, may not be negligible.
Comprehensive studies of polyolefin oxidation indicated that the rate of reaction among other factors, depends on the
oxygen partial pressure in the system as well as on temperature. Complex antioxidant mixtures are commonly used to
reduce the rate of oxidation for commercial polyolefin products during processing and in end use.
KEY WORDS: Geosynthetics, durability testing, oxidation, life prediction, antioxidant consumption
1.

RESEARCH OBJECTIVES

This study was focused on considering the prime factors
affecting the rate of degradation which are temperature,
oxygen partial pressure, manufacturing process and effectiveness of antioxidants.
The scope of this reported research was limited to the
laborato~ investigation of thermooxidative degradation of
a few typical commercial products selected to represent
geos~thetic materials potentially used in highway
applications. It is only a part of a larger FHWA study to
develop durability testing protocols for geosynthetics.
The scope of the study is limited in that:
. a small number of commercial geosynthetic products are
considered;
only “severe” conditions of treatment, as compared to
the in-service conditions, are used to accelerate degradation to achieve measurable chemical and mechanical
changes during 2 to 3 years of laboratory incubation
time.

polyolefin geosynthetics, the following initial conditions
have been selected for accelerated laboratory testing:
1. Oven aging in circulating air (21% Oz) to represent
surface and near surface conditions
2. Oven aging in stagnant atmosphere containing 8’%0
Oz
balanced by Nz to represent reduced oxygen found in
reinforced fills (Yanful, 1993).
The overall effect of antioxidant additives is assessed by
testing a specially manufactured polypropylene textile P3a. This material is identical to the commercial products
P-3 in terms of polymeric composition and
manufacturing, except that it was manufactured with a
rninimurn amount of additives required for production
purposes.

●

2.

3.

GEOSYNTHETIC MATERL4LS TESTED

Results tlom 2 commercial and 1 research grade geotextiles are reported in this study. The materials are differentiated by manufacturing process, composition and antioxidant additives. The main characteristicsare shownin Table 1.

LABORATORY ASSESSMENT PROCEDURES
3.1

The basic principles of thermooxidative degradation of
polyolefin polymers indicate that environmental conditions such as oxygen partial pressure may have a significant impact on the rate of mechanical deterioration caused
by oxidation. In order to assess the influence of oxygen
partial pressure on the rate of mechanical degradation for

Testing

procedures

The testing procedure consists ofi (i) sample preparation;
(ii) oven aging of prepared samples at different levels of
oxygen concentration (iii) mechanical testing to determine
tensile strength using a Wide Width Strip Test (ASTM D4595); (iv) chemical testing to determine Oxygen Induction Time (OIT) by Differential Scanning Calorimetry
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Table 1. Major characteristics of selected commercial polyolefin geosynthetic products.
Product code
Type
Unit weight (g/mz)
Tensile strength (kN/m)

Antioxidant type

P-3

PP Needlepunched-continuous filament nonwoven geotextile

440

1.20t0.06

Hindered Amine
(HALS),with trace
carbon additive for color

P-3a

PP Needlepunchedcontinuous filament
nonwoven textile

200

0.35*0.03

Research grade
manufactured with a
minimum amount of
additives

P-4

PP Needlepunched
staple nonwoven
geotextile

370

1.50+0.05

Phenolic and phosphite

(DSC) at 175”C; and (v) analysis of surface morphology
by SEM and/or optical microscopy. The major features of
the testing procedure are outlined below.
To perform accelerated thermodegradation of polyolefin geosynthetics in air (210/0OJ, forced-draft ovens
with a temperature uniformity of +10/0 and substantial
fi-eshair intake are used in a compliance with ASTM D3045, “Heat aging of plastics without load”. To conduct
aging in a stagnant atmosphere containing 80/002, a special chamber was designed and manufactured. This apparatus provides a temperature uniformity oft 1‘C, and allows control of oxygen concentration in the chamber. The
specimens are suspended in the oven or in the chamber
without pretension and without touching each other,
The temperature of exposure varied from 50° to 90°C.
At least 5 consecutive retrievals were made over the period of aging at each specific condition with each retrieval
represented by a minimum of 5 specimens.
The study further indicated that Oxidative Induction
Time (OIT) measurements for these geotextiles appeared
to be ineffective in monitoring strength degradation for
the products tested.
Measurements of remaining OIT for the geotextiles
reported did not correlate with remaining strength or
antioxidant consumption as measured by induction time.
4.

LABORATORY ACCELERATED
DEGRADATION RESULTS

Each of the selected geosynthetic products tested exhibits
a unique pattern of degradation under the tested environmental conditions. Surface morphology studies are discussed in the context of measurable deterioration of mechanical properties observed for the aged geosynthetics.
4.1

Nonwoven continuous filament geotextiles, P-3
and P-3a

The monitoring of weight changes during exposure to
elevated temperatures in different atmospheres, indicated
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no statistically significant variation of weight for the P-3
and P-3a geotextiles.
SEM study of the fiber surface morphology indicated
that there are no apparent changes on the fiber surface on
a microlevel, for either geotextile, aged in different atmospheric environments and at temperatures varying fi-om
50° to 90”C.
The progressive strength loss versus time jor the P-3
and P-3a geotextiles, are shown on Figure 1, indicates a
non linear strength 10SSand the presence of an induction
period. The induction period is defined as the initial period of oven aging, when no statistically significant
changes of a tensile strength is observed. The P-3a
geotextile exhibits no induction period for the flamerange
of test temperatures.
One of the properties which affects the rate of thermooxidation processes is the composition and concentration of antioxidant additives in commercial products. The
effect of antioxidant additives on the rate of mechanical
degradation of polyolefin geosynthetic products is clearly
illustrated by the relative performance of two products, P3 and P-3a. The P-3 product contains a HAM type of
antioxidant additive, and P-3a is a specially manufactured
textile with only a minimum amount of antioxidant required for production purposes. The beneficial effect of
antioxidants is clearly demonstrated by the summarized
comparisons between degradation rates for these two
products which is shown in Figure 1. There is an indication that at the lowest temperature tested of 50‘C, the effect of the antioxidants is more pronounced {km at the
highest temperature of exposure of 80°C which is closer
to the upper limit of effectiveness of about 135”C, for
HALS type antioxidants (Fay, King, 1994).
Samples of the P-3 commercial geotextil,: were exposed to elevated temperatures of 70°, 80° anc[ 90”C in a
stagnant atmosphere of 8’%0oxygen balanced by nitrogen.
The summary of results is shown on Figure 2.
Results indicate that the rate of mechanical degradation in stagnant diluted air is much slower than the rate of
degradation in circulating air ovens. It can b~ observed
that in stagnant diluted air (8’%0 02) P-3 exhibil:s an initial
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Figure 2. Tensile strength for continuous filament geotextile P-3 during
oven aging in stagnant diluted air at 8’%Oa and in circulatingair at 210/002.

tensile strength increase when tested at 70°C. However,
tensile strength decreases with exposure time.
4.2

4.3

be smooth and clean, however, there are
traces of initial cracks on the surface of
virgin fibers transverse to the fiber
length. The SEM study further indicates
a
progressive
development
of
circumferential cracks on the fiber
surface during exposure tc) elevated
temperatures in circulating air.
The SEM study of fiber surface
morphology for this geotextile aged in
stagnant diluted air (8Y0 Oz) at 70 “C,
indicated
no
development
of
circumferential cracks on the surface of
fibers after the 473-day thermal
treatment. No changes of the fiber
diameters have been observed.
Weight changes for P-4 measured over
the period of exposure tcl elevated
temperatures in different atmospheric
conditions are minimal. The weight
changes measured vary within the range
of Oto 2 percent.
The observed development of fiber
cracking explains the rapid loss of tensile
strength during thermooxidation in
intense circulating air. It appears that this
material loses 50% or more of its initial
strength during the first 50 days of
exposure in temperatures varying tiom
50° to 80”C as shown on Figure 3.
The results of mechanical testing for
P-4 aged in a stagnant atmosphere of
diluted air (8% 02, 92% Na) are at first
quite unexpected. The specimens aged at
70° and 80”C in stagnant diluted air
exhibit a strength increase by factor of
1.8 after first 80 days of exposure
followed by statistically insignificant
changes of tensile strength. However, no
tensile strength increase is observed at
90°C. The summarized experimental
results for mechanical degradation in
these conditions are also shown on
Figure 3.

Summary of laboratory data on the rate of mechanical deterioration caused by thermoofidation

P-4, nonwoven staple geotextile

Commercial geosynthetic P-4 does not exhibit shrinkage
or swelling over the period of aging in circulating air and
stagnant diluted air ovens.
Analysis for microscopic changes on fiber surface
morphology has been conducted by SEM of fibers “as received” and fibers taken from the specimens aged in
circulating air oven at 50”C. The virgin fibers appear to

Results of tensile strength monitoring for these two polypropylene geosynthetics, indicate that each of the
products studied, exhibits a unique pattern of tensile
strength changes during exposure to elevated temperatures
under differing environment conditions (oxygen partial
pressure). However, the common features are as follows:
1. Oven aging in stagnant diluted air at 8 percent
oxygen results in the decrease of the rate of tensile
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air at 21YO01 (solid line) and at 8% Oz (dashed line).
strength loss as compared to the rate observed in
circulating air (21‘Yo02) at the same temperature.
2. The two commercial products tested, exhibit a different morphology in their virgin state. SEM microphotograph at a magnification of 3000x reveal the presence of initial crazes/cracks on the surface of virgin
fibers for nonwoven staple geotextile P-4. There is
no indication of surface imperfections under the same
magnification, for the virgin fibers of the nonwoven
continuous filament product, P-3. This difference in
fiber morphology is one of the causes for the differences in degradation patterns for P-3 and P-4
product.
3. Staple product P-4 exhibits very low resistance to
oxidation in circulating air (21 YO 02) at elevated temperatures which results fi-om intensive surface cracks
growth over the period of aging. By contrast, the
continuous filament product P-3 exhibits no fiber surface crack development during oxidation under the
same conditions, and a much lower rate of mechanical deterioration.
4. Aging in stagnant diluted air (8% OJ results in the
healing of the initial crazes on the fiber surface of the
P-4 product. This may explain the tensile strength
increases by a factor of about 1.5-1.6, observed in
stagnant diluted air. Product P-3 exhibits the increase
of tensile strength by a factor of 1.2-1.3, under the
same conditions of aging.
5. It appears that the effectiveness of antioxidant package can be measured by the developed induction time
for products with no cracks or crazes in their as
manufactured state.
Intensive surface crack growth in circulating air as
well as crack healing in stagnant diluted air, indicate that
there may be other or additional mechanisms to ther686-1998
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mooxidation, which contribute to mechanical degradation for staple product P-4
under accelerated temperature testing. The
crack disappearance phenomena may occur
due to an increase of molecular diffusion
rate in the polymer leading to crack
healing, analogous to the cold welding of
metals. When the rate of diffhsion and
crack healing prevails over the rate of
oxidation, a strength gain effect is
observed. This adds to the complexity of
the
degradation
process
at
high
temperatures and brings to question the
validity of oven aging as the appropriate
accelerator
for
thennooxidative
degradation studies especially for products
which exhibit initial cracks/crazes in their
as manufactured state.
The nonwoven continuous i-lament
product, P-3, exhibits a met-e classic
behavior and the temperature accelerated
data lends itself to analysis within a framework of
polymer chemistry.

5.

A NUMERICAL MODEL FOR DEGRADATION
RATE AND LIFE EXPECTANCY

The main objective of durability studies for commercial
geosynthetic products is to estimate a degradation rate and
corresponding life expectancy for in-service conditions.
The results of tensile strength losses for P-3 during
oven aging in circulating air (21YO02) at elevated temperatures up to 70”C exhibit a substantial period of time
with no changes of mechanical strength followed by a
nonlinear decay of strength. Experimental data obtained
in stagnant diluted air (8’%002), show a significant
decrease in the rate of mechanical degradation as
compared to the rate in circulating air (Figure 1). These
patterns of degradation indicate that ccmventional
“Arrhenius modeling” as suggested in the literature
(Wisse and Berketileld, 1982; Koemer, Lord and Hsuan,
1992) may be too simplistic to describe the clegradation
behavior of geosynthetic products. Therefore., the basic
principles of kinetics of chemical reactions in general, and
kinetics of thermooxidation in particular, such as the
Basic Autoxidation Scheme (BAS) (Bolland, 1948;
Kelen, 1982) must be considered in formulating an
appropriate numerical model for materials which in their
virgin state are completely intact and exhibit no
crackslcrazes.
An interpretation procedure using BAS has been recently developed by the authors (Salman, Elias et al.,
1997) and is used to interpret the laboratory results for P3, which exhibits a more classic behavior.

5.1

Interpretation

Procedure

In chemical kinetics (Adamson, 1973) the rate R of a reaction A+B+ C+... -+Products at constant temperature is
expressed as a fiction of composition of the system, according to mass action law as:
—y=

R=k[A]x[B]’[c]z

(1)

where [A], [B], and [Cl are the concentrations of
reactants, and k is the rate constant being independent of
the concentration of the reactants but dependent on
temperature.
The order of the rate law is the sum of the exponents
(x+y+... ). The important cases are zero, fwst and secondorder reactions. The rate should be determined
experimentally (Atkins, 1986).
The rates k of most reactions increase with temperature according to the Arrhenius law as:

k==Ae-Eu1R7

L md

tlnd ‘1/{ exp[a(l/To) +b]]

(4]

The determination of induction period at elevated temperatures is shown in Figure 4 for P-3 commercial
geosynthetic, aged in circulating air at 21 percent oxygen
and reduced oxygen at 8 percent.

(2)

with A - the pre-exponential factor, usually considered as
a constant which is independent of temperature; E. - the
activation energy; R - the ideal gas constant; and T - the
temperature in ‘K.
The kinetics of autoxidation for the general case of
antioxidant presence, consist of two phases. The first
phase (induction period) describes the consumption of
antioxidants, with the reaction constant for consumption
defined by an Arrhenius-type dependency. During the
second phase, the oxidation and corresponding mechanical degradation is described by the kinetics of the BAS.
The data usually obtained in the laboratory, does not
provide sufficient information on the kinetics of antioxidant depletion during aging. Therefore, the order of reaction for antioxidant consumption cannot be determined
directly h-em experimental data. Analysis of integrated
rate laws for kinetics of chemical reactions (Adamson,
1973) yield a general expression for induction time versus
temperature at any given level of antioxidant depletion
[A]/[Ao]=c.
Assuming that the reaction constant for antioxidant consumption obeys the Arrhenius law, the following relationship is indicated:
1
in —
.

significant changes in mechanical strength. It is
determined by extending a tangent line to the slope of the
post induction degradation curve until it intersects the no
strength loss line. With limited data it requires some
judgment.
2. A linear regression analysis is conducted for the function ln(l/i,J versus the reciprocal temperature (l/T°K).
The obtained linear equation in (1/t,~ = a(l/~~ +b is used
to find the value of the induction period at any given temperature, To ‘K as follows:

=c, +c2&

(3)

nl

where Cl and C2 are the constants for a particular antioxidant and given level of depletion c.
This relationship (3) suggests a procedure for estimating induction time at a given temperature To “K as follows:
1. The induction period t,ti is determined at each temperature of exposure, defined as the period of no statistically

40

50

60
Temperature,

70

80

90

“C

Figure 4. Induction period for P-3 aged in circulating air
at 21 VO (solid line) and 8% (dashed line) 02.

3. The solution of the equation for linear regression of
versus reciprocal temperature at 20”C (Figure 5),
yields a value for P-3 of anticipated induction period tlnd=
51 years at 21Y. O? and 240 years at 8% 02. For P-3a
which does not exhibit an induction period at the
temperature tested, no prediction at ambient temperature
can be made from the data.
Interpretation of data for mechanical degradation observed in the post induction period, requires the determination of the order of reaction for the product tested, with
a subsequent estimate of anticipated rate of clegradation
(strength loss per 100 years) or time to 50 percent strength
loss at any given temperature. In this study zero-, firstand second-order reactions are considered. The procedure
of determining the order of reaction and degradation rate
estimates are as follows:
1.Functions representing the kinetics of zero-, first- and
second-order are used to fit the experimental data for
the measured mechanical degradation, after the
induction period for each temperature of aging.
ln(l/t,J
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Figure 5. Linear regression analysis of
l/T”K for P-3.

ln(l/tl~

versus

2.The obtained values of the logarithm of reaction constant in(k) for the chosen type of kinetics, are plotted
versus reciprocal temperature of aging (Arrhenius plot).
3.A linear regression analysis is used to find the equation
for In(k) as a function of reciprocal temperature l/~
in(k) = a(l/T) +b. This equation yields the value of k for
the temperature of interest, TO:k(T~ = exp[a(l/TO) +b].
4.The obtained k(TO) value of the rate constant is used to
calculate a normalized retained strength at a given time
x(t) =F(ij/FO or to calculate time t,to reach certain level
of retained strength c= F~Fo at a given temperature
T~“K for a specific reaction:
l–c

t, = —~(4

~ for zero-order reactions;

x(t) = exp(-k(TO)t); t, =ln(I/c)/k(TO)
- for first-order reactions; and

1

x(t) =

;f, =

l+k, (q)l

l–c

k,(~)c

(5)
(6)

(7)

- for second order reactions law.
The results of exponential curve fitting corresponding
to a first-order reaction which has the greatest likelihood
(Rz) for approximating the experimental data, are shown
in Figure 6.
A first-order reaction is predicted by the BAS model
for kinetics of mechanical degradation of polyolefins
without antioxidants at a constant oxygen pressure. Therefore, the priority in the selection of the reaction order, is
given to the exponential law (first-order).
Figure 6 summarizes the result of a linear regression
analysis for the reaction constant k corresponding to a
first-order reaction for mechanical degradation for P-3 in
circulating air at 21 percent oxygen.
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The solution of a linear regression line equation and
sequential substitution of the obtained value of the reaction constant k into a first-order reaction, yields an estimate of 50 percent strength loss at 20°C of 38 years after
the induction period of51 years at 21 YO 02 ancl 240 years
at 8’%002. The obtained estimates of anticipated strength
is valid only for the conditions of testing, e.g. circulating
air at 21 ‘XO 02 and in stagnant diluted air at 8’%(~,
It appears, that the estimate for the induction period of
51 to 240 years with no strength loss, suggests that antioxidant consumption rate and ambient regime primarily
determine the practical durability of this commercial
product.
For the research grade textile P-3a, the interpretation
of data in circulating air at 210/0Oz, yields an {estimateof
anticipated time to 50 percent strength loss at 20°C as of
29 years. This result is in a good agreement with the estimate of degradation rate aller the depletion of antioxidant, for the P-3 geotextile. The interpretation of data in
stagnant diluted air at 80/002 yields an estimate of anticipated time to 50% strength loss at 20° C as of 47 years for
the P-3a textile which is a decrease by a factor of 1.6
when compared to the degradation rate in air at 21‘ZoOZ
(FHWA, 1997). This result is in general agreement with
an estimate of the reduction of the degradation rate in diluted air at 8%02 based on the integrated law c~fchemical
kinetics (Equation 1).
Arrhenius equation for reaction rate constant could be
rewritten as: in(k) = C - U/RT, where U is apparent activation energy, and R = 8.31 J/mol. Solving tlis equation
with respect to U, one obtains value of U = 61 kJ/mol,
which is in a reasonable agreement with the value of 65
kJ/mol, reported by Wisse and Birkenfeld (1982) for PP
geosynthetic with extracted antioxidants tested at21% ~.
Tests for P-4 in stagnant diluted air indicate that some
process other than oxidation, controls the behavior of this

material at elevated temperatures. Therefore, both elevated temperature aging results and the numerical model
developed within the hrnework of BAS, cannot be directly applied to laboratory data obtained for the P-4
product or other products with initial cracks or circumferential cracks developed during aging at elevated temperatures. For these geosynthetics, alternate testing methods at
ambient temperature and elevated oxygen pressure (50 to
100 atm) as indicated by the BAS, result in mechanical
degradation rates in for shorter time and may be more
applicable,

6.

ALTERNATE
TESTING
PROTOCOL
ELEVATED OXYGEN PRESSURE

AT

In a simplified process of polyolefin oxidation, it is assumed that the rate of reaction at constant temperature
depends on the concentration of original polymer [A] and
the concentration of oxygen [B], in equation (1). Data
reported in the literature (Kelen, 1982) indicate that the
rate of oxidation may be proportional to the concentration
of oxygen in the system, which corresponds to a first
order reaction. Therefore, an increase in oxygen pressure
should result in the proportional increase of the rate of
mechanical degradation for polyolefins. For example, the
exposure of polyolefin based geosynthetics to an
atmosphere of pure oxygen may result in the acceleration
of the degradation rate by a factor of 5 as compared to the
rate anticipated in air (210/0 oxygen) at ambient
temperature. The fhrther increase of oxygen pressure to
50 atm should result in an acceleration of the reaction by a
factor of 250, as compared to the rate of oxidation under
ambient conditions.
6.1

Testing conditions and experimental results

An atmosphere of pure oxygen at a pressure of 50 and
100 atm has been selected for an initial feasibility
assessment of high oxygen pressure accelerated
degradation for polyolefin geosynthetics. It is anticipated
that this condition may accelerate the degradation rate by
a factor of 250 in 50 atm and by a factor of 500 in 100
atm as compared to the rate under ambient (1 atm, 21 ‘Yo
02, 20°C) conditions. Strip size specimens of three
geosynthetics previously tested (P-3, P-3a and P-4), were
placed in high pressure chamber filled with pure oxygen
at 50 and 100 atm at 20”-22”C. The chamber was
ventilated and refilled with oxygen once a day.
Tensile strength tests were conducted on strip-size
specimens for materials as received and after the
incubation. Relative changes of tensile strength are presented in Table 2.
6.2

Interpretation of test results

The simplified and preliminary kinetics for oxidation
under oxygen pressure yields an acceleration factor of 250
for oxygen pressure of 50 atm and factor of 500 for
oxygen pressure of 100 atm. Strength losses fi-om oven
aging in circulating air at 21YOoxygen and under high
pressure oxygen incubation at ambient temperature were
calculated within the framework of the Basic
Autoxidation Scheme and are shown on Table 3. The
comparison is based on strength losses in equivalent
periods of time.

Table 2. Tensile strength loss for geosynthetics aged in
pure oxygen at 50 and 100 atm and 20”C.
Equivalent
Strength loss, %
Condition
time at ambient
condition*,
years
M3terial
Oxygen Incubation
P-3 P-3a P-4
pressure, time, days
atm
60
50
40
0
4:!
10
30
40
100
0
N/A N/A
90
100
120
16
NIA N/A
*21% o*, 20”-22°C

Table 3. Comparison between oven aging and high oxygen pressure strength loss estimates.
Equivalent time at High pressure oxygen strength loss, 7.
ambient
(oven aging strength loss estimate, %)
conditions, years
p-4
P-3a
Material =
P-3
40
42/(63)
0/(0)
10/(100)
80
N/A/(50)
N/A
N/A
120
16/(100)
N/A
NIA
N/A - not available
Results of this limited study indicate that oxygen pressure can be used as an accelerator and that a preliminary
acceleration factor can be predicted by the simplified
kinetics of oxidation for polyolefins. The estimates of
strength loss over 40 years based on data developed under
high oxygen pressure conditions are within the range of
estimates obtained in oven aging in circulating air for
some products or yield more reasonable results as
indicated by actual performance. As expected, the P-3
product with an estimated 50 years induction period,
exhibits no tensile strength loss over a period equivalent
to 40 years. The research grade textile P-3a yields a
strength loss of 42°/0 tested under high oxygen pressure
condition which is in reasonable agreement with the 63°/0
strength loss over 40 years, obtained for oven aging in
circulating air. The difference may be attributed to the
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intrinsic variability of mechanical properties for the P-3a
product, nonuniformity of the degradation process at
different temperatures and in high oxygen pressure etc.
Furthermore and of significant importance is the preliminary finding that the estimated strength loss in 40
years measured for the P-4 nonwoven staple fiber
geotextile is more consistent with the anticipated and reported performance for this geosynthetic. Interpretation of
P-4 losses horn oven aging protocols suggests a 50%
strength loss in 6.5 years, which is unreasonable in light
of the actual performance of this material over 10 years as
measured from retrieved sites. Examination of P-4 samples incubated under high oxygen pressure indicates no
changes in surface morphology.

7.

suMMARY

Interpretation of experimental data suggests the following:
1. Kinetic models developed within the fi-arnework of
the Basic Autoxidation Scheme (BAS) appear to
provide a satisfactory analysis of the experimental
data and permit conservative estimates of time
against strength loss at ambient temperature to be
made for products which exhibit no cracking/crazes
in their as produced state.
2. The rate of antioxidant depletion and the rate of mechanical degradation in stagnant diluted air appears to
be lower than in circulating air and may provide better model of in-ground conditions.
3. Products with effective antioxidants may exhibit induction times well in excess of their useful life in
civil engineering applications. Oven aging temperatures must be low enough to permit measurements of
induction time, which is a method to quantify the effectiveness of the antioxidant package.
4. High oxygen pressure appears to be a viable accelerator for oxidative strength loss measurements and
appears to be a viable testing protocol for products
where high temperature changes the surface
morphology. However more development is
necessary to establish more exact relationships.
5. Estimates of strength loss versus time under ambient
conditions based on high oxygen pressure
degradation are in a satisfactory agreement with
estimates obtained from oven aging in circulating air
for the monofilament product tested.
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ABSTRACT: Conventional methods of time-temperature superposition (TTS) are compared to a new procedure for timetemperature superposition called the stepped isothermal method (SIM). Creep and creep rupture properties of two polyester
geogrid products are investigated. The conventional TTS approaches studied consumed a total of 18,000 hours of test time.
In addition with both polyester products it was found difficult to separate temperature dependence of creep strain response fi-om
specimen to specimen variation in elastic strain response to loading events. Using the new SIM method, over 15 load specific
master creep modulus curves were generated, some of which extended to over 100 year design lifetimes, each from a single
specimen in a test that was completed in less than 18 hours. The results of the conventional and SIM procedures were found
to be equivalent for the polyester products examined.
KEYWORDS: Time-temperature superposition, shift factors, unconfined creep tests, creep strain, creep modulus, creep rupture,
polyester fibers, geogrid, accelerated testing.
1 INTRODUCTION
The Stepped Isothermal Method (SIM) for time-temperature
superposition (TTS) has been formally introduced at this
symposium in a companion paper [Thornton, et, al. (1998)]
emphasizing the theoretical aspects of the procedure development and giving examples selected from tests on a polyester
(PET) y,arn. Thornton, et.al (1997) described SIM for a
single temperature step on a wide width PET geogrid sample.
The present paper introduces the application of SIM to two
PET fiber based geogrid products designated Product A and
Product B from two different geosynthetic material
manufacturers in the USA.
Utilization of TTS principles have been applied often to
However,
polypropylene and polyethylene products.
extensive use of TTS for polyester products has been
inhibited by three factors. First the creep rates for PET,
which are generally linear (or nearly so) in semilog plots, are
relatively low, in the range of 0.1 to 0.20/0strain per time
decade. Secondly, the specimen to specimen variation in the
load vs. strain relationship is relatively high, given the small
resultant creep strains. A 1‘/ouncertainty in strain level for a
given load is not atypical. The third factor is that the
temperature dependence of creep curves under the same
applied load is comparatively small. Differences in exposure
temperatures of200 C cause less than 1V. difference in creep
strain at the same exposure time. The above factors conspire
to make the TTS process for PET so uncertain that many
replicate samples are needed to establish the shift factors and
the proper strain level locations for shifled creep curves.
SIM overcomes these difficulties because a master curve is

generated on a single sample which is maintained under load
as it is exposed to a series of isothermal dwells separated by
increasing temperature steps. Because recovery is prevented
by this procedure, the master curve is made up of juxtaposed
segments in contrast to the overlapped segments that comprise
a conventional master curve. When specimens are taken to
rupture, the shifted times to rupture obtained horn the SIM
procedure can be used to construct creep rupture curves. The
experimental efficiencies that result from SIM lead to large
cost and time savings.
2 OBJECTIVE
The objective of this paper is to introduce the application of
the SIM to the characterization of long term creep and creeprupture of two PET based geogrid products. The results of
conventional time-temperature superposition are provided for
comparison purposes.
3 MATERIALS AND METHODS
Products A and B are from two different manufacturers in the
U.S.A. The methods of construction differ significantly,
Product A is manufactured by the weft insertion weaving
process and Product B is manufactured by a knitting process.
Both products are coated to protect the fibers from abrasion.
Comparative load vs. strain and secant modulus vs. strain
curves for the two materials are given in Figure 1. Both
products are made tlom high tenacity, high molecular weight
(>25,000), alkali tolerant (max. 30 carboxyl end group)
fibers. The double hump in both load vs. strain curves is
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Figure 1. Load and secant modulus vs. strain curves for
Products A and B.

Figure 2. Creep strain vs. log time for ProductAat21%,
31% and 56% of UTS and 20”C, 30°C and 40°C.

characteristic of drawn PET fibers. The initial modulus of
Product A is higher than that of Product B due to construction
differences. Both products exhibit gradual peaks in secant
modulus at strains corresponding to about 750/o of the ultimate
tensile strength (UTS).
The stepped isothermal creep and creep rupture tests were
performed by TRI/Environmental, Inc. of the U.S.A. These
tests were all performed in a Model 3111 Instron
environmental chamber modified with a Watlow Series 982
temperature controller at a series of temperatures 14°C apart
beginning at 26 i 0.5 ‘C. The 26°C starting temperature was
sufficiently above laboratory ambient temperature that
adequate temperature control could be achieved by heating
only. The tests were performed in an Instron 4505 Load
Frame under computer control. Strain was monitored using
an extensometer (typically Instron 2620-T24) with a nominal
gage length of 2 in. The load cell used was Instron with a
rated load capacity of2248 pounds.
The conventional creep tests on Product A and creeprupture tests on Product B were performed by ERA
Technology, Ltd. of the U.K. Test conditions were 20f
20C/65t 2% RH, 40t 2°0C and 60t 2°C for both test
programs. Two ribs were utilized in the creep tests and a
single rib in the creep rupture tests. The gage lengths were
60mm and 75mm. Roller grips and dead weight loading
fi-ameswere used in both tests and the strain transducers used
were LVDTS.
The Product A and B materials used in SIM tests by TRI
and conventional tests by ERA were from different
manufacturing lots.

the ultimate tensile load of the material and at 20,40 and 60
degrees Celsius. Two of the testsat200 C were of 8000 hour
duration (one at 21 VO UTS and one at 56% UTS) and the
balance of the tests were 1000 hour duration. Replicate tests
were performed at 56% UTS at 20, 40 and 60° C.
These data illustrate one of the major problems with
conventional time-temperature superposition of PET
products: specimen-to-specimen variation tends to mask the
effect of temperature on test results. In Figure 2 at 210/0of
UTS, the creep strain curve for 60”C lies on top of Ihe creep
strain curve for 400C. At 56°/0 of UTS, one creep strain
curve at 200C lies over another at 400 C. Also at 56% of
UTS, the separation between the two 40”C curves is nearly as
great as between the higher200 C curve and the lower600 C
curve. Clearly, it can be concluded from Figure 2.that the
specimen-to-specimen variation exhibited is of the same
magnitude as a 200C change in test temperature.
Figure 3 presents the averages of the two creep strain
results at each temperature for 56°/0of UTS. The average
curves display reasonable separation despite variability of the
individual curves.
Figure 4 shows the creep data of Figure 3 in terms of creep
modulus, which is the quotient of the creep stress by the creep
strain. As discussed in the companion paper [Thornton, et.al
(1998)] creep modulus, as a more fundamental quantity, is
preferred over creep strain when comparing the properties of
different materials or even different lots of the same material.
Conventional time-temperature superposition was applied
to the creep modulus data of Figure 4 to obtain the master
curve of Figure 5. The 400 C and 60” C curves were shifted
horizontally to the right (representing an acceleration ) until
they overlapped the 20 ‘C curve in a reasonable fashion. The
horizontal shifi of creep strain vs. log time data on a semi log
plot is equivalent to multiplying the time for each data point
of the curve by the same shitl factor. The logarithm of the
shift factor is the horizontal distance along the log time scale
that the curve is moved. The logarithm of the shifl factor
used on the 40” C data was about 2.5 and that for lhe 60° C
data was about 5. This means that the 40”C curve WISshifted

4

RESULTS AND DISCUSSION

4.1

Creep of Product A

4.1.1

Conventional Time-Temperature Superposition

Figure 2 shows the results of eleven long term creep tests of
Product A. The tests were conductedat21, 31 and 56% of
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To the right by two and one-half decades and the 60(’C curve
was shitled to the right by five decades to achieve the master
curve. Since the 20” C curve was fixed in this procedure,
20 “C became the reference temperature.
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Figure 3. Creep strain vs. log time for Product A at 56?40 of
ul> anazu-~, 5u-~ ana4u-~. Kesuns to Iuuu m. are
the average of 2 specimens; results beyond 1000 hr. (20C)
are from one specimen shifted vertically to continue the
trend established up to 1000 hr.

Stepped Isothermal Method (Product A)

Four tests which represent replicate specimens tested at 40%
and 56°/0of UTS were completed on Product A. Since the
SIM procedure is described in some detail in the companion
paper, only a brief description of the procedure as applied to
one of the 40°/0UTS tests (1801) is given here. The stepped
temperature profile for test 1801 is shown in Figure 6, where
thermocouple readings representative of the temperatures of
the specimen and the grips are displayed.
Note that there is
. .
a brief
“ exposure to 990C, which is well above the glass
transition temperature (often quoted as 820C) of PET. -
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Figure 4. Creep modulus vs. log time for Product A at 56%
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Figure 5. Master creep modulus vs. log time for Product A
at 56’70UTS for a reference temperature of 200C.

Figure 6. Stepped temperature profile for SIM test 1801
(40% UTS).
The first four isothermal steps are each about 10,800 sec.
long, the fifth step about 7000 sec. long and the final step is
about 1700 sec. in length. The creep response under the
influence of the constant applied load and the temperature
profile is presented in Figure 7. The first strain response at
26° C is a normal and complete creep curve, while the
subsequent responses at 42 ‘C, 570C and so on, appear
normal, only lacking the initial ramp up portions. Thus, each
new temperature exposure sets off a fresh creep response
under the constant applied load. Additional interesting
features of this graph are the thermal contractions that
accompany the increases in temperature.
A negative
coefficient of expansion is a characteristic of PET fibers. The
one shown here is about 35 parts per million per degree
Celsius. The load and strain data of this figure were
converted to creep modulus and plotted in Figure 8.
Figure 9 contains the creep modulus information (ofFigure
8 plotted against log time. In addition, the creep modulus
responses for the second through the sixth temperature steps
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Figure 10. Creep modulus vs. log time for SIM test 1801
~40’?40
of UTS)showing effect o; vertical shifts to eliminate
thermal contractions between steps.
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Figure 11. Master creep modulus vs. log time for SIM test
1801 (40V0of UTS).
are resealed to new starting times between 100 and 300
seconds, increasing 2 to 2.5 on the log scale. The next figure,
Figure 10 shows the intermediate result of vertical shifts to
remove the thermal contractions from the creep data.
Finally, the master creep modulus curve is obtained by
horizontal shifts of the segments stacked up in Figure 10 to
achieve the result shown in Figure 11 for the reference
temperature given by the first step, 260C. The duration
depicted by this master curve is 9.596665 log seconds which
converts to over 100 years. Without the 99° C segment of
1700 sec. The shifted time would have been about 32 years.
Master creep modulus curves for the other three tests were
created using the method just described.
4.1.3

Comparison of Conventional and SIM Results

Figure 9. Creep modulus vs. log time for SIM test 1801 (40’?40 Master creep modulus curves for the tests described in the
previous two sections are shown in Figure 12. The agreement
UTS) with effect of resealed start times.
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SIM shift factor curves are essentially the same, appearing not
to depend on load level. The slopes of the conventional and
SIM curves differ somewhat as do the origins of the curves.
The difference in the origins is arbitrary, depending only on
the selection of reference temperature. The difference in
slopes is not so arbitrary, but given the sample to sample
variation problems inherent in the conventional master curves
may not be significant. Note that the shift factor curve that
extends to 990C maintains linearity and cohstant slope
beyond the reach of the other curves.
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Figure 12. Master creep modulus vs. log time curves by conventional and SIM for Product A at 56°/0and 40°/OofUTS.
is quite good especially considering the data were generated
several years apart on two different lots of material at separate
laboratories.
The separation between the two 56% and the two 40% SIM
curves are indicative of specimen to specimen variation.
Since data from six specimens were combined to give the
conventional (56°/0)curve, the individual effect of specimento specimen variation is somewhat suppressed, but the overall
scatter in the data for the conventional curve reflects
uncertainty in both specimen-to-specimen variations and
selections of the factors used for the time-temperature shit%.
A set of creep strain curves, were computed ffom the master
creep modulus curves and are presented in Figure 13.
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Figure 13. Strain response to long term loading at 40%
and 56°10of UTS for Product A.
Figure 14 consists of curves relating the cumulative shift
factors used in the time-temperature superposition procedures
to create the master curves. The single curve of the factors
used to generate the conventional master curve is the one on
the left of this figure. A family of four curves to the right
define the shift factors for the four SIM master curves. The
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Figure 14. Shift factors used to construct the Product A
master creep modulus curves.
4.2

Creep-Rupture of Product B

4.2.1

Conventional Time-Temperature Superposition

There are several ways to do conventional TTS for creep
rupture data. The first starts with separate linear regression
plots of the rupture strengths vs. log times to rupture for each
test temperature. The regression lines for each plot are then
shifted horizontally along the log time axis to achieve the
optimum fit of a combined regression line through all the
data. If, in addition to the rupture strength and time-torupture data there are creep strain measurements available, as
in the present case, then it is possible to obtain additional
estimates of the shifl factors using the creep modulus curves
at the different test temperatures, in a manner similar to that
illustrated in Section 4.1.1. The two ways just described
should give similar creep rupture regression lines. However,
if at the same rupture stress the creep strains at rupture vary
with temperature then the factors for shifting rupture
regression lines will differ from those for shifting creep
modulus curves.
Figure 15 presents the separate linear regression plots of
rupture load as 0/0 of UTS vs. log time to rupture for tests
performed at 20”C, 40°C and 60”C. The regression lines are
not parallel, which makes the TTS uncertain. Horizontal
shifts to make the regression lines colinear resulted in several
visually acceptable curves, using shift factors between 1.91
and 2.3 for the 40” C to 20” C shift and 3.8 and 46 for the
60° C to 20”C shift.
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Figure 15. Conventional Load vs. time to rupture data with
regression Lines for Product B at exposure temperature of
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Figure 17. Creep modulus vs. log time curves for the
conventional Product B rupture tests.
3800-

Creep strain data taken during the creep rupture tests are
presented in Figure 16, and the creep modulus curves derived
therefrom are shown in Figure 17. Notice that the creep
modulus data tend to be separated by test temperature, more
so than the creep strain data. The natural groupings of the
creep modulus data suggest they can be shifted en mass,
despite the slightly different load levels applied at the three
test temperatures. This is a consequence of the fact that as a
quotient, modulus does not change as much as load with
strain in the 65 to 800/0load range (see Figure 1). More exact
estimates of the log shift factors might be obtained by
examining smaller groups of individual curves arranged by
applied load. However, this would work only to the extent
that sample to sample variation effects were controlled by
testing numerous replicates. Figure 18 presents the modulus
data of Figure 17 shifted by factors of 1.95 (40”C to 20”C)
and 3.90 (60”C to 20° C). Using these factors, the data of
Figure 15 are shifted to give the master curve of Figure 19.
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Figure 18. Shifted creep modulus curves for the conventional
Product B rupture tests.
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Figure 16. Creep strain vs. log time curves for the
conventional Product B rupture tests.
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Figure 19. Conventional master load vs. log time to rupture
data and regression line at a 20° C reference temperature.

4.2.2

Stepped Isothermal Method (Product B)
14-

Creep modulus master curves for each specimen were
generated using the same procedure described in Section
4.1.2. These are displayed in Figure 20. Note that 5 of the
curves terminated in rupture, and the balance did not. We use
the term runout to describe the result of a test where rupture
did not occur before the test was terminated. Runouts that are
close to the loads resulting in rupture can be used in the
statistical analysis to help locate the regression line.
Figure 21 presents the creep strain curves derived from the
creep modulus master curves.
An expanded set of creep-rupture loads vs. log times to
rupture for the SIM tests are shown in Figure 22. The runout
loads and log times, included for information, were not
included in the regression calculation. The 75 year rupture
load at a reference temperature of 26° C is 65.6% of UTS.
Less than one decade of extrapolation beyond the temperature
shifted results was needed to return this result.
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Figure

20.

Table 1 provides a guide to the shifted rupture times of
Figures 20-22. The log shift factors used to construct this
table are based on 0.093 decades per “C. Thus a 140C
temperature step creates a time shift of about 1.3 decades.
Table 1. Logarithm of the shifted times at the reference
temperature (26 0C) corresponding to the unshifted times at
the ex~osure tem~eratures.
Maximum value
-_Ea!XE
Exposure
Unshifted
_Shiftedtime
Temperature, “C cumulative time, sec
Log AJt-t’)
26
1 x 104
0.0-4.0
40
1 x 104
4.0-5.3
1 x 104
54
5.3-6.7
68
1 x 104
6.7-8.0
82
1 x 104
8.0-9.3

Figure 22. SIM master load vs. log time-to-rupture data
and regression line for Product B.
4.2.3

Comparisons

Regression lines for the conventional and SIM creep rupture
results are compared in Figure 23, and shift factors used to
accomplish TTS, in Figure 24. Rupture loads at 75 years for
a reference temperature of200 C are 67.7°/0for conventional
and 66.5% for SIM TTS. Despite an apparent small
difference in shift factors for the conventional and SIM
approaches, results for the regression lines and the projected
rupture loads at 75 years are very close. Figure 25 compares
all shift factors for Products A and B,
5 CONCLUSIONS
●

The use of SIM as a special application of TTS for
polyester geogrids appears to be validated by the results
presented herein. Differences, if any, in the shift factors
obtained in SIM and conventional approaches are not large.
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Figure 23. Comparison of conventional and SIM regression
lines for Product B.
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An advantage of SIM in this regard is that it recluces the
uncertainty of shift factors used to construct master curves.
Since a SIM master curve is generated tiom a single
specimen, the precise location of the completed curve is
uncertain, due to specimen-to-specimen variation. This is
not a great disadvantage if several SIM tests are to be done,
as in developing a creep rupture curve. Alternatively, if
only a single SIM test is done and its location is important,
the location can be determined fi-omthe results of a few
very short term conventional creep experiments.
The apparent insensitivity of SIM master curves to abrupt
transition behavior for tests at 40% of ultimate and higher
at and above the glass transition temperature is consistent
with a creep mechanism associated with they crystalline
regions of the polymer.
The slopes of SIM generated creep strain curves increase
significantly with increase in applied load, but the shift
factors are not greatly sensitive to applied load for the
range of loads studied here. Thus the increases in slopes
are not caused by decreases in shift factors.
The shift factors for Products A and B (Figure 25) are
similar despite differences in construction and load vs.
strain behavior confirming the notion that the shift
functions are manifestations of basic material properties.
Obtaining creep strain data in conjunction with performing
creep rupture tests is recommended where TTS is to be
done. If rupture times at elevated temperatures are shifted
based on the basis of achieving superposition of creep
strain or modulus curves then the shift factors for creep and
those fro rupture will be the same. Rupture times fkom
SIM tests can be obtained no other way.
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ABSTRACT: The stepped isothermal method (SIM) is a new procedure for assessing the long term viscoelastic behavior of
polymeric materials. SIM is a special case of time-temperature superposition (TTS) that is convenient for characterizing
viscoelastic materials. It utilizes a single specimen which is loaded continuously through a sequence of timed isothermal
exposures at increasing temperature in stair step fashion. Generating master curves involves resealing the times for the elevated
temperature and utilizing horizontal shifts in such a way that smooth curves are achieved. Relationships between the resealing
times and the resulting horizontal shift factors as well as the relative magnitudes of the temperature and time steps are
investigated to demonstrate that the SIM can tolerate reasonable variations in these parameters and provide master curves and
shifl factors comparable to those obtained by conventional time temperature superposition. Conventional and SIM results are
obtained on a 3 ply, 1000 denier polyethylene terephthalate) yam. PET is an ideal object for study because its creep properties
are well behaved. Also, as the basic ingredient for a number of commercially viable geosynthetic fabrics and g~ids, the
properties of PET yarn are of special interest on their own.
KEYWORDS: Stepped isothermal method, time-temperature superposition, shifi factors, unconfined creep tests, creep strain,
creep modulus, creep rupture, polyester yam, accelerated testing.
1

INTRODUCTION

Polymer scientists have been using time-temperature
superposition techniques for at least 4 decades to describe
long term viscous or viscoelastic properties of polymers [see,
for example, Feny (1980)]. The fhndmnental notion is that
elevating temperature accelerates the response to mechanical
load. Deformations, such as creep strain, occur relatively
rapidly when load is first applied, but the rate of increase
decreases with time. Consequently, graphs produced with log
time as the abscissa are indispensable for describing
viscoelastic behavior.
The precise way that increasing temperature accelerates
these physical processes, governs how creep response can be
“shifted” along a log time scale. Ferry (1980) refers to TTS
as the method of reduced variables for corresponding states.
A temperature dependent time factor, a,, relates the ratio of
the time, t~, for a viscoelastic process to proceed a given
amount at an arbitrary temperature to the time, t ~, for the
same process at a reference temperature.

At temperatures greater than the reference temperature ar is
less than 1. For this reason, some in the accelerated testing
business refer to aT,as an attenuation factor and A,, defined
as its reciprocal, as an acceleration factor. Both, collectively,
are referred to as shift factors.
Early master creep (or relaxation) curves using TTS were
specialized to small strain linear viscoelastic situations.
Single specimens were used (to reduce specimen to specimen
variation) and these were permitted to recover between creep
exposures by removing the load (without removing the
specimen from the apparatus to avoid problems of repeatable
clamping stress transfers) for a time period that was long
compared to the loading time between creep tests (10 times
the loading time would generally effect 99+?4.recovery of the
creep strain of the prior creep test).
Most engineering applications that engage time-d:pendent
behavior of polymeric materials deal with rim-linear
viscoelastic behavior. For such situations, creep master
curves are generated using several specimens to reduce the
uncertainties of non-identical specimens, and each is only
tested one time because recovery is generally too complex to
consider doing. Hence, the corresponding states must come
ffom averaging a range of states from the several specimens
tested at each exposure temperature. Despite the preoccu-
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pation of this paper with large strain nonlinear viscoelastic
effects we believe it will be helpfhl preparation to review the
Boltzrnan Superposition Principle, which is the first
mathematical statement of linear viscoelasticity.
From this brief review we will see that tracking the creep
response to a series of loading steps includes starting a new
clock with each new step. Boltzman (1876) proposed that, a)
the creep response of a material is a function of the entire
loading history, and b) each loading step is treated as an
independent event, and c) the total creep response is the sum
of the individual responses to those independent events. In
mathematical notation the time dependent strain e(t) is

e(t)=

do(t ~dt ,

J—-‘ D(t-t&——dt ‘

The integral is overall time to the present hence the limits are
from -CO to t. The first factor D(t-t’) is the compliance
fimction where t’ symbolizes the times at which increments of
stress dt are applied; so that t-t’ starts a new clock that
activates the compliance timction at the application of each
stress increment. The second factor do(t’)/dt’ represents the
loading program which is summed by the integration process.
The response of a linear viscoelastic material to a two-step
loading program is illustrated in Figure 1. As illustrated in
this figure, each loading event begins anew clock and evokes
an independent creep response. The new creep response is on
top of (added to) the background of continuing responses to
the history of loading events. The idea of a series of loading
events activating new responses and starting new clocks at t-t’
will be utilized for explaining the SIM as we shall see shortly.

LOADING

STRAIN

t;

/

t

TIME, t

Figure 1. Boltzman Superposition Principle applied to the
case of two loading steps
2

THE SIM PROCEDURE

The stepped isothermal method (SIM) procedure for creep
consists of a series of timed isothermal creep tests performed
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These are
at a sequence of increasing temperatures.
somewhat analogous to the loading steps of the previous
section. As in an ordinary creep test, the load is held constant
and the creep strain is measured for the duration of the test.
The number, heights and the durations of the temperature
steps are designed to produce a master curve of creep
compliance (or preferably its reciprocal, the creep modulus)
over a long term period defined by the test objective. For the
geosynthetics community, long term generally means 75 years
or sometimes 1,000,000 hours, which is 114 years. For our
work on PET, we ‘ve found that 140C temperature steps and
10,000 second isothermal step durations are convenient and
workable for most tests on PET base products, Five 10,000
second isothermal exposures between 26° C and 82“C will
usually achieve the desired long term objective. “rhe time
step of 10,000 seconds has been used frequently in the
literature [see, for example, Murayamaet.al(1968)]. Also, in
previous work, Thornton, et.al (1997) showed thiit as the
basis for long term extrapolations creep and relaxation
modulus curves at 3 hours were as well developed as curves
at 24 hours for that purpose. The typical starting temperature
of 260C comes from desiring a temperature above our
maximum summer laboratory ambient temperature of230 C
that could be controlled by heating only. The typical ceiling
temperature of 82“C came from the temperature usually
assigned as the glass transition temperature for PET, Above
82 “C one would ordinarily expect to encounter glass
transition behavior with PET. However, as we’ll see later, at
high loads the creep mechanism engages crystalline regions
of the polymer which do not participate in the glass transition.
Our study of shorter and longer times and higher and lower
temperature steps has confirmed that our standard SIM
temperature steps of 14“C and time steps of 10,000 see, while
aggressive, are usually acceptable.
Preparation for the SIM test involves mounting the
specimen in the grips, achieving temperature equilibrium, and
applying a small (< 1‘A)preload on the specimen. Ramping
the load to the predetermined stress level begins the test. This
is done rapidly (typically 600/0/minutestrain rate) to minimize
the creep deformation that occurs during the ramp-up process.
We’ve gotten into the habit of “starting the clock” for the fwst
leg of the creep test at the start rather than the end of the
ramp. This preserves the ramp-up process for the record.
With generally less than 20 seconds involved in the ramp-up
and 75 or 114 years the long term objective, a starting time
correction from the start to the peak of the ramp has no
measurable impact on the final master curves.
The f~st creep exposure of the SIM procedure is a normal
creep test in the sense that the specimen does not have a
history of creep loading. The second and subsequent creep
exposures are complicated slightly by having the thermal
histories of the previous steps. This slight complication
however, represents the essence of the SIM method. Since
recovery is not permitted during the time that the temperature
step takes place, and since the temperature step is
accomplished rapidly, within 1 to 2 minutes, the mechanical

state of the sample is nearly the same after the temperature
step as it was before the temperature step took place. Inherent
in the SINI is the necessity that the corresponding states at
both the lower and the higher temperature are stable ones that
would be readily achievable under, say a conventional TTS
approach. That condition would not be achieved if, for
example, the temperature step was so large that the sample
had to undergo a rapid change to achieve a steady state creep
rate.
Just as each loading step is treated as an independent event
for Boltzman’s Principle, we assign a starting time, t’ on the
old clock to each temperature step. The time on the new
clock starts at O which is obtained by setting t-t’ = O. The
response history for the thermal steps is easier to account for
than with the loading steps because the load has not changed.
The assumption is that with the temperature step only the rate
of creep has been changed, not the mechanism. Based on the
notion that for a pair of corresponding states obtainable at two
temperatures, the one at the higher temperature must have
occurred at an earlier time than the one at the lower
temperature, we begin the resealing procedure by finding that
earlier time, t’, that represents the virtual starting time of the
higher temperature step. Exactly how we choose t’ is
illustrated in Figure 2.

In the SIM procedure it is necessary to remove the effects
of thermal expansion to insure that the strain response is due
to loading effects only. This is accomplished by i? simple
vertical shift for each temperature change.
The final SIM procedural step is the horizontal shifts to
achieve juxtaposition of the creep modulus segments. If the
resealing step has achieved the slope matching boundary
condition, then there will be little if any effort needed to
determine the horizontal shifts needed. In practice, we
generally do the resealing and the horizontal shifting steps
together in an iterative fashion to achieve a smooth creep
modulus master curve.
The SIM procedure just described for processing creep
modulus data is summarized in bullet form in Table 1.
Table 1. SIM urocedure for processing creep modulus data
●

●

●

●

s

Plot the creep strain and creep modulus data as
function of linear time to identify the times for the
temperature step changes.
Using creep modulus as the parameter of interest, plot
this parameter vs. log time.
Rescale the times for the individual creep modulus
segments by plotting them vs. the logarithm of the
initial value of (t-t’) where t’ is adjusted to account for
history. This will be achieved when the slope of the
beginning of a new segment is exactly the same as the
ending slope of the previous segment. *
Remove thermal expansion effects by vertical shifts.
Shill horizontally to achieve exact iuxtapositim of the
resealed and vertically shitled individual creep
modulus segments. *

*the resealing

3

rr
TIME, t

Figure

2. Strain

response for two temperature steps

Here, we see the strain response for two temperature steps.
In Figure 2 the precise time of the application of temperature
step n + 1 is t“. In the SIM at t“, the effect of history has
been to bring the strain response to e“ . In a hypothetical
independent creep test at the temperature of step n + I the
creep strain e“ would have been achieved at a time ti afler the
start time. Overlaid on Figure 2, the starting point of that
hypothetical creep curve would beat t’. Thus, t, = t’- t“. We
refer to the value of (t-t’) at the beginning of the step (i.e. at
t = t“) as the initial value oft-t’. We know that we have the
best value for t’ if the slopes of the creep curves in semi
logarithmic representations are the same before and after the
temperature change.

and shifiing

steps may

require

some

iteration

OBJECTIVE

The objective of this paper is to introduce the SIM and a
standard protocol for its use. This will be accomplished by
first comparing SIM results using the standard protocol to
conventional TTS results and next by examining the (effectsof
variations tlom the standard protocol. Finally, demonstrating
the effectiveness of SIM by using it to characterize the long
term creep and creep rupture properties of a polyester yarn,
completes this introduction.
4

MATERIALS AND METHODS

Figure 3 represents stress vs. strain and secant modulus vs.
strain curves for a 3 ply polyester yam chosen for the current
investigation on the basis of its well behaved creep properties
and commercial importance. The rapid loading secant
modulus is included in this illustration because the creep
modulus is a secant modulus. When the loading path up a
stress-strain curve is interrupted at a particular stress for a
creep test, the beginning creep modulus for the creep test will
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3. Stress and secant modulus vs. strain for the 3 ply,
1000d polyester yarn under rapid loading conditions.

Figure

be the same as the rapid loading secant modulus at that stress.
Most of the tests reported in this paper were conducted in the
vicinity of the second modulus peak at stresses between 5 and
7 g/d. Note that the secant modulus varies only within a
range of about 30/0 around 70 g/d, in that stress range. The
creep mechanism probably involves some straightening and
breaking of tie molecules between crystalline regions in
vicinity of the second modulus peak. Even for creep tests at
stresses as low as 3 g/d the mechanism is probably similar to
that of the higher stresses. At stresses below about 1.5 g/d the
creep mechanism is associated more with the initial modulus
peak and involves confirmational changes involving the
breakdown of the entanglement network as well as molecular
uncoiling [Van den Heuvel et.al. (1993)], This figure shows
that initial creep modulus for tests at less than 1.5 g/d applied
stress will be substantially higher than tests at above 3 g/d
applied stress.
The creep tests were all performed in a Model 3111 Instron
environmental chamber modified with a Watlow Series 982
temperature controller at a series of temperatures 14°C apart
~ 0.50 C, The 260C starting temperature was sufficiently
above laboratory ambient temperature that adequate
temperature control could be achieved by heating only. The
tests were performed in an Instron 4505 Load Frame under
computer control. Strain was computed from cross head
travel and a 10 inch gage length. Instron Model 2111 “horn”
grips were used along with an Instron load cell with a rated
load capacity of 224 pounds. The specimen and the grips
were completely enclosed in the environmental chamber.
5

RESULTS AND DISCUSSION

5.1

Conventional TTS

6

9

10

1

comparable results, builds confidence in both procedures.
A total of 15 polyester yarn specimens, consisting of 3 each
at the temperatures of 26, 40, 54, 68, and 82° C were tested
for creep at an average stress of 62’% of UTL over time
periods of 10,000 to 60,000 sec. The resulting creep modulus
curves were shifted to obtain a good visual representation by
a conventional master creep modulus curve. These results are
shown in Figure 4. Note the range of the individual modulus
values is 3 to 5°/0 of the master curve values. The
conventional master curve appears in some of the subsequent
figures to provide a comparison with SIM master curves.
5.2

Standard SIM Steps

Figures 5 through 9 illustrate the SIM applied to a yarn
specimen subjected to a constant stress of 5.21 g/d, which is
about 62V0 of the ultimate tensile strength (UTS) of this
material. Figure 5 shows the measured creep strain and the
computed creep modulus as a fimction of linear time. Each
time step is approximately 10,000 sec and each temperature
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As a special case of TTS, SIM should provide master curves
as good as and potentially better than the conventional
procedure. Thus, the ability of SIM results to match exactly
those of conventional TTS is not the goal; to show they give
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Figure 4. Conventional master creep modulus curve.
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Figure 5. Creep strain and creep modulus vs. linear time
for a specimen tested at 62% of UTS.
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Figure 6. Enlargement of a portion of Figure 5 showing a
thermal contraction after a 13.9°C temperature step.

Figure 8. Creep modulus data from Figure 7 resealed for
new starting times vs. log [t-t’]

step approximately 14“C beginning at 25.9 ‘C and ending
with 81.5“C as shown along the bottom of the figure. There
are tiny cusps at the temperature step change points which are
manifestations of a negative thermal expansion coefficient
(cc.). One of them is shown in enlarged scale in Figure 6.
The magnitude of a, for this example is about 7pprn/°C.
Such negative thermal expansions are easy to identifi because
they produce length changes opposite to the creep strains.
Positive thermal expansions may require separate experiments
to quanti~. Next, Figure 7 presents the creep modulus data
as a fimct.ionof log time. The effect of the time resealing step
is illustrated in Figure 8. Resealing has a dramatic effect on
the shapes of the curve segments. Part of this is due to the
nature of logarithmic scales, but as indicated earlier, the
initial slopes of the resealed curves are influenced by the new
starting times. Figure 9 gives the master creep modulus
curve resulting ffom the horizontal shifts. The abscissa is
now labeled LOG AT[t-t’] to indicate the data has been both
resealed and shifted.

5.3

.o~
1

2

3

4

5

Effect of the Choice oft-t’ on AT

The purpose of this section is to explore the effect on AT
of non optimum selections of resealing times t-t’, when
generating master curves.
Figure 10 displays the influence of three chclices for
resealed times t-t’ on the shapes of the resulting creep
modulus master curves. The middle curve, labeled ~500s,for
the initial value oft-t’, is near optimum, and this is the same
curve displayed in Figure 9. The other two do not show
slope continuity at the points of juxtaposition. One of these
shows concave features for t-t’ considerably larger than
optimum, in this case 1500s, the other convex features for t-t’
considerably smaller than optimum, here 300s. The reach of
the master curves is governed by the horizontal shift factors,
and by inspection we observe that a smaller value for t-t’
requires a larger log AT to achieve juxtaposition, and visa
versa. A quantitative relationship between the initial value of
t-t’ and the average log shitl factor per degree of temperature

40~7
lD

LOG TIME (SW)

Figure 7. Creep modulus data from Figure 5 plotted vs. log
time.

(see)

LOG ~ (t-t’)

1

(SW)

Figure 9. Creep modulus data from Figure 8 horizontally
shifted to achieve the master curve shown.
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Figure 10. Effect of choice of resealing times on the shape of
the creep modulus master curve.
step, is given in Figure 11.
Figures 10 and 11 show that while it is possible to generate
master curves that achieve juxtaposition with a wide
combination oft-t’ and AT selections, there will be a much
limited selection of combinations (perhaps only one optimum
combination) where the slopes of the adjscent curve segments
will match at the points where they meet. For clarity, we have
exaggerated the effects on ATand the resulting master curves
by illustrating the effects of large deviations from optimum
selections oft-t’. Near optimum selections oft-t’ are easy to
achieve, however, and uncertainties in the reach of resulting
master curves are not expected to be above 0.1 log cycle.
5.4

Effect of Time and Temperature Step Magnitudes

When designing a SIM test it is important to pick the times at
each temperature increment and the size of the temperature
changes imposed to achieve the desired results. One of the
important requirements is that the temperature step bridges

two corresponding states. The only way we know to effect
this is to insure that both states be very nearly steady states,
by which we mean that the creep rates are not changing (at
least not rapidly) with time. Thus, the creep rate, de/dlog t,
before a temperature step would be ideally, exactly the same
as after the step. This situation we desire will be more
achievable for small temperature steps and large time steps,
but that is the direction of higher cost.
The matrix of SIM tests we conducted to explore the effect
of time and temperature step magnitudes is given in Table 2.
The conditions studied were A through G. The two not
studied were cases Y and Z, the conditions for which were
considered too extreme to be instructive. The A through G
tests were conducted on yarn specimens loaded to 612?40
of
UTS. The number of steps and the maximum temperature
Table 2. Matrix of SIM tests on variable time and
temperature stem
Step times, sec 7°C stem 14°C Steps 28 “C Steps
A(9)[82]
C(7)[68]

1000

10,000
100,000

z

B(5)[82]
D(5)[82]
F(4)[68]

Y
E(3)[82]
G(3)[82]

achieved in the SIM tests are given in parentheses and
brackets respectively. All tests were started at 26”C. The
results of the SIM tests are presented in Figure 12. The SIM
results have been normalized to a creep modulus of 62.4 g/d
at log time 2 and are presented with a creep modulus curve
developed by conventional TTS which was also normalized
to 62.4 at log time 2. We note that three of the SIM results
compare favorably with the conventional results, these are
conditions C, D and F. Conditions A and B result in smooth

k

=
A-G

CONVENTIONAL
SIM MASTER

MASTER

CURVE

CURVES
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Figure 11. Effect of resealing times on the horizontal shift
factors used to construct master curves.
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Figure 12. Resulting creep modulus master curves tiom the
variable time and temperature steps of the Table 1Matrix,
compared to the conventional master curve of Figure 4, All
curves have been normalized to a modulus of 6:!.4 g/d at
log time 2 (see).

subtle inadequacies might go undetected, but would result in
master curves that would err on the conservative side.
Conditions C, D, and F yield satisfactory SIM master
Condition D, as the most economical is
curves.
recommended as a standard protocol for PET.
Effect of Stress Levels

5.5

E

35:

E’

I
234567’

91011
LOG &(t-t’)

(see)

Figure 13. Characteristic curve shapes for an excessive
temperature step (condition E of Table 2).
master curves, but the short reach of these curves indicate
clearly that the time steps are inadequate for stable creep
conditions to have been achieved. Conditions E and G do not
result in smooth master curves despite achieving both the
slope matching and juxtaposition boundary conditions.
Condition E is examined in more detail in Figure 13.
Slopes are matched at the points of juxtaposition in curve
E of Figure 13, yet a convex curvature followed by a concave
curvature indicates that the creep rate accelerated immediately
after the temperature step change. A larger shift factor would
bring the steady state regions of the curves into a better
alignment with the conventional TTS data as shown in curve
E’ but at the expense of slope matching at the points of
juxtaposition.
SIM tests conducted with inadequate temperature or time
steps will result in master curves of shorter reach than those
with adequate steps. The exaggerated examples investigated
here would be easy to identifi and recti~ by substituting tests
utilizing smaller temperature and/or longer time steps. More

To assess the effect of stress levels on the master creep
modulus curves and the associated shift functions, over
twenty-five creep tests were preformed at stress levels
between 6% and 85% of the 26 “C UTS. Nine of the
specimens were taken to rupture. These nine were among the
ones tested at above 67Y’oof UTS. Following the SIM
procedure, the raw creep data was converted to master creep
modulus curves, and the resulting family of curves is
presented in Figure 14. Note that at the very lowest stress
(6%) the beginning creep modulus values are higher than
those at the higher stresses. Also, note that the modulus curve
of 20°/0 falk below the one at 40°/0. These are natural
consequences of the trend in the secant modulus curve in
Figure 3. The shift factors for those master curves are
graphed against the step temperatures in Figure ‘15. The
results presented in Figure 15 indicate that the shift factors
for the low stress master curves are higher than those
generated at higher stress levels. This maybe understood in
terms of the differences in the creep mechanisms operative at
the different stress levels. Refined creep strain curves,
computed fkomthe master creep modulus curves of Figure 14
are presented in 16.
The several creep ruptures indicated in Figure 16 are
associated with creep strain curves that display higher creep
rates but otherwise appear as reasonable creep curves. The
shift factors used to generate the curves leading to nrpture are
not distinguishable from those at lower stresses down to 610/0
of UTS, most of which do not lead to rupture (see F imre 15,
Stress >61 %).
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of Figure 14.
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temperature (26 0C) vs the unshifled times at the exposure
temperatures.
Maximum values (approximate)
Shified time
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Log AJt-t’]
Temperature, “C
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The plot of creep rupture stress vs. log time to rupture is
presented in Figure 17. Nine rupture points are indicated
along with three run out points. Significantly, one data point
goes well beyond the 75 year time line, so that the 75 year
intercept is a conservative interpolation rather than an
extrapolation. The 75 year intercept of the regression line is
at 68’Moof the 26° C UTS. Table 3 provides a guide to the
shified rupture times of Figure 17.

0.0-4.0

2345678
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Figure 16. Creep strain vs log time curves computed from
the master curves of Figure 14
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Figure 17. Creep rupture data and regression line for the
polyester yam.

●

●

curves with shorter reach than curves generated ftom tests
with adequate steps, but such inadequacies will be
conservative.
The shift factors for creep display a linear direct
dependence on temperature and an inverse dependence on
stress, the latter may be caused by a difference in creep
mechanism between low and high applied stress levels.
Since creep rupture is merely an event that takes rdace at
the end of a creep strain curve, the shift factors used to
generate the creep strain vs. shifted time c~es are the
factors that determine the shifted time of the rupture event.
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Modeling and Extrapolation of Creep Behavior of Geosynthetics
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ABSTRACT: The creep behavior of geosynthetic materials can be described by a rheologic model consisting cf a finite
number of Kelvin units connected in series, i.e., the so-called Kelvin-chain model. With properly selected spring moduli
and dashpot viscosities, the combined effect of all Kelvin units in the model can be used to describe the ]results of
experimental creep data. Once such a model is established, it can then be used to extrapolate the creep behavior of the tested
material beyond the laboratory measured time frame. This paper presents a systematic procedure for obtaining the optimum
model based on relatively short-term creep data. The long-term predicting capability of the model is then justified by
supplemental experimental data.
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1

INTRODUCTION

Whenever stresses are imposed on a viscoelastic material
like geosynthetics (via tension, compression, shear, torsion,
bending, etc.), they must somehow be internally sustained
by the material’s molecular structure. If the stresses remain
constant over a sufficiently long period of time, the
molecular structure will attempt to accommodate them via
some type of deformation, e.g., the creep phenomenon.
Examples of applications where creep is of concern are the
following:
●

●

●

●

●

●

Tensile creep of geotextiles in mechanically stabilized
earth structures,
Tensile creep of geogrids in mechanically stabilized
earth structures,
Compressive
creep of geonets
and drainage
geocornposites in the liner systems of landfills,
Out-of-plane deformation of geomembranes in landfill
and waste pile covers due to differential settlement and
up-lifting gases,
Internal creep shear of geosynthetic clay liners on steep
side slopes
Compressive deformation (creep) of geopipes in various
situations.

In actual designs, creep is generally included via reducing
the allowable stress by a proper creep reduction factor,
Koemer (1998). In an ideal situation, the creep reduction
factors are determined experimentally, e.g., conducting
10,000-hour (or longer) creep test at several stress levels.
Unfortunately, creep tests are by their nature timeconsuming and thus expensive. Furthermore, accurate creep
tests are difficult to perform owing to the difficulty in
maintaining the desired environment over a long period of
time. In this study, a rheologic model which provides longterm prediction capability is presented. It is hoped that via
careful interpretation and extrapolation of short-term creep
data, accurate long-term creep behavior can be predicted.

2

THE KELWN-CHAIN MODEL

It has been shown that the creep behavior of a wide range of
materials can be described by a Kelvin-chain mode] which
consists of a finite number of Kelvin units in series,
Roscoe (1950). In addition, a spring can be added to the
original Kelvin-chain model. This provides to the model
the capability of simulating the initial instantaneous
(elastic) strain which is typically seen in creep
measurements. Figure 1 shows the modified Kelvin-chain
model used in this study.
~cr
EO

where:

E.= spring modulus of
E,

n,

E2

V2

El = spring modulus of
the ith Kelvin unit

~,

q j = dashpot viscosity of
the jth Kelvin unit

E3

L-#

9I

the single spring unit

I

v“

En
@
40

Figure 1. The Kelvin-chain model
A Kelvin unit consists of a spring and a dashpot in
parallel. In the Kelvin-chain model, each Kelvin unit is
identified by the letter “i” and characterized by a retardation
time, Ti, where ‘ri = q i / Ei. Experiences show that in an
ideal Kelvin-chain model, the spring modulus in each
Kelvin unit is generally inversely proportional to its
corresponding dashpot viscosity. In other words, Kelvin
units consisting of high-modulus springs possess dashpots
with low viscosities. The relative degrees vary. When such
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a model is subjected to an external stress, o, as seen in
Figure 1, an instantaneous deformation is created in the
single spring. Note that this deformation stays constant
regardless of the time scale as long as the applied stress
remains. Subsequently, the Kelvin units with higher spring
moduli and lower dashpot viscosities will be deformed.
Note that such deformations will also be Etarded more
rapidly. Succeedingly, the units with lower spring moduli
will respond to the external stress owing to the higher
resistance from the dashpots.
However, continuous
deformations will be observed in these units over a longer
period of time, until their corresponding retardation times
are reached.
Figure 2 illustrates the above concept by plotting a set of
creep data along with the calculated curve corresponding to a
Kelvin-chain model consists of four Kelvin units and a
single spring. It is seen that the calculated curve (a
superposition of five individual curves) accurately modeled
the experimental data. The individual behavior of each
component in the model is also shown in the figure where
the concept of “retardation time” is clearly demonstrated.

0.10

Data
Kelvin-Chain model
of all five units)
(superposition
0.09

r-cl

Single .&ing unit

0.08
$

I

1

.-c
9

G

3rd Kelvin Unit

Td Kelvin Unit
0.004-

0.002-

3

THE MODELING PROCEDURE

To utilize a Kelvin-chain model, the creep behavior is
viewed as a so-called strain function:

0.000

0

20

(1)
where: CO= l/EO = the elastic strain (i.e., strain induced
immediately after the stress is applied) caused by a unit
stress (i.e., c = 1), Note that the end of the elastic
deformation portion of the experimental data, i.e., CO, is
defined herein as the point of which the second derivative
first changes its sign, generally from negative to positive.
In Equation 1, the retardation times, Zi’s, are values which
can be arbitrarily chosen providing some restrictions are
satisfied, Bazant (1988), Bazant and Prasannan (1989).
However, any two adjacent Kelvin units having a
relationship of A(log~i) =1 generally gives sufficiently
(1995).
smooth
creep curves; Bazant and Xi
That is to say, if the smallest retardation time is chosen as
10-3hour, the subsequent retardation times will generally be
selected as 10”2hr., 10”1hr., 10° hr., 101hr., etc.
Furthermore, an “N’-unit Kelvin-chain model can
generally simulate creep data of “N’ orders of magnitude on
the time. scale. Note, however, if extrapolation of the
experimental data is desirable, more Kelvin units m
necessary. For example, if a extrapolation out to 104 hours
is desirable using a 1000-hour creep data (i.e., one-order
extrapolation), one additional Kelvin unit with retardation
time of 104is necessary.
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Figure 2. Creep data simulated by a Kelvin-chain model
consisting of four Kelvin units and one single spring.

As to the selection of Ei’s, it is determined by optimum
fitting of the creep data under the constraints of the preselected retardation times.
It is clear that a regression analysis (optimum fitting) for
determining six or more unknowns (numbers of E‘s, in this
case) can be extremely time consuming. A procedure which
reduces the numbers of the independent variable, to only
two, regardless the actual number of Ei’s, is recc,mmended
herein.
The following expression is proposed to serve the
aforementioned purposes [see Bazant and Xi (II995) for
detailed mathematical derivations]:
~=
Ei

1.151(a)(3~i)3 [

-2n2(3~i)2n-3(n-l-(37i)”)
(l+(3~i)”)3

+

n(n-2X3~l~-3(n-l-(3Zi)”)- n2(3&)2”-3
(1+(3’t])”~

1

(2)

In Equation 2, “a” and “n” m the new targeted unknowns
(instead of E,’s) associated with the modeled creep data.
Note that the new fitting involves only two variables and is
obviously much simpler.
By varying the two independent variables “a” and “n” in
Equation 2, different combinations of E,’s with respect to
the pre-selected retardation times, ~i’s, can be obtained.
This allows a comparison of each calculated result of
Equation 1 to the actual experimental data. The calculated
result is then optimized using the least-squares
approximation (weighting by “time” is recommended) and
iteration of this process will eventually converge on the
actual experimental data. The resulting optimum model can
then be used to predict experimental creep behavior beyond
the actual measured data.
4

EXAMPLES

open circles, for verifying the predicting capability of
model.
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Figure 3. Experimental and modeled data of material (a)

Six sets of very different geosynthetic materials creep data
were used to verify both the simulating and the long-term
predicting capabilities of the proposed Kelvin-chain model.
They are the following geosynthetic materials:
(a) 1500-hr tensile creep of a nonwoven needle-punched PP
geotextile at 50% of its wide-width tensile strength at a
temperature of 22°C [Allen et al ( 1982)],
(b) 10,000-hr tensile creep of a PET geogrid at 70% of its
short-term tensile strength at a temperature of 23°C (data
courtesy of Strata Systems, Inc.],
(c) 1000-hr confined tensile creep of a stiff, unitized HDPE
geogrid at 60% of its ultimate tensile strength under a
normal stress of 28 kPa at approximately 23°C [WilsonFahmy et al (1995)],
(d) 20,000-hr biaxial tensile creep of a HDPE geomembrane under a constant stress (= 60% of its ultimate
strength) at approximately 23°C [Duvall ( 1993)],
(e) 1,000-hr internal shear creep of a geosynthetic clay liner
(GCL) at 40% of its short-term shear strength at
approximately 23”C,
(f) 1,00()-hr compressive creep of a edge-drain geocomposite at 45% of its short-term compressive strength
at approximately 23°C (data courtesy of Monsanto
Company).
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rl104

Time (hour)

Figure 4. Experimental and modeled data of material (b)
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0
O-- Q------Q ---------------.-c
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The results are shown in Figures 3 to 8 corresponding to
each of the above tests, respectively. Note that the results
shown in Figure 4 are plotted on a logarithmic scale to give
a different perspective. Seen in each of the figures are (1)
initial portion of the data (one order of magnitude shorter in
time than the entire data), as solid circles, for establishing
the Kelvin-chain model; (2) the optimum Kelvin-chain
model calculated creep behavior, as solid curves; (3) one
order of magnitude extrapolation using the established
model, as dashed curves and (4) the rest of the creep data, as

z
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0.00

confined

tensile

creep
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Figure 5. Experimental and modeled data of material (c)
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SUMMARY AND CONCLUSIONS

Geosynthetics, being viscoelastic materials, must be
evaluated for their creep sensitivity under a variety of
constant stress situations.
Laboratory tests can be performed for relatively long time periods, yet extrapolation to
site specific lifetimes is usually necessary and the technique
used is obviously critical.
The Kelvin-chain model
presented in this paper, and its application to a wide variety
of geosynthetic materials, is shown to result in an accurate
prediction of the data and is recommended for general use.
This model is shown to be viable for at least one order of
magnitude based on the results presented herein.
Analytically it is possible to extrapolate beyond one order
of magnitude, but substantiate data is sparse and further
corroboration is required in this regard.

Figure 6. Experimental and modeled data of material (d)
6
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Figure 7. Experimental and modeled data of material (e)
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Slow Strain Rate Modulus Assessment Via Stress Relaxation Experiments
Te-Yang Soong
Research Engineer, Geosynthetic Research Institute, Drexel University, Philadelphia, Pennsylvania, USA
Arthur E. Lord, Jr.
Professor, Department of Physics& Atmospheric Science, Drexel University, Philadelphia, Pennsylvania, USA
ABSTRACT: Geosynthetics are usually deformed very slowly in actual applications. Conversely, most mechanical
properties (e.g., modulus) are determined in the laboratory under relatively fast strain rates. The use of such experimental
values in engineering design is felt to give an inaccurate assessment of actual behavior. This paper presents a procedure to
simulate laboratory generated stress relaxation test results by the Maxwell- Weichert rheologic model. Once such a model is
established and calibrated, it can be used to determine the more realistic, “design-oriented”, modulus of the tested material. In
this paper, the 0.3% secant modulus of a 1.5 mm HDPE geomembrane tested at various strain rates was successfully
predicted using the Maxwell-Weichert model. It is felt that the same approach can be applied to other geosynthetic materials
for determining realistic moduli values for use in engineering design.
KEYWORDS: Modeling, Geomembranes, Modulus, Stress relaxation
1

INTRODUCTION

Geosynthetics are usually deformed very slowly (i.e., on the
order of weeks, months or years) in actual applications.
Conversely, most mechanical properties (e.g., modulus) =
experimentally determined in the laboratory under relatively
fast strain rates (i.e., on the order of seconds, minutes or
hours).
Since it is well known that the mechanical
properties of viscoelastic materials like geosynthetics rne
strongly strain-rate dependent, the use of such experimental
values in actual engineering design is a concern in that
changing in the polymer structure, e.g., stress relaxation,
cannot occur as it likely does in the field.
In this paper, a Maxwell-Weichert rheologic model
established using laboratory generated stress relaxation test
results at,fast strain rates, is presented. Once such a model
is established and calibrated, it can be used to calculate
values of modulus at slow strain rates. It is hoped that via
the above procedure, more suitable initial moduli values for
the use of engineering design can be determined.

2

BACKGROUND

The strong dependence of mechanical properties on how fast
the material is deformed (time scale) is a result of the
Two well-known
viscoelastic nature of geosynthetics.
examples of such dependence are the stress relaxation
behavior and the strain-rate dependent modulus.
Both
phenomena are illustrated graphically in Figure 1.
Conceptually, two replicate specimens are deformed to a
specific strain level, 8., under two different strain rates, i.e.,
k, andkl. This strain level is then held constant for both
cases and the stresses are monitored over time. Eventually,
after considerable time, the curves come to the same
equilibrium residual stress level. It is seen, in the left-hand

I
Figure 1. Viscoelastic nature of geosynthetics illustrated by
the strain-rate dependent secant modulus and Ihe stress
relaxation behavior.

portion of the curves, that the modulus (in this case, a
secant modulus) of the tested material is proportional to the
strain rate. Regarding the right-hand portion of the curves,
the trend of decreasing stresses with time demonstrates the
concept of stress relaxation.
It is reasonable to assume that the above two phenomena
are inter-related since both of them are results of the unique
viscoelastic nature of the tested material. It is also
reasonable to assume that using the result of one experiment
(e.g., a stress relaxation test) one should be able to predict
the result of a related test (e.g., the strain-rate depndent
modulus). The objective of this study is to develop the
above concepts.
3

THE MAXWELL-WEICHERT MODEL
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Figure 2 shows the Maxwell-Weichert rheologic model used
in this study, Aklonis et al (1972). A typical model
consists of “N’ Maxwell units, which are springs and
dashpots in series, placed in a parallel combination with a
single spring at the end. The springs represent the elastic
properties (E is the elastic modulus) and the dashpots
represenl. the viscous properties (q is the dashpot viscosity)
of the modeled material. In this study, the units become
less strong and more viscous as one moves to the right in
Each Maxwell unit is
the parallel combination.
characterized by a spring modulus, Ei, and a corresponding
retardation time, Zi, where ~i = q i/Ei . The final spring,
with an elastic modulus of E~, represents the totally relaxed
or residual modulus value.

The solution of Equation 1, which represents the stress in
unit “i” at any time “t”, is as follows:
C,(t)
= CJi~e+

(2)

where criO= the initial stress in unit “i”,
The total stress at any time “t” in the entire MaxwellWeichert model, is the sum of the stresses in all of the
elements, i.e.,
@t)=O1Oe~+ cr20e~+. ..+cr+)+)e~+OR

(3)

where OR= the stress in the final single spring.
Alternatively, the stress relaxation process can be
described by a time-dependent relaxation modulus, E(t),
where

El

(4)

or
E(t)=
+ at

()

T

Figure 2. A Maxwell-Weichert model subjected to a
constant strain.
In a typical stress relaxation test, it takes an initial stress
to deform a Maxwell-Weichert model to reach the desired
strain because of the resistance of all Maxwell units has to
be overcome.
In stress relaxation tests, this is the
maximum stress. Once the desired strain is reached, the
dashpots start to flow and therefore release the stresses in the
springs. As a result, the stress required to maintain a
constant strain decreases with time. Since the units in a
Maxwell-Weichert model consist of dashpots with
viscosities over a wide range, i.e., some dashpots can be
easily s@etched and others rue more difficult, they can be
used to simulate stress relaxation of geosynthetics at
Ultimately, when the stresses in all
different stages.
Maxwell units are fully dissipated, the residual stress is
modeled by the final spring.
When a Maxwell-Weichert model is subjected to a
constant strain, as in a stress relaxation test, the following
expression can be used to describe the stress/strain
relationship in each of the Maxwell units:
d8i_dc–ld~,+~=0
dtdt
Eidt

(1)

~i

where &i= strain in unit “i”, & = the constant strain applied
and ~i = stress in unit “i”.
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Equation 5 can then be used to simulate Ihe stress
relaxation test results. Figure 3 illustrates the modeling
concept by plotting a set of stress relaxation data along with
the calculated curve corresponding to a Maxwell-Weichert
model. This example consists of four Maxwell units and a
single spring, It is seen that the calculated curve (a
superposition of five underlying individual curves)
accurately modeled the laborato~ data. The individual
behavior of each unit in the model is also shown in the
figure.
In Equation 5, the retardation times, ~i’s, are values which
can be arbitrarily chosen. If we choose adjacent Maxwell
units to have a relationship of A(log~l) =1, it generally
gives satisfactory simulation. That is to say, if the smallest
retardation time is chosen as 10-3 hour, the subsequent
retardation times will generally be selected as 10-2hr., 10-)
hr., 1 hr., 101hr., etc. As to the selection of El’s, they m
determined by optimum fitting of the stress relaxation data
under the constraints of the pre-selected retardation times.

4

MAXWELL-WEICHERT MODELING OF IHDPE
GEOMEMBRANES USED IN THIS STUDY

Large-scale stress relaxation test results on a commercially
available 1.5 mm thick HDPE geomembrane were used to
illustrate the use of Maxwell-Weichert model. See Soong,
et al (1994) for a detailed description of the laboratory test
setup and conditions. The tests were conducted at five

3
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Figure 4. Laboratory generated (open circles) and calculated
stress relaxation behavior (solid lines) of a 1.5 mm thick
HDPE geomembrane at various temperatures.
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Equation 6 can be solved as:
I

0.8

I

1.0

~i(t) = C~iEi ( 1- e< )

1.2

Consequently, the expression for the entire model can be
written as:

Time (hour)

Figure 3. Stress relaxation data simulated by a MaxwellWeichert model consisting of four Maxwell units and one
single spring.
different temperatures under a constant tensile strain of 3%.
Seven Maxwell units with retardation times varying from
10-4to 102hours and one additional spring were used in each
of the five models for five different temperatures. The
values of Ei’s in all of the models were determined by
applying a least-squares regression procedure, under the
restraints of the pre-selected retardation times, until the
calculated behavior converged to the laboratory results. The
laboratory data along with the calculated relaxation behavior
are shown in Figure 4 by plotting the relaxation modulus
There is excellent
against time on a log-log scale.
agreement between the laboratory and the calculated results.
Once a Maxwell-Weichert model is established, it can be
used to calculate the modulus of the modeled material at
different values of strain rate. The following section
presents the detailed procedure.

5

CALCULATING THE STRESS UNDER
VARIOUS STRAIN RATES

When the modeled material, e.g., a geomembrane, is
deformed under a constant strain rate “C”, the following
expression can be used to describe the stress/strrtin
relationship in each of the Maxwell unit:
dE]_dE–ld~l+~=C
——
—— ——
~i
dtdt
Eidt

(7)

(8)
‘(t)=c[$’iEi[l-e;ll+c(ER)t

Since the experimental data was developed at 3% strain,
we must modify Equation 8 if it is to work for general
values of strain (e.g., 0.3% strain).
Popelar, et al (1990) presented an empirical relationship
to incorporate the strain depadence in the estab Iishing of
viscoelastic models for HDPE pipes. The relationship was
interpolated and extended for this study and the following
expression, a modification of Equation 8, results:
@t)=c[i$lzi(a+fiCt~)

(l-e;)]

(9)

+(a&Ct))ct

where Ct = &= strain at time “t”.
Table 1 lists values of the constants “a” and “b”
corresponding to various strain levels used for conducting
the stress relaxation tests. Note that when the desired strain
level is equal to that used in the stress relaxation test, no
modification is necessary.
Table 1. Constants in Eq. 9 as a function of strain level
Constants’ in Equation 10
Strain level used in the
b
a
stress relaxation test, &O
0.70
30,5
1.0%
23,3

2.0%

0.53

3.0%

0.43’

18.92

5.0%

0.31

13.7

7.5%

0.23

10.2

10.0%

0.19

8,1

ofMPa.
2. Appropriate
constantsforthisstudy.
1. Values are for modulus in units

(6)
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6

500

JUSTIFICATION OF CALCULATED INITIAL
MODULUS VALUES

400

The 0.3% secant modulus of the tested HDPE geomembrane
can be determined as follows:

6g

300

1. A strain rate, i.e., a value of “C”, is assumed.
2. The relation “0.3% = Ct” gives the value of “t”.
3. The time “t” is inserted into Equation 9 to obtain the
corresponding stress, c(t), at 0.370 strain.
4. The relation “cr(t)/O.003” gives the 0.370 secant
modulus of the modeled mate~al.
The above procedure was applied to five separate
Maxwell-Weichert models corresponding to five different
temperatures over a range of strain rates from 0.0001% to
100% per minute. The results are shown in Figure 5 by
plotting the 0.3% secant modulus against strain rate on a
log-log scale.
The experimental values of some
supplementary tensile tests conducted at 30°C under various
strain rates are also shown, in open circles, to exam the
validity of the aforementioned prediction procedure. As seen
in the figure, the agreement between the experimental data
and the calculated values is quite satisfactory.
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Figure 6. Design modulus of the HDPE geomembrane used
in this study (corresponding to a very slow strain rate, i.e.,
< l@270/minsimulating a situation of stress relaxation).

8

CONCLUSIONS

This paper presents a recommended procedure to simulate
stress relaxation test results by the Maxwell-Weichert
rheologic model. Once such models are established and
calibrated, they can be used to determine realistic, “’designoriented”, moduli of the modeled material and thereby assess
the stress relaxation phenomenon. To verify the procedure,
the 0.390 secant moduli of a 1.5 mm HDPE geomernbrane
at various strain rates were successfully predicted.
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Figure 5. Strain-rate dependent 0.3% secant moduli of the
1.5 mm HDPE geomembrane used in this study.
Also seen in Figure 5 is that at a given temperature, the
values of 0.3’% secant modulus of the tested HDPE
geomembrane remain practically unchanged when strain
rates are slower than 0.01 Yoper minute. Such values ate
considered more suitable in engineering design than those
obtained routinely in the laboratow. Such recommended
design moduli of the tested HDPE geomembrane ate
collected and re-plotted against temperature in Figure 6. It
is felt that this type of data, shown here for modulus, is the
type of data that should be used in design to simulate field
conditions.
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Long term behavior characterization

of soft composite under biaxial loalding

P. MAIL.LER
Geosynthetic tests manager, Institut Textile de France D.R. LYON, av, Guy de Collongue, BP 60, 69132 Ecully cedex
M. SOTrON
General manager, Institut Textile de France D.R. LYON, av, Guy de Collongue, BP 60, 69132 Ecully cedex
ABSTRACTS: Amongst the many composite materials, soft composites containing a thermo-plastic matrix with textile
reinforcement are used in civil engineering and building construction in the form of tensile membranes.
To justify permanent use of these structures, it is necessary to know their stiffness and failure behavior, and to predict their
long term behavior under combined loading. So we must develop experimental characterization techniques and theological
models taking into account the specific properties of these materials and their long term behavior.
The material studied is a polyvinylchloride reinforced with high tenacity polyester plain weave fabric and is used for tensile
or inflatable structures.
KEYWORDS: Durability, Soft composite, Biaxial loading, Creep, Theological behavior
1 INTRODUCTION

3

VISCOELASTIC MEASUREMENT

The aging of reinforced PVC fabrics is caused mainly by
superilcial cracks of the matrix. The exposed fibers are then
attacked by U.V.. The main characteristics affected are the
tensile strength and the tear strength. These characteristics
can fall by up to 60°+’0.
So it is necessary to characterize, to
predict and to model this aging to take it into account in the
time of building conception.
This paper presents a theorico experimental method for the
characterization of long term behavior of soft composites.
The study is made on a coated fabric but the method can
easily be apply to every kind of soft composites
As it is shown on figure 1 this characterization can be done
by accelerated tests at the scale of the constituents (fiber,
matrix) or at the scale of the textile architecture. The
prediction must be validated by real time tests.

3.1

Elaboration of theological model

tiunmrh~kti bd)wim
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(1)

Cole-Cole diagrams are made by plotting E“ modlulus as a
function of E’ modulus.

E“ (I%)

I
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L
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tmperat”m
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Figure 1: Study organigrarn

2

Simple viscoelastic tests were performed at different
frequencies with a DMTA (Dynamic Mechanical Thermal
Analysis).. To choose a well suited model, we draw with
the experimental results Cole-Cole diagrams (Cole et al.
1941) and we compare those diagrams with model ones.
The results are shown on figure 2. The complex modulus
E* can be written

MATERIAL STUDIED

The material studied is a high tenacity plain weave
polyester (ref. ENKA 174 S) coated with PVC. The weight
of the coated fabric is 800 g/m2 for a thickness of 0.6 mm
and a fiber content of 24°10.The PVC has no mechanical
properties, is only used to protect the polyester horn U.V.
attack. The material is orthotropic on the scale of the textile
architecture and behaves as a membrane.

E’ &a)
Figure 2: Evolution of E and tangent 8 with temperature
Our experimental results can be approached by a Zener
biparabolic model (Huet et al. 1984). This model can be
done either with an assembly in series or/and parallel of
springs and dashpots or with an assembly in series orland
parallel of fractional elements. The basic fractional is a
model of one mechanism (spring pot) which ccmstitutive
law satisfies : (Keller 1984)
K.D: .X(t)=

(2)

F(t)
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where ct is the order of the fractional derivation ( O< ct < 1).
After several mathematical operations we obtain the equation
of the model. (equation 3 and figure 3)
E. – EO

E*(i(o)=EO+

1+ (im)-k

Table 1 gives the values of the parameters of the model for
the polyester fibers.

(3)

+ 5(i0T)-h

I
I

From equation (3) of Zener model it is possible to find
temporal expressions (relaxation modulus E(t) and creep
modulus J(t)). Operational relaxation and creep modulus
can be expressed with the help of Carlson Laplace
transforms’. (Boufera et al. 1990), (Cost 1964)
Equations 4 and 5 give us the temporal expression of the
relaxation (E(t)) and creep (J(t)) timctions.

I

E(t) = EO +

Figure 3: Limited biparabolic Zener
The values of the parameters h, k, EO are determined by
enlarging the external parts of Cole-Cole diagrams. In order
to determinate the value of Em, we divide every part of ColeCole diagram in two zones. The first one corresponding to
high frequencies is approximated to an arc of a circle whose
center is under the real axis, the second corresponding to low
frequencies is approximated to an arc of a circle whose center
is under the real axis and cuts it in Em .

EmE,

Eo

(4)

l+(:)k+~(:)h

l+(:)
k+t)h

J(t) =

‘O[l+(:)k+~(:)h)

3.2

k2b+L.L

E. – EO

(5)

+E-EO

Time temperature superposition

In the second part of this investigation, we determine the
time variation of E(t) by application time temperature
superposition. The tests are made on the DMTA between 150 “C and 200 ‘C at five frequencies (0.3 to 30 Hz).
Superposition of the data curves permits us to obtain a
master curve for a reference temperature of 25 ‘C.

Figure 4: Determination of the different parameters
To determinate the value of 6, we give arbitrary values of the
term w and we adjust the value of 8 until the experimental
and calculated values are matched. (figure 5)
P(R)
.
[iiii
ZH.
1,-

9 l-.__~-..

w—
temperature

-L

‘mir~
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Figure 6: Test at several frequencies on polyester tiber
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Figure 7: Master curve at 25 ‘C for polyester fiber
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This master curve can be fitted with an exponential function
(Kabir 1984).
E= EO. ta

(6)

The displacements are measured in the central part of the
specimen with an optical method. Using a CCD camera, we
follow the displacement of the barycentre of marks drawn
on the surface of specimem.

where log EO=10.09 Pa anda=-0.013 Pals.
In this part we have determined the creep curves of polyester
fibers either by applying the time temperature superposition
principle or by mechanical spectrometry and definition of a
theological model.

THERMOSTIMULATED
DIMEMSION SPECIMENS

CREEP

4

ON

LARGE

The Institut Textile de France in collaboration with the
Laboratoire Mecanique et Materiaux University Lyon 1 (with
the support of the Region RM3ne Alpes) have developed a
biaxial testing apparatus to carry out tests on large dimension
specimens on soft or stiff composites. (Mailler 1996)
cCD camera
-f
\

\

.

Figure 9: Biaxial specimen (marks on surface)
The strains are then calculated using a pseudo finite element
made with four points. These strains are calculated in the
center of these elements and take into account the large
deformations of this kind of material.
Figure 10 illustrates biaxial creep curves at 25 “C for a load
ratio of 1:1.

\

-

~{~JJ
~

step by step
motor

Ioadcell
Pc
~

o~
o

200

400
time

6c0

600

1000

(Secondes)

Figure 8: Biaxial testing apparatus
Figure 10: Biaxial creep curve at 25°C (1/1)
The mains characteristics of this apparatus are given below.
- maximum load of 15000 daN,
- sample of 1x 1 m2 with a maxima] deformation of sOO/o,
- four step by step motors permit to drive the apparatus either
in displacement or load with several load or displacement
ratio between the two axes,
- a thermal enclosure permits us to realize test between -40 “C
to 200 “c.

With similar curves at several temperature we costruct a
master curve taking into account the stresses applied in the
central part of the specimen and using an inverse method to
calculate the E modulus. The basis of this method is given
below.
At a given time we have,

We made a series of creep test in the following conditions:
- 1/1 320 daNJ30 cm in warp and 320 daN/30 cm in weft,
- 2/1 320 daN/30 cm in warp and 160 daN/30 cm in weft,
- 1/2 160 daN/30 cm in warp and 320 daN/30 cm in weft.

(7)

where criare the stress, Cij are the coefficients of the rigidity
matrix and Sithe strain.
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If we consider two different times on two different tests (for
example two load ratios) we have,

E;

E;

E;

E;

_o
—

o

&;&;

(8)

x

: 0

o

E;

In a general point of view this results are similar to the
literature (Toyada et al 1990,1992,1994) and give a residual
tension stress of 50’%.in 3 years with a little evolution in 7
years. This is in accordance with our results which show us
an asymptotic stabilization of creep.
This work permits the designers to take the durability into
account during the design process.
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Figure 11: Biaxial master curve at 25° C
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These curves can be fitted by a logarithmic fimction:
(9)

E(t) = E() + alogt

where a warp = -170 MPds, a weft = -165 MPals , EOwarp =
2400 MPa, EOwefl = 2060 MPa
In an attempt to validate this predicted creep curves, we
carried out real time tests on specimens exposed during 380
days in situ at Lyon. We measured the displacement under a
constant load and we defined the creep curves (Figure 12).
The knee indicates an augmentation of deformation du to
higher temperatures in summer time.
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Figure 12: Creep curves obtained by real time tests
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A Model for the Ultimate Pull-out Resistance of Geogrids
R.H. CHEN
Professor, Institute of Civil Engineering, National Taiwan University, R.O.C.
Y.S. LEE
Ph.D. Candidate, Institute of Civil Engineering, National Taiwan University, R.O.C.
ABSTRACT:A three-parameter model is proposed to predict the ultimate pull-out resistance of geogrids. Twenty-seven
pull-out tests were performed using three types of geogrids embedded in Ottawa Sand and kaolinite clay. The proposed
model can take into account the nonlinear relation of the ultimate resistance with the normal stress. Using this model and
analyzing the test results, the above mentioned phenomenon can be described and the ultimate resistance can be predicted
very well.
KEYWORDS: Pull-out test, Ultimate pull-out resistance, Geogrid.
1 INTRODUCTION

as follows:

In the design of reinforcements, laboratory pull-out tests are
performed to understand the pull-out resistance of
reinforcements in soils. The parameters needed in the limit
equilibrium methods, such as apparent cohesion c and
frictional angle $ are obtained. It is a common practice to
employ the Mohr-Coulomb criterion for the design.
However, this criterion does not usually predict the ultimate
pUkOUt reSktanCe very Well. Hence, a thee-pmameter
model for predicting the ultimate pull-out resistance is
presented in this study to take into account the deformation
modulus of geogrids and applied normal stress. This model
was verified by twenty-seven pull-out tests. According to the
results verified, this model can describe the relation between
the ultimate pull-out resistance and the applied stress, and
predicts the ultimate pull-out resistance of other geogrids.

2 THE PROPOSED MODEL
In design practice, the assumptions on the pull-out
resistance of geogrids in soils are: (a) the shear stress at the
interface behveen geogrid and soil is constant, (b) the shear
stress at the interface follows the Mohr-Coulomb criterion.
Hence the pull-out resistance is presented as:
T=c+otan$
P=2A~

(1)
(2)

where:
~: the shear stress at the interface
c: apparent cohesion intercept
w applied normal stress
~: frictional angle
P: ultimate pull-out resistance
A: embedded area of geogrids

~ = a [al+az exp(-aq ~ )1

for sandy soils

(3)

~ = al + csazexp(-as~
%

for cohesive soil

(4)

E= –T

(5)

E

where:
al ,a2,a3: p~ametersto be dete~inedE: deformation modulus of geogrid, which can be
determined by Eq.(5).
T: the tensile force of geogrid in the tensile strength
test.
s: the strain of geogrid in the tensile strength test.
In this model, the al , az and aq parameters are obtained
by pull-out tests. Eq.(3) is suitable to sandy soils,,and Eq.(4)
is suitable to cohesive soils. This proposed model compared
with the Mohr-Coulomb criterion has the following
characteristics:
1.The model uses the applied normal stress a and the
geogrid deformation modulus E to describe the ultimate
pull-out resistance.
2. If the modulus of geogrid is infinite, the pattern of the
simplified proposed model is similar to the ordinary shear
strength model such as Mohr-Coulomb criterion.
3. The expansion of the exponential function in Eq.(3) or
Eq.(4) has infinite terms. For this reason, the proposed
model is convenient to describe test results smoothly,
compared to the Mohr-Coulomb criterion th~t has only
two parameters.

On the other hand, the proposed three-parameter model is
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Table 2. The ultimate pull-out resistance.

Table 1. Fundamental properties of geogrids.
Item (kN/m)
Ultimate tensile strength

Grid A
110

Grid B
80

Grid C
55

~~f~~fl

‘Odulus at
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I
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Normal
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120

stress (kNlm’

160

200

)

Figure 1. Normal stress versus ultimate pull-out resistance
for grid A embedded in Ottawa Sand (D~85’Xo).

3 TEST EQUIPMENT AND TEST MATERIAL
The dimension of the pull-out box is 60cm x 35cm x 20cm
( length x width x height). The range of pulling rate is from
0,0006 to 107 mdmin. The capacity of pulling force is 12.5
tons applied by electric motor. The vertical load system
consists of a rubber air bag and a jack. Load cells and LVDT
are used to measure the pulling force and the displacement. A
data acquisition device, an AD card, and a personal computer
are used for test controlling and recording. Test materials
include geogrid, sand, and clay. The material properties of
three types of Tensar geogrid used in the tests are
summarized in Table 1.The sand is Ottawa sand (No. C 109)
that has specific gravity 2.65, maximum void ratio 0.732,
and minimum void ratio 0.387. The strength parameters are
c = 0.7 kN/m2, @= 360, for relative density Dr = 850A;and
c = 5 kN/m2, 1$= 320, for Dr = 50°/0.The clay is kaolinite
that has specific gravity 2.62, maximum dry density 12.8
kN/m3, the optimum water content 3 1.5%. The strength
parameters from the consolidated undrained test are c = 18
kN/m2, $ = 15.6”, for dry unit weight ‘y~= 12.4 kN/m3 and
water content (II= 29°/0.
The dimension of geogrid specimen is 45 cm x 10 cm
(length x width), there are three apertures in the longitudinal
direction and five apertures in the transverse direction. The
distance between the first transverse rib and the tiont wall of
722-1998
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(b) Ottawa Sand (Dr50%)
Normal stress
Grid A
(kN/m)
(kN/m2)

Grid B
(kN/m)

Grid C
(kN/m)

50

25.3

22.0

18.5

100
150

48.2

42.1

33.5

53.0

51.2

Grid A
(kN/m)

Grid B
(kN/m)

Grid C
(kN/m)

18,2

15.1

100

26.5

24.5

17,5

200
300

35.9
43.0

30.7

235

(c) Clay
Normal stress
(kN/m2)

Mohr-Coulmnb witermn

o!,

(a) Ottawa Sand (Dr=85°/0)
Normal stress
Grid A
(kN/m)
(kN/m2)
50
33.8
100
61.8
150
200
98.1

on Geosynthetics

50

Grid B
(kN/m)

Grid C
(kN/m)

30.9
57.2

28.2
47.9
56.2

the pull-out box is 12 cm. The pulling rate is 1 mm/min.

4 TEST RESULTS AND ANALYSIS
The ultimate pull-out resistance of test results is summarized
in Table 2. According to the test results, the ultimate
resistance increases with the normal stress but the relation is
not proportional. The example using the Mohr-Coulomb
criterion together with the pull-out test result is shown in
Figure 1. From the figure, the Mohr-Coulomb criterion does
not appear to be very accurate in regression result, but also
the cohesion intercept is greater than zero in sands.
Considering the aforementioned phenomenon, a threeparameter model is therefore proposed. The procedure used
to analyze the test result is described in the following:
1. Determine the deformation modulus.
Geogrid is a flexible material, and its modulus varies with
strain. Hence a predictive model must take this behavior
into consideration, For simplicity, the proposed model
adopts the deformation modulus as the secant modulus at
5“Astrain when the strain is less that 5’%o,and the secant
modulus at 10°/0strain for strain more than 5°/0
2. Determine al ,a2 and a3 parameters.
The three parameters are to be determined by using Eq.(3)
for sands, and using Eq.(4) for clays.
3. Compute the ultimate pull-out resistance.
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The ultimate pull-out resistance is computed considering
various modulus and normal stress using Eq.(3) for sands
and Eq.(4) for clays.
The parameters for computation are summarized in
Table 3. The comparison of the proposed model and the
Mohr-Coulomb criterion for the ultimate pull-out
resistance of geogrids in sands are shown in Figure 2.
It is obvious that the proposed model is better than the
Mohr-Coulomb criterion. For instance, the proposed model
describes the relation of the ultimate pull-out resistance and
the normal stress very well and the apparent cohesion
intercept is zero. The model also describes non-proportional
relation of the ultimate pull-out resistance with the normal
stress. In the other case for kaolinite clay, the comparison is

120

160

200

Normalstress(kN/m’)
(b) Grid B

(b) Grid B
Figure 2. The comparison of the proposed model and MohrCoulomb criterion for pull-out tests in Ottawa Sand
(Dr=85%).

,,-,
80

Figure 3. The comparison of the proposed model and Mohr
-Coulomb criterion for pull-out tests in clay.

shown in Figure 3. Analyzing and comparing the result, the
result flom this model is similar to that of the MohrCoulomb criterion. Besides, this model predicts the ultimate
pull-out resistance well.
From the above mentioned results, the propowd model is
a good application to predict the ultimate resistance for
alternating normal stress.
Furthermore, the proposed model seems also be able to
predict the ultimate pull-out resistance of other geogrids.
For instance, it predicts the ultimate resistance of geogrid B
by using the parameters of geogrid A or C. The results of
this prediction are shown in Figure 4. It is found that the
predictions are within 10%-20°26 error. In engineering
practice, it seems acceptable.
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Table 3. Parameters of the proposed model.
(a) Ottawa Sand (Dr85°/0)

#
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al

a~

a3

Grid A

0.46

0.37

6.2

Grid B
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3.0
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3.0

The proposed model fitting result
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geogrids more well than the Mohr-Coulomb criterion. It
also can be used to predict the ultimate pull-out resistance
of other geogrids within acceptable error.
5.Using this model, the non-proportional relation of the
ultimate resistance with the normal stress can be
described.

Figure 4. The result of the proposed model predicting the
ultimate pull-out resistance.
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5 CONCLUSIONS

Summarizing from the mentioned explanation and
discussion, the advantages of the proposed model are as
follows:
1.The dimensionless term d13 is used to describe the
ultimate pull-out resistance, and its application on
studying test result shows good.
2.Although there are three parameters in this model, more
than two parameters in the Mohr-Coulomb criterion, the
convenience and power of this model is justified.
3.As the modulus E approaches infinity, the model can be
simplified to become a special case of the Mohr-Coulomb
criterion.
4.The model predicts the ultimate pull-out resistance of
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An Approach to Analyze the Pull-out Resistance of Woven Geotextiles
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ABSTRACT: The pull-out resistance of geotextiles is generally the result of complex phenomena occurring at the soilgeotextile interface. In this study, an attempt is made to analyze the pull-out resistance by considering that soil shearing
and soil-geotextile friction at the interface are liable to develop the resistance. The usefulness of this approach is pointed
out in terms of the prediction of pull-out resistances of soil-geotextile system, For illustration, the pull-out resistances of
two woven geotextiles with Toyoura sand are predicted, and compared with those of experimental values. The surface
asperity of geotextile is identified as an important factor influencing shearing and friction components at the interface.
KEYWORDS: Friction, Geotextiles, Pull-out Resistance, Shear Strength, Woven Fabrics
1

INTRODUCTION

The operational circumstances of many soil structures
reinforced with geotextiles reveaJ that the geotextile is at
least partly subjected to a pull-out force. This is leading to
the pull-out method which is used for the evacuation of
soil-geotextile interracial interaction, The results of a pullout test are, however. diftlcult to interpret because of
complex interactions at the interface, Nevertheless, a few
attempts at a numerical approach have been made to
analyze the behavior involved in the pull-out operation of
a geogrid (Wilson-Fahmy and Koerner 1993; Yogarajah
and Yeo 1994), but hardly any attempts have ever been
made for a geotextile. This is probably because of the
structural complexities that a geotextile presents compared
with a geogrid. In this study, a semi-empirical approach is
adopted to analyze the pull-out resistance developed by the
woven geotextiles with sand. The structural parameters of
the geotextiles and their interactions with the sand are well
accounted for in this approach.

2

ANALYTICAL PROPOSITION

The pull-out resistance is assumed to be developed due to
interactions comprising soil shearing and soil-geotextile
friction. Therefore, pull-out resistance (P) could written as
P= S+-F

(1)

where. S = shearing force, F = frictional force. Let the
total area at the interface be A, out of which the areas
responsible for soil shearing and soil-geotextile friction are
Al and A2, respectively. Thus. Equation (1) become
P = ~.Al +f.A2

(2)

where, ~ = soil shear stress, f = soil-geotextile frictional
force per unit area. The relationship for the determination
of frictional force is
f= p~.N

(3)

where, ~r = coefficient of friction between soil and raw
material of geotextile (hereafter the raw material frictional
behavior is termed as ‘skin-friction’), N = normal stress,
To predict pull-out resistance, therefore. we need the
values of ~, Wfiand shearing/friction area at the interface,

3

MODEL ILLUSTRATION

For illustration, two plain woven geotextile samples were
considered, and their interactions with Toyoura sand were
taken into account. A few details of the geotextile samples
and sand are given in Table 1 and Figure 1, respectively.
A prototype apparatus (Kabeya et al. 1993) was used for
conducting the pull-out experiments. Four levels of normal
pressure, e.g., 2.5, 5.0, 7.5, and 10.0 kpa, were maintained
on the soil-geotextile-soil system during experiments (low
pressures were to avoid fabric deformation inside soil).
Table 1 Specifications of woven geotextile samples.*
Sample (S2)
Sample (S1)
Descriptions
Polypropylene
Polyester
Polymer type
Multi-~ilament
Flat tape
Yarn type
530 x 530
130 x 120
Yarn count (Tex)
5.5 x 3.7
4.3 X 1.6
Yarn crimp (VO)
5,6 X 5.6
6.3 X6.3
No. of yarns (/cm)
1.00
0.60
Thickness (mm)
600
Area density (g/ m2) 170
*Samples were obtained from Taisei Corporation, Japan
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The polymer types of the two selected geotextiles were
polypropylene (sample S1) and polyester (sample S2),
Consequently, the pull-out tests on polypropylene (PP) and
polyester (PET) films with sand were carried out for
determining the sand-geotextile skin-friction coefficients,
By this method, however, the frictional representation may
not be truly possible, as finishes in the geotextile and the
film are necessarily different. Thus, to find out the actual
frictional coefficients, the following approach was used.
The individual yarn was unraveled horn the geotextile
sample and heat-set under decrimped-taut condition. The
decrimped yarn was then used in the pull-out experiments
with Toyoura sand, In pull-out experiments, therefore, the
occurrence of soil shearing at the interface which may be
initiated by the crimps was very unlikely, as the yarn was
decrimped and merely tape or filament (with marginal
twists) in kind. Consequently, the yarn-sand pull-out
resistance development was thought to be solely due to
friction. The sand-film (geotextile) skin-friction coefficient
is obtained by using the following empirical relationship
(4)

where, ~f = coefficient of skin-friction, F’= frictional force,
A’ = interfacing area, N = normal stress.
The results are shown in Figure 2 where it may be seen
that the set of values obtained by the above approach are
higher than those obtained with the respective films. These
differences in values could be attributed to their different
surface textures. However, the coefllcients of skin-friction
obtained here could reasonably be taken as actual values.
3.2

Shearing Experiments

For characterizing the shear behavior of sand, generally,
we conduct direct shear box tests in laboratory. However.
possibly a different state occurs due to different shearing
726-1998
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situations at the soil-geotextile interface in the pull-out
method, and at the interface of the two boxes in the direct
shear box method. At the soil-geotextile interface. the soil
shear behavior is believed to be infhrenced by the presence
of the surface concavities of the geotextile. The concavity
wall may put up passive bearing resistance to the soil shear
stress. As concavities are numerous, so the contribution of
passive bearing resistance to soil shear stress is also
significant. In the direct shear box test, such resistance
comes only from the back wall of the shear box for total
interface area, and consequently, the shear stress occurring
with this method is lower in value. Thus, it is important to
conduct shear tests under simulated pull-out interfacing
conditions. so that the passive bearing resistance of soil
brought by cross elements could be taken into account.
For this, channel-like parallel serrations were engraved
on acrylic plates (Table 2). Each plate was then used as
the reinforcing element in the pull-out experiments. The
conditions maintained in the experiments were similar to
those during soil-geotextile pull-out testing. The engraved
area on the plate (channel) is believed to be responsible for
soil shearing, and the flat area to be responsible for
friction in the pull-out operation. With defined areas for
shearing and friction on the plate, it was possible to
distinguish the soil shearing and soil-acrylic plate friction
components, provided the sand-acrylic plate frictional
coefficient was known. For the sand-acrylic plate frictional
coefficient, the pull-out tests on smooth acrylic plates with
Toyoura sand were conducted,
Figure 3 was drawn to show the trend of soil shear stress
against serration width in the acrylic plate for different
levels of normal pressure. The shear stress corresponding
to the pitch of respective geotextile samples could now be
obtained from this figure by extrapolating the respective
trends. It is noteworthy to mention at this stage that as the
shear area in the acrylic plate decreases, the variability in
pull-out resistance (i.e., soil shear stress) increases. This is
one of the reasons why we did not use acrylic plates with
serration widths of less than 5 mm in this study.

1

Table 2 Specifications of serrated acrylic plates,
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Interracial Shearing and/or Friction Area

Evaluating the shearing/friction area at the soil-geotextile
interface is a two stage process, namely, the measurement
of the surface roughness of geotextile samples, and the
correlation between surface roughness and soil properties
involved in the interface interaction process. The brief
description for each of the stages is given below.
3,3.1 Evaluation of surface roughness
An empirical approach was followed for measuring the
surface roughness of geotextile samples because the two
other commonly used methods e.g., mechanical scanning
and laser scanning methods, were tried, but they failed to
give definite outcomes. due to procedural limitations. In
this method, replicas of the two geotextile samples were
reinforced with a contrasting color matrix to form a solid
block. The block was then milled gradually (in cross-plane
direction) at regular intervals. For milling, a precision
end-milling machine was used in our laborato~. The
milling was done for a cut-out thickness of 0.1 mm in each
step. Therefore, it may be said that the technique used here
characterizes the surface as a combination of undulating
lines, as may be obtained in other scanning methods. The
photograph of each milled surface (i.e., at steps of 0.1 mm
milled thickness) was taken with a camera fixed to the
milling machine. As a next process, each photographic
negatives was enlarged by a projector and imaged over the
sensitive screen of a digitizer. The digitizer was interfaced
with a computer, by which undulating lines were digitized
into corresponding numerical values of X,, as the distance
along the fabric plane, and Y,, as the distance of surface
contours from the top fabric plane (see inset of Figure 4).

5.0

10.0
Serration

15.0

20.0

Width (mm)

Figure 3 Effect of serration width on shear stress.
Consequently, two dimensional arrays (X,, Y,) for each
undulating line were obtained. The reassembling of these
undulating lines by a computer program gives i~view of
the surface of the geotextile sample, as shown in Figure 4.
3,3.2 Correlation of surface roughness with soil properties
The two parameters, namely, the depth, and the slope of
surface concavities were used for expressing th~esurface
roughnesses of geotextile samples, These two parameters
were then weighed, as stated below, against the two soil
parameters, viz., the average soil particle diameter (DSO),
and the soil shear angle (+) of Toyoura sand, respectively,
for determining interracial shearing/friction area.
The measurements of concavity depths at different points
at distances 0.1 mm apart yield a frequency distribution for
each of the geotextile samples. It is assumed that when the
absolute concavity depth at any point (element) is more
than the size of soil particle employed, then that element
will be responsible for soil shearing at the interface, On
the other hand. if the concavity depth is less than the size
of the soil particle, the element will be responsible for
friction at the interface. Thus, corresponding to the value
of concavity depth equals to average soil particle diameter
(Dso)
of Toyoura sand, the percentage of elements causing
shearing and friction at the interface may be found out. By
knowing the total embedded area maintained during
experiments (both faces of the geotextile), we were able to
calculate the interracial shearing and friction area.
Similarly, the concavity slopes calculated between any
two consecutive measuring points (O.1 mm apart) give a
frequency distribution for each geotextile sample. It is our
assumption that when the calculated slope is less than the
angle of soil shearing (~), that slope will be respcmsible for
soil-geotextile friction, and when the slope is more than
the angle of soil shearing, that slope will be respcmsible for
soil shearing at the interface. Using the same line of action
stated above, therefore, we were able to draw a partition in
the population of concavity slope distribution.
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Calculated Pull-out Resistance

Using the three sets of shearinglfriction areas, obtained
from the concavity depth distribution, the concavity slope
distribution, and the interaction of the two, the pull-out
resistances were calculated. It were observed that the pullout resistances calculated using the areas corresponding to
depth distribution and slope distribution were in poor
agreement with those obtained experimentally, although
the general trends were found the same. In contrast, the
pull-oui resistances calculated using the interaction
induced shearing/friction areas were in good agreement
with the experimental pull-out resistances (Figure 5). As
stated before, the reason for this may be the interactive
effects due to both the depth and the slope of surface
concavities of geotextiles, rather than individual actions.

4

SUMMARY

With the multiplicity of structural parameters of
geotextiles and complexities in the design procedure for
geotechnical applications, we very often encounter the
728-1998
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Figure 5 Experimental/calculated pull-out resistance.

samples,

However, it is a common perception that the interracial
interactions between soil and geotextile are quite complex
phenomena, and the ways we tried to correlate concavity
depth and concavity slope with soil properties individually
may not be totally justitled. This is because, even if there is
stilcient concavity depth (greater than particle diameter),
inter-facial soil shearing may not occur when the slope at
that point is less than the shear angle of the soil. Similarly,
it may be argued that, even if the concavity slope is higher
than the soil shear angle, the inter-facial shearing may not
occur when the concavity depth is less than the particle
diameter, For this reason, therefore, an attempt was also
made to introduce the interaction between concavity depth
and concavity slope, for tinding the correct shearing
and/or friction area at the interface.
3,4
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need to know the pull-out force that a geotextile will exert
with the soil type. Using the proposition described before,
we may have the option of dealing with the problem of
determining pull-out resistance. By knowing the soilgeotextile skin-friction behaviors, the soil shearing
properties, and the interracial shearing or friction areas for
the soil-geotextile system, we could proceed to calculate
the constituents shearing and friction at first, ancl then the
pull-out resistance,
The illustration reported in this study indicates that
depending on the surface asperities of the geotextile. and
their interactions with the soil, the contributions of
shearing and friction in the pull-out resistance will vary. It
is identified that the effect of the surface asperity of the
geotextile is merely to influence the shearing and friction
area at the interface, Comparisons of experimental and
calculated values of the pull-out resistance show that the
correlation between surface asperities and soil properties
for evaluating the interracial shearing and/or friction area
is an interactive process of factors such as depth and slope
of surface concavity of geotextiles,
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A NEW APPROACH IN MODELING OF SOIL-GEOTEXTILE
INTERFACE BEHAVIOR IN PULLOUT TESTS
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ABSTR4CT: A nonlinear elastic finite element model was developed using GAP elements to investigate the failure
criteria and the separation behavior at the soil-geotextile interface during pullout tests. Pullout resistance calculated from
this model was compared to that obtained from laboratory pullout tests reported earlier in the literature. The data showed
the pullout resistance obtained from the finite element model was approximately equal to that obtained from the
laboratory pullout tests. Results from the model also indicated the existence of material nonlinearity close to pullout load
application point.
KEY WORDS: Finite element, Numerical modeling, Interface-element Geotextile, Pullout

1.

INTRODUCTION

When a geotextile is used as reinforcement material in
a slope, one of the predominant causes of failure is the
slippage or pullout of geotextile from the soil mass.
Such a behavior can be modeled by the pullout tests in
a laboratory. A simple experimental set-up was
designed and pullout tests were carried out in the
laboratory (Mallick et. al, 1997). In conjunction with
experimental study a theoretical model is required to
visualize the pullout mechanism. Such a model can be
validated against the results obtained from the
laboratory pullout tests.
Finite element analysis conducted by Katagiri et. al
(1990) has shown a linear relationship between normal
pressure and shear stiflhess of the soil-geotextile
interface. A joint element technique was used to
connect the upper and lower surface of the geogrid
with the soil particles. The results showed that the
analyzed strain suftlciently agreed with the measured
strain. Floss and Gold (1990) conducted a finite
element analysis on the efficiency of a single geotextile
reinforced two-layer system. Soil continuum was
modeled by an eight node isopararnetric element with
quadratic shape functions. The geotextile was modeled
with isopararnetric bar elements. To model the soilgeotextile interaction, thin-layer elements were used at
the interface. An elastoplastic nature of analysis with

Mohr-Coulomb yield criterion was adopted to knit the
transfer of load horn the soil to the geotextile.
Wu ( 1987) also developed a finite element model to
predict the stress-deformation behavior of a soil-fabric
system. The interface region was modeled by connecting
the nodes with unilateral normal and tangential springs.
The fabric was represented by a special element which
could only withstand tension. No resistance to bending and
compression was allowed in this element. To simulate the
viscoelastic behavior of the polymeric geogrid, varying
elastic modulii was used for different sections of the
geogrid in a finite element analysis. The residual shear
modulus at the interface was selected on the basis of the
assumption that the partial slippage would occur once the
shear strength was reached.
A review of literature shows that the behavior of the soilgeotextile interface depends on the successtid modeling of
load transfer mechanism from geotextile to soil. This
mechanism is again dependent on the choice of a proper
element to model the soil-geotextile interface. This study
was carried out to investigate the applicability of a new
type of interface element in modeling a pullout test with
geotextiles.
2.
MODELING OF INTERFACE WITH GAP
ELEMENTS
In the numerical model developed in this study a new type
of element was used to model the soil-geotextile interface.
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Ten isotropic GAP elements were used to model the
load transfer mechanism at the soil-geotextile interface.
Slip-separation behavior of the interface is governed by
the status of the GAP elements. The GAP or fkiction
element (available in the element library of
MSC/NASTR4N) has several advantages over the
thin-layer or spring elements previously used to model
the soil-geotextile interface. This is because GAP
elements can simulate several situations which are
observed in a pullout test. l%ese situations are:
Open GAP: Simulates no contact at the interface
Closed GAP: Simulates the contact between soil and
geotextile at the interface under vertical loading
GAP sticking with static friction: Simulates the
building of pullout resistance at the interface.
Resistance increases until the pullout load overcomes
the static fiction at the interlace. After the static
fliction is overcome, GAP elements start slipping with
kinetic friction and pullout resistance drops as the
reinforcement is pulled out of the soil layers. A
horizontal shear stifiess for the gap element was used
to simulate the fiktional force at the interface. As the
load was applied, the stick-slip behavior of the
interface was examined with the behavior of GAP
elements under the specified loading condition.

3.
NUMERICAL MODELING OF PULLOUT
MECHANISM
A two dimensional plane strain nonlinear model was
developed to simulate the stress-strain behavior of a
geotextile subjected to a pullout load (Figure 1). A
large scale general purpose computer program,
MSC/NASTRAN, was used to analyze the model. The
above model was tested for initial pullout displacement
of 40 mm. For this displacement, stress-strain
relationship for soil and geotextile materials were
considered to be linearly elastic. For the correct
simulation of stick-slip behavior of the interface,
geometric nonlinearity was incorporated in the model.

4.
ELEMENTS AND PAWUWETERS USED
FOR THE MODEL
Soil: Cover material was modeled using a elastic, four
node, isotropic, quadrilateral element. The following
material properties were used for the quadrilateral
elements:
Modulus: 100 Mpa
Poisson’s ratio: 0.3
a: 32 degrees
c: O (dry sand)
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Interface Element:
The following parameters were
selected as the properties of the GAP elements.
axial stiflless:
80.E+7 N/mz
9.E+7 N/m2
transverse stifl%ess:
coefilcient of static friction: 3.0
coeftlcient of kinetic friction: 0.1
Reinforcement: Reinforcement was modeled with four
one dimensional linear rod elements with no bending
stifiess. The following parameters were selected as the
properties of the rod elements.
thickness:
0.001m
modulus:
5250 kN/m

Loading: The above model was tested for a 7 kPa normal
pressure and 40 mm pullout displacement at the tension
end of the geotextile. Ten iterations were used in the model
to reach 40 mm forced displacement.
5.

EXPERIMENTAL

Details of the experimental study can be found from
MalIick et. al (1997). A simple pullout box was designed
and pullout tests were conducted with different types of
geotextiles and sands. Figure 2 shows the details of the
experimental set-up. A pullout load was applied at the rate
of 1 mrn/min at the tension end of the geotextile. Pullout
load and the corresponding front end displacement were
measured during a pullout test.
6.

RESULTS

Figure 3 shows the calculated (tlom finite element model)
and measured load-displacement behavior at the front end
of the geotextile. From the output it was observed that the
calculated load response of the geotextile at different
displacement levels are very close to the load measured
during the experiment. Calculated loads are slightly higher
than the measured loads at all displacement levels.
Figure 4 shows the calculated pullout resistance along the
length of the geotextile. From the results it can be noted
that the pullout resistance obtained from element number
two is smaller than that obtained for element number one.
This discrepancy in the output shows the need for a
varying modulus input for the different sections of the
geotextile. As the pullout resistance sharply increases tlom
element 3 to element 4, nature of the load response graph
shows a need for nonlinear modeling for the geotextile
material close to the load application point.
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From the force-displacement output of GAP elements
it was observed that up to 15 mm displacement, all ten
GAP elements were sticking to the rod elements and no
slip was calculated at the interface. At 15 mm
displacemen~ GAP elements 5 and 10 (both at the load
application point) started slipping with kinetic fkiction.
No sliding was observed from the analysis.

7.

SUMMARY AND CONCLUSION

A finite element model was developed to simulate the
behavior of a geotextile under pullout load. GAP or
friction elements were used to simulate the contact
problem at the soil-geotextile interface. Data showed
that the model can accurately predict the pullout
resistance developed at the front end of the geotextile.
Analysis results show that the pullout resistance in the
reinforcement increased sharply from element three to
element four (at the load application point). This sharp
increase in the load response indicate that a nonuniform
stress distribution due to a nonlinear stress-strain
behavior exists close to tension end of the geotextile.
This particular stress-strain behavior can be modeled
with
localized
nonlinear-elastic
stress-strain
relationship.
From the results of the analysis it can be concluded
tha~ even for the small displacement of 40 mm at the
front end of the geotextile, local material non-linearity
should be incorporated into the model. GAP element
properties should be selected with extreme caution
because the performance of the model depends on the
correct stick-slip behavior of the gap elements.
8.
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ABSTRACT: Despite the increased use of geogrkls in modem engineering practice, there is a lack of information on
their in-situ performance. The performance of geogrids vary based on manufacturing and design conditions. Each
type of .gcogrid has a different grid configuration or aperture sizes. To assure a sufficient design one should learn
ahmt ihc basic mechanism of soil/gcogrid interaction and influence of their configuration on their performance. This
paper presctus the results of a study of the influence of grid configuration on the direct shear strength of geogrid-soil
interfaces. The results dcmonstmte that there is an optimum configuration which offers the optimum interaction
bctwcxm soillgcogrid. The results of this study have been ihe basis of development of a new soil/geogrid interface
finite clcmcnt.
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1NTRODUCTION

Over the last two dccadcs. inclusion of geosynthetics
in soil rcinforccmcnt has great Iy increased. Their
materiid propcrt ics allow for an increased stability of
foundation soils. rcuiiaing walls. and many other earth
structures. Praclical experience coupled with field
performance has demonstrated the positive impact of
geosynthctic inclusions in regard to economics and
stability of the rcinforcwl continuum.
Structures arc increasingly built on difficult soils and
larger and higher walls are being built; the need for
rcinforccmcnt nwchanisms such as gcosynthetics
becomes more apparent.
Inclusion of this nwdia in design introduces a tensile
strength factor to a soil mm which previously was
I,argely only able to support compressive stresses.
Duc to their ability to carry large tensile stresses,
geogrids are being used more frequently especially in
the design of retaining walls. However, their behavior
in shear and pullout conditions is complex and still
not clearly understood.
In addition to [he adhesion and friction components
acting on the interface surfiaces of the geogrids with
soil. other shear slrcss components can also affect the

interaction behavior of geogrids. Passive stresses due
to the interlocking of soil particles along the cross ribs
would definitely influence the measured resistance.
In general, the geogrids offer a three-fold advantage
as a reinforcement:
1. offers tensile strength to soil;
2. offers shear resistance due to the friction between
the transverse and longitudinal ribs of the grid;
3. offers additional pull-out resistance due to the
bearing resistance of the soil interlocked within the
grid holes.
When employing a geogrid into a design, there are
two potential failure mechanisms:
1, “Bond Resistance Mechanism”. The geogrid must
be properly anchored into the soil. If there are no
provisions made for this, the geogrid would have
the potential to “slide out”. Then. failure will occur
above and below the soil reinforcement interface.
2. “Direct sliding”’. If the reinforcement interface does
not have a large enough interface frictional
strength, the soil either above or be]ow the
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rcinforcerncn( would have the potential to slide
along the reinforcement. This occurs when the
soil/reinffJrcelncllt strength is less than that of the
actual soil by itself.
Design of gcogrids changes according to their
function and manufacturing process. Each geogrid
may differ in aperture size. configurateion, and tensile
strength. Gcogrids available today have uniaxial or
biaxial configurations.
Configurateion of the gcogrid openings plays an
important role in their performance. The ratio of the
open spaw arcii to the total surface area, dimensions
of the openings. and orientation of the openings are
some factors that would affect a geogrid performance.
In order to have optimum benefit of geogrids, the
designer must have a gcncml knowledge of the
characteristics of both Ihc “pullout”’ and “direct shear”
capabilities ol the specific gcogrid. At the present
time. there is little information to k found concerning
these capabiliiics for a general type of gcogrid. In
addition, there is not enough information on in-situ
behavior of gcogrids.
To provide ii slcp towards understanding basic
understanding of soil-gcogrid interaction, this research
conccntmtcd on the effects of varying the grid
configuriilion itnd hole size in a swim of direct shear
tests while keeping the iiperture ratio fairly constant.
Thus, any variance seen in the shear strength
ciipahility would bc a direct result of the configuration
alone and is. thcrcforc. indicative of the passive
resistance during shearing. Due to time limitation,
pullout resistance was not investigated.
As mcntionul eiirlkr. h would be impossible to test
every possible configuration of geogrids. Currently,
work is in progress to create a finite element model
which would simuliltc the various types of
soil/gcosynthct ic intcrfacc react ions (Abdel-Rehman
1997). The cxpcrimcntal data presented in this paper
has been used to verify the finite clement.
The results rcportwl in this paper will be used to
verify a numerical intcrfacc model and clement with
more appl icablc poshdates to accurately describe the
gcogrid performance in a finite element analysis.
Once the model has been proven. it can be used to
simula[c llliUlyconfigurations and situations.

2

LITERATURE REVIEW

Rowe and Fisher ( 1985) conducted tests concerning
both the pullout iind shear strength characteristics of
gcotcxtilcs iuld geogrids. For testing purposes, a
geogrid with openings representing approximately 55
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percent of the gross area of the material was used.
Thus. the ribs represented 45 percent of the gross area.
In shearing of geogrid/soil, Rowe and Fisher (1985)
observed that “the soil adjacent to the geogrid moves
relative to both the ribs of the geogrid and the soil in
the openings of the ribs’”. In their research,
“recognizing that the rib-soil interface represents
approximately 45 percent of the gross area, the
apparent friction angle can be determined from:
tan ‘ (o.45tan$nb.wfi+ o.55tan$d)”

(1)

where: $ = interfaee friction angle. They observed that
in direct shear tests the interface friction angles were
similar whether the grid was sheared in the
longitudinal direction or the transverse directicm ($~.=fl
= 31.50). Also, the angle was similar to that of the soil
itself ($w,= 3 I-32”).
Reasoning presented for such behavior was that “in
direct shear. the entire rib-soil interface and soil-soil
interface between ribs is mobilized and hence the
apparent friction angle is close to that of the soil”.
The work by Rowe and Fisher was one of the first to
focus on geogrid/soil interaction. However, Ihey did
not focus on different configurations of the geogrid.
Ber.gado et al. (1993) also conducted resemch on
geogrid/soil interaction. With geogrids. “the direct
shear interaction mode is controlled not only by the
friction between the soil and the grid surface but also
by the friction of the soil itself” (Bergado et al. 1993).
The resistance due to direct shear has two components
including the shear resistance between the soil and the
reinforcement-plane surface area. and the soil-to-soil
shear resistance at the grid opening (Jewell et al.
1984). Jewell et al (1984) and Bergado et al. (1993)
also provided understanding on the interaction of
soil/geogrids mechanics during shearing. The direct
shear resistance can be quantified as:
P,= CJnA[rX..
tan (5 + ( 1- @ tan

k)]

(2)

where: s$,,= friction angle of soil in direct shem, 8 =
skin-friction angle between soil and reinforcement
shear surface; ad, = ratio between reinforcement shear
area and total shear area; an = normal stress at the
shear planq and A = total shear area.
From this research, Bergado et al. concluded that
depending on the apertures of the grid, the shear
resistance between the grid and soil can be equal to or
larger than the shear resistance of the sc~il itself
(1993).
This added resistance would come from the passive
resistance created along the rib interfaee.

3

SCOPE OF RESEARCH

3.1

Tcsl

Apparatus

The dcvicc used t’or direct shear testing was built
spcuifically to test the interface properties of
geosynlhctics. including gcogrids. The equipment
consis[s of a compulcr. a control p,anel. and a split
shear tmx. The machine is fully automated and
computer controlled and built according to ASTM
D5321 standards for direct shear testing.
The control pad is used to operate the split shear
box. It displays the normal load being applied by a set
of pneumatic pistons Iocatcd below the shear box. It
also displays the horizontal and vertical displacement
occurring during the testing. LVDTS are placed in
contact with the upper shear box for horizontal
displacement mcmwrcmcnt and in contact with the
loading yoke for vcrlical displacement measurement.
The control pane] also controls the rate of shear
displacement via a worm gear connected to the lower
box.
The split shear box consists of top and bottom parts.
The top part. which remains stationary at all times,
has the dimensions of 30.5 by 30.5 by 5.1 cm. The
bottom p,art. which is displaced. has dimensions of
40.6 by 30.5 by 5. I cm. The bottom part is longer
than the lop part to allow for a larger displacement
area. The top and hot tom parts are slight Iy separated
to eliminate added friction.
3.2

Soil Properties

by 6.4 cm). Each sample of a particular hole size has
an increasing number of rows of holes.
The nine samples were as follows: 5 by 5 cm holes
with 1, 3, and 5 rows (Figure 1); 2.5 by 10 cm holes
with 1,2. and 3 rows oriented longitudinally; and 4 by
6.4 cm holes with 2, 4, and 6 rows oriented
transversely.

Pattern 1

Pattern 2

Soil used for the testing is a mostly fine grained sand.
Propcrt ics arc as follows: C,,= 0.4S; CL= 1.23, d,, =
().52 mm; d,. = [).29 mm: dW= 0.15 mm; $Wfl= 32.3°.
3.3

Gcogrid Configurations

Simulated gcogrid sheets were using in [he tests. The
geogrids arc made from samples of high density
polyethylene (HDPE) solid sheets (geomembrane).
The HDPE is a 60 roil. HDPE sheets were cut to the
dimensions of 33 by 47 cm. The different geogrid
patterns arc then designed and cut into the sheet
Nine patterns were tested. The patterns were
determined such that constant opening areas are
maintained as much as possible. In doing so, any
differences in the results among the different
configurations would hc a result of additional passive
stresses of the ncw configuration.
Each hole. independent of the pattern. was cut to be
25 cm’. Three different holes sizes are used: Series A
(5 by 5 cm). Series B (2.5 by 10 cm). and Series C (4

Pattern 3
Figure 1. Typical configuration of geogrids (Series
A).
4

TESTING PROGRAM

Several tests were performed to ensure the
repeatability of the tests. For the geogrids/soil tests
the bottom part of the direct shear machine was filled
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with sand and tampcci hy hand for compaction. The
gcogrid was secured (o the bottom part of the
machine. Only the cnd of the geogrid being pulled
(CIOSCSIto the control panel) was sccurcly clamped.
This is done to limit stretching of the sample. The
opposite end is Icft free. The IOppart is then placed on
Iop ml filled wi[h saml. Again the sand is tamped by
hand. The top part is slighlly raised after the addition
of the sand to c1iminat c added friction between the
two metal surfaces of the top and bottom parts of the
dirccl shear machine. The loading apparatus is then
added to apply [he normal load.
Tests were conduc[cd in the dry state. Each test was
run at a normal load of 69.64 kpa. representing an
average normal slrcss.
During shearing. the bottom part of the machine is
pulled at a displacement rate of one mm/min. Total
testing time was approximately one hour with the data
acquisition recording performance every minute.
Several cxpcrimcnts were conducted on a pure sheet
of HDPE gocmcmbranc (60 roil) to provide a
rcfcrcncc for tests on the gcogrids. The interface
friction angle of the HDPE geomembrane with the
same sand used in the rest of the testing was measured
to be i$,,wi,= 23.5°.
Each geogrid is tested al least three times while
attempting to keep all conditions the same. Figure 2
shows the full set of results of three tests under the
same conditions. The subsequent figures represent
average va]ucs of three identical tests.

TEST RESULTS

5

The results are presented in Figures 3,4, and 5, and in
these figures each curve represents and average of
three tests. Results for the geomembrane are also the
average of three tests.
5.1

Geogrid Sample A: 5 by 5 cm Holes

As can be seen below, the holes in the geogrid
provided an added component of resistance over the
geomembrane (Figure 3). However, it is not until five
rows of squares in the geogrid are used that a
substantial increase is evident. There is a slight
increase in resistance on the membrane for gengrids
with one and three holes. The first two patterns did
not show a peak in shear strength. This could be due
to the thin width of the grid between holes which may
have resulted in some stretching during the tesl,ing.
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Figure 2. Shear stress vs. displacement (5 by 5 cm
holes and 5 rows) (See Figure I).

As can be seen in Figure 2. results of the three tests
are fairly consistent. The slight variations can be
attributed to minor differences in normal loading
application or w up of the test. For example, the
degree of compaction may vary since it is performed
manually.
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Geo.grid Sample B: 2.5 by 10 cm Holes

For this sample, there was a steady increase in the
added component of resistance over the geomembrane
(Ftgure 4). However, in all geogrids with one row,
there was no real added resistance. It should be noted
that as the shearing continued the patterns showed a
distinct peak and increase in resilience, however, the
residual shear strength for both were very similar. The
third pattern with five rows of holes reached and
maintained a much larger shear resistance over the
membrane.

The results given in Table 1 demonstrate that the
configuration of the grid does have an effect on the
shear resistanceof the continuum.
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configurations.
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31.7

“B”

1 row

13%

24.7

2.5 by 10 cm

2 rows

26%

25.9

holes

3 rows

39%

27.1

37.5

“c”

2 rows

13%

24.7

29.2

4 by 6.4 cm

4 rows

23%

25.7

33.6

holes

6 rows

34%

26.7

37.8

Gcmgrid Sample C: 4 by 6.4 cm Holes

I

l-i

27.3
31.5

Notes: *See equation (1). **See equation (3).
This test showed similar results as for Sample B.
However, shear resistance was slightly larger than for
Sample B.
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Values for the “apparent” friction angle (8) were
determined using the equation provided by Rowe and
Fisher (1985) and given in Table 1. To determine the
“measured’ friction angle from the test results, the
maximum shear stress was obtained for each
configuration. assuming cohesion equal to zero:
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DISCUSS1ON
~~:

All samples (A. B. and C) were prepared such that the
aperture ratio stayed approximately similar for the
different patterns (Table 1). The aperture ratio is the
ratio of the area of rhc holes to the total area of the
sample before cutting.
For the first mst of each series (aperture ratio in the
range of 8 to 13 pcrccnt ). there is no noticeable
amount of addul resistance.
For Series B and C. Ihcrc is some added resistance as
the ratio incrcascd to approximately 25 percent.
However. in Series A there was not much of an
a(lvanlagc
to increasing
the aperaturc
ratio to 25
pcrccnt.
Once the ratio incrcascd to 40 percent. there is a
sign ificant rcsis{ancc added by the grid.
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Figure 6. Apparent versus measured friction angles.

Figure 6 shows that the apparent friction angle was
always less than the measured friction angle
(calculated using equations 1 and 3 respectively). At
times, these values may even exceed the interface
friction angle of the soil alone. This can be attributed
to many factors.
After conducting a test. it was often observed that
the sand particles have moved up and long the
surfaces of the ribs. This may cause the friction angle
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to incrcasc as it would if the mcmhrane were textured
in that area.
Also. is was no(cd that the sand had to move up and
then along the ribs before the shm.ring could occur.
This created an almost wave-like pattern on the
membrane which offered an extra resistance surface.
As the number of holes in a pattern increases, the
resismncc nmgnifics creating the large measured
friction angle.
Jt was also observed that holes new the edge of the
pallcm did not contribute as much resistance as did
the holes in the ccntcr. Thus. when patterns were
tested with holes only in the ccntcr there is a large
hcttiwc
in measured resistance. To verify this. a
pattern was cut in which one row of square holes (50
by 50 cm) was placwl only in the ccntcr of the grid
(see results in Figure 7).

the two universities involved in this research. It is
promising that the model will allow for even more
definite results of a most suitable configuration of
geogrid based on actual design criteria.

7

CONCLUSION

The results presented show that grid patterns, location,
and aperature ratio significantly influence interface
frictional
resistance.
The
following
general
conclusions can be determined:
1. Grid configuration plays a vital role on the shear
strength capability of a geogrid. Certain
configurations provide larger amounts of passive
resistance over other patterns.
2. The results of this study has been used as a basis of
a finite element program being developed for
modeling
soil-structures
reinforced
with
geosynthetics.
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As can be seen when comparing results of Figures 3
and 7. the maximum resistance obtained was greater
when the holes were in the center. This indicates that
more rcsisuincc is gcncratcd by the center holes.
In the case of Series A (Figure 1), the ribs between
the holes were relatively thin. Some stretching or
twis[ing may have occurred during shearing. This may
explain the lack of a defined peak shear strength in
the first two patterns in the series (Figure 3). Because
of the lack of a definite peak value, it is difficult to
evaluate the measured friction angle accurately.
This being [hc CWC.it appears that Series C offered
the most benefit. since the apparent friction angles
versus n-wa..urcd,arc the most similar.
This research provides a basic study on the
mechanisms of gcogrids/soil, The results are being
used by Tulane University to test and verify a finite
clcmcnt model being dcvclopcd (Abdel-Rehman.
1997). In order to develop such a model. basic test
results such as this onc are necessary for verification.
Ongoing research is being conducted in this field by
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ABSTRACT: Geosynthetic design in soil reinforcement applications reqtire that the soil interaction characteristics of the
reinforcement product be ev~wted, The soil interaction ch~ctefistics me detetined by performing direct shear and
pullout tests under a specific soil condtion and range of no~l pressures. polymefic reinforcement products used in soil
reinforcement applications consist of geote~les and geo~ds wfich vw in text~e, flexibility and open area. This paper
presents soil interaction dab of geotextiles and geo~~ in both cohesio~ess ad cohesive soil types. The data is used to
compare soil interaction properties for various geosynthetic reinforcement pr~ucts in both cohesioxdess and cohesive
soils, Results indicate that geogrids and geotextiles offer similar soil interaction v~ues. Interaction coefficients range
from 0.9 to 1,0 in sands and from 0,6 to 0.9 in clays depen~ng on geosynthetic surface texture, stiffness and applied
normal stress.
KEYWORDS: Friction. Geogrids, Geotexliles, R1l-out resis~nce, ~1-out
fabrics
1

INTRODUCTION

Geogrids and geotextiles are often used to construct
reinforced retaining walls, steepened slopes, embankments
on soft foundations, vertical landfill expansions, and soil
veneer covers of kmdfdls. However, a generally accepted but
incorrect belief exists among Civil engineering professionals
that geogrids interact or interlock with the soil being
reinforced better than do geotextiles such as woven polyester
fabrics. As a result, geogrids are often chosen over equally
well-suited geotew-iles.In order to curtail such mis-selection
of materials and encourage accurate selection of design
parameters, the interaction between the soil and the
geosynthetic reinforcement must be evaluated.
Today, soil reinforced structures are designed with a
variety of geosynthetics and soil types. The soil interaction
characteristics between various geosynthetics and tine
grained (clay) soils becomes increasingly important as more
and more reinforced soil structures are designed with
marginal (cohesive) fill materiais and various types of
geotextiles and geogrids. As a result, quantizing the soil
interaction characteristics between these materials and
developing design values for various soil and geosynthetic
combinations is essential.
In keeping with current state+f-practice design references
(AASHTO (1992), Christopher et. al. (1990), Simac (1993)),
minimum anchorage lengths (1,) may vruy from 0.3 to 1
meter (1 to 3 ft). The actual required embedment length is
a function of the amount of effective overburden (i.e. depth
of reinforcement), soil type above and below the

test, Reinforcement, Shear strength, Woven

geosynthetic, and the interaction properties between the soil
and geosynthetic.
Many researchers (Batt (1991), Cowell (1993)
Geosetices (1990), Ingold (1983), Jewell (1980), Juran
(1988), Koemer (1986), ODowda (1987), Palmeira (1990),
Rowe (1985), Swan (1987)) have investigated the soil
interaction characteristics between geosynthetics and sand.
Cowell and Sprague (1993) presents a comparative study of
pullout data and soil interaction values between woven
polyester geogrids and high-strength, high-modulus
polyester geotextiles in a uniform fine sand. The results
presented by Cowell and Sprague (1993) and of previously
published research show that geogrids and geotextiles
provide similar soil interaction coefficients in sand between
0.90 and 1.0.
To supplement the research documented by Cowell and
Sprague (1993) and others, direct shear testing of various
high-strength polyester and polypropylene geotextiles in
sand was conducted as well as both direct shear and pullout
testing of pciyester geogrids and high-strength polyester and
polypropylene geotextiles in a lean clay. The data can be
used to compare the results obtained by direct shear and
pullout testing for determination of the coefficient of
interaction. The data can also be used to compare the soil
interaction properties of various geosynthetic reinforcement
products and to develop recommended design soil interaction
properties in different soil conditions.
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2

TESTING CONCEPTS, AND TYPICAL RESULTS

2.1

Purpose

The direct shear and pullout tests measure the total
resistance to sliding and pullout of a geosynthetic with a soil
substratum and superstratum. Total sliding and pullout
resistance may be a combination of sliding, rolling,
interlocking of soil particles and geosynthetic sufiaces, and
shear strain within the geosynthetic specimen. The data
developed can be used in the design of geosyntheticreinforced retaining walls, steepened slopes, and
embankments constructed on weak foundation soils. The
data is also useti.dfor applications in which the geosynthetic
is subject to sliding such as applications which require the
geosyntheticto be placed on a slope and for determination of
geosynthetic overlap requirements.
The interaction developed between the soil and the
geosynthetic is determined by performing direct shear and
pullout tests under various soil types and a range of normal
pressures. The data obtained is used to determine the
coefficient of shear-stress-interaction, C,, which measures a
reinforcement product’s eftlciency in transferring stresses
from adjacent soil particles to the geosynthetic
reinforcement. The coefficients are simply the percentage of
the interml shear strength of the soil that can be mobilized
at the soil/geosynthetic interface as shown by equation ( 1),
C,= rj~, = (Cti+ 0,, tan 8)/(c + u,, tan $)
where:
T, =
T, =
6 =
@ =
c. =
c =
a,, =

(1)

2,2

(2)

1.= (P x FSPo)/(2C, (c + u,, tan ~))
where:
P
= Pullout force per unit length of reinforcement
FSPO = Design factor-of-safety with respect to pullout

The coefficientof soil and geosynthetic interaction can be
expressed only in terms of the soil used in testing and is a
function of the applied normal stress, soil gradation,
Sixth International
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Direct Shear

The direct shear test used to determine the shear resistance
of a soil/geosynthetic combination is ASTM D532 1-92,
“Standard Test Method for Determining the Coefficient of
Soil and Geosynthetic or Geosynthetic and Geosynthetic
Friction by the Direct Shear Method”. The coefficient of
friction between a geosynthetic and soil is determined by
placing the geosynthetic and one or more contact surfaces,
such as soil, within a direct shear box. A constant normal
stress is applied and a tangential (shear)load is imposed on
the apparatus such that one section of the box moves in
relation to the other. Shear loading is applied via a 10
crrdmin (0.04 inhnin) constant rate device capable of
measuring load.
The shear force is recorded as a function of the horizontal
displacement of the moving section of the shear box. The
test is performed for a minimum of three different normal
stresses. The peak and/or residual shear stress is plotted
against the applied normal stresses with the test data
represented by a “best fit” straight line whose slope is the
coeftlcient of friction between the two materials where the
shearing occurred. The y-intercept of the straight line
provides the ‘adhesion’ as measured by the test.
2.3

shear stress at interface
shear stress of soil
interface friction angle
internal friction angle of soil
interface adhesion
soil cohesion
normal soil pressure

The coeftlcient of interaction is used in reinforced soil
structure design to determine required reinforcement
embedment lengths beyond the anticipated failure plane to
prevent pullout of the reinforcement. A commonly accepted
method of calculating this embedment length beyond the
failure plane, 1,. is indicated by equation (2).
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plasticity, in-place density, and moisture content, as well as
the unique physical and mechanical characteristics of the
gecxynthetic. However, it is usefid for design guidance to be
able to characbize Civalues by geosynthetic and soil “type”.

Pullout

The general test method used to determine the pullout
resistance of a geosynthetic in soil is GRI GG-5/GT-6 “Geogrid/GeotextilePullout”. The pullout test is performed
by compacting soil in the lower half of the pullout box with
subsequent placement of the geosynthetic specimen on top of
the compacted soil and attached to a loading harness. The
soil is then compacted in the upper half of the pullout box.
The specific normal stress is applied to the upper layer of
compacted soil through the use of a rigid loading platen and
dead weight for the normrd stress or through the use of an air
bladder loading system. After application of the normal
stms, the pullout specimen is immediately subjected to a 10
crdmin (0.04 inchhninute) constant rate of extension
“pullout” force. Pullout displacement continues until a
constant or decreasing load is recorded or the geosynthetic
sample fails in rupture. Tests which fail in rupture would
require redoing at lower normal stresses in order to induce
slippage and hence measurement of resistance to sliding.
The pullout force is recorded as a function of the
horizontal displacement of the pullout specimen. The testis
performed for a minimum of two different normal stresses.
The peak pullout force is plotted against the applied normal
stresses used for testing. The coefficient of interaction, Ci,

is back-calculated using equation 3.

3.2

C,= (P)/(21, (c+ u. tan $))

3

TEST PROGRAM

3.1

Geosynthetic Types

(3)

Soil Types

The two soil types tested in conjunction with the
geosynthetic products referenced above include a uniform
fine sand (SP) and a lean clay with sand (CL). Figure 5
illustrates the gradations of the two soil types.

The reinforcement products chosen for this research consist
of a woven polypropylene geotextile (W, PP, GT), woven
polyester geotextiles (W, PET, GT) and polyester geogrids
(W, PET, GG). Table 1 summarizes the geosynthetic types
investigated.

Table 1. Summary of Geosynthetic Materials Investigated
P Type]
r
o

Weight,
g/m~
(Osy)

Ultimate
strength,
kN/m
(lbs/ft)

Weave

A W, PP, GT

420 (12)

70 (4800)

twill

Figure 5. Soil Gradation Curves

B W, PET, GT

440 (13]

105 (7200)

plain

3.3

C W, PET, GT

680 (20)

200 (13800)

twill

D W, PET, GT

950 (28)

300 (20580)

basket

E W, PET, GG

186 (5.5)

39 (2700)

knitted

F W, PET, GG

390 (12)

A modified proctor was performed on the sand in accordance
with ASTM D 1557. The maximum dry density was
determined to be approximately 18.4 N/m3(117 pco at an
optimum moisture content of 8.8°/0.Post test evaluations
indicated an average 94°/0of maximum dry density at an
average moisture content of 17.4°Ahad been achieved.
The clay soil used for direct shear and pullout testing had
a liquid limit (LL) = 24.8; plastic limit (PL) = 12.1;
plasticity index (PI) = 12.7; maximum dry unit weight of
18.6 N/m3 (118,5 pcf); and optimum moisture content of
12.5%. The clay was moisture conditioned for compaction
to 95’ZOof the maximum d~ unit weight and 1’%0
dry of the
optimum moisture content based on ASTM D698.

d

109 (7460)
knitted
‘W = woven, PET = polyester, PP = polypropylene, GT =
geotextile, GG = geogrid
The products were chosen based on their different
structure, weave pattern and polymer type. This range of
products also compliments the matrix of products tested and
presented by Cowell and Sprague (1993). They ranged in
ultimate tensile strength from 73 kN/m (5000 lbsht) to 364
kN/m (25000 lbs/ft).
The woven polypropylene geotextile evaluated in the
program is characterized as being relatively stiff, having a
rough surface texture and exhibiting a low percent open area
(< S0’%.)
The woven polyester geotextiles evaluated are
characterized as being flexible, having a smooth surface
texture and exhibiting a low percent open area. The coated
polyester geogrids evaluated are characterized as being
flexible with a high percent open area (>30?4.). The samples
tested cover a range of weights, tensile strengths and weave
patterns as noted in Table 1 for detailed evaluation and
comparison.

L—

3.4

As-tested soil properties

Matrix of Test Conditions

Tables 2 and 3 summarize the program matrix and
conditions for direct shear and pullout testing, respectively.
All direct shear samples were 30.5 cm wide by 30.5 cm long.
Samples used in pullout testing are noted below. pullout
samples had dimensions of 45.7 (wide) by 91.5 (long) cm.
An exception to the above was in test number 1 where the
sample was 46.5 cm by 92.7 cm.
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Table 2. Summary of Direct Shear Test Conditions
Test
no.

Soil
type

P Initial soil conditional
r
0 y~, kN/m3
d

~, (?~)

Normal
stress (Pa)

Smd

A 17.2

17.4

34,69, 103

2

Sand

B

17.4

34, 69, 103

3

sad

C 17.2

17.4

34,69.103

4

Clay

A 17.5

11.5

14, 28, 55

5

Clay

B 17.5

11.5

14,28>55

6

Clay

D

11.5

14, 28, 55

17.2

17.5

7

Clay

E

17.5

11.5

14,28,

8

Clav

F

17.5

11.5

14.28.55

Table 3. Summary of Pullout Test Conditions
P Initial soil conditions
r
0 y~, kN/m3
d

@(%)

Normal
stress
(Pa)

1

Clay

A 117.5

11,5

14,28

2

Clay

B 117,5

11.5

14,28, 55

3

Clay

c

117.5

11.5

28, 55

4

Clay

D

117.5

11.7

7, 14

5

Clay

E

117.5

11.4

28, 55

1 y~ =

Dry unit weight. m = water content

4

RESULTS

A summary of the direct shear results in sand (TRI, 1995) is
shown in Table 4. Soil interaction coefficients via direct
shear testing range between 0.92 and 1.0.
A summary of the direct shear and pullout test results in
clay (GeoSyntec, 1996) are shown in Tables 5 and 6,
respectively,
The soil interaction coefflcieuts for the flexible polyester
geotextiles and geogrids range from 0.71 to 0.93 in direct
shear and from 0.82 to 0.91 in pullout under the full range
of normal stresses tested The soil interaction coefficients for
the woven polypropylene geotextile range from 0.58 to 0.64
in direct shear and 0.66 to O.71 in pullout.
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Soil

P

Conference

Normal Stress,
Pa
34

69

103

Friction
angle, 6

Ci

c/s’

-

26

44

65

320

-----

1

Sand

A

25

44

61

300

0,9

2

Sand

B

38

65

92

320

1.0

3

Sand

C

35

55

78

320

1.0

‘ CA = Control Sand
4.1

Interpretation of results

55

1‘y~= Dry unit weight, m = water content

Soil
type

Test
No.

:

1

Test
no.

Table 4. Summary of direct shear results in sand - peak
sliding resistance (N/mz) vs normal stress

on Geosynthetics

The results demonstrate that direct shear and pullout testing
in sand will yield similar soil interaction coefficients for all
geosynthetic types tested. These values are typically in
excess of 0.90 and provide good agreement with results of
pullout testing presented by Cowell and Sprague (1993) on
similar products.
Similar muhs which demonstrate high sand-geosynthetic
action values are abundant in the literature. No significant
correlation appears to exist between percent open area,
retiorcement geosynthetic texture, its stiffness or other such
properties. All reinforcement geosynthetics seem to do well
in sand.
Results of direct shear testing in clay provide interaction
values ranging from 0.71 to 0.93 for polyester products and
somewhat lower values of 0.58 to 0.64 for polypropylene
product A. The results demonstrate a lack of correlation
between interaction behavior and percent open area or
geosynthetic structure. However, the data suggests superior
polyester performance when compared to polypropylene. In
fa@ the high-strength polyester geotextiles provide interface
shear strengths as great as the internal shear strength of the
soil itself. Further, the peak interface shear strengths were
all mobilized at approximately the same displacement (5 cm)
Good
as was the peak strength of the soil itself.
compatibility exists between each geosynthetic type and
sand.
In general, the results of pullout testing in clay are in
agreement with those noted above for direct shear testing in
clay.
Compared to direct shear results, pullout testing provides
approximately 13°/0to 17°/0higher soil interaction values at
low normal stresses of less than 20 Pa (< 4 psi) and
essentially the same soil interaction values at higher normal
stresses (>2S Pa ( 4 psi)).
provide
geosynthetics
polyester
The
flexible
approximately 25°/0 higher soil interaction values when
compared to the stiff woven polypropylene geotextile. The

woven polyester geotextiles provide similar soil interaction
values when compared to the geogrids.
obsemations from the test results indicate that the percent
open area of the geosynthetic has negligible, if any,
influence on the soil interaction coefficients in clay.
However, the surface texture and stiffness or rigidity of the
geosynthetic has a signtilcant effect on the soil interaction
within clay. The geotextile weave pattern has negligible, if
any, effect on the soil interaction characteristics of the
geotextile.
5 DESIGN RECOMMENDATIONS
Table 7 provides soil interaction coeftlcients for use in
consemative design of reinforced soil structures. Values are
subject to verMcation testing during construction.
The results provided herein and found in the literature
suggest that relatively high interaction values can be
coti~dently employed with all reinforcement geosynthetics
irrespective of texture, percent open area or polymer type.
An interaction coefficient in sand of 0.9 is recommended,
Greater variability is obsemed in interaction testing in
clay. Test results incorporating polyester reinforcement
geosynthetics range from ().7 to 0.9+.
Therefore, a

cmsemative guidance value of 0.7 appears to be reasonable.
A slightly lower design interaction value of 0.6 is
recommended for polypropylene products used in clay.
Design values recommended above range from 0.6 to 0.9
with values used for critical structures being verified by
actual soil-geosynthetic testing during construction.
However, it is also recommended that validation testing
during construction be required on a selective basis with
great consideration for its true impact on design. A
parametric study of most reinforcement applications will
demonstrate that the greatest factor affecting required
embedment length is normal stress (i.e. reinforcement
depth), not Ci. In practice, its affect on structure design and
performance is only significant in the upper portions of
reinforced soil stmctures. In fact, once below a depth of
about 1 m (3 ft), the embedment length of most commonly
marketed reinforcement geosynthetics is governed by
minimum embedment length criteria rather than Ci or
pullout.
Recognizing the tie
impact of soil-geosynthetic
interaction for each design scenario will guide the designer
in evaluating whether to use the above recommended values
or require testing during construction.

Table 5. Summarv of Direct Shear Results in Clay - Peak Sliding Resistance (N/mz) vs. Normal Stress (psi)
Test
N’o.

Soil

Product

Normal Stress, Pa
14

28

55

Adhesion, c.
(N/m’)

Friction
Angle, 6

C,

Control Clay

---

16.5

28.2

49,6

6211

38

-----

4

Clay

A

9,6

17.2

31.7

1911

28

0.58- O.(;4

5

Clay

B

11.7

22.0

44.1

477

38

0.71-0.89

6

Clay

D

13.1

24.1

46.2

1911

39

0.79- 0.!)3

7

Clav

E

13,1

22.7

43.4

2388

37

0.79-0.88

8

Clay

F

13.8

23.4

44.6

3822

36

0,83-0.89

Table 6, Summary of Pullout Test Results - Ultimate Pullout Capacity @J/m)vs. Normal Stress
Test
No

Soil Type

Product

c,

Normal Stress, Pa
7

14

28

55

1

Clay

A

20,030

36.400

066-0.71

2

Clay

B

25,500

45,500

0.82-0.91

3

Clay

D

4

Clay

E

5

Clay

F

45,500
17,800

80,200

0.88-0.90
0.83-0.89

27,400
44,600

78,700
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Table 7. Recommended Design Soil Interaction Coefficients
Product

Sand

Clay
PET

PP

Rough textured, stiff
PP GT

0.9

--

0.6-0.7

Smooth textured,
flexible PET GT and
GG

0.9-1.0

0.7-0.9

--

Recommended value

0.9

0,7

0.6
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ABSTRACT:
Three full scale test embankments were constructed to hilnre on soft Bangkok clay. One of the embankments was unreinforced and served as control embankment. The second embankment was reinforced with multi-layer reinforcements consisting of four layers of low strength nonwoven geotextiles. The third embankment was reinforced with
one layer of high strength (200 kN/m ultimate strength) nonwoven/woven
geotextile at the base. The test embankments
were constmcted using silty sand and were fully instrumented. The geotextile reinforcements were also instrumented to
measure their deformations. Back-anal yses were made using the limit equilibrium method. The primary failure occurred
at the same deformation as the unreinforced embankment during the bearing capacity failure in the foundation. Just prior
to this stage, the limiting strain in the geotextile can be taken equal to the critical strain at 3 % and the direction of the
reinforcing force can be taken as horizontal. The secondary failure occurred at the embankment collapse coinciding with
the rupture of the reinforcement and the limiting strain can be taken as the sum of the critical strain during primary failure
and localized strain during secondary failure and the direction of the reinforcing force can be taken as bisectional. The
results confirmed the existence of soil/geotextile composite behavior that modified the soil shear strength at the intersection of the fhilure plane and geotextile reinforcement. Consequently, the respective collapse heights of the multi-layer and
high-strength geotextile-reinforced
embankments were 1.1 and 1.6 times the unreinforced embankment.
KEYWORDS:

1

Geotextiles,

Nonwoven

fabrics, Reinforcements,

INTRODUCTION

In this paper, the performances of 3 full scale test embankments, constructed on soft Bangkok clay, have been described and analyzed. All three test embankments have been
built to failure. The unreinforced embankment send
as
control embankment and was designated as CE embankment. The second embankment,
designated
as MGE
embankment, was reinforced with 4 layers of low strength,
nonwoven, needle-punched
geotextile consisting of one
layer of TS700 (280 g/m2 and ultimate strength of 19
kN/m) and 3 layers of TS420 (130 g/m2 and ultimate
strength of 9 kN/m). The third embankment,
the HGE
embankment,
was reinforced with one layer of highstrength, woven/ nonwoven (composite) geotextile (PEC
200) with nominal mass of 700 g/m2 and ultimate strength
of 200 kN/m.
The geotextile
instrumentations
and
preliminary
theoretical
analyses have been published
previously (Bergado et al, 1994; Loke et al, 1994). The
objectives of this paper are to present, evaluate, and
analyze the performances of all 3 test embankments based
on the measured and monitored
data and subsequent
theoretical
back-analyses
using the limit equilibrium
method (LEM). Most of the data and results presented in
this paper were derived from the work of Long (1997)
under the supervision of the first author.

Embankments,

2

Soft soils

SITE CONDITION

AND SOIL PROFILE

The layout of the test embankments is given in Figure 1.
The embankment designations CE, MGE, and HGE have
been defined previously. Two boreholes down to 12 m
depth and 6 field vane tests down to 10.5 m depth were
done. The locations of boreholes and vane tests are also
shown in Figure 1. Continuous Shelby tube (inside diameter = 0.075 m) samples were obtained from the boreholes
while undrained shear strength at 0.50 m intervals were
obtained from the vane tests. The generalized soil profile
and soil properties are presented in Figure 2. The uppermost 11 m in the soil profile can be divided into 3 sublayers. The weathered crust forms the topmost 2 m thick
sublayer consisting of heavily overconsolidated
reddishbrown clay. This sublayer is underlain by a soft, grayish
clay sublayer down to about 8 m depth with natural water
content varying from 60 to 80%. The medium stiff clay
sublayer with silt seams and fine sand lenses can be found
fi-om 8 to 11 m depth. The liquid limb of the soft clay
ranges from 70 to 102% and the plasticity index is about
60%. The groundwater level at the test site varied seasonably from 0.50 m depth in the rainy season to 1.50 m depth
in the dry season. The undrained shear strength from field
vane test are also given in Figure 2.
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3

EMB ANKMENT DESIGN
INSTRUMENTATIONS

2m

7.5 m
I

,

of three test embankments,

AND

The cross-seetions of the three test embankments are given
in Figure 3. All embankments were designed with side
slopes of IV to 1.5 H. A canal was excavated to 2 m deep
and 7.5 m wide along the toe of the test embankments to
reduce the volume of fill required to reach failure and to
ensure that the failure will occur in the canal side.
The silty sand, widely used locally for highway construction, was utilized as embankment material. Using standard Proctor compaction, the maximum dry density and
optimum moisture content were obtained as 18 kN/m3 and
10%, respectively. The failure envelopes from large (shearing area = 0.54 m2) and conventional (shearing area =
0.0032 mz) shear box tests for the embankment material
compacted to 95% of standard Proctor compaction with
water contents of 9.5 % and 13.0% are plotted in Figure 4.
The conventional and large shear box test results correspond to peak and critical state strength parameters, respectively.
The foundation instrumentation
of MGE and HGE embankments is presented in Figure 5. The same instrumentation system was used for CE embankment except for surface settlement, S2, and standpipe piezometers SP4, SP5
and SP6. The instruments consisted of piezometers, surface and subsurface settlement plates, and inclinometers
for measuring pore pressures, vertical settlements and lateral displacements,
respectively. The displacements in the
geotextiles reinforcements
were measured by wire extensometers, Glotzl extensorneters, and 100 mm long special
strain gages (Figure 6).

4

EMBANKME
FAILURE

NT CONSTRUCTION

TO

Before the embankment construction,
the ground surface
was cleared by excavating to 0.20 m depth and levelled.
Then, the canal was excavated. Immediately,
thereafter,
the control embankment (CE) was constructed in layers
with compaction lift thickness of 0.30 m. The sequences of
embankment construction are shown in Figure 7. Very
small deformations were observed at embankment height
lower than 2.50 m. The magnitudes and rates of vertical
settlements as well as the lateral movements increased significantly when the embankment height exceeded 3.5 m
corresponding
to 65 kpa embankment loading. The CE
160
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embankment reached a net height of 4 m (or 80 I&a embankment loading) at failure. The measured excess pore
pressures from pneumatic piezometers are plotted in Figure 8 together with the rate of embankment loading. The
cross-section measured after failure is plotted in Figure 10
including the failure locations indicated by bamboo stakes
and by inclinometer.
Both MGE and HGE embankments were built at the same
time with the same rate of filling, construction procedure
and quality control as the CE embankment (see Figure 7).
Up to the embankment height of 3.75 m or 75 kPa
embankment load, the measured strains in the geotextiles
were smaller than 1.0 %. The rates of vertical and lateral
displacements as well as geotextile strains increased significantly when the embankment height exceeded 3.75 m. At
this stage, the maximum strains in the geotextile reinforcements were 3 % and 2.3% in the MGE and HGE embankments, respectively. The failure of MGE embankment occurred at 4.2 m height (88 lcPa embankment loading) that
completely
ruptured
the
low
strength
geotextile
reinforcement.
The MGE embankment
failure induced
deformations in the HGE embankment. The cross-section
of MGE embankment at failure as compared with CE
embankment is also shown in F@ue 10. During the failure stage of MGE embankment, the measured maximum
strain in the high strength reinforcement was 8.5% which
indicated that the induced failure caused 6% additional
strain in the high strength reinforcement.
The HGE em-
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in HGE embankment.
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- The critical strain in geotextile reinforcement,
s=, is defined
as
the
maximum
strain
mobilized
in
the
reinforcement
Z
~ when the reinforced
embankment
reaches the critical
~ height
(@or to primary failure). The measured strains
prior to primary failure of HGE and MGE embankments
are 2.3 % and 3.0%, respectively.
The Ahnere test embankment (Rowe, 1992) reinforced by one layer of geotextile yielded the strain of 2.5 % at critical height of 2.05 m.
The Sackville embankment (Rowe et al, 1995) using one
layer of polyester woven geotextile yielded 3 % strain at
.5.7
m fill thickness when primary failure occurred. The
E critical strain of 3 % was also obtained at Guiche test ems
~
t
z

btient
(Dehnas et al, 1992) with one layer of woven/
nonwoven geotextile. Thus, the critical strain lie in a small
band of values ranging tiom 2.3 to 3.0% for a very large
range of geotextile stiffness ranging from 350 kN/m to
5,000 kN/m in various soil profiles.

lCO

TIME ( day)
c)

Figure 7. Construction

liGE

Embankment

sequences of three test embankments

bankment height was further increased until a net height of
6 m (or 128 kPa embankment loading) was reached wherein the maximum recorded displacement was 670 mm corresponding to 12% strain and rupture of the high strength
reinforcement. The excess pore pressures from pneumatic
piezometers underneath the HGE embankment are given in
Figure 9 together with the rate of embankment loading.
The measured displacements in the high strength reinforcements at selected locations from wire extensometers are
plotted in Figure 11 together with the base of embankment
construction.
The collapse height corresponds to the maximum net embankment height that can be constructed. The net embankment height is defined as the difference between the current embankment crest elevation and the original elevation
of the embankment base. The critical height, on the other
hand, is the height at which the deformations in the foundations are equal to that of the unreinforced embankment
prior to failure. Thus, the critical height and the collapse
height can be considered as the embankment heights corresponding to the bearing capacity failure of the founda-

6

BACK-ANALYSES
OF STABILITY
LIMIT EQUILIBRIUM
METHOD

USING

The limit equilibrium method (LEM), assuming circular
slip surface, was used for back-analyses of stability in both
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Figure 8. Excess pore pressures from pneumatic
piezometers in CE embankment.
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For the stability of MGE and HGE embankments, the reinforcing force can be either assumed as a free-body force
- 120 -or a force modifjing the soil strength. Following the ap,~ g:P roach of Bonaparte and Christopher (1987), the former
assumption was applied in the HGE embankment and the
9
latter assumption was used in the MGE embankment. For
-80
3~ the case of the reinforcement
modifying the soil shear
60
strength, the resultant force in the direction tangent to the
slip surface, T~, can be calculated as follows:
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in which ct is the angle between the direction of the reinforcement and the tangential direction of the slip circle,
and + is the friction angle of the embankment fill.
The direction of reinforcement
force at the onset of
failure can be represented by the inclination factor, If, defined as follows:

I

100

llME (day)

Figure 9. Excess pore pressures from pneumatic
piezometers in HGE embankment.

‘unreinforced and reinforced embankments.
The computer
software PCSTABL6 (Purdue University) based on Bishop’s simplified method (Bishop, 1955) with modification
to include the effect of the reinforcement, was utilized.
For the CE embankment, the field compaction have total
unit weight (YJ of 18.5 kN/m3 and moisture content (m) of
9.5 %. Corresponding to this condition, the peak strength
consists of 40 degrees friction angle and 22 lcpa apparent
cohesion and the corresponding critical state values were
30 degrees friction angle and 15 kpa apparent cohesion
(see Figure 4). The mean values of the field vane shear
strength with correction factor of 0.80 were used as undrained strengths of the soft clay foundation. The calculated factor of safety for the actual slip surface of CE embankment at 4.0 m net height were 1.02 and 0.98 for the
strength parameters of embankment fill at peak and postpeak, respectively.

-

MGE EMBANKMENT AFTER FAILURE
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—— Y!!.: !?-__>
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where ccOis the angle between the initial (horizontal) direction of the reinforcement and the tangential direction of the
slip surface. The values of If of O, 0.5, and 1.0 correspond
to horizontal, bisectional, and tangential directions, respectively. The reorientation of the reinforcement is caused
mainly by the bending of reinforcement due to local deformation. Thus, the value of inclination factor, If, should be
selected according to the magnitude of the localized strain
in the geotextile, -sI., at the vicinity of the slip surface.
From the results of large direct shear tests and finite element modeling (FEM), Bergado et al (1996) suggested that
the maximum value of If is 0.50 corresponding to the bisectional direction. The bisectional direction has also been
successfidly assumed by Rowe and Soderman (1984). Low
and Dunc~ (1985) and Rowe (1992).
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after failure.

strength geotextile. At 6 m net height, the FS value for”
HGE embankment was found to be 1.0 using either the actual ftilnre surface or the most critical and deeper fdure
120 ~
x
surface. Therefore, regardless of the influence of MGE
embankment failure at net height of 4.2 m, the HGE emii
bankment should fail at net embankment height of 6.0 m.
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Two important variables are involved in the circular slip
stability analyses, namely: the inclimtion factor, If, and
the limiting strain, &b, at the onset of failure. Based on the
measured strain, the results of back-analyses by LEM indicated that reinforcing force can be horizontal direction (If
= O) at critical height just prior to bearing capacity fhilure
(primary failure) as well as the reinforcing force can be bisectional (If = O.50) at collapse height. Rather than assumed arbitrarily y, an improved method is introduced to estimate the limiting strain, Sk, as follows:

100

77WV*)

in geote~le

measured by wire

The ultimate reinforcement force, Tul,, was computed corresponding to the value of the limiting strain, E~, which
includes the localized strain, SIC,whenever If is greater than
O. The strength parameters of backfill soil correspond to
the field compaction condition (y, = 19.2 kN/m3 and w =
13% ) influenced by rainy days. The corresponding friction
angle ($) and apparent cohesion (c ) were $ = 38 degrees
and c = 17 kPa at peak strength, respectively, and $ = 30
degrees and c = 10 kPa at critical state, respectively. The
undrained strengths in the soft clay foundation were similar as the CE embankment.
The failure of MGE embankment at 4.2 m net height was
back-analyzed.
At the critical height, assuming peak
strength parameters of embankment fill, no localized geotextile deformation (&lC= O) and horizontal dkection of reinforcing force (If = O) with measured strain of reinforcement of 3%, the factor of safety (FS) was 0.98. At
the onset of failure (1+ = 1.0) with If = 0.5 (bisectional
direction of reinforcing
force and using critical state
strength parameters of embankment fill, the back-analyzed
geotextile strain was found to be 13%.
The stability of HGE embankment at net embankment
heights of 4.2 m (critical height) and at 6.0 m (collapse
height) were back-analyzed. Using the measured strain in
the geotextile of 2.3% and assuming 1, = O and peak
strength parameters for embankment fill, the calculated RS
was 1.0. This indicates that the HGE embankment reached
criticaJ height at 4.2 m and the bearing capacity failure
(primary failure) was unavoidable, even without the interference of MGE embankment. After induced failure of adjacent MGE embankment, the measured strain in the high
strength geotextile was 8.5% corresponding
to tensile
strength of 145 kN/m. At this stage, assuming If = 0.5
and using critical strength parameters of embankment fill,
the safety factor of 1,25 was obtained, Therefore, the embankment construction can be continued which was done.
The HGE embankment collapse at net embanlanent height
of 6 m with measured strain in the geotextile of 12 to 14%
corresponding to rupture strength
of 200 kN/m for high

OF

s~ = E= + S]c

(3)

in which s= is the critical strain corremondin~
to the critical height (just prior to bearing capacity failure or primary
failure) and G,. is the localized strain associated with the
slip failure. The value of E= was found to be 2.3% to 3 %
as mentioned previously. Based on large direct shear tests
and subsequent FEM modeling, Bergado et al (1996) proposed a new method to calculate the localized strain. s,..
.. , as
follows:
EIC =

225 (1,) (S44)

(4)
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The value of S is the total stiffness of all reinforcement 1ayers in the embankment and should be determined as secant stiffness at 5 % strain. The value of If can be assumed
as Ir = O or If = 0.50 corresponding to critical embankment height and collapse height, respectively. Equation 4
is plotted in Figure 12 for vmious values of stiffness, S.
The data derived from Sackville (Rowe et al, 1995) and
Guiche (Dehnas et d, 1992) embankments are also
included in Figure 12.
8

CONCLUSIONS

The full scale test embankment program including the site
irsstmmentations,
conditions,
embankment
and
construction have been described. The test embankment
program yielded valuable data which can be used to
improve the design method of geotextile reinforced
embankment on sotl ground. Based on the results, the
following conclusions can be made:
1.

2.

3.

4.

5.

6.

The geotextile reinforcements improved the collapse
heights of MGE and HGE embankments by 1.1 and
1.6 tiies, respectively, higher than CE embankment.
The critical strain, EC,in the geotextile reinforcement
just prior to bearing capacity failure or primary failure
of foundation soil can be taken as 2.3 to 3 % irrespective of geotextile stiffness and condition of the foundation soil.
The limiting strain, Sb, at slip failure can be taken as
the sum of critical strain, eC, and the localized strain,
El,, associated with the slip failure.
The geotextile reinforced embankment on soft ground
with limitation on foundation deformation not exceeding the unreinforced embankment just prior to the
failure
failure
or
primary
bearing
capacity
(embankment height, H < critical height, HC), the
mobilized tensile force in the reinforcement can be
obtained assuming the limiting strain equal to critical
strain which can be taken as 3 % (SM = SC= 3%). The
direction of reinforcing
force can be taken as
horizontal (1,=0) and the peak strength parameters of
embankment fill are suitable.
For embankments designed with allowable large deformations where the embankment height, H, can exceed the critical embankment
height,
H., the
mobilized reinforcing force should correspond to the
liiiting strain, Sk, which is the sum of critical strain,
E,, and localized strain at failure, &l,. The value of s,,
can be obtained from the in-soil stiffness of the
reinforcement using If = 0.50 and using the shear
strength parameters of embankment fill at critical
state.
For single layer reinforcement placed directly on the
ground at the base of embankment, the reinforcing
force can be taken as free-body force. For multi-layer
reinforcements with frictioml embankment fill, the
effects of reinforcing force in modifying the soil
strength at the vicinity of failure surface should be
considered.
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Abstract: This paper describes a case study of a reinforced piled embankment and presents a proposed calculation model. The
height of the embankment was 1.7 m, which is lower than that normally accepted for embankment piling according to Swedish
regulations. The project includes a field study of displacement and strain in the reinforcement for the alternatives soil fill and
cavities below the reinforcement. The cavities were simulated by using foam mattresses below the reinforcement. Displacements
at the reinforcement level in the area with soil fill were about 20 mm, while displacements over the mattresses were about 200
mm, i.e. 10 times larger. Calculations were carried out using two analytical models, BS 8006 and Carlsson, and a finite
difference method, FLAC. Comparisons are made between measured values and calculated values. In this case the FLAC
calculations are judged to give a good picture of the actual behaviour in the construction. The analytical models are too
conservative because they do not take the foundation support from the soil beneath the reinforcement into account. The
various calculation models were compared to each other and a suggestion for design using an analytical model is made. The
model is two-dimensional but an attempt was made to take the three-dimensional behaviour into account. This was done in this
case by taking the three-dimensional
load and distributing it over the two-dimensioned surface. Aspects of design are provided.
Keywords: Geogrids, Piles, Embankments,
1.
MONSTEtiS
CASE STUDY

Reinforcement,

Design, Case study.
wood and construction waste. The fill varied in stiffness. For
design calculations, a dimensioning ffiction angle of 32° was
used.
Embankment piling has been used in Sweden for many years.
The gyttja, the thickness of which varies between 0.5 and
During recent years some projects have been carried out with
2.0 m, contained layers of silt and fine sand. The gyttja was
reinforcement over embankment piling or deep stabilisation.
loose with an uncorrected shear strength, according to field
Monitoring
has been carried out in an embankment
at
vane shear tests, between 10 and 50 kPa. The water content
MonsterAs.
varied between 40 0/0 and 200 0/0 with one measurement of
The case study was of a reinforced piled embankment con430 %. For design calculations, a dimensioning, undrained
structed in 1996 on a section of Route 632 in Monsteri%, Sweshear strength of 8 kPa was used.
den. The Swedish National Road Administration (SNRA) orThe clay, the thickness of which varied between 0.5 and
dered the construction, Scandiaconsult managed it and the
2.0 m, contained layers of tine silt. The uncorrected shear
Nordic Construction Company was the contractor. The field
studies were carried out by Scandiaconsult and the Swedish
strength of the clay varied, according to vane shear tests,
between 10 and 70 kPa. The water content varied between
Geotechnical Institute (SGI). A number of different altern20 % and 607.. For design calculations, a dimensioning,
atives were studied in the process of selecting soil improveundrained shear strength of 10 kPa was used.
ment on the stretch of road in question, explained below.
Both the gyttja and the clay were assessed as being norExcavation/refill.
Discarded because of the effects this
mally consolidated for the existing conditions.
The composition and thickness of the till were not closely
would have on the surroundings. Both on the nearby quay
examined, but generally it had a high relative stiffness. Howconstruction and the environment. Furthermore, it would
ever, in some areas there were looser layers of sand in the
require considerable
heavy truck traffic in central
upper surface of the till. For design calculations, a dimensioning
Monsterils.
friction angle of 35° was used.
Light fill. For sufllcient load relief, the light fill would cause
Parts of the embankment area have been flooded at the
uplift at the maximum groundwater level.
maximum groundwater levels.
Concrete mat foundation on piles. Feasible but expensive,
about twice as expensive as embankment piling.
1.2 Design and construction
1.1 Soil conditions
The construction consisted of precast concrete piles which
were driven down to a fm bottom. The length of the piles was
The soil consisted of an upper layer of 1 to 3 m of fill beneath
3 to 6 m. Pile caps were placed above the piles covering 25 ‘A
which was 2 to 4 m of loose sediments of gyttja and clay which
of the embankments surface area. The reinforcement consisted
rest on sand and till. The depth to the bedrock was not careof a biaxial polyester geogrid, with 84 kN/m tensile strength at
fully examined but is probably limited. The thickness of the
break and a tensile strength of 16 kN/m at 3 % strain according
soil layer in a cross-section of the embankment area varies.
to EN 1S0 10319 (TexGrid TG 75-75). The geogrid was laid in
The fill was deposited over along period of time. The oldone layer. The embankment fill consisted of crushed rock,
est part of the fill was placed with a grillage beneath it. The fill
Oto 200 mm. A cross-section of the construction is shown in
consisted mainly of non-cohesive soil but there was also some
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Figure 1. The height of the embankment is 1.7 m which is lower
than that normally accepted in Swedish regulations. In order
to obtain permission to build the construction, the designer
was forced to veri~ that the design would flmction as intended. Verification took place through calculations supplemented with field monitoririg.
The embankment fill was compacted with a2-ton roller. The
fwst layer over the reinforcement was 0.5 m when compacted.
Thereafter compaction took place in 0.3 m lifts. In the area with
measurement equipment, a 600 kg vibratory plate compactor
was used in order not to destroy the monitoring equipment.
The fill was placed in two stages. In the first stage fill was
placed to 0.7 m over the reinforcement and in the second stage
to the total of 1.6 m above the reinforcement.
1.3

Design

For design of the soil reinforcement, calculations were carried
out according to British Standard (BS 8006, Draft) 1995, Equation 1 and according to (Carlsson 1987), Equation 2. The most
significant differences between the models are the forces in
the reinforcement due to the vertical load. These differences
arise from the way that the models analyse the arching effect.
These forces are compared in Table 1. The results differed, in
this case with the lowest forces in the reinforcement according to BS 8006. The procedure used in BS 8006 produces relatively large jumps in the calculation results at certain embankment heights. The jumps depended on whether or not an arching effect arose and how the load was distributed between
piles and reinforcement. Care should be taken, especially with
new standards and results should be checked which are near
such limits. The geometry of the Monster&s project was close
to such a limit. The SNRA therefore decided to carry out such
a check within the fiarnework of the SGIS planned work on the
regulations for the SNRA in Sweden.
The calculations according to BS 8006 areas follows:
For H> 0.7 (c-a) the distribution over pile load/soil load is;

BIAX/AL GEOGRID

P:/~;=(cc”a/H)2
For H> 1.4 (c-a) the distributed load on and the force in the
soil reinforcement are;
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The calculations according to Carlsson are as follows:
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embankment height (1.7 m)
centre distance between pile caps (2.4 m)
pile cap width (1.2 m)
displacement (d)
pile type factor, end-bearing piles (1.95 H/a- 0.18)
unit weight of embankment fill (20 kN/m3)
partial coeftlcient for soil load (1.0)
strain
the distributed vertical load acting on the
reinforcement(kN/m)
TW= P~ = force in the reinforcement (kN/m)

Calculations using the BS 8006-model (fictive three-dimensional) gave a force on the basis of the vertical load between the pile caps of 18 kN/m at a strain of 6 ‘A. Calculation
according to Carlsson (two-dimensional) gave a force of 26
kN/m and a displacement of 0.18 m at a corresponding strain.
In order to veri~ these results, other calculations were carried out using the two-dimensional finite difference program,
Fast Lagrangian Analysis of Continua (FLAC), Version 3.30
(Itasca 1995). The calculations showed that there was arch
formation, even for the low embankment height studied here,
and that the displacement at the road surface was negligible.
Calculations were carried out for cases with both cavities and
soil fill under the reinforcement. The elastic modulus times
area, EA = 400 kN/m, was used for the FLAC calculations.
In implementation, however, a somewhat more rigid reinforcement was used. Table 1 shows the results from the calculations.
Table 1. Design results of the analytical and finite difference
models.
Force

(%)

Displacement
d
(m)

2
6
2
6

0.10
0.18
0.10
0.18

42
26
28
18

Strain

Method

E

Carlsson
BS 8006
FLAc
Foundation
support
cavity

&N/m)

The vertical displacements of the reinforcement were measured using settlement gauges, type SGI. The measurement
results are shown in Figure 3. The displacement in the area
with the soil fill was about 20 mm. Displacement measured
over the mattresses between the pile caps was 173 and 206
mm while displacement on the diagonal was 212 and 213
mm. The larger displacement on the diagonal is probably due
to three-dimensional effects. However, the till effect is not
obtained since the mattresses are only lying between the pile
caps in one direction and soil fill is between the pile caps in
the cross direction.
The strains in the geogrids were measured with Bison coil
strain gauges screwed into the geogrids. They are designed
for synthetic geogrids and have a measurement accuracy of
2.5 micrometers. Theoretically, the largest strains are obtained at the cap edge. Where there is a cavity under the
reinforcement, the strain is nearly uniform between the pile
caps. To examine the differences between the cap edge and
the middle of the cavity, measurements were carried out both
between the pile caps and at the cap edge. The strain measurements between the caps also gave the opportunity to compare these with measured displacements. Field measurements
of horizontal movements were made, which were then calculated into strains and forces.
The strains are shown in Figures 4 and 5. The strain gauge
locations are shown in Figure 2. In spite of a high measurement accuracy in the strain gauges, the distribution of results at the pile cap edge is large. This may be due to edge
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1.4

Field monitoring
reinforcement

of strain and displacement

in the

The quality control was supplemented with measurements in
an attempt to clarifi the effect of the reinforcement and compare measured values with the calculation models. The monitoring was carried out in two areas of the embankment, as
shown in Figure 2. One area consisted of the normal construction with soil fill between the pile caps. The other area consisted of foam mattresses between two rows of pile caps in
order to simulate a cavity under the reinforcement. The mattresses were 0.55 m high and had an area of 1.2 m by 6.0 m. The
monitoring consisted of vertical displacement and strain measurements in the reinforcement and displacement measurements on the road surface.
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Figure 2. Plan of field monitoring area for Route 632 in Monstefis.
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effects. In the matress area the strains close to the edge of the
pile caps were 0.5, 1.6? 2.1 and 4.5 Y.. At the midpoint between and along the pde caps the strains were 0.4, 0.6, 0.7
and 1 O/O. At the midpoint between and across the pile caps
they were 1.8,2 .9,3.0 and 3.2 %. Corresponding tensile forces
were 5 to 23, 4 to 9 and 12 to 17 kN/m.

The measured displacements varied between 5 and 10 mm.
Most of these were formed within one month atler the embankment fill had been completed. No significant differences
on the road surface were observed between the area with and
without mattresses.
1.6

1.5

Monitoring

of displacements

FLAC calculations to evaluate the field behaviour

on the road surface

The displacements on the road surface were measured with
settlement plates placed 0,7 m under the surface and surrounded by protective tubing. The embankment fill material
was assessed as being non-susceptible to host heave. Measurements of the displacements in the surface did not begin
until all the embankment fill had been placed in November
1996. Displacements also occurred during the laying and
compaction processes. Unfortunately these displacements
could not be documented.

To find the reasons for the differences between predicted and
measured displacements and geogrid strains supplementary
FLAC calculations were carried out. The primary aim was to
study the case where a cavity arises under the reinforcement
between the pile caps.
The embankment was symmetrical about its centre line so
only one side of the embankment was modelled. If the mattress had also been used in side sections, rather than just the
centre of the embankment, the modelled section could have
been reduced to 1.2 m in width. Instead, the modelled section
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Figure 4. Measured strains in the reinforcement for case with soil.
a) along and in the middle between the pile caps.
b) across and at the pile caps.
a)

b)
51
4

~
I

(=7

o

-o-8
I

—,

+9

•1
*

3.
T
_\
.52-

+-+- . --*

. ----

+-----

---

–-–.---+

1.
●

o

-1

!’

30

60

90

120

150

‘?

180
-1

Days after initial

measurement

30

----—-—60

1

Days after initial

Figure 5. Measured strains in the reinforcement for case with soil fill and foam matresses.
a) along and at the midpoint between the pile caps.
b) across the pile caps both at the midpoint between and at the pile caps.
758-1998

Sixth International

Conference

on Geasynthetics

, -–—.—–,-.——
90
120
measurement

—,
150

180

was 3.6 m wide and 2.15 m high. It spanned horizontally from
the centre of the mattress area across a footing and soil area
to the centre of the second footing. Vertically it spanned tlom
the bottom of the mattress to the top of the fill. The material
locations were shown in Figure 1. A variety of grid meshes
were tested. A 36x 28 grid was selected to optimise the calculation time and precision of the results.
The geogrid was modelled using the cable element in FLAC.
Values used in this analysis for the cable element are shown in
Table 2. The cable element was chosen, rather than the beam
element, because the cable element can model the soil/geogrid
interaction. The Mohr-Coulomb plasticity model was used for
the soil. The mattress was modelled elastically with its moduli
based on laboratory unconfined compression tests. Finally,
the footings were modelled as null elements with fixed boundary points.

Soil

Pile cap

Soil

Pile cap

Mattress

Table 2. Cable element input values used to model a geogrid.
FLAC parameter

Magnitude

elastic modulus. area
perimeter
yield
kbond
sbond
sfriction (assumed= soil)

600 kN/m
2rn/m
75 kNlm
17,000 kPa(maxirnum)
Okpa
42°

Figure 6. Base case displacement
tion in the geogrid.

and units

Embankment
Height (m)
1.2
0.4
0.8

o

0

and tensile force distribu-

-——

7

-–-

—.-—-—---——--

I -

No compaction

1.6

30
I

Ideally the kbond and sbond should be obtained from laboratory and field pullout tests using the fill material. Because
theses tests were not available, Equation 3, based on the definitions in (Itasca 1995), was used to obtain values for the
kbond.
kbond = (sbond + perimetercf”tan(sfiiction))/5~w

(3)

The perimeter was chosen to be the maximum of 2 m for the
geogrid, as opposed to its surface area, because there is frictional resistance on both the top and bottom of its surface and
significant passive resistance where the holes in the grid meet
the spanning grid elements. o’ is the overburden pressure at
the level of the geogrid. It should be noted that the kbond
increases with the overburden pressure as the embankment is
constructed. Finally, ~~u is the geogrid displacement when
the maximum pullout resistance is reached. For the geogrid
used in this project 3 mm was used.
The maximum displacement occurred at the mattress/
geogrid interface at the midpoint between pile caps. The
displacement and tensile force distribution in the geogrid are
shown in Figure 6.
Compaction of the fill was modelled as a static pressure
applied during the construction of the embankment. The
compactive effort was modelled by adding an equivalent static
load of 20 or 50 kPa and stepping to equilibrium. When equilibrium was reached the load was removed and FLAC stepped
again to a new equilibrium. The equivalent static load used in
FLAC for compaction was only an estimate. Therefore, two
values were chosen in-between the compaction equipment’s
static load and its centrifugal vibratory force of 12 and 100 kp%
respectively. The incremental displacements and the effect of
the static compaction loads for the base case are shown in
Figure 7. The compaction was modelled at 0.5,0.7, 1.0, 1.3
and 1.6 m embankment heights. The effect on displacement
at the geogrid was only significant
for the first two
compaction.
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Figure 7. Base case maximum geogrid settlement versus embankment height.
The arching effect between pile caps reduced the incremental portion of load carried by the geogrid as the fill height
increased. Thus the displacement did not increase at the same
rate as the embankment was constructed. The arching effect
between pile caps is shown in Figure 8. Figures 6 and 8 show
that the surface displacement is relatively small.
Five models were analyzed in FLAC. The base case model
had the geogrid, mattress, pile caps, and fill all modelled as
they are in the field. A fictive 3D model attempted to account
for the three dimensional effects of the lateral spacing between pile caps by increasing the weight of the fill by the
equivalent increased area of 50 O/O. Next, air was model led between all the pile caps to compare the design assumptions
with the FLAC results. Because the air was modelled in all the
areas around the pile caps the geogrid had relatively high
tensile stresses from settlements on both sides of the pile cap.
Also the geogrid was not able to move toward either side as it
could in the mattress case. Compared to the mattress model,
the air model had smaller displacements and higher geogrid
tensile forces and strains. The final two models had soil modelled below the geogrid as it was in most of the embankment.
Unlike the mattress and air, the soil was stiffer than the gyttja
below the footing. Therefore much of the displacement
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1.7

Soil

Pile cap

Soil

Mattress

Figure 8. Arching effect as shown by y-displacement
contours.
occurred in the gyttja. Thus the soil models required that the
lower fill and gyttja be included in the calculations. The material properties of the gytta were not know with much certainty, so the soil model calculations are provided to show
only approximate magnitudes.
The results from the FLAC calculations are summarized
in Table 3.
In these models the most important input parameters affecting the magnitude of the settlement in the embankment
were the following: moduli of the soil or mattress between pile
caps, elastic modulus times area of the cable, amount of
compaction, depth of fill when compacted, the soil/geogrid
bond properties and the fill properties.

Comparison between calculations
field measurements

and

A comparison was made between the values obtained in
design and the values measured for vertical displacements
and forces in the reinforcement.
For the case with the mattress the calculated tensile force
was 10 kN/m and the displacement about 0.14 m in FLAC.
Modelling compaction of the fill increased the displacement
between 10 and 50 mm and the tensile force between 3 and
9 kN/m. The forces measured in the area with mattresses
were generally somewhat higher than calculated, as was the
displacement. One of the causes may be three-dimensional
behaviour. FLAC calculations in two dimensions were estimated to give a good understanding of the behaviour of the
construction, but it was somewhat uncertain. One way of
taking the three-dimensional
behaviour into account was to
increase the density by 50 ‘%o, which corresponds to a load
distribution according to Figure 11. Such a calculation gave
a displacement of 0.18 to 0.2 m when the compaction effect
was taken into account. This was closer to the results in the
field which were O.17to0.21 m. The strain in the geogrid in
the field between the caps was 3 %, which the FLAC calculation also showed for the compaction case. For the case with
soil below the geogrid the displacement according to the
FLAC calculation was 12 mm and the tensile force was 0.4
kN/m without compaction. [f the fictive three-dimensional
effects were taken into account as mentioned above then the
calculated displacement was 23 mm. Modelling compaction
of the fill increased the displacement between 10 and 45 mm
and the tensile force between 1 and 9 kN.
In the soil case the displacements without compaction corresponded better to the field measurements. On the other hand
the displacements are small and there are large uncertainties
in the properties for the soil below the pile caps. Therefore
the model of the case with mattresses is more reliable.
Because the resistance of the foundation soil is considerable the analytical calculation models in this case gave a misguided picture of the actual behaviour of the construction.
The FLAC calculations on the other hand gave a good picture
of the behaviour on the condition that the pertinent input data
was used. If a cavity should arise under the reinforcement
then the analytical models are thought to be appropriate, but
the three-dimensional effects should be taken into account.

Table 3. Results fkom FLAC
Model Description

Maximum
Settlement*
(mm)

Maximum Cable
Tensile Force
(kN)

Maximum Cable
Strain
(%)

Base case no compaction
Base case 20 kpa compact~on
Base case 50 kPa compaction
Fict~ve 3-D no compaction
Fictive 3-D 20 kpa compact~on
Fictive 3-D 50 kpa compaction
Des@n gr~d air no compaction
De:~gn gnd air 20 kPa compaction
mg rid air 50 kPa compaction
Soil case no compaction
Sod case 20 kpa compact~on
Soil case 50 kPa compaction
Soil fictive 3-D no compaction
So~l fictive 3-D 20 kPa compaction
Sod fictive 3-D 50 kPa compaction

141
155
188
171
181
205
152
167
195

10
13
19
14

1.7
2.2
3.1
2.3
2.8
3.9
2.4

;;
56
23
35
70

;;
15
;:
0.4
1.5
7
;::
11

::;
0.07
0.25
1.2
0.3
0.6
1.8

* The results are shown to the nearest mm for comparison purposes only. Model predictions are not this precise.
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2.

PROPOSED
MODEL

ANALYTICAL

CALCULATION

With an active reinforcement, the size of the caps can be reduced. It is alsopossibleto choose a lower embankment height
than the 2.5 metres which is today the lowest permitted in
Swedish regulations.
In order to be able to propose a model which is suitable for
design of reinforcement over embankment piling the SGI carried out a pre-study by the assignment of the SNRA where a
number of calculation models were compared. In that comparison, BS 8006 appeared to be a promising model. In the second
stage of the proje@ BS 8006 was compared with FLAC cakmlations to get a closer idea of the actual behaviour. That comparison showed that at the degree of cap coverage which is
normally used in Sweden between 20 to 30 ‘A (to be compared
with those on which the method is based, which are usually
around 8 to 16 ‘%0) the calculations did not agree. Better agreement was reached when Carlsson’s method was compared to
the FLAC calculations. This method had been modified to
take into account the three-dimensional
effects and reduced
embankment heights.
2.1

Figure 10. The soil wedge which is carried by the geosynthetic.

The weight of the soil wedge, W, according to Figure 10
is:

~=

Prerequisites

I

?’

I

Ha

Figure 9. Symbols used in the proposed calculation model.
where c =
a =
Ha=
y =
d =
s =

(c-a)’
4“tat115°

The calculation assumes arch formation and that the reinforcement is deformed during loading. The reinforcement is assumed to be placed in one layer. The fhnction of the reinforcement is greatest if it is placed closest to the pile caps, but it
should for practical reasons be about 0.1 m above the pile
caps.
In order to ensure that the displacements in the road surface are not too large, the embankment height should beat
least as large as the distance between the pile caps, a minimum of 1.0 m high, and the degree of cap coverage should be
at least 10 Yo.
It is recommended that calculations should be carried out
for an initial strain of a maximum of 6 % and with a remaining
creep strain after the construction period and during the lifetime of the construction of an additional 2 ‘%. at most. Figure 9
shows the symbols used in the proposed calculation model.

2.2

forcement geogrid, is approximated using the soil wedge described in Figure 10. This applies even if the embankment
height is lower than (c-a)/2 . tan 15°, which is the height of
the soil wedge.

distance between the pile centres (m)
side length of the pile caps
embankment’s height above the reinforcement (m)
unit weight of embankment fill (kN/m3)
maximum displacement of the geosynthetic (m)
arc length of the displaced geosynthetic (m)

Vertical load transfer

The method is based on the forrnationof an arch which spreads
the soil load onto the pile caps. The cross-sectional area of
the soil under the arch, which is the load carried by the rein-

kN per metre in depth.
‘y

The arc length of the geogrid when it is displaced by the
load of the soil wedge, can be calculated as follows:
8
S=(l+E)(C

–ki)=C-a+-.

d2
—

3

c–a

where the displacement, d, is dependent
geosynthetic, s, according to:

on the strain in the

The force in the reinforcement, F, in two-dimensions
culated using the catenary equation:

is cal-

The three-dimensional
effects are estimated through load
distribution according to Figure 11, where the load is distributed over the surface according to the figure and is taken
up by the reinforcement along the edge of the pile cap. The
force is calculated as follows:

where,
F3~,= the dimensioned force in the reinforcement
vertical load in three dimensions
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enn2
I

I

I

(c-a)
2

(c-a)

1

Figure 11. Load distribution to estimate the forces in the threedirnensional case.

2.3

Transverse sliding across the bank and pull-out
of the reinforcement

For the necessary reinforcement length on account of transverse sliding across the bank, the bond length and the pullout length of the reinforcement can be determined according
to BS 8006.

3.

CONCLUSIONS

In design with analytical models, the foundation support of
the soil between the pile caps is not normally taken into account, but field measurements showed that the effect can be
considerable. For the relatively low embankment height used
here, it appeared that the displacement which arises in the
reinforcement does not affect displacements in the road surface. In this case, the FLAC calculations are judged to give a
good picture of the actual behaviour of the construction.
Three-dimensional effects should however be simulated. Here
they were fictively simulated by increasing the density of the
till.
Analytical calculation models are judged reasonable if there
is a risk that a cavity will arise under the reinforcement. They
are though often more conservative than if FLAC calculations are made for cavities. The proposed calculation model
has proved to give better agreement with the FLAC calculations than other methods at the degrees of cap coverage
which are normally used in Sweden, i.e. 20 to 30 O/O. Soil with
poor properties can give support initially but settlement can
arise even atler the construction period. Thus in low embankments there is a risk that settlement which arises after the
completion of the road could cause displacements in the road
surface, and this must be taken into account in design. The
force in the reinforcement is also greater if the soil settles
than if there is resistance. Future changes to the load situation, e.g. a ground water lowering, can affect the foundation
support of the soil and in such cases it should be assumed
that a cavity has arisen.
Compaction of the till above the reinforcement significantly
affects the tensile force and moderately affects the displacement of the reinforcement.
This is very important if the
compaction is carried out at low till heights above the reinforcement. The effect of compaction is not normally taken
into account in calculations but should be considered if foundation support from the soil is assumed.
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The results of the field study showed a large difference in
the strain measurements close to the pile cap edge, possibly
due to edge effects. This makes the cap edge strains difficult
to compare with the calculation model. The strains measured
in the center of the pile caps show a smaller difference and
compare well with the FLAC model. Some effects of threedimensional behaviour could be seen in the field measurements. A larger area with mattresses would have better simulated what actually happens if a cavity appears under the
reinforcement. In this case the measurements were conducted
on a road construction and the risk of having to rebuild large
areas of the embankment, if the displacement of the road
surface proved too great, was not acceptable.
For many cases the analytical calculation models that assume cavities below the geogrid are too conservative in estimating the forces in the geogrid. The finite difference model
showed much better agreement with field measurements because it included the soil foundation support beneath the
reinforcement. A study by (Jones et al, 1990) concluded that
current simplified analytical procedures are conservative due
to quantifying the arching mechanism and that they can not
accurately take into account partial foundation support. There
is a need for finite element or difference methods to model the
complex interaction behaviour. Additional fill-scale fieldtesting and modelling is necessary to better understand the processes involved here.
The three-dimensional effects should be studied with field
studies using larger areas with simulated cavities. Modelling
should also be done with three-dimensional
programmed to
veri@ the differences between two- and three-dimensions.
Until three-dimensional
programms become more common
there is a need to model in two-dimensions,
with relevant
additions to take the three-dimensional
behaviour into
account.
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Embankment Support Over Piles Using Geogrids
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ABSTRACT:
The construction of embankments over soft ground is a common engineering problem. In situations where the underlying
soil is highly compressible or for approach embankments to bridges, minimizing the total and differential settlement of a
new road construction can govern the method of construction.
The paper describes the use of stiff biaxial polypropylene geogrids within granular fill to support embankment loads above
piles and vibro concrete columns, VCCS. This technique has been used successfully on many road embankment projects in
Europe due its cost effectiveness and ability to deliver an effective embankment support system within a short time flame.
The design and construction of geogrid reinforced load transfer platforms is discussed, including the platform used on the
A525 Rhuddlan Bypass in North Wales, where due to underlying soil conditions, a piled solution employing VCCS was
used, to carry the embankment loads through the soft layers into the firmer strata below.
To ensure that the load transfer platform (LTP) performed as expected, instrumentation was included in the platform
construction to monitor platform settlement, geogrid strains and deflections. The installation and results of the
instrumentation monitoring are described.

KEY WORDS: Embankments,
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Geogrids, Piles, Design, Monitoring

INTRODUCTION

The growing use of geosynthetic solutions for construction
over soft and variable ground confirms their importance in
overcoming complex geotechnical problems.
Increasingly utilised under embankments constructed on
piles or vibro concrete columns (VCCS), is a geogrid
reinforced granular load transfer platform. Used in several
major UK projects , the technique is growing in popularity
in Europe because it offers a rapid, cost effective solution
within a predictable construction programme.
The platform fi.mctions by transferring loads imposed by
the embankment to pile caps via a grid-reinforced basal
layer. Biaxial geogrids, with high stiffness at low strain, are
placed in several layers to interlock with, and reinforce the
granular fill to create a flexurally stiff platform which
distributes loads evenly and reliably to the piles. The
supporting piles or VCCS pass through the soft soil layer
and transmit load to the stable ground beneath, thus
reducing settlement and removing the need to preconsolidate the ground to remove permanent settlement and
improve ground bearing properties.

2

LOAD TRANSFER

PLATFORM

CONCEPTS

The design of a load transfer platform can be carried out in
different ways:
1. Tension membrane approach, using high strength
tension membrane theory.
2. Improved arching approach, using low strength
reinforcement.
The most common approach for embankment support over
piles is to adopt the tension membrane approach. This
requires the reinforcement to carry the fill amount of any
vertical load above the geosynthetic, less allowance for load
shedding in the overlying fill.
The improved arching approach differs from the tension
membrane theory only in respect to the calculation of the
vertical load shedding and relies on the ability of the
reinforcement used to interlock with the granular
embankment fill and enhance the natural arching angle of
the fill, thus reducing the vertical load to be supported by
the reinforcement. Both design methods can be carried out
in accordance with the limit state design principles defined
in BS 8006.
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When constructing load transfer platforms using the
improved arching approach, the mechanism of load transfer
is one of arching taking place inthe granular platform. The
purpose of the geogrids spanning across the pileiVCC heads
is to enhance the transfer of vertical loading onto the
piles/VCCs and subsequently through the piles/VCCs to the
foundation soils.
In order to control differential settlement at the proposed
ground surface, the geogrids need to adequately retain the
soil between the arching angles of adjacent VCCS. A
minimum height of fill above the load transfer platform of
at least the platform thickness is normally employed to
ensure that the arch is always loaded and that the VCC
positions are not reflected up to the ground surface causing
surface undulations.
Stiff integral biaxial geogrids, due to their unique element
geometry and junction strength, interact with the fill and
create a composite beam where the fill’s shear strength
properties are utilised effectively. The improved arching
design approach is specific to a type of integral geogrid
which has been proven to enhance the natural arching angle
of granular fill when a multi-layer solution is employed,
Guido 1987.
Research into the load transfer characteristics of the
geogrid/fill composite has shown that the load spread
through fill can be conservatively taken as 45° providing
that the peak internal angle of friction of the fill is at least
this value.
Whichever design approach is used, the design must
ensure that the geosynthetic is sufficiently well anchored in
the fill material, to permit the transfer of the design load
into the reinforcement. This requirement can lead to long
anchorage lengths where high strength reinforcement
solutions are employed.
Geogrid load transfer platforms designed adopting the
enhanced arching approach have been successfully used on
a number of maj or projects in Europe, including the Gdansk
Urban Highway, Topolnicki 1996 and the Second Severe
Crossing Toll Plaza, Maddison et al. 1996.

3.0

CASE STUDY

3.1

A525 Rhuddlan Bypass

Rhuddlan is a small town standing between the coastal town
of Rhyl and the main A55 trunk road, in
Denbighshire(formerly
Clwyd), North Wales. During the
summer months large traffic volumes leave the A55 and
travel through the centre of Rbuddlan on their way to the
coast causing severe congestion.
In May 1995 a two year El 1 million contract was started
for the construction of 2km of 7.3m wide two lane dual
carriageway bypass to the town, which included upgrading
an existing section of highway and the construction of a
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Figure 1

&+--

Typical cross-section through ~uddlan
load transfer platform.

bypass

430m long 1l-span twin deck viaduct, with a 46m centre
span over the River Clwyd.
The approach embankment to one side of the viaduct
crossed an area of 7-8m of peat and soft silty alluvial strata
overlying sands and gravels. To support the embankment
over this area the construction contract specified cast insitu
driven piles under a 800mm thick un-reinforced rolled
concrete supporting raft. Contractor Edmund Nuttall
proposed a VCC and load transfer platform solution as an
economic and rapidly constructed alternative to the
specified design.
The accepted solution for the embankment support was to
install VCCS at the appropriate centres to support the loads
from the embankment which varied in height from 4m to
7m. The layout of the VCCS was a triangular pattern with
centre to centre dimensions of 2.65m, 2.35m, 2.05m, and
1.75m, the closer centres supporting the higher sections of
the embankment.
3.2 Load transfer platform design
The geogrid reinforced load transfer platform varied in
height, 650mrn, 800mm and 950mm, depending on the
particular VCC layout with the number of geogrid layers
being 3N0. in the 950mm thick sections and 2N0. in the
800mm and 650mm sections. As the distance between the
VCCS reduced the load transfer platform thickness required
for the arching mechanism to develop also reduced.
The LTP was designed assuming a grid strain of 5’Moin
120 years. This level of strain was assumed to represent the
ultimate limit state condition for the platform, which can
only occur in conditions where the underlying soil would
degrade or collapse, i.e. waste fills. Such conditions did not
occur on this site. For the in-service condition some
support to the fill beneath the developed arch will always be
provided by the underlying soil, leading to a reduced level
of strain in the geogrid. A typical cross section through the
construction used is shown in Figure 1

Table 1 Properties of Geogrids used in the Rhuddlan
Bypass Load Trm;fer Platform
Grid Property

Quality Control -

Strength*

—.
LD
TD

Tensar SS 1
Grid
Type 1
12.5 kN/m
20.5kN/m

Tensar SS2
Grid
Type 2
17.5 kN/m
31.5 kN/m

Approximate
Peak
Strain

LD

12.0%

12.0%

TD

10.0’%0

10.0%

Load at 2’%.
Strain*

LD

4.5 kN/m

7.0 kN/m

TD

6.0 kN/m

12.0 kN/m

LD

9.5 kN/m

14 kN/m

TD

15.0 kN/m

23.0 kN/m

LD
TD

o.7mm
o.5mm

1.20mm
o.9omm

Load at 5%
Strain*

Typical Rib
Th~ckness

* Determined as a lower !bO/O confidence limit in
accordance with ISO 26021980 (BS 2846 Part 2 1981).

and properties of the reinforcement used are given in Table
1. Approximately 18000m2 of biaxial geogrid was installed
to construct the 6000m2 of load transfer platform over
VCCS installed by Keller Foundations Ltd.
Due to the critical nature of the project the Client, Clwyd
County Council requested the Contractors alternative design
was subjected to Category 11checks and certification. An
independent verification of the design was therefore carried
out by Clwyd County Council’s Design and Construction
Division Bridges Group - the designer of the structures.

Figure 2 Laboratory calibration of strain gauges.
3.4 Results of strain monitoring
Readings taken over a period of one year show that strain
developed in the grid during construction, after which the
strain remained virtually unchanged, Figure 4 8C5. Once
the initial strain had developed during construction the LTP
rapidly achieved a state of equilibrium and the grid strains
stabilised, with no evidence of creep being apparent. As
used in the LTP design, partial support of the till under the
arch was shown to have occurred by a reduced level of
strain in the geogrid from that assumed being recorded.

3.3 Monitoring of geogrid strain
To ascertain the performance of the load transfer platform,
the bridge designer specified that strain gauges and
inclinometers were installed in the reinforced fill. At two
locations, inclinometer and strain gauges were installed to
monitor development of the arch and geogrid strain.
Prior to installation of the strain gauges, a calibration
exercise was undertaken in a tensile testing machine to
correlate the strain recorded by the gauges with the actual
strain in the grid, Figure 2.
On site, vibrating wire strain gauges were clamped in pairs
to both layers of grid, at the centre of the geogrid design
span geogrid to measure strain over a 260mm gauge length,
Figure 3. At locations A and B, an inclinometer and two
pairs of strain gauges were installed on each layer of grid.
Station A was under the viaduct bank seat with a vertical
pressure of121 kN/m2 applied to the top of the reinforced
fill. At Station B the platform was supporting a 4m high
embankment.

Figure 3 Installation of strain gauges on geogrid
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Figure 4 Geogrid strain readings at Station B
Lower Grid - Grid Type 2

Figure 5 Geogrid strain readings at Station B
Upper Grid - Grid Type 1

One of the simplified assumptions made during the design
check was that half the weight of the fill under the arch
would be supported by the foundation soil and half by the
geogrid layers. It was further assumed that the strain in the
upper grid would be less than that in the lower grid. The
initial strain calculated by this approach was found to be of
similar magnitude to that recorded by the strain gauges over
the monitoring period.
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ABSTRACT: Empirical methods have been in use for some time to design geosynthetic materials to carry embankment
loads over piles. Some methods have used simple two-dimensional models based on little more than load spreading
procedures which generally ignore three-dimensional
effects. Other methods have attempted to address the threedimensional nature of the problem by basing the design method on behaviour observed in experimental work. The
paper describes work which has been carried out using two- and three-dimensional
finite difference techniques that
better represents the problem’s full complexity,
A study has been carried out which compares the two- and threedimensional analyses for various piled embankment geometries. A comparison”is also made between the two and threedimensional finite difference analyses and the current British design standard, BS 8006. The paper also gives
recommendations for design.
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1. INTRODUCTION
Construction
of roads, railways
and buildings
is
increasingly
carried out on foundations
that would
previously have been considered unsuitable. In order to
construct these structures with confidence and within the
available time it is often necessary to adopt a piled
solution.
Piles are installed through the soft subsoil
material. The piles are much stiffer than the subsoil and
therefore
differential
settlements
occur.
These
differential movements generate shear stresses within the
embankment which increase the load on the piles and
decrease the load on the subsoil.
This mechanism is
caI1ed arching.
In order to place the relatively expensive piles as far
apart as possible, a relatively inexpensive geosynthetic
material is included at the base of the fill.
The
geosynthetic picks up the vertical load not carried directly
by the piles and goes into tension.
The difficulty in
design is to assess the amount of vertical load which is
carried by the geosynthetic and the tension which this
load generates in the geosynthetic.
A typical piled embankment
layout is shown in
Figure 1. For analysis and design a two-dimensional (2D)
model, Figure 2, has often been used.
However, in
reality, the problem is three-dimensional (3 D), Figure 3.
A research project has been undertaken to better
understand the behaviour of the piled embankment
system.
The finite difference programs FLAC and
FLAC3D (ITASCA, 1993) have been used to carry out a
series of 2D and 3D numerical analyses.
These are
compared to assess the appropriateness of each approach.

Gsbion Thrust B1oek

Embankment
1
3

Highly Compressible
Soft Soil

i
.
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Figure 1. A cross-section
embankment.
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i
i
I
I
i
i

through a typical piled
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ne Dimension

Figure 2. Two-dimensional representation of the piled
embankment problem.
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Figure 3. Three-dimensional
embankment problem.

representation

the assumption made in all current design methods),
although analyses have subsequently been carried out
where the subsoil was included. The pile was assumed
rigid with the base of the mesh fixed vertically to
represent the pile cap.
For both the 2D and 3D analyses, the embankment fill
material was modelled as being installed in a number of
lifts.
After each lift deformation
occurs and the
geosynthetic tension increases.
The analysis therefore
models an embankment constructed very slowly under
drained conditions with full consolidation of the subsoil
between lifts.

of the piled

Due to the uncertainty of the subsoil behaviour it is
generally assumed that the entire vertical load of the
embankment is carried by the piles, either by soil arching
or transferred by the geosynthetic.
In order to compare design methods a parameter, the
Stress Reduction Ratio S has been defined (after Low,
Tang and Choa, 1994). The Stress Reduction Ratio is
defined as the ratio of the average vertical stress carried
by the geosynthetic p, to the average vertical stress yH
due to the embankment fill of height H:

s=~

(1)
yH

The stress reduction ratio S is written SZ~ or S3D for twoand three-dimensional conditions respectively.

I
2, NUMERICAL

ANALYSIS

An initial series of 2D numerical analyses was performed
using the finite difference program FLAC.
A cross
section of the embankment was considered in plane strain
for which the pile is represented as a strip foundation. A
typical mesh geometry is shown in Figure 4(a).
However, the piled embankment problem is truly 3D
(Figure 3); neither plane strain nor axisymmetric analyses
(In axisymmetric
accurately reproduce the behaviour.
analysis, an umbrella shaped arch resting on a single
central pile cap is produced), A second series of analyses
was performed using the 3D finite difference program
FLAC3D. A typical mesh geometry for these analyses is
shown in Figure 4(b). In 3D the arching can be thought
of as producing a dome resting on four pile caps. In both
the 2D and 3D analyses, the fill material was modelled as
linear elastic with a Mohr-Coulomb
yield criterion
(E’=20MPa,
v’=0.2,
@’=30°, c’=5kPa and ~=20
kN/m3). The geosynthetic, installed at the base of the fill,
consisted of one-dimensional
linear elastic elements
capable of sustaining axial tension but no bending (a
single line of elements in 2D and a grid of elements in 3D
In the analyses
with a stiffness
.l = 9500 kN/m ).
presented the subsoil was not included (which reproduced
768-1998
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(a)

(b)

Figure 4. Mesh geometry for (a) 2D analyses, and (b) 3D
anal yses.
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Analyses were performed in which the pile width a to
pile spacing s ratio was varied with the fill and
geosynthetic properties held constant. The behaviour of
the system was assessed in terms of the stress reduction
ratio (Figure 5, Figure 6), the average tension generated
in the geosynthetic (Figure 7, Figure 8), and the maximum
displacement at the base of the embankment (Figure 9,
Figure 10), for 2D and 3D analyses respectively.

Critical height ,

1

ZNw

H

Geosynthetic

1.4 (s-a)

Pile Cap
‘\

3. DISCUSSION

Pile

~

OF ANALYSIS RESULTS

(s-a)

In both the 2D and 3D analyses, the stress reduction ratio
decreases as a/s ratio increases. This is a result of the
piles being closer together allowing arching to develop.
Also, the stress reduction ratio decreases as the height
increases until a critical height is reached after which the
stress reduction ratio is virtually constant. This behaviour
is explained by the ability of the arching mechanism to
develop as the height increases. There is a point at which
‘full arching’ develops. When this occurs the load carried
by the geosynthetic
increases proportionally
to the
embankment height.
The stress reduction ratio determines the maximum
displacement and the geosynthetic tension.
The higher
the stress reduction ratio the larger the maximum
displacement and the larger the geosynthetic tension.
The numerical analyses presented demonstrate the
need to analyse the piled embankment in 3D rather than
2D. Comparing Figures 6 and 7, it can be seen that the
stress reduction ratio is significantly higher in the 3D
analyses than in the 2D analyses for any given a/s ratio.
Consequently, the maximum displacement at the base of
the embankment
and the tension generated in the
geosynthetic are underestimated if the 3D nature of the
problem is ignored. This behaviour is intuitively correct
as the proportion

of pile is less in the 3D case ( a 2/s2 )

than in the two-dimensional

case ( a/s ).

(a)
,/

Critical height,
---.------ \

------

-.

1.4 (s-a)
Geosynthetic.
..
“II
“ Pile Cap
Pile

~
(s-a)

(b)
Figure 11. BS 8006 critical height concept.
the critical height, Figure 11(b), it is assumed all loads
above the critical height are transferred directly to the
piles as a result of arching in the embankment fill.
The load on the geosynthetic is assumed to be a
distributed load between adjacent pile caps and the
resultant deflected shape of the geosynthetic a parabola.
The tension in the geosynthetic, ignoring partial factors of
safety, is calculated using the following equation:

4. BS 8006 DESIGN METHOD
The method used in the current BS 8006, Code of
practice for strengthened/reinforced
soils and other fills
(1995) to design geosynthetics over piles was initially
developed by Jones et al. (1990), An assessment of the
degree of arching taking place in the embankment fill is
made using Marston’s formula for positive projecting
subsurface conduits (Spangler and Handy, 1973: Young
and O’Reilly, 1983). BS 8006 introduces a critical height
concept, Figure 11, with the critical height assumed to be
equal to 1.4(s – a ), where s is the pile spacing and a is
the width of the pile cap.
If the embankment height is below the critical height
Figure 1l(a), the load carried by the geosynthetic is the
embankment load reduced due to the arching in the
embankment fill plus any surcharge loading on the top of
the embankment..
For embankment heights greater than
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H

(2)

where w~ is the distributed load on the geosynthetic and
& is the strain in the geosynthetic.
w~ can be calculated
using one of the following expressions, depending on the
embankment height:
For H > 1.4(s - a)

1.4sy(s–
‘T

=

S2 –a2

a)

[1
z
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2
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Where y is the soil unit weight, w. is a uniformly
distributed surcharge loading, p; is the vertical stress
on the pile cap and o, ‘ is the average vertical stress at
the base of the embankment. p: /cJj can be calculated
using the following expression:
2

[1

P: _ Cca
———
o:
H

(5)

Where for the end bearing pile used in this study CC is
defined as:

Cc = 1.95~–
a
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Figure 14. Geosynthetic
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Figure 15. Geosynthetic

tension in 3D based on BS 8006.

Partial factors of safety have been omitted from the
above equations. No account is taken of the subsoil in
assessing the load to be carried by the geosynthetic.
BS 8006 recommends that the initial design strain
should be limited, for practical purposes, to less than
6%.
For comparison
purposes
the tension in the
geosynthetic was calculated for H/s ratios from 0.2 to
2.0 and a/s ratios from 0.2 to 0.8. The design strain
values used in Equation 2 were taken from both the 2D
and 3D FLAC analyses in Figure 12 and Figure 13,
The tensions determined
from the
respectively.
BS 8006 design method are presented in Figure 14 for
2D and Figure 15 for 3D.
A marked difference
was found between the
geosynthetic tensions calculated using BS 8006 and
those resulting from the FLAC analyses.
It was found that BS 8006 overestimated
the
geosynthetic tension for all geometries in 2D and
underestimated the tension in 3D. For als between
0.2 and 0.6 and with H/s between 0.6 and 1.4 the
BS 8006 geosynthetic
tensions were approximately
30% lower than the 3D FLAC analysis. For the other
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geometries the difference was larger. For values of
a/s less than 0.6 BS 8006 gave a negative tension
value. If the BS 8006 partial load factor for soil unit
weight is applied, all calculated geosynthetic tensions
are 30% higher.

5. RECOMMENDATIONS

FOR DESIGN

The analyses presented have been compared with
various design methods (Russell and Pierpoint, 1997).
The comparison showed that there is a reasonable
agreement with the Terzaghi (1943) and the Hewlett &
Randolph (1988) design methods.
The other design
methods used in the UK, BS 8006 (1995) and Guido
(1987), appear to give results that differ significantly
from the numerical analyses for some geometries. The
most appropriate design method is dependent on the
geometry of the particular piled embankment.
The major uncertainty is the vertical load that the
soft subsoil can carry in the long term without
producing excessive settlement, This is a very difficult
prediction
to make as the stiffness of the fill,
geosynthetic, piles and subsoil all contribute to the
distribution of stresses and therefore, displacement,
If
the subsoil contribution is overestimated then large
settlements of the surface of the embankment can result
(Azam et al, 1990). Currently the authors recommend
a conservative approach to design with the contribution
from the subsoil calculated based on the allowable
This
settlement at the surface of the embankment.
contribution may be negligible for high embankments
but can be significant for low embankments or lightly
loaded building floor slabs.
Research is underway to look at the role of the
subsoil in more detail and to provide recommendations
for design. In the mean time the use of numerical
analysis methods is strongly recommended.

5. CONCLUSIONS
A series of 2D and 3D numerical analyses have been
carried out to investigate the behaviour of piled
embankments.
The analyses show large differences
between the 2D and 3D cases. A 3D model is required
to accurately
model the wide range of piled
embankment geometries used in practice.
The 3D parametric
study has shown that the
minimum stress reduction ratio develops at an H Is
ratio of approximately 0.5. A significantly lower stress
reduction ratio is calculated in 2D analyses.
A comparison was made between the BS 8006
design method and the 2D and 3D FLAC analyses.
BS 8006 overestimated the geosynthetic tension when
compared with FLAC 2D and under estimated the
tension when compared with FLAC 3D.
Recommendations for design have been made. The
major uncertainty is the amount of vertical load that can
be resisted by the subsoil. Due to the current lack of
772-1998
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information,
the authors
recommend
a cautious
approach. For high embankments, the resistance from
the subsoil is likely to be a small proportion of the total
load, For lower embankments, or building slabs, the
subsoil resistance may be significant but must be
assessed with care to ensure that the long term surface
settlements meet construction specifications.
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ABSTRACT: A reinforced secondary road on the top of a 10 meter thick peat deposit has been constructed at the peat bog
of “Leteensuo” in the southern part of Finland. The secondary road contains three different reinforced test sections: two
geogrid reinforced and one geocell reinforced sections. This paper presents the description of the construction, field instrumentation and observations of the test sections. The bearing capacity and the settlement of the reinforced roads have been
analysed by manual calculation methods. After construction the calculations have been verified on the basis of field observations.
KEYWORDS:
1.
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INTRODUCTION

90

A secondary road (Y607) has been constructed on the top of
a peat surface using synthetic georeinforcements.
The road
forms a part of the Finnish Georeinforcement Research and
Development Project, which has been introduced by Friberg
et al. (1994).
The secondary road on the top of peat contains three different reinforced test sections: two geogrid reinforced and
one geocell reinforced sections. The situation of the test
sections is beside the Highway between Helsinki and Tampere at Leteensuo peat bog about 15 km to north-west of the
city of Hameenlinna. The private secondary road is constructed beside the highway at summer 1996.

2.

TEST SITE

2.1

Geology

In the middle of the peat deposit of Leteensuo the thickness
of peat layer is 9...10 m and the degree of humification of it
is medium (H4-6) or high (H7- 10), Figure 1. On the edges
of the deposit the degree of humification is high (H=von
Post classification). Under the peat layers there is 5...6 m of
clay on the top of glacial till. The level of ground water is
near the ground level.
2.2

Index Properties of the Peat

The index properties of the peat samples [water content (w),
density (y), ash content (Ac), acidity
(pH), void ratio (e) and
the degree of humification (H)] are presented in Figure 2 at
station number 244 (Figure 1).
The water content of the peat is about 500...1000% at the
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Figure 1. Profile of the secondary road at Leteensuo.

depth of 1...10 m and 300...50070
2.3

Strength and Deformation

at the depth of 0...1 m.
Parameters

of the Peat

The undrained shear strength of the peat has been determined by vane test (cu,) and fall-cone test (cuJ, Figure 2.
Drained and undrained triaxial tests with undisturbed peat
have been performed using standard triaxial apparatus. The
triaxial tests have been performed at a strain rate of 0,6 %/h
and with a~= 10...20 kpa. The strength and deformation parameters have been determined at strains E,= 1,6..15 7c. The
drained Young’s modulus varies between 380..150 kPa al
strains 1,6..15 70 at the depth of 0,8..1,0 m, between
360..100 kPa at the depth of 1,3..2,4 m and between 355..80
kpa at the depth of 3,1..5,3 m.
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thickness has been measured by ground penetrating radar
(GPR) survey after construction.
The LECA, Light Expanded Clay Aggregate, has been
used as a light-weight fill because of the expected large settlements of the road.

The undrained Young’s modulus varies between 580..140
kPa at strains 1,6..15 %. Cohesion varies between 0..4 kPa
and the angle of friction between 3..19°. The peat seems to
behave like a yield hardening material, without any rupture.
The strength properties of the peat have been determined
also by direct shear tests. One dimensional compression of
the peat has been studied by means of incremental loading
and constant rate of strain odeometer tests. The results of
those laboratory tests have been presented more comprehensive] y by Lojander et al. (1996).

The secondary road of Leteensuo contains two geogrid and
one .geocell reinforced test sections.
The reinforcements have been used to increase the bearing
capacity and to reduce the settlement differences of the
road. The road embankment has been constructed by the
Finnish National Road Administration of Hiime Region.
The geogrid or geocell reinforced structures are: 1xgeogrid+crushed gravel (Ch 90..200 and 680..750, Fig. 3a),
Geocell+LECA
(Ch 200..300, Fig. 3b) and 2xgeogrid+
LECA (Ch 590..680, Fig. 3c).
The test structures are illustrated as designed. The fulfilled
thicknesses of the aggregate layers were mainly higher than
designed. The fulfilled layer thicknesses at the instrumented
stations, 170, 240 and 650, are presented in the brackets in
Figure 3. The fulfilled layer thickness varies quite much at
the lxgrid and 2xgrid -structures. The layer thickness of the
geocell structure does not vary significantly. The layer
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MATERIALS

4.1

Aggregates

4.2

Geogrid Tensar SS30 (grid A) has been used at the bottom
of the test structures lxgrid+crushed
gravel and geocell+
LECA. Geogrid Tensar SR55 (grid B) has been used as a
vertical grid of the geocell structure. Geogrid Fortrac 35/2020 (grid C) has been used in the test structure 2xgrid+
LECA. The properties of the grids are presented in Table 2.
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OF THE TEST STRUCTURES

In the 1xgeogrid+crushed
gravel -structure there was used
crushed gravel with a grain size of O-65 mm as a bearing
layer. In the geocell structure the 500 mm high geocell was
filled with blown LECA with a grain size of 4-20 mm. In
the 2.geogrid+LECA
-structure there was used about 500
mm layer of LECA with a grain size of O-65mm. Over the
LECA there was a layer of crushed gravel as a bearing
layer. Uppermost there was surface layer of gravel (O16mm). The strength and deformation parameters of the aggregates are presented in Table 1.

TEST STRUCTURES

3.
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Table 1. Index, strength and deformation
aggregates.
Crushed gravel
O-65 mm
19,45

y. [kN/m’]

properties

of the

Table 2. Properties of the reinforcements.
Label

LECA
4-20 mm
2,99...3,07

LECA
0-65 mm
4,49,..4,81

43,8 ] O

44,5 I 2

44,5 I 2

Oclcc[”lkpal
Ed50[kPa]
Ed, [kPa]

42,610

40,0 I 2

40,0 I 2

9...26

11...13

14...16

47...143

56

Bb

551-b

50,5

JW$

g,~

E=216Yc
kN/m
7801535

10,1

9051650

7C

was put the base grid A or C. In the 1xgeogrid structure and
in the geocell structure the base grid was installed in the
longitudinal direction of the road except the 4 pieces of grid
in the 1xgeogrid structure. One of those pieces was instrumented with strain gauges. In the 2xgrid+LECA -structure
all grids were installed in transverse direction of the road.
Grid B in the geocell structure was cut to a width of 0,5 m.
The grid was installed vertically by wooden piles and nylon
cord in the transverse direction of the road, Between the
transverse grids there were installed other vertical grids.
The grids are connected to each other with iron bars. Vertical grids arc connected to base grid with cable ties, Fig. 3b.

CONSTRUCTION

5.1

kN/m
30/3oa

&,,,,l$

=

35120C
cc
36,6
11,4
3051230
a. Biaxially drawn
b. Uniaxidly drawn
c. Woven
a. and b. NetIon Limited (1984, 1995)
c. DIN 5387, preload 5mN/tex or ASTIM 1682/B52576
d. ISO/DIS 10319.2, Tested at Helsinki Univ. of Tech.

Polypropylene grid A is extruded biaxially drawn. Poly ethylene (HDPE)grid Bisextruded
uniaxially drawn. Polyester grid C is woven and coated with PVC. The weight of
grid A is 300 g/m’, grid B 500 g/m2 and grid C 210 g/m2.

5.
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strength
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F~~,d

Index

Installation of the Geogrids

All test structures have been built during May-July 1996 in
three sections. Over the Ievelled subsoil there was first put a
needlepunched nonwoven geotextile. Over the textile there
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Figure 3. Geogrid and geocell reinforced test structures: (a) 1 x geogrid + crushed gravel,
geogrid + LECA. The fulfilled layer thickness are presented in the brackets.
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5.2

Installation of the Aggregates

Horizontal
extensome~ers

Strain gauges

The installation of crushed gravel and LECA of the test
structures of Ixgrid and 2Xgrid+LECA was performed by
Iorryand excavation machine. Theinstallation
of LECAto
geocells was performed by blowing.
The precompaction of the aggregate layers was done by
the excavation machine with caterpillar tread. All test
structures have been compacted by a vibratory roller.
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Instruments

Peat

The test structures are extensively instrumented. The principles of the instrumentation are presented in Figure 4.
The instrumentation and control methods include: vertical
magnetic probe extensometers, horizontal hydrostatic profile gauges, settlement plates, horizontal extensometers,
strain gauges, plate load tests and falling weight deflectometer tests (FWD).

Vertical

Glacial

till

I-lgure 4. The principles of the instrumentation
structures.

(1$=0,45 m) and at the surface of the LECA 2 steel plates
($=0,30 m) for plate bearing tests.

Conference
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The vertical magnetic probe extensometers were installed at
stations 241,5 and 651,5 to measure the settlements of the
ground at different depths. An extensometer consists of ring
magnets sliding on a central access pipe and fixed in the
ground at preselected measuring levels. A special probe
travels within the access tube and observes the positions of
the magnets outside the tube.
To measure the settlements and the shape of the base of
the road embankment there were installed flexible PEHpipes for the horizontal hydrostatic profile gauges at the
peat surface at sex stations,
The horizontal extensometers were installed to stations 17 I
and 651 to measure the horizontal movements of the base of
the road embankment about 0,1...0,15 m above the surface
of the peat. The measuring units, precision potentiometers,
were installed at the centre line of the road and the anchor
plates were installed about 1,3 and 2,7 meters to the side
from the centre line of the road. When the anchor plate
moves the voltage of the potentiometer
changes. The
changes are converted to millimetres by a calibration factor
determined in laboratory.
The strain gauges were glued to grids to measure the
strains of the grids at stations 170, 240 and 650. The strain
cauges were glued to the elements of the grids. The measured strains are converted to tensions of the reinforcements
by a calibration factor determined in laboratory.
At the surface of peat there were installed 4 steel plates
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Figure 5. Calculated and measured settlement of the geocell
structure at station 240.

7.
7.1

RESULTS
Settlements

The settlements at the centre line of the test structures from
summer -96 to 8/97 are: 0,41 m at station 174, 0,51 m at
station 239..250 and 0,54 m at station 649. The settlements
are directly dependent on the thickness of the peat layer
(Figure 1). The measured settlements are quite near to the
manually calculated settlements during one year, Figure 5.
In this case it is really wise to use LECA as a light-weight
fill to keep the road surface over the peat surface. The surface of the 1xgeogrid+crushed gravel -structure is now, 1.5
years after construction, about at the same level as the peat
surface and in this situation the drainage of the road structure is very bad.
The settlements at different depths in the ground are not
illustrated in this article, but they equal quite well to ~he
precalculated deformation distribution.

7.2

El-modulus

The E,-modulus at the surface of the peat and LECA has
been measured at stations 170, 240, 650 and 700 in 7-8/96,
9/96 and 8/97. The E,-modulus was 2..5 MPa and 27..36
MPa. The E,-modulus of the road has been measured at the
surface by plate load and by FWD-tests, Table 4. The FWDtests have been made at intervals of 10 or 5 m about I m to
both sides from the centre line. By plate load and FWD-test
measured El-modulus are very near each other. Plate load
and FWD-tests in 7-8/96 were made before the installation
of the surface gravel (O- 16mm).
When looking at the results of the plate load and FWDtests one has to keep in mind that the El-modulus changes
very much at different stations along the road because of the
varying thickness of the embankment and the strength of the
peat layer. It can be seen from the Table 4 that the E2modulus of the structure 2xgeogrid+LECA
is increasing by
the time.
7.3

Strains and Tensions of the Georeinforcements

ment. About 2..4 months later when repeated the loading the
mobilised tension has been lower because of the installation
of the surface of the road and the strengthening of the peat
due to the consolidation.
7.4

The lorry loading of the test embankments has been made
almost immediately after the construction of the embank-

of the Surface of the Test Structures

The rutting and the deterioration in the form of potholes on
the surface of the test structures have been observed ocularly. The shape of the surface has also been measured by
the means of levelling. On the basis of the observations after 1 year of the construction there are mostly potholes on
the surface of the 1xgrid+crushed gravel -structure. On the
surface of the 2xgrid+LECA there are very few potholes but
on the surface of the geocell -structure there are more potholes. The most rutted test structures are the 1xgrid and
geocell -structures while the surface of the 2xgrid+LECA
has behaved better.

8.

The measuring results of the strain gauges have been converted to tensions by a calibration factor ignoring the potential effects of the creep of the synthetic geogrids and the
effects of the confining stress to the modulus of the grid.
The mobilised tension of the base grid of the 2xgeogrid+
LECA -structure is illustrated in Figure 6. The tandem-axle
with twin tyres is above the strain gauges. The axle-group
load of the lorry is approximately over 16 ton. In Figure (a)
there is a lorry laden with gravel on the middle of the embankment (Fig. c) and there is illustrated the total mobilised
tension of the grid (=tension before the loading + tension
caused by the lorry). In Figure (b) there are the changes of
the tension of the grid caused by the lorry on the embankment. In Figures (a) and (b) the continuous line illustrates
the case when both axles of the tandem-axle are loaded
(Fig. d). The dashed line illustrates the case when the whole
load is on one axle of the tandem-axle (Fig. e).
The loading with lorry was repeated with all test structures. The mobilised tension of the base grids was 4..5
kN/m in 1xgrid+crushed gravel, geocell+LECA and 2X geogrid+LECA -structures. The mobilised tension of the upper
grid of the 2xgeogrid+LECA
-structure was about 1..1,5
kN/m. The changes of the mobilised tension of the lower
edge of the ve~ica] grid of the geocell were about 3 kN/m.

Deterioration

ANALYSIS

BY MANUAL CALCULATION

The tension of the grid of the 1xgrid structure has been calculated using the methods presented by Giroud & Noiray
(198 1) and Houlsby & Jewell (1990). Both methods are for
a clay base but in the absence of a better method those are
used also for a peat base. In the calculations the next assumptions have been adopted: axle load 100 kN, number of
passes 10000, rut depth 150 mm and the shear strength of
the base 25 kPa.
When using the method of Giroud & Noiray the calculated
thickness of the embankment is 0,73 m and tension of the
base grid is 8 kN/m. When using the method of Houlsby &
Jewell the calculated thickness of the embankment is 0.77 m
and tension of the grid is 10 kN/m. The calculated thickness
of the road structure is a little bit bigger than the fulfilled
thickness (=0,6 m). The calculated tensions of the grid arc
about twice as big as the measured ones (4..5 kN/m) in the
1x,grid and 2xgrid -structures.
The method of Houlsby & Jewell is based on the combination of the bearing capacity of the clay subgrade and the
effect of the horizontal stresses in the fill/clay interface, The
method of Giroud & Noiray is concentrated to the tensioned
membrane effect and the bearing capacity of the clay subgrade. According to the theory of Houlsby & Jewell the tension of the grid is concentrated near the loading point while
in the theory of the tensioned membrane the tension is supposed to be distributed evenly to a very large area. When

Table 4. E,-modulus measured by plate load and FWD-tests at 7-8/96, 9/96 and 5/97.
FWD-tests,
Station
90...200
200...300
590...680

E2 , 9/96
17...69
14,.,83
38...75

Ez ,,,,.,.,
45
43
55

9/96

Plate load test, MPa, Ez .VC.,:C

MPa
Ez , 5/97

E, ,VC,.EC
, 5/97

7-8/96

9/96

8/97

34...95
28...95
40...93

58
55
69

36
49
50

53
67
68

49
65
89
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studying Figure 6 one can see that the tension is not very
largely distributed but the tension is concentrated quite near
the loading point.
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CONCLUSIONS

When constructing a road on a peat area there are two main
problems: the low bearing capacity of the peat and the large
settlements. The low bearing capacity can be increased and
the differences in settlements can be reduced by geogrids. In
the case of Leteensuo an adequate bearing capacity of the
road has been achieved by a moderate low embankment
with geogrids. One and a half years after the construction of
the test structures there are no significant differential settlements at the road surface.
The measured tensions of the base grids are about half of
the precalculated
ones with the methods presented by
Giroud & Noiray (1981) and Houlsby & Jewell (1990). The
distribution of the tension agrees quite well with the distribution assumed by the theory of Houlsby & Jewell. On the
basis of the test construction of Leteensuo it seems to be
possible to use both of the dimensioning methods of Giroud
& Noiray and Houlsby & Jewel] on the peat base.
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ABSTRACT
: The paper presents case study of design and construction of 1. 5m high embankment resting on 4m deep
soft marine clay subsoil layer. In order to ensure adequate initial factor of safety, it was found necessary to provide a
reinforcing fabric at the base of the fill and jute geotextile was successfully used for this purpose. Jute being biodegradable
the natural fibre fabric suffers loss of strength with time. In the present case, it was found that the post construction gain
in the undrained shear strength of the soft clay subsoil is adequate to compensate the loss in the strength of reinforcing
fabric after it is placed in the soil. Thus, the factor of safety always remains at the design level. Construction of the
embankment was completed in April 1996 and post construction monitoring showed the embankment performance to be
satisfactory.
KEYWORDS
1.0

: Jute geotextile,

Reinforcement,

Embankments.

INTRODUCTION

A major deepwater port was developed at Kakinada in
Andhra Pradesh, India and within the port area, a highway
network was under construction for transporting cargo from
ships to godowns. At the proposed location, subsoil is soft
clay upto 4m depth and water table is at about O.5m below
the ground level. The area gets submerged during high tide.
Highways constructed earlier faced many problems during
and after construction such as subsidence of the fill during
construction, excessive post construction settlements, lateral
spreading of fill material, etc. It was observed that
sometime as much as 30% of the fill sinks into the soft
subsoil during spreading of the fill, thus necessitating use
of larger quantities of costly granular fill material, pushing
up the cost of construction.
In order to mitigate the above problems,
various
alternatives were examined among which jute geotextile has
shown itself to be a promising one from performance as
well as cost considerations.
The use of geotextiles to
improve the perfomnance of embankments over soft subsoil
is an effective and well tried form of reinforced soil
construction. Geotextiles may be used to improve
i)

embankment
failure

stability

ii)

stability
against
foundation

against

slope

bearing

failure

capacity

through

iii)

allow controlled construction over very soft or
difficult foundation soils and make possible more
uniform settlement of the embtient.

iv)

act as separator between the embankment
and soft subsoil

v)

function as drainage blanket for draining of pore
water during consolidation.

material

Reinforcement on soft soil is most effective when placed at
or close to the foundation surface.
Factor of safety of embankment is usually at its lowest
during and immediately after construction and increases
thereafter. The increase is a function of the gain in strength
of the soft clay. Thus, reinforcement has to be effective
only for a short term, the duration depending on the
consolidation characteristics of the soft clay layer. In such
cases, long term durability of the geotextile reinforcement
is of secondary concern.
The reinforcement is needed essentially to improve
the
stability during construction phase and in the period of
consolidation during which the soil attains the required
The concept,
shown in fig (1) is given by
strength.
Jewell (1996) and forms the basis of design in the present
instance.

the
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I
1.2S

be 6.0 kN/m2 from in-situ vane shear tests, compression
index (CC) 0.225 and coefficient of consolidation
(c,)
2.0x107 m2/ sec.

r

WITH REINFORCING
FABRIC

1.2

Design Aspects

1~

Design of geotextile used for reinforcement is based on the
methodology given by Jewel (1996) and is as follows:

L

o

.

1.00

l____

_____

————

Height of fill (H) = 1. 5m
Unit weight (-y) = 16.6 kN/m3 ,
Angle of internal friction @ = 30°

WITHOUT
REINFORCING
FABRIC

0.75

Depth of foundation
Undrained cohesion

soil D = 4.0 m
~ = 6 kN/m2

END OF CONSTRUCTION

1

,

,

,

2

4

6

J

TIME : MONTHS

Thus vertical stress due to fill (uv) = 16.6 x 1.5 = 24.9
kNlm2.
Factor of safety (FS) against
unreinforced embankment.

Figure 1 : Variation in factor of safety of fill on sofi
ground, with and without reinforcing
fabric. Based on
Jewel (1996)

= CNC _ 6x3.14
—
yH 24.9

Nc = 3.14 in the unreinforced
The primary loading from an eznbardunent

is due to the self
weight of the embankment fill, which cam
horizontal
stresses in the fill , which in turn produce lateral forces
(i.e.) outward shear stresses. The resulting outward shear
stresses which act on the foundation surface reduce the
bearing capacity of the foundation
subsoil. Hence, the
primary role of the reinforcement is to resist the outward
shear stresses and relieve the foundation of the effect of
lateral forces, thereby increasing the allowable height of the
embankment.
A layer of reinforcement
placed in the
embankment would resist lateral displacemem by exerting
au inward shear stress on the foundation surface thus reduce
the lateral spreading of the foundation soil. Since the
geotextile is placed between the embardunent fill and the
subsoil, it also performs the function of separator thereby
eliminating the possibility of the soft subsoil squeezing
upward into the costly granular fill. This geotextile along
with a sand cushion
also acts as a drainage layer
facilitating
the escape
of pore
water
during
the
consolidation phase.
1.1

Properties

of Subsoil

The subsoil upto a depth of 4m from the ground level is
mairdy clay with occasioml mixture of sil~ sand . The
average liquid limit and plasticity index we~ 60 and 28
percent respectively. The soil in general was found to have
a natural moisture content ranging from 70 YCto 80% with
bulk density varying from 1.3 Mg/m3 to 1.45 Mg/m3.
Average undrained shear strength of the soil was found to
780-1998
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bearing

failure

for

the

= 0.75

state.

Thus, the bearing capacity
is not adequate
without
reinforcement at the base level. By providing a geotextile
reinforcement, the bearing capacity factor, NC increases to
7r+2=5.14
and

the factor

of safety

works

6 X 5.14
24.9
which is a satisfactory

out to

= 1.23

value.

The horizontal force to be resisted by tension in the fabric
is estimated as
Pa = K,71-P/2
.

0.33x 16.6x1.5x 1.5 —
6.16 kN/m
2

Hence, required design tension in the fabric = 6.16 kN/m
For a fabric having a tensile strength of 20 kN/m, the
factor of safety available is 3.2 and is thus adequate. Once
the embankment is in place, the soft clay consolidates and
improves in shear strength.
With an average c, = 2x10-7 mz/see, the time required for
90% consolidation works out to 205 days or about seven
months.

on Geosynthetics

.

Settlement was estimated to be the order of 175 to 200MM,
by using standard calculations.
,:..
Strength gain at the end of consolidation is of the order of
ASU = 0.18 X Au:
= 0.18 x 24.9 = 4.48 kPa
Average undrained mhesjon at the end of consolidation
would thus be of the order of (6.0 + 4.48) say 10 kpa.
Factor of safety of the embankment
at the end of
consolidation without any reinforcing fabric would thus be
FS

=

10”3”14 . 1.26
16.6” 1.5

which is satisfactory.

Thus the use of an even a relatively low strength geotextile
helps to maintain the factor of safety at an acceptable level
of 1.26.
At the end of 7 months, when the strength gain due to
consolidation has occurred, the increased shear strength of
the subsoil ensures the minimum required factor of safety.
The strength of fabric is no longer needed to provide
reinforcing effect.

3,0

CHOICE

OF FABRIC

In the preceding section, it was demonstrated that a fill can
be built on the soft clay by placing a geotextile fabric and
a low strength one is adequate.
A variety of such
from
petroproducts.
geotextiles
are manufactured
However, in certain areas of the world, natural fibres such
as jute, coir, sisal, kenaf are being increasingly studied and
evaluated
for use in various geotechnical
engineering
applications. The objective of such efforts is to make use of
desirable properties of above fibres, make a wider variety
of fabric products available for geotechnical engineers
where suitable use can be found and in some instances with
cost advantage, provided performance criteria are met. The
5th international
conference
on geosynthetics
held in
September 1994 in Singapore devoted a special session to
Natural Fibre Fabrics. This session has clearly impressed
the engineers with the potential of mtural fibre fabrics for
use in geotechnical engineering applications. These fabrics
compliment the range of applications of petrobased fabrics.
Since jute is available in India in abundance, a United
Nations
Development
Programme
(UNDP)
sponsored
project on the “Development
and Promotion
of Jute
Geotextile” is in progress in India covering the period
1992-1997. The Indian Jute Mills Association (IJMA) is the
coordinating agency for the project. Development of jute
and jute
based
geotextiles,
their
evaluation
and
characterization
and the use of such fabrics in full scale
experimental constructions form objectives of the project.
Efforts were concentrated on carrying out full scale field
experiments to demonstrate and evaluate the capabilities of
selected varieties of jute fabrics for use in surface erosion
control of slopes, draimge,
separation and to a limited
reinforcing function.
The fact that jute fabric is
extent,

biodegradable, with a limited life and deteriorates in a short
period of about two years was always kept in mind in the
planning and operation of the project and choice of
experimental
installations.
Full scale field experiments
covering these applications
have been implemented
at
different locations in India. Ramaswamy (1994) presents in
detail the application of jute geotextiles in erosion control,
drainage as well as reinforcement.
As explained in section 1 and shown in design in section
2, in the present instance, it is adequate if the reinforcing
function of the fabric is available for period of seven
months. The use of fabric has essentially helped in
overcoming problems in the placement of the fill and initial
low factor of safety. Thus, fabric with a limited Iiie can be
tried in this project and its performance evaluated by the
field trial. Accordingly, jute geotextile fabric having the
basic properties given in Table 1 was chosen for use in the
project.
Table 1 : Properties

of Jute Geotextile

S.NO

Property

Test Value

1

Thickness

3mm

2

Weight

750 gsm

3

Tensile Strength

20 kN/m

4

Elongation

30%

5

Puncture Resistance

350 N

6

Overlap length

30 cm

The woven jute geotextile
fabric was treated with
cuproammonium
sulphate to increase resistance of the
fabric to biodegradability.
Talukdar et al ( 1994) have
studied the influence of various chemicals such as copper
mphthemte
etc. with acrylic binder on the resistance to
microbial attack when buried in soil. The results were very
encouraging
and showed that jute fabrics treated with
selected chemicals have better resistance to microbial ar.tack
under conditions of burial in soil. Venkatappa Rao et al
(1994) have shown on the basis of a carefi,tl study that the
decrease in the narrow strip tensile strength of soil
embedded in soil and remaining in submerged condition is
only of the order of 35% after four months. Mohiuddin
(1994) provides data to indicate that in jute fabrics mated
with copper naphthenate and such other chemicals, the loss
of strength is retarded. Thus, it was reasomble to consider
that jute fabric used would serve the reinforcing function in
adequate measure, in the design life of 7 months.
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4.0

INSTALLATION

OF GEOTEXT’ILE

At present, jute geotextile being an experimental product is
available in roll width of O.75m only. Hence, fabrics were
stitched at site, using a portable stitching machine to obtain
the requisite width. The stitching opemtion was easy,
reliable and fast. Before spreading the geotextile, the site
was cleared of any extraneous materials and tree/plant
roots. A layer of sand 150 nun thick was spread to serve
as a levelling course. The geotextile was laid with its warp
direction (strong direction) parallel to the width of the
embankment. Top width of the embankment was 7. Om and
side slope 1 V1to 2hl. A trench of size 0.5 x 0.5m was dug
in the soil at either toe line of the embankment and along its
length . To provide anchorage, the geotextile was placed
in the trench. The trench was back filled with sand placed
in layers and compacted. The fabric was stretched manually
after spreading on the ground so as to render it free of
wrinkles and establish good contact with soil and fill. An
overlap of
O.30m was provided between two rolls of
geotextiles. After spreading the geotextile and anchoring it
along the edges, a sand cushion of 30 cm thick was placed
to protect the geotextile from damage due to moving
vehicles. Placing of fill upto the requisite height was done
by rear dumping
and spreading.
The fill was then
compacted by a 6 ton roller. Nearly 300 m of embankment
was built under the programme.
Consrrucaon
of the
embankment
was completed in April 1996. Settlements
were obsemed
subsequent
to the construction.
Simple
standpipe type settlement gauge was installed for this
purpose. It was found that the settlements conformed to the
estimated value. The physical condition of the fill and its
surface were ,monitored periodically and were found to be
satisfactory.
The cost of jute geotextile used in the project is of the order
of Rs. 18/- or US$ 0.50 and thus proved to be highly
economical compared to products based on petrochemicals,
which are costlier in India.

5.0

CONCLUSION

An embankment
was built on soft clay subsoil, using
geotextile as a reinforcing layer at the b~e. the geotexti~
was required to serve as reinforcing fabric for a period of
7 months only, Subsequently
the strength gain in the soft
clay was adequate to keep the embankment stable. The
performance of the fill was found satisfactory. The project
demonstrates that where site conditions enable the designer
to rely on reinforcing properties of geotextiles for a limited
. time period, it is possible to use mtural fibre geotextile in
such applications. This has the effect of finding suitable
range of conditions where mtural fibre based geotextile can
be used in geotechnical applications.
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PERFORMANCE
OF GEOTEXTILE REINFORCED
VERTICALLY DRAINED SOFT MUDS

EMBANKMENTS

ON

K.C. Yeo & J.W. Cowland
Geotechnical Engineering Office, Hong Kong
ABSTRACT:
Twenty kilometres of flood protection embankments have been constructed on soft muds in the north-west
of Hong Kong, using woven polyester geotextiles as basal reinforcement.
Prefabricated vertical drains were installed to
accelerate consolidation of the muds. An extensive instrumentation programme was carried out to monitor the performance
of the embankments.
This paper outlines the design and construction of the embankments. Typical instrumentation results
are given, and performance of the embankments are discussed.
KEYWORDS:

Case Study, Embankments,

Soft Soils, Geotextiles,

1 INTRODUCTION
The northwestern part of Hong Kong contains a broad
alluvial floodplain.
Development of this low-lying area
generally requires the construction of raised platforms.
Provision of major flood drainage is essential for land use
planning as flood discharges develop rapidly due to heavy
rainfall in the wet season.
A series of drainage channel projects are being carried out
in these areas to alleviate the flood problem and to

Pre-fabricated

Vertical Drains

improve the drainage systems. The case study presented in
this paper consisted of the construction of three drainage
channels of width 125m to 480m, and of lengths
3.2km(Contract A), 4.4krn(Contract B) & 2.31un(Contract
C) respectively.
Small embankments
4m high were
constructed on each side of these drainage channels over
an area which had been used extensively for fish farming,
with small bunds forming the boundaries of the ponds.
Figure 1 shows the location of the site.

Figure 1. Location of the Site
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2 GEOLOGY
The geology of the area comprises muds overlying older
alluvial sediments which rest on residual weathered rocks
of volcanic or meta-sedimentary origin. The stratigraphy of
the site can be categorised as follows:
Fill: generally granular in nature and exists in the bunds of
the fish pond area, with thickness varying from 1 to 3
metres.
Pond deposits: generally a very soft to soft dark brown to
dark grey silty clay exists at the bottom of the fish ponds
for a depth of 1 tol.5 metres.
Estuarine/Marine deposits: generally a very soft dark grey
to black silty to sandy clay with shell fragments, with
thickness from 2 to 8 metres.
Alluvial clay/silt:
genemlly a firm to stiff light grey to
pinkish brown with reddish brown mottled sandy silty clay
with varied depth.
Alluvial sand/gravel: generally a medium dense to dense
grey to brownish yellow/light grey silty/ gravelly sand with
varied depth,
The thickness of the alluvium was between 10 to 30
metres, It does not possess a uniform succession of strata,
but varies from location to location. The insitu materials
below the alluvial deposits are coarse tuff/gramodiorite.
Figure 2 shows the geology of the site.
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3 DESIGN AND CONSTRUCTION
The embankments were formed by filling on the existing
ground. For embankments constructed over soft muds, the
stability of the embankments
has been improved by a
combination of measures, i.e. installation of prefabricated
vertical
drains
(PVD),
application
of
geotextile
reinforcement, staged construction with wide berms and
partial removal of pond deposits. As the preconsolidation

Table 1. Geotechnical

I

Undrained Shear
Strength
Effective
Cohesion
;;:;::

Parameters for

‘ng’e ‘f

Preconsolidation Pressure

Su (kPa)

AlluviaI Clay

16

19

20

10

40

40

3

4

25

33

c’ (kPa)

4’ (Deg)

0

0

0

33

35

35

150-300

150-300

0.11-0.16

0,12-0,18

0,015-0.025

0.018-0.03

C./ (l+eO)

Analysis

Recompression Ratio

C,f (l+eO)

0.015-0.03

Conference

19

NC

Compression Ratio
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Alluvial Gravel

19

P: (l@a)

Settlement

Sixth International

Type of Deposit
Alluvial Silt Alhrvial Sand

Marine Deposit

0.15 -0.3
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pressure of the alluvium was generally higher than the
embankment load, most of the settlement occurred only in
the marine sediment. The soil parameters adopted for the
embankment design are summarised in Table 1. In general,
they are on the conservative side.

Design Parameters

Design Parameters

Unit Weight (kN/m3)
Short
Shear Strength
Term
Parameters
Long
Term

Figure 2. Geology of the Site

-

.

A typical cross section of the embankment, showing the
layout of the geotextiles, prefabricated vertical drains and
instrumentation,
is shown in Figure 3. The construction
adopted both “partial removal of pond deposits” and “no
excavation” approaches. The primary basal reinforcements
used were a layer of woven polyester geotextile (two
different brands) of characteristic strength of 800kN/m or
600kN/m. A second layer of woven polyester geotextiles
were used as a separator with characteristic strength of 400
kN/m or 200kN/m. Two different types of PVD (grooved
and spun core) were installed to a depth of approximately
15 metres through the marine deposits, to accelerate the
consolidation of the foundation soil.

HYDROSEEDINQ
\

They are simple to read and can be read from a station
which is remote from the work area with little interference
to the construction activity. However, they are not robust
and some of the piezometers
were damaged during
construction. A number of the pneumatic piezometers were
found to malfunction after installation, and yielded erratic
results. Therefore it is important to consider the use of
more than one type of piezometer for cross checking. For
future projects it would be advisable to install some
standpipe piezometers to supplement pneumatic piezometers
at selective locations for reference.

r

COPING
~ MANQROVE

Figure 3. Typical Section of the Embankment
4 INSTRUMENTATION

4.2

An extensive network of geotechnical instrumentation was
installed, to monitor ground deformation and groundwater
pressures during construction of the embankments.
More
than fifty cross-sections (at 100 metres interval) along the
embankments were monitored using pneumatic piezometers,
inclinometers
(with and without extensometers)
and
settlement plates, during and after construction.
pond
and
For
embankments
constructed
over

Inclinometers were installed to monitor the magnitude and
the rate of lateral movement of the foundation soils below
the embankment. Casing inclination data were provided in
two mutually perpendicular near-vertical planes. Horizontal
deformation of the transverse sections was of particular
interest as the behaviour of the embankment would be
assumed to be in plane strain.
Extensometers
were
used
in
conjunction
with
inclinometers to monitor the changing distance between two
to four positions beneath the vertical axis of a particular
section, i.e. vertical compression of the foundation soils.
Two different types of extensometers were used, i.e. spring
anchor extensometers
attached outside the inclinometer
casing, and flexible corrugated polyethylene
pipe with
induction coil rings where inclinometer casing was inserted
inside the pipe. As the accuracy of extensometers is only
10-20 mm. Settlement plates are a useful alternative.

estuarinelmarine
deposits, monitoring of the excess pore
water pressure dissipation within the mud was critical for
controlling the filling rate of the embankment. In addition,
there were fish ponds along both sides of the channels, and
lateral movement of the soft deposits may have damaged
the bunds of the fish ponds.
Thus it was important to
monitor this movement. It was also important to measure
the settlement of the mud over time, so that the timing of
laying the black top of the service road on the crown of the
embankment could be determined.

4.3
4.1

Inclinometers

and Extensometers

Settlement Plates

Piezometers

Pneumatic

piezometers

were widely used in this project.

Settlement plates were used to quantify the magnitude of
settlement of the embankments with time. Two types of
1998 Sixth International
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settlement plates were used, i.e. shallow settlement plates
and deep settlement plates. The shallow settlement plate
was a lm x lm steel plate welded to a hollow tube which
was extended with fill height, installed at the base of the
embankment before filling. The deep settlement plate was
a 110 mm diameter circular plate welded to an steel bar,
which was also extended, and installed at the base of the
soft deposits by drillhole. The settlement of the plates were
using
techniques
throughout
monitored
Suweying
construction.
The difference
between
the settlement
measured by the shallow and the deep settlement plates
represented the actual settlement of the layer of the soft
deposits at any time.
The accuracy of the plate settlement measurement using
conventional surveying equipment was found to be close to
millimetres.
5 TYPICAL

INSTRUMENTATION

RESULTS

A typical set of instrumentation results is shown in Figures
4 to 9. Figure 4 summarises the locations of all the
instrumentation.
The
fill level
was increased
to
approximately
4m at the crown in October 1995, as
indicated in Figure 5, and a typical set of piezometer
measurements shows that the excess pore pressure has built
up slowly, and then dissipated over the next three months,
as shown in Figure 6. This indicates that the prefabricated
vertical drains were working satisfactorily.
The ground
water re-established at a new level after that, and then
flutuated with seasonal changes.
Figure 7 shows the
increase in settlement, from the monitoring data of the
settlement plates, in response to the increase in pore water
pressure during the same period. The increase in settlement
reduced when the pore water pressure stabilised, and the

rate

of settlement

became

insignificant.

Figures

7 &

the settlement

monitoring

6 PERFORMANCE

OF EMBANKMENTS

The performance of the embankments has been assessed
from the monitored behaviour of the instrumentation,
The
fill level has reached a full height of approximately
4
metres. The excess pore water pressures within the marine
deposits have dissipated satisfactorily, with an undissipated
pore water pressure of only about 5-10 ld?a. In general, the
settlement
plates
have
provided
reasonably
good
information on the compression of the marine deposits.
The shallow and deep settlement plates indicated that the
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.T-I
I
L

SSP1(E)

E/lB

1A

\

5

FILL

SSP2(T)

.

-0.79mPD

I
--1--

PIS

-2.2mPD

u

PID

-4.2mPD

-Y

-

. -l,79mPD
- -3.29mPD

o
MARINE DEPOSITS

= P2S

-2. OmPD

0
P20

- -6.29mPD

-5

-4.OmPD

ALLUVIUM
– -lo
CDV
-15

-15.29mPD
–
LEGEND

-18.7mPD
– -20

:-

E - EXTENSOMETER
I - INCLINOMETER

-25

P - PIEZOMETER
SP

- SHALLOW

SETTLEMENT

PLATE

Figure 4. A Typical Instrumentation
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results at the crown (by
extensometers)
and at the berm (by settlement plates). The
total settlement which occurred at the crown of the
embankment was about 150mm, while the settlement which
occurred at the berm was about 70MM.
Two plots were employed for the interpretation
of
inclinometer
data. The ‘cumulative’ plot gave a more
graphic representation of the actual deformation pattern and
was most commonly used. The ‘change’ plot, which plots
the gradient of the ‘cumulative’ plot, accentuates
the
location of the deformation zone, which is useful to identify
the shear zone (squeezing) and its magnitude.
In general,
the shear deformation is expressed in degrees.
Figure 9
shows typical cumulative and shear deformation plots in the
transverse direction for the inclinometer at a typical section.
The plane on which the maximum shear strain occurred
was at about 2m below the existing ground level. From the
drilhole records, this level coincided with the location of
the interface between fill and marine deposits. The
magnitude of the maximum shear strain was less than 1
degree.
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settlement for the marine deposits at the embankment
crown was between 250mm to 350mm, depending on the
thickness of marine deposits, which ranged between 4m to
6m. At the berm of the embankment,
the settlement
measured by using extensometers was between 60mm to
150mm with thickness of the marine deposits ranged from
was
6m to 8m. In general, the rate of settlement
insignificant 4-6 months after the end of construction. The
inclinometer with extensometer was used to monitor the
horizontal and vertical deformation
of the ground at

selected locations.
At this site it was used to monitor
the lateral movement of the earth bunds adjacent to fish
ponds. It was found that squeezing of the marine deposits
underneath the embankment
occurred at the interface
between the stiffer alluvium and the marine deposits. In
general, the cumulative deformation ranged from 30mm to
100mm along the drainage channel. The maximum shear
deformation, in general, occurred at the interface of the
marine deposits and the alluvium, with a magnitude of
between 0.5° to 2°.
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7 COMPARISON

OF PERFORMANCE

To assess the effectiveness
of the performance of the
embankments, four cases of trial embankments on soft soil
foundations,
which
employed
similar
reinforcement
materials or had similar site conditions as Hong Kong, were

Table 2. Comparison

of Embankment

It is suggested that a way forward to improve the
economy, efficiency and effectiveness of the design of
embankments on soft soil foundations in Hong Kong is to
construct a trial embankment,
to define the critical
conditions, and to conduct back analyses, so that the design
parameters can be more accurately determined.

Performance
SoftClay

Case

ReinforcementMaterial

Su(kNlm2)

1986France
Test Embankment
1989 Canadian
Test Embankment
1982 Hong Kong
Deep Bay

Polyester
Woven 225/60
Polyester
Woven 216
Polyester Polypropylene
Woven 200/200

30 Const.

Depth (m)
24

30 Const.

10

5-10 Linearly Increase
Ratio 0.25

,2

1988 Malaysia

Trial Embankment
1995Hong Kong
DSD Contract A

HDPE Geogrid 80
HDPE Geogrid 110 x 2

14

5-10 Linearly Increase
Ratio 0.3
10

Polyester Woven 800/100

reviewed (Delmas, Ph. et al (1992), Rowe, R.K. et al
(1994), Cowland, J.W. et al (1997) & Malaysian Highway
Authority (1989)).
A comparison
of the performance
of these trial
embankments
and the Hong Kong embankment
are
summarised in Table 2. Although the reinforcement load
and strain in the Hong Kong embankments have not been
measured, the comparison does indicate that the design of
the geotextile reinforcement
for these flood protection
embankment was conservative.

8 CONCLUSIONS
The use of vertical drains in combination with basal
reinforcement
proved to be a cost-effective
means to
construct embankments over soft ground without removal
of the muds.
Both types of polyester woven reinforcement geotextiles
and the prefabricated
vertical drains that were used
They enhanced the short-tenu
performed satisfactorily.
stability of the embankments and accelerated the time of
consolidation of the muds.
Instrumentation plays a important role during construction
to ensure safety of the construction work, allow control of
the construction pace, and to provide data for measurement
of quantities.
The performance of the embankments was very much
better than the calculated performance assumed in design,
reflecting the conservatism in the choice of soil parameters.
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Berm

Fill Height (m)

Yes
(4.5m)
Yes
(3.5m)
Yes
(0.8m)

7
8.75 (failed)
4
8.2 (failed)

Rft. Strain
(%)
2.5

Rft. Load
(%)
50

PVD
No

2

No

35

9

No

No

6

5

40

Yes
(3m)

8.50

2

25x2

Yes (2m)

4

Yes (Not
Functioned)

Yes (Not
Functioned)
Yes
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ABSTRACT: In order to study the influence of some parameters, namely the embankment geometry and construction
sequence, on the geotechnical behaviour of reinforced embankments on soft soils, a numerical model based on the finite
element method is used. The settlements, horizontal displacements, stresses in the reinforcement (geosynthetic) and global
stability are analysed. Several conclusions are indicated.
KEYWORDS:
1
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Finite Element Analysis, Reinforcement,

INTRODUCTION

In this paper, the influence of two parameters - embankment
width and construction sequence (Fowler and Haliburton,
1980; Christopher and Holtz, 1985; Haliburton et al., 1982;
Koerner and Welsh, 1980; Ingold and Miller, 1988; Holtz,
1990) - is studied.
A numerical model based on the finite element method
(Borges, 1995) is used and, basically, its theoretical
hypotheses are: a) validity of the plane strain conditions; b)
coupled formulation of the flow and equilibrium equations
considering the constitutive relations (elasto-plastic models)
formulated
in effective
stresses (extension
of Biot’s
consolidation theory); this formulation is applied at any
phase of the problem, either during the embankment
construction or in the post-construction period; c) utilisation
of the critical states model [p,q,e] (Lewis and Schrefler,
1987; Borges, 1995) to simulate the constitutive behaviour
of the foundation and embankment soils; d) utilisation of a
model
to
simulate
the
hardening
elasto-plastic
<<instantaneous>>
constitutive
behaviour
of
the
reinforcements; e) simulation of the viscous behaviour of
the geosynthetics
(time-dependent
constitutive relations)
using a theological model based on the serial association of
Kelvin’s units; f) simulation of the constitutive behaviour of
interfaces
using
a hardening
the
soil-geosynthetic
elasto-plastic model.
These studies involve the numerical results of a reference
embankment, reinforced and unreinforced (analyses 1A and
1B, respectively). Firstly, the results of these cases are
compared to the results of other two cases (analyses 2A and
2B) which are similar to the first ones except to their width,
that is smaller. Secondly, having the purpose to verify the
influence of the way each embankment layer is constructed
(in this case, starting, or not, from its extremities to its
middle),
the results
of other
analysis
(3A)
are
introduced.

2

Settlement Analysis, Soft Soils.
DESCRIPTION

OF REFERENCE

PROBLEM

The analyses 1A and IB are similar except in the fact that
the first one has a reinforcement in the embankment base
and the second one does not. They model a 28 days
continuous construction of an embankment of 2 m height,
symmetric, with a final platform of 10.6 m width and slopes
inclined V/H=2/3. The foundation is a 5 m depth saturated
clay that lays on a rigid and permeable soil (lower boundary
of the problem). Figure 1 shows the finite elements mesh.
Only the 2D elements are represented; the geosynthetic and
the
soil-geosynthetic
interfaces
are
modulated
by
one-dimensional elements put between the foundation and
the embankment elements.
The embankment construction was simulated activating
successively
the elements
that form
the different
embankment layers. Four layers of 0.5 m were considered.
Total time of construction was 28 days (7 days by layer).

Figure 1. Finite element mesh
The constitutive relations of the embankment and of the
foundation
were simulated
using the critical
states
model [p,q,t3] with the parameters indicated in Table 1.
Tables 2 and 3 show other geotechnical properties and the
depth variation of the coefficient of earth pressure at rest,
~, and of the over-consolidation
ratio, OCR, in
the
foundation.
Figure 2 shows the mechanical
behaviour
of the
geosynthetic and soil-geosynthetic interfaces (elastoplastic
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models). The geosynthetic thickness is 2 mm and its elastic
modulus is 1.5x106 kPa. Normal and tangential stiffnesses
of the soil-reinforcement
interfaces are 2.OX107 kpa and
1.6x104 kpa, respectively.

Table 1. Parameters of the critical states model [p,q,t3] for
the foundation and the embankment
1
k
r
N
Foundation
Embankment

0.22
0.03

3.26
1.80

0.02
0.005

Table 2. Geotechnical properties
embankment
y (kN/m3)

of the foundation

INFLUENCE

OF EMBANKMENT

WIDTH

Because the 2D character of the problem, it is natural that
the alteration of the embankment geometry - namely the
embankment width - influences the behaviour, either in
terms of displacements or in terms of global stability.
To study this question two analyses were done (2A and
2B), which are, as said, similar to the reference analyses
(1A and lB), except to their width, that is smaller (see
Figure 3).

and the

v’

17
20

Foundation
Embankment

3.40
1.817

3

4’ r)
30
35

0.25
0.30

4=1
Table 3. Coefficient of earth pressure at rest, ~,
over-consolidation ratio, OCR, in the foundation
OCR
Depth (m)
%
o-1
1 -1.8
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geometry

Relatively to the geosynthetic traction forces, Figure 4
shows that their maximum values are similar (either at the
end of construction or at the end of consolidation) in the 1A
and 2A analyses, which shows that the maximum value of
the traction, as explained by Borges (1995), does not
significantly depend on the embankment width. Increasing
this parameter, only increases the area of the geosynthetic in
which the traction force has approximately a uniform value
(similar to the maximum one), in the middle zone of the
embankment base.
Relatively to the embankment settlements (Figure 5), one
can see that, in terms of decrease of maximum value of the
settlements due to the geosynthetic, this decrease can be
more effective in larger embankments.
However, the
influence
on the differential
settlements
under the
embankment platform can be observed in both cases. It is
interesting verify that the maximum settlement value
increases with the embankment width (different geometry of
the problem determines different stresses in the foundation
and, consequently, different maximum settlement value at
the end of the consolidation).
In terms of global stability, it should be noted that the
embankment
geometry, namely the b/h relation (see
Figure 6), influences the type of failure surface that can
occur, i.e., the probability of occurring a failure surface as
the one presented in Figure 6a (without cutting the
embankment and the reinforcement) is greater when the b/h
parameter has a small value. In this case the geosynthetic
does not directly contribute with its strength to the global
stability, so the embankment width can determine the role
of the reinforcement on failure mechanism.
Using

the

assumptions,

interface

Sixth International

Figure 3. Embankment

numerical
h

can

results
be

obtained

and
the

limit

equilibrium

failure

surfaces

Force
(IcfWm)

REINFORCEMENT FORCE
End of construction

concerning the four analysed cases. Figure 7 shows those
(cylindrical) surfaces and the respective global stability
coefficients, at the end of construction. These calculations
were done by a computer program that, in each analysed
cylindrical surface, compares acting and failure tangential
forces (obtained from the results of the numerical model
and the strength characteristics of the materials).
The results show that the increase of the global stability
due to the reinforcement (comparing 1A to lB and 2A to
2B) is less effective for small values of b/tt because failure
surfaces could be similar to the one represented
in
Figure 6a. It was the case of 2A analysis.
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4

INFLUENCE

OF CONSTRUCTION

global stability

SEQUENCE

To verify the influence of the way each embankment layer
is constructed (temporal and spatial evolution), the results
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Y

Time of each phase = 7 days
Time of embankment construction =28 days

3

a)

Time of each phase= 3.5 days
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8
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Time of embankment construction= 28 days
7

/

3
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/
2
b)

Figure 8. Embankment
b) analyses 3

construction

phases: a) analyses

1;

of other analysis (3A) are introduced. This analysis is
similar to the reference one, 1A, except in what concerns
the construction sequence of each layer (see Figure 8).
From the analysis of the numerical results, it can be
concluded that the most important alterations concern the
long time settlements (Figure 9a). These settlements are
significantly reduce in terms of maximum and differential
values.
The reason of that behaviour (Borges, 1995) is related to
the fact that, at the end of construction, the distribution of
excess pore pressures in the middle of the foundation
loaded zone is more uniform. This fact implies a decrease
of the shear strains in the foundation, which, consequently,
leads to the reduction of settlements (as seen in Figure 9a)
and of horizontal displacements,
as it can be seen, for
example, at the vertical line 3.2 meters distant from
symmetry line (Figure 9b).
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ABSTRACT:
Use of’ marginal, poorly draining backfill to construct reinforced soil structures offers significant advantages
for numerous applications. This paper reviews the issues associated with using such soils with an emphasis on the use of
permeable inclusions as a design alternative to provide internal drainage of the reinforced ~,one. Case
histories
for addressing both internal and external seepage problems are
demonstrating
the
successful
use
of permeable
inclusions
presented, Adverse conditions of excessive moisture and pore water pressures within the poorly draining backfill are
identified. Finally, preliminary guidance for reinforced soil structures using poorly draining backfills is provided to account
for these adverse conditions in their design,

KEYWORDS:
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Design, Seepage Control, Shear Strength, Drainage.

INTRODUCTION

Granular soils have been the preferred backfill material for
due to their high strength and
soil construction
ability to prevent development of pore water pressures.
Stringent specifications
regarding selection of granular
backfill are provided, for example, by the United States
FHWA guidelines (Elias and Christopher, 1996). However,
if granular fills were not readily available, or if substantial
cost benefits resulted from relaxing till specifications,
p{mrly draining soils (e.g. silty or clayey soils) have been
used in practice, In these cases, proper understanding of the
conditions leading to wetting of the fill and to the
development of pore water pressures is imperative for an
adequate design.
Although
marginal soils have been successfully
impermeable
reinforcements
(e.g.
re I nforced
using
metallic reinforcements),
geogrids, woven geotextiles,
failures have also been reported. These failures generally
occurred it’ the generation of pore pressures or seepage
related conditions were not correctly addressed during
design (Mitchell and Zornberg, 1995).
A promising
approach for design of reinforced
marginal soils is to promote lateral drainage in combination
with soil reinforcement. This may be achieved by using
geocomposites with in-plane drainage capabilities or thin
layers of granular soil in combination with the geosynthetic
reinforcements. This design approach may even lead to the
The
elimination
of external
drainage
requirements.
potential use of permeable inclusions to reinforce poorly
draining soils is well documented (e.g. Tatsuoka et al.,
reinforced

1990; Zornberg and Mitchell, 1994; Mitchell and Zornberg,
1995). The focus of this paper is on the implementation of
this technology by providing design guidance based on
experience gained in recent case histories. Emphasis is
placed on the identification of the adverse conditions that
may result in wetting and pore water pressure cieveloprnent
within the reinforced marginal fill.
This paper initially identifies the problems related to
the use of marginal soils and the potential use of permeable
inclusions as a design alternative. Next, experiences from
the technical literature and by the authors on recent case
histories are presented. Finally, preliminary guidance is
provided, considering the identified adverse conditions,
regarding the design of reinforced soil structure using
poorly draining backfills.

2

BACKGROUND

2.1

Reinforcing Poorly Draining Backfills: Identification of
Adverse Conditions

Significant problems are associated with the use of marginal
soils in reinforced
soil construction,
The use of
comparatively wet soils leads, for example, to construction
problems associated with compaction difficulties during
placement. However, the most serious concerns are related to
stability problems associated with the potential development
of pore water pressures or loss of strength due to wetting
within the reinforced fill mass. The following three adverse
conditions of pore water pressure generati(m and/or loss of
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due to wetting are of’ concern
poorly draining backtills (Fig. 1):

strength

when reinforcing

Coildition (a): Genera liott of pore water pressures within
the t-ei@rced ,fill, When fine grained, poorly draining
soils are used in reinforced soil construction (particularly
if’ placed wet of’ optimum moisture), excess pore water
pressure can develop during compaction, subsequent
loading, and surcharging,
The designer must then
account for these pore water pressures for the evaluations
ot’ stability and consolidation-induced
settlements.
Corlditio]l (b): Wetting ,jront advancing into the reinforced
,fill. This is the case for fills placed comparatively dry
(i e. no pore water pressure generation is expected during
construction).
However, loss of soil shear strength may
occur due to wetting of’ the backfill soils as a
consequence of’ post-construction
infiltration. This loss
(Jt’ strength due to wetting could be expected, even it’ no
positive pore water pressures are generated and no
seepage tlow configuration is established within the fill.
ComJitiotl ((): Seepage configuration established within the
t-eii!fhrced fill. Seepage tlow may occur within the
reinforced soil mass, for example, in the case of sliver
fills constructed on existing embankment side slopes and
cut slopes in which infiltration occurs from the adjacent
ground, Significant seepage forces may occur either
during rainy or spring thaw seasons. Water level
fluctuations and rapid draw down conditions can also
induce seepage forces in structures subjected to flooding
or constructed adjacent to or within bodies of’ water.
Seepage forces may also occur during ground wetting.
inducing an additional destabilizing effect to the loss in
shear strength described by Condition (b).

2.2

Poorly Draining Backfills:
Inclusions as Potential Design Alternative

Reinforcing

Permeable

Condi[ion (a): Pore water pressures generated during
construction within the reinforced poorly draining fill
could be dissipated if the geosynthetic inclusions are
used not only as reinforcements,
but also
drains. New applications In the use of geosynthetics for
stabilization
in land reclamation
projects could be
developed. For example, acceleration of’ drainage of
hydraulically dredged materials could be achieved,
Cmdition
(b)
A problem
frequently
reported
fc>r
embankments
of (unreinforced)
compacted
cohesive
soils is the development of surface tension cracks and the
subsequent loss of’ soil strength due to soaking. The
wetting front and development of surface tension cracks
have been observed
by the authors
and (~tller
investigators (Tatsuoka et al., 1990) to extend only down
to the region above the first geosynthetic layer. It’ the
reinforcement is permeable, water that might normally
accumulate in the crack can drain when the crack reaches
the first layer of reinforcement.
Condition (c): Permeable reinforcements
can prevent the
aS

lateral

development
of’ flow configurations
with destabilizing
seepage
forces within the embankment
fill, Internal
in roaci widening
drainage
is of particular
concern

projects, because of’ the potential water seepage from cut
slopes into the reinforced fill. Although the adverse
effect of seepage forces in engineered slopes could be
prevented by designing special drainage systems, a more
economical design alternative is to combine drainage and
reinforcement
capabilities
by
using
permeable
reinforcement elements.
In addition to addressing stability problems, the use of’
permeable
inclusions may also be of benefit during
construction. Wet soils typically must be dried to provide
desired compaction levels and associated design strengihs.
However, it has been verified
that
permeable
inclusions
(e.g. nonwoven geotextiles) help in the compaction of the

The potential benetits of using marginal soils to construct
steepened slopes are significant and include:
●

●

●

reduced cost of structures that would otherwise be
constructed with expensive select backfill;
ireproved performance of compacted clay structures that
would otherwise be constructed without reinforcements;
and
use of’ materials, such as nearly saturated cohesive soils
anti mine wastes. that would otherwise require disposal,

However, the significant benefits of using poorly
draining soils as backtill material can be realized only if a
proper design accounts for the three adverse conditions listed
in Section 2.1. The use of permeable reinforcements
is a
potential
conditions,

design

alternative

to

properly

handle

these

as follows:
Fig. 1. Different conditions of concern in reinforced
soil slopes using poorly draining backfills.
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fill both by allowing better distribution of’ the compaction
effort and by draining
excess
pore water pressure induced
during compaction (Indraratna et al., 199 l; Zornberg et al.,
1995 ). On several projects, water has even been observed
seeping out of the geotextile during compaction of such
soils placed wet
of’
optimum.
The most significant
Improvement in compaction has been reported for low
plasticity clayey and silty soils. Although some compaction
improvement
has been observed in plastic soils, the
intluence would not be nearly as significant. In either case,
drying may still be required to facilitate
placement
and
compaction,
especially
in very wet soils. Test pads are
recommended
to
determine
the
actual
placement
requirements
and compaction
improvements.
The increased
rate of settlement would also expedite the construction of

route SR54 due to the collapse of an abandoned railroad
tunnel. The traditional repair would have involved the
removal and replacement of the [5 m high embankment,
However, the native soil (a sandy clay of’ high moisture
content) was deemed unsuitable backfill due to potential
stability and settlement problems. Consequently, due to the
high cost of granular fill as replacement material(estimated
as $ 19.60/m3), the Pennsylvania
DOT decided to use
geosynthetics to provide both drainage and reinforcement
to the native soil used as till. The estimated cost savings are
$200,000 (based on an as built cost of’ $4/m~ for the nal.ive

l=== ‘“”8”
l=== ‘$

structures with a low tolerance for settlement (e.g. roads,
bridges and buildings) that may be supported by the
reinforceci structure.

\
3.

EXPERIENCE
POORLY

IN THE USE OF REINFORCED

DRAINING

2.5 m

1.5mlmlm

FILLS

Although there are no generally accepted design guidelines
for reinforced
soi I structures
using marginal soils, good
performance
in cases where the
has been observed

generation of pore water pressures within the fill was
mitigated. The observed performance of a 5.6 m high
experimental structure built using silt backfill in Rouen,
France is a good example (Perrier et al., 1986). Pore water
pressures were monitored within the silt backfill. The
structure consisted of’ sections reinforced with woven
geotextiles and a section reinforced with a composite
nonwoven/geogrid. Fig, 2 shows positive and negative pore
water pressures as a t’unction of time recorded at different
locations within the fill. The pressure sensor behind the
ret nfbrcetnent region recorded placement excess pore water
pressures of’ as much as 60 kPa at the end of construction.
Along the woven geotextile, 3.5 rn from the wall face,
positive pore water pressures on the order of 20 kPa were
registered at the end of’ construction and dissipated in 350
days. Along the composite geotextile, on the other hand,
negative pore water pressures were registered over the
entire length of the reinforcement, even at the end of
construction. The negative pore water pressure recorded for
the geocornposite most likely developed due to the ability
of’ the geosynthetic to maintain partial saturation in the soil
or to the unsaturated condition of the geosynthetic itself’.
Pore water pressures along the composite geotextile were
systematical Iy lower than those recorded along the woven
textile.
Permeable reinforcements were also used to control
pt~re water pressure during construction and to accelerate
part
of
the
consolidation
as
post-construction
reconstruction of’ an embankment in Pennsylvania (Wayne
et al,. 1996). A sink hole developed in a section of state
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Fig. 2. Pore water pressures
(u) in the Rouen
reinforced wall, along a woven and a nonwoven/geogrid
composite, within a silty backfill (redrawn after Perrier
et al., 1986).

soil plus the geotextile). Based cm the results of field tests
used to evaluate pore pressure response, a nonwoven
geotextile was selected to allow pore pressure dissipation
in the native soil, The geotextile, with an ultimate strength
of’ 16 kN/m, also provided reinforcement to the 1.5H: I V
side slopes, Placement of geotextiles at each compacted lift
(0.3 m spacing, i.e. O. 15 m drainage path), led to full
dissipation of pore water pressure within approximately 4
days, Only approximately 25% of the pore water pressures
were dissipated during the same time period in zones that
did not contain geosynthetics, Piezometers installed at the
base and middle of the slope confirmed the test pad results.
Fig. 3 ShOWS the development and subsequent dissipation
of pore pressure during and following construction of the
embankment. Geotextile deformations in the side slope
were monitored and t’ound to be less than the precision of
the gages (~ IYcstrain ).
There
is also ~[>od evidence
that permeable
(Teosynthetic
reinforcements can reduce the influence of’
e
external seepage behind the reinforced soil mass (e.g. in cut
slope applications).
Recent
centrifuge
model studies
evaluated the performance of unreinforced and reinforced
steep slopes constructed
with clay (Mahmud,
1997).
Seepage
was induced
into the reinforced
clay by
maintaining a constant water level at the back of the
structure, Measurement of pore pressure across the base of
the structure, indicated a lower phreatic surface if the slope
was
using
constructed
permeable
geosynthetic
reinforcements than if the slope was unreinforced (Fig. 4),
The use of permeable reinforcements
seepage problems was also demonstrated

draining backfills was provided by Tatsuoka et al. ( 1990)
and Mitchell and Zornberg ( 1995). However, practice has
led theory, and a consistent design methodology fbr design
of reinforced soil structures using poorly draining backfills
has not been developed yet.
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slopes, it involved the use of’ both a
e(~eotex[ile-reinforced
high modulus composite and a nonwoven geotextile, and it
soils
(decomposed
granite)
was constructed using indigenous
backfill material. Internal drainage was a design concern
because of the potential seepage from the fractured rock
mass into the reinforced till, and because of the potential
crushing ot’decomposed granite particles that was anticipated
to reduce the hydraulic conductivity of tbe fill, Widening of
the original road was achieved by converting the existing
2H: 1V unreinforced slope into a 1H: IV reinforced slope,
The final design adopted a high strength composite geotextile
in the lower half of’ the slope and a nonwoven geotextile in
the upper half. Pie~ometer measurements indicated that a
seepage flow configuration did not develop within the
reinforced soil mass even during the spring thaw, when
seepage water infiltrated from the backsl ope fractured rock
Into the reinforced fill,
Additional evidences that good structure performance
is dependent on maintaining a low water pressure in poorly
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which included one of’ the highest geotextile-reint’orced
slopes in the U. S. (Zornberg et al,, 1995), As part of a
project,
Highway
highway
widening
the
Federal
Administration
constructed
a permanent,
15.3 m high

eueotextile-reinforced
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Fig. 4. Centrifuge model results showing the elevation
of the phreatic surfaces for unreinforced and reinforced
slopes (Mahmud, 1997).

4.

DESIGN GUIDANCE

4. I

General Considerations

Good performance in reinforcing marginal soils depends on
accounting for excess pore water pressure development
within the fill material. Design criteria involved in the use
of reinforcement-drainage
geocornposites differ from those
developed for conventional soil reinforcement
applications.
A

total

stress

representative

analysis,

of placement

considering

conditions,

soil

parameters

usually has been

adopted in the analysis of impermeable
conventional
reinforcements, The design generally leads to the use of
reinforcements with a comparatively high tensile strength
to account for a low soil shear strength and the presence of
seepage forces. Reinforcement
embedment
length is
comparatively
large to account for reduced pullout
resistance. External drainage of’the rei nf’orced soil structure
has often been considered as part of the design to intercept
~{~rc)undw:lter at the back of the structure.
The general design philosophy for permeable inclusions
that is proposed in this paper is that transmissivity of the
~~~eosynthetic ]nclusion should be selected so that the
geosynthetic inclusions can carry the full in-plane flow
without developing positive pore water pressures along the
soil-reinforcement
interface, While it is also possible to
design fbr positive pore water pressures at the interface, such

geosynthetic layers during construction, especially if highly
plastic soils are used as backfill material. Considering the
difficulty in accurately evaluating the distribution of pore
water pressures generated during construction a two-phase
analysis is proposed. These analyses,
summarized
in
Table 1, are as follows:
i)

a design requires evaluations that are beyond the scope ot’
this paper. Consequently, the design procedure described

below is only for reinfcmced soil structures in which the
reinf(wcement transmissivity is conservatively selected so
that flow is not impeded within tbe geosyntbetic. The
proposed design methodology assu]mes no build up of excess
pore pressure within the permeable reinforcements.
Tbe analysis should account for the three adverse
conditions listed in Section 2. I in order to determine the
tensile strength and pullout requirements. The general design
phi Iosophy proposed herein is to consider a two-phase
evaluation:
Am(lj’si.s (i) in each adverse condition
the drainage

contribution

provided

4.2

specimens
should be prepared at representative
field
densities
and moisture
placement
conditions,
and
tested at these placement
conditions
under projectspeciflc
confining
pressures.
Although
the authors

is performed ignoring
by the reinforcements.

This is a total stress analysis which considers that stability
is mostly provided by the reinforcements with minimum
contribution ot’ the soil shear strength. Due to the
conservative nature of this assumption, a relatively low
design factor of safety is suggested.
AIIa/ysis (ii) in each adverse condition is performed
accountin: fully for the drainage contribution provided by
the reinforcements
(i.e. zero pore water pressure is
considered witbin the reinforced fill for analysis purposes).
Considering that no pore water pressures are assumed to
develop, this is an effective stress analysis. Design factors
of safety used in conventional engineering practice are
considered in this case.

for Condition
(a): Pore water Pressures
Generated within the Reinforced Fill

Designing

There is good evidence that geosynthetics
with adequate
transmissivity
and vertical spacing on the order of every
compaction
lift or every other compaction
lift (e.g. 200 to
300” mm) can dissipate
excess pore pressure along the

interface of the permeable inclusions during construction
(Bourdillon et al., 1977). However, excess pore water
pressures may develop within the soil mass between

Total stress analysis ignoring reinforcement
lateral
drainage. This analysis neglects the dissipation of pore
water pressures through the permeable inclusions to
provide a conservative estimate of the stability of the
structure at the end of construction. Considering the
short-term condition and the conservative assumptions
in this analysis, a thctor of safety of 1. I is
recommended.
This analysis determines
minimum
reinforcement requirements that will preclude collapse
during construction of tbe structure. That is, it provides
reinforcement requirements for a short-term situation
in which stability is provided mostly by the tensile
forces in the reinforcements
with only a minor
contribution by the undrained shear strength of the
backfill. The undrained soil shear strength of the
backfill for this analysis
should be based On
unconsolidated
undrained (UU) triaxial
tests, The

ii)

consider
testing under unsaturated
conditions
is an
fully
saturated
adequate
approach,
testing
under
additional
degree
~}f
represents
conditions
an
conservatism
that the designer
may consider
on a
project-specific
basis.
for full lateral
Effective
stress analysis
accounting

drainage by the reinforcement. Full drainage of the
reinforced fill is assumed for the long-term conditions.
This analysis provides
a realistic
long-term stability of the structure,

evaluation
because

of the

dissipation

of pore water pressures generated during construction
should
have
occurred
through
the permeable
inclusions. This analysis determines
the minimum
reinforcement
requirements
that wit I provide adequate
stability
under
long-term
conditions
foiiowing
of pore water pressures generated during
dissipation

construction of the structure. It is emphasized that the
transmissivity of the reinforcements should be selected
so that generation of pore water pressures is prevented
at the soil-reinforcement
interface. Typically, the soil
shear strength should be based on isotropically
consolidated undrained (CIU) triaxial tests performed
on saturated samples with pore pressure measurements
or on consolidated drained (CD) triaxial tests. The
long term design factor of safety typically required f{]r
reinforcement of granular fills (e.g. 1,3 to 1,5) should
be used in this analysis.
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Table 1. Summary

Condition

of Analyses

for Reinforced

Characteristics
Type of analysis:
Case:
Design Criteria:
Reinforcement
Transmissivity:
Soil shew strength:

b) Wetting ,frottt
advancitlg it}[0
reitIfiJrcd, fill

Type of analysis:
Case:

Design Criteria:
Reinforcement
Transmissivity:
Soil shear strength:

c) Seepage flow
cm&urutiort
cs~abiishd with itl
reir!f[~rcdfill

Soil Structures

with Poorly Draining

Backfills

Analysis i:
Ignoring lateral drainage
Total Stress
Generation of’pore pressures due
to short-term loads
FS= 1.1
Ignored in analysis

Analysis ii:
Accounting f orfull drainage
Effective Stress
Long-term drained condition due
to lateral drainage
FS=l.3tol.5
(*)
Conveys fully the tlow from
consolidation process

@and c from UU tests,
Specimen condition: as placed
Total Stress
Loss of shear strength due to
soaking

@’and c‘ from CIU or CD tests.
Specimen condition: saturated
Total Stress
Unsaturated condition
maintained due to permeable
reinforcements
FS=l.3tol,5
(*)
Prevents advancement of wetting
as defined by testing

FS=l. I
Ignored in analysis
@and c from CIU tests.
Specimen condition: saturated

@and c from CIU or CD tests.
Specimen condition: highest
anticipated moisture

Type of analysis:
Case:

Total Stress
Development
within fill

Design Criteria:
Reinforcement
Transmissivity:
Soil shear strength:

FS=l.1
Ignored in analysis

Effective Stress
Saturation of fill, without
development of seepage forces
due to permeable reinforcements
FS=l,3tol.5
(*)
Conveys fully the seepage
flowing into the backfill

of seepage forces

@and c from CIU tests.
Specimen condition: saturated

~’ and c‘ from CIU or CD tests,
Specimen condition: saturated

‘“]Design criteri~l for Analysis (ii) should be selected based on design guidelines for reinforced soil structures with granular backfill

The reinforcement tensile strength eventually selected
is the higher value obtained from analyses (i) and (ii).
Moreover, the minimum reinforcement length selected for
design should be the larger value defined from the two
analyses, Note that the analyses described above address
internal stability, However, the required length of the
reinforcement must also consider external stability of the
structure. External stability should consider the undrained
soil shear strength for the fill retained behind the reinforced
zone it’ it is to be constructed with similar marginal fill, For
cut slopes appropriate pore water pressure assumptions
should be made for tield conditions,
It should be noted that an effective stress analysis
could have been proposed to evaluate the short-term
stabi Iity of the structure, instead of the total stress Analysis
(i). An etlecti ve stress analysis
would
more accurately
account for the in-plane drainage
capacity
of the
increase in soil
~~eosynthetic and the corresponding
~
strength. Also, an effective stress analysis would facilitate
evaluation of the backfi II placement rate that would lead to
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an acceptable stability factor of’ safety during c(mstruction.
The dit’ficulty in this approach is the accurate determination
of the pore water pressures within the fill. They could be
estimated from direct measurements in field trials (e.g. lest
pads) or sealed laboratory specimens (one lift thick with a
geosynthetic on the bottom and top connected to drain
lines) subjected
to stress levels anticipated
during
construction.
Alternatively,
pore pressures
could be
theoretically
estimated
based
on
one-dimensional
consolidation theory and the assumption of full saturation
of the backfill material during construction. An evaluation
of this approach is beyond the scope of this paper.

4.3

Designing
for Condition
(b):
Advancing into the Reint’orced Fill

As loss of strength may occur because

Wetting

Front

of a wetting front
advancing
into
the
reinforced
fill
Geosynthetic
transmissivity requirements should be establ ished to avoid

advancement of’ wetting front for expected conditions. A
two-phase analysis is also proposed in this case. These
analyses, summarized in Table 1, are as follows:

slope). A two-phase analysis is also proposed in this case.
These analyses, summarized in Table 1, areas follows:
i)

I)

Total

stress analysis ignoring
the effect
of’ lateral
drainage
in preventing advancement of a wetting front.
This analysis is performed
using shear strength
properties of the reinforced soil mass defined using
saturated specimens. The results of this analysis
provide

a estimate

under an advancing
conservative
because

of the

stability

of the

structure

wetting front. This analysis is
fully
the backfill
is assumed

saturated, which should not occur in actual practice
because the wetting front is intercepted
by the
permeable reinforcements. Consequently, a factor of’
safety of 1, i is recommended
in this case. Water
pressure that may develop as water fills surface cracks
(induced
by desiccation,
freeze/thaw,
or slope
movements) should be accounted using boundary
water pressures in the analysis.
ii)

Total stress analysis accounting fbr the effect of lateral
drainage in preventing advancement
of a wetting front.

The total shear strength is defined from unsaturated
specimens prepared at the highest moisture anticipated
in the fill. Note that the total shear strength defined
from unsaturated specimens should be higher than the
effective shear strength of’ the fill. A total stress
analysis is considered in this case, instead of an
effective stress analysis, in order to account for the
beneficial effect of’ the negative pore water pressures
1n the unsaturated reinforced fill. The shear strength of
the reinforced fi 11 above the top reinforced layer
(which may become saturated) should be obtained
t’rom saturated specimens. This analysis provides a
realistic evaluation of the stability of the structure
because it accounts for the lateral drainage of the
geosynthetic

4.4

ii)

reinforcements.

for Condition (c): Seepage Configuration
Established within the Reinforced Fill

Designing

Post-construction
pore water pressures could be
e(>enerated by a seepage configuration developing within the
backfill material. Such a tlow configuration may develop
seasonally during rainy periods or during spring though. A
seepage configuration may also develop due to water level
subjected
to tlooding
or
fluctuations
in structures
constructed adjacent to or within bodies of water. Finally,
seepage forces could be induced by surface water
infiltration. The seepage contlguration can be determined
t’or an unreinforced
embankment
using tlow nets for
analysis. Transmissivity
requirements
in the
seepage
geosynthetlc
inc]usi~ns
:lt-e
such that each reinforcement
should convey fully the flow quantity it intercepts (as
estimated from a tlow net defined in an unreinforced

Total stress analysis
ignoring
reinforcement
This analysis considers
seepage
drainage.

lateral

forces
defined from a flow configuration that would develop
in an unreinforced slope. The results of this analysis
provide a conservative estimate of the stability of the
structure during a seasonal rapid configuration
of
seepage flow within the fill. The conservatism of this
analysis is because ( I) the backfill is assumed as fully
saturated, which may not occur in actual practice, and
(2) the seepage configuration does not account for the
lateral drainage provided
by the reinforcements.
Therefore, a relatively low factor of safety of 1, I is
recommended in this case (note that seepage forces are
considered in the analysis).
Effective
stress
analysis
accounting
for
till]
reinforcement lateral drainage. Full drainage of the
reinforced fill is assumed for the typical condition of
the structure.
This analysis provides
a realistic
evaluation of tbe long-term stability of the structure
because it accounts for the lateral drainage of the
geosynthetic reinforcements.
No seepage forces are
considered to develop within the reinforced fill if the
reinforcements provide adequate internal drainage.

As indicated, the transmissivity and number and location
of layers should be selected so that the geosynthetics have inplane drainage capacity to accommodate the full seepage
tlowing into the reinforced
fill. Otherwise.
external
c~roundwater
and
surface
water
control
systems
(e.g.
base
and
a
back drains and surface collectors) must be incorporated into
the design. The soil shear strength in the two analyses (total
and effective stresses) should be determined using saturated
samples in order to account for the potential loss of shear
strength under soaked conditions.

4.5 Reinforcement Requirements
Mechanical
and hydraulic
properties
that must be
for
alternative
reinforcement-drainage
characterized
geocomposite
systems include: tensile strength, pullout
and
four
resistance,
drainage,
filtration.
These
characteristics should be carefully evaluated and quantified
in order to assess the overall performance of the structures
under consideration, The evaluations include at least the
following considerations:
●

Tensile strength requirements
of the geosynthetic,
determined as indicated in Table 1, will be typically
higher for reinforcement
of marginal fills than
conventional
free draining material, Consideration
should be given to soil creep in the determination of
long-term design strength.
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●

●

●

5

Pullout resistance, which require special consideration
due to the potential development of pore water pressures
at the soil/reint’orcement interface and to the creep
potential ot’ cohesive soils. For the total stress analyses
in Table 1, total stress shear strength properties should
be used. For the effective stress analyses, effective shear
strength properties should be considered.
Transmissivity requirements should account for the
different conditions indicated in Table I (i.e. the tokd
flow induced by consolidation or seepage must be
accommodated without inducing positive pore water
pressures within the reinforcements). There is good
evidence that transmissivity values equivalent to those of
needlepunched nonwoven geotextiles are adequate to
freely drain cohesive type soil and dissipate excess pore
pressure along the ]nterface, provided spacing is onthe
order of every lift or every other lift of compacted soil
(e.g. Bourdi]lonetal.,
1977) .Theyshoul
dalsobehigh
enough to prevent advancement ot’a wetting front. Test
pads could be used to evaluate the suitability of selected
geosYnthetics, Increased transmissivity may be required
based on flow net analysis of externally induced seepage
(Condition c).
Filtration requirements needed to minimize clogging of
the ,geocomposite should also be evaluated. Design
guidance is provided in Holtz et al. ( 1997) and Koerner
(1994).

CONCLUSIONS

Marginal poorly draining backfill can be used to safely
construct reinforced steepened slopes provided internal and
external seepage forces have been accounted for in the
analysis. Adverse conditions include: (a) the generation of
pore water pressures within the reinforced fill (either
during construction or subsequent loading); (b) a wetting
front acivancing into the reinforced fill, which may cause
loss of soil shear strength in a fill initially placed in a
comparatively
dry condition; and (c) a seepage tlow
configuration established within the reinforced fill due to
seepage from the retained soil or fluctuations in the water
level for structures constructed adjacent to or within bodies
of water.
Reinforcements
with in-plane drainage capabilities
otfer a design alternative for mitigating these adverse
conditions, A two-phase analysis is proposed when using
permeable reinforcements to account for both short and
Iong-tertn conditions. Although the design approach is
supported by theoretical soil mechanics, it relies heavily on
field experience. Therefore, an element of conservatism is
inherently included in the proposed methods. Further
refinement of this guidance is being developed by the
authors in order to provide quantitative transmissivity
requirements
for the case of pore water pressures
cieveloped during construction.
Recommendations
are
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provided herein regarding the selection of soil shear
strength properties and design criteria for the analyses.
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ABSTRACT: Sabkha soils are well distributed over many parta of the world. Paved roads constructed on sabkha
terrains often suffer different classes of damage due to the low load-canying capacity of sabkha deposits, especially
when becoming wet. This calls for the improvement of sabkhas prior to any construction. An experimental program
was conducted to assess the performance of a problematic sabkha soil from eastern Saudi Arabia and to improve its
strength using ditTerent techniques. In this paper, the effkcta of chemical additive type, dry density, moisture content
and exposure conditions on the strength and deformation characteristics of the sabkha are presented. The results
indicated that the sabkha had an acute water sensitivity depicted by a complete loss of strength when the samples were
compacted at moisture contents other than the optimum value or when the sabkha was inundated with water. The
results also showed that cement and lime had a marginal effect on the strength of this sabkha while geotextile
si~lcantly
enhanced its load-bearing capacity.
KEYWORDS: Sabk@ Geotextile, Subgrade, Chemical Stabilization%Water sensitivity.
1

INTRODUCTION

Sabkha is originally an Arabic expression to describe
indefinitely saline flats that are underlain by sand, silt
and clay, and often encrusted with salt. It is an
equilibrium surface whose level is largely controlled by
the prevailing climatic and hydrological conditions
(Johnson et al. 1978). These soils are defined as the
subaerial evaporite flats that border partially landlocked
seas (called coastal sabkhas), or cover a number of
continental depressions (called inland or continental
sabkhas), both types usually form under hot and arid
climates; and are associated with shallow gronndwater
tables (A1-Amoudi 1995).
Sabkha is widely distributed in the Arabian Peninsula,
especially in the well-populated cities along the Arabian
Gulf and Red Sea coasts (A1-Amoudi et al. 1992). Along
the western and southwestern shores of the Arabian Gulf,
these soils are generally viewed as unconsolidated,
heterogeneous, layered or unlayered sediments, that are
Their outer
bathed in highly concentrated brines.
surfaces are generally composed of hydroscopic salts
which when dampened, can render the normally stable
surface crusts impassable. These characteristics make
the sabkha susceptible to collapse upon flooding.
Sabkha soils are not contined to the Arabian
Peninsula, but are well distributed over the globe with
various nomenclatures, and often highly bewildering
(Ellis 1973). Sabkha extends over many parts of the
Middle East, including Egypt, Sudan, Libya, Tunisi%

Algeria and Ethiopia.
Sabkha also exists in India,
Australi% Southern AfriQ Mexico as well as in
California, Utah and Texas in the USA (A1-Amoudi et
al. 1997).
1.1

Characteristics of Sabkha Soils

During the last two decades, with the upsurge in oil
prices, the Arabian Gulf countries have gone through a
spectacular phase of both industrirdization
and
urbanization. Inevitably, some of this construction was
located on sabkha flats and, therefore, several problems
developed in road construction, such as cracking,
ravening, formation of huge potholes and rutting
and Majidzadeh 1988), despite the fact that the
~~
A major
necessary precaution had been taken.
contributo~ factor is the very low bearing capacity of the
sabkha soil, which often leads to the formation of
depressions and excessive differential settlement (AlAmoudi et al, 1995), The stilcial layers of sabkha
deposits are well known for their generally low strength,
with SPT N-values of O to 8, rarely exceeding 10. In
addition, there are three other concerns when dealing
with sabkha soils (A1-Amoudi et al. 1995). Firstly, the
concentrated nature of sabkha brines, which is often four
to six times that of a seawater from the same vicinity,
can be drawn into the permeable layers of a construction
(such as a road) by capillary action and can recrystallize
therein, causing expansion and blistering at the surface.
secondly, the severe climatic conditions, under which
1998
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sabkha deposits usually develop, can contribute to the
instability of the sabkha soil by phase alteration. Lastly,
the mineral graina in the aabkha matrix are bonded
together by cements that are somewhat water-soluble,
such as halite, gypanhydrite andlor aragonite, thus
making the sabkha susceptible to collapse upon wetting.
These characteristics mean that sabkha soils do not
comply with routine design requirements, as neither
their bearing capacity nor compressibility meet normal
Constmctional practices (A1-Amoudi 1994). Such a
situation calls for the improvement of sabkha soil prior
to any constmction to avoid future problems. A recent
search of the literature (A1-Amoudi 1995) indicates that
techniques
(i.e.
lllitlly deep soil densitication
Vibroflotatiom vibroreplacemen~ dynamic compaction,
implemented
for
large-scale
etc.) have been
constructions, with varying degrees of success.
Chemical stabilization, using cement, lime and
emulsio~ did not bring a guaranteed improvement for
all types of sabkha (Aiban et al. 1996). Geotextiles have
also been used to stabilize sabkha soils in both
preliminmy laboratory studies and the field. Despite the
reported success achieved through the use of geotextiles
as a means of reinforcing the sabkha soil and/or drainage
control, practicality and durability remain the critical
factors (A1-Amoudi 1994). Presently, there is relatively
meager information on the usage of geotextile for
aggregate basdsubbases constructed over weak soils,
such as sabkha. Such applications are of great potential
to the construction indus~ in the Arabian Gulf and
elsewhere.
This research program was initiated when lime and
cement ftikd to stabilize a problematic “clayey” sabkha
soil. Therefore, gedextdes wem proposed to improve
the M&bearing capacity of this sabkha. Accordingly,
an experimental program was initiated to assess the
performance of sabkha soil with and without geotextde.
Although there are currently many parameters under
investigation, the paper reports the effect of density,
moisture content and exposure conditions (i.e. as-molded
vs. soaked) on the strength and deformation
characteristics of sabkha soils.

2

material passed ASTM # 4 sieve. The soil was thereafter
thoroughly mixm allowed to air dry and stored in
plastic drums until testing.
2.1

Geomorphology of the Sabkha

The sabkha surfhce was observed to be covered by noncrystallized, pure halite layer 3 to 4 cm thick. A layer of
brownish clay with anhydrite impurities was the second
layer in succession and had a thickness of 2 to 3 cm. A
band of anhydrite of about 6 to 7 cm thick was
encountered followed thereafter by dark brown clay that
had an apparent plasticity and contained some cubical
crystals of clear halite (sodium chloride). Thereafter, a
layer of halite cubes was encountered at a depth of 20 to
22 cm. The water table is shallow and was encountered
at the top of the halite layer which is only 20 cm below
the ground surface. Some air bubbles were observed
after excavation indicating the presence of artesian flow.
The sabkha layering is shown in Figure 1.

EXPERIMENTAL PROGRAM AND RESULTS
Figure 1. Layering characteristics of the sabkha.

The sabkha sample was retrieved from the gigantic ArRiyas sabkha in eastern Saudi Arabia.
The
characteristics of this sabkha have been described in
detail by A1-Amoudi et al. (1997) and Johnson et al.
(1978). The soil was collected to embody all the layers
up to the water table excluding the salt crust. Atler
being transported to the laborato~, the soil was spread
on plastic sheets for air drying and the lumped pieces
were broken down using plastic hammers until all the
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2.2

Sabkha Classification and Compaction

The USCS and AASHTO systems were used to chissifjJ
the sabkha soil.
In addition to water, the
characterization tests were conducted using sabkha brine
from the same vicinity. The grain-size distribution
curves are shown in Figure 2. The plastic limit values

that only the addition of 10% cement cq at best, double
the maximum unsoaked CBR value after 7 days of
curing. These additions reduced the water sensitivity of
the sablQ
but could not bring out significant
improvements as compared with other sabkhas where an
increase in the strength in excess of ten times has been
reported (Aiban et al. 1996; A1-Amoudi et al. 1995). It
was, therefore, decided to use geotextile to improve the
bearing capacity of this sabkha.
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2.3

Chemical Stabilization

The CBR results in Figure 3 indicate a complete loss of
strength when the samples were compacted on the wet
side of optimum at a moisture content corresponding to
95% of the yd-.
The complete strength loss calls fOr
stabilization of the sabkha prior to its usage. Different
percentages of porttand cement and lime were used to
increase the strength of the sabkha and improve its water
sensitivity, however, the improvements cannot be
considered significant. The results in Figure 4 reveal
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were 2 1°A and 28% when distilled water and sabkha
brine were used, respectively.
The corresponding
plasticity indices are 17.1’%and 13.4’XO.Based on the
sabkha brine results, the soil is classifkd as CL and A-6
according to the USCS and AASHTO systems,
respectively.
The modified Proctor (i.e. compaction) test (ASTM D
1557) was used to determine the maximum dry density
(~d -)
~d
optimum
moisture
content
(wA.
The
California-bearing ratio (CBR) test (ASTM D 1833) was
conducted for samples prepared at different moisture
contents to assess the moisture sensitivity of the sabkha.
The variation of the dry density and CBR values with the
molding moisture content is shown in Figure 3. The
CBR results clearly indicate the acute water sensitivity of
the sabkh, the as-molded CBR value could reach 64 on
the &y side of optimum while on the wet side of
optimw the CBR was as low as 3 only. In addition, the
CBR at the w@ was much lower than those at lower
moisture contents. Furthermore, the soaked CBR did not
exceed 2 regardless of the molding moisture content.
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Figure 3. Variations of dry density and CBR values with
molding moisture content for untreated sabkha.

2.4

Mold Fabrication

At present, relatively meager information has been
developed concerning the use of geotextiles as
reinforcement in aggregate bases or under foundations.
This is particularly true when using weak and
heterogeneous soils, such as sabkhas, as part of a
pavement layer system. The only documented laboratory
work on the use of geotextiles with sabkha soils is that of
Abduljauwad et al. (1994). However, the mold used in
their investigation was relatively small and had a
diameter of only 320 mm. In this experimental program,
a large-scale setup was fabricated at the University
central workshop to conduct “representative” tests on
sabkha soil reinforced with locally-produced geotextiles.
The setup consists of a stainless steel mold having a
diameter of 750 mm and a height of 350 mm with a wall
thickness of 6.4 mm. The mold rests on a square
stainless steel plate having the dimension of 1100 x 1100
mm and 16.5 mm in thickness, Stainless steel material
was used in the setup because of the chemical
aggressivity of the sabkha. To soak the samples, four
1998 Sixth International
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Figure 4. Variation of&y density and unsoaked CBR
values with moisture content for sabkha samples treated
with 100/0cement or lime.

holes were made in the lower portion of the mold which
were cmnected to the top reservoir containing the
soaking fluid. The bottom resemoir was provided to
maintain a cmstant water level when testing soaked
samples. The setup is schematically shown in Figure 5.

Upper
Water
Reservoir

#-T-)

Sample Preparation and Testing

The sabkha samples were prepared in the large-scale
mold as follows (Figure 5): First, a 20 mm layer of
coarse sand filter was laid in the molt thereafter, a layer
of geotextile was spread over the sand, which acted as a
separator between the sand filter and sabkha matrix
while allowing water to flow in an upward direction
when the sabkha samples were soaked. The sabkha soil
was mixed with the specific amount of water in a large
mixer, then a known weight of soil was placed in the
mold and compacted to tie required dry density using
the static compaction method by means of a large jack
which acted against a strong reaction beam. The soil
was compacted in three lifts of 70, 60 and 70 mm
thicknesses. The reinforcing layer of geotextile was
thereafter placed on top of the compacted sabkha soil
followed by a 62.5 mm thick layer of fine (O.15 to 4.76
mm in size) steel slag aggregate, which was pluviated to
its maximum density. The teehnical specifications of the
geotextile are summarized in Table 1. The geotextile is
a locally produced non-woven needle punched fabric
manufactured fmm polyester fibers.
So far, all testings of the geotextile-reinforced sabkha
were performed under static loading. A displacement
control loading was applied using an electrical motor
and the deformation rate was set at 1 mmhnin. The load
was applied on a stiff circular plate having a diameter of
125 mm and a thickness of 10 mm. The load was
measured using a load cell while the deformation was
measured using four LVDT’S mounted on top of the
loading plate.

~x

Aggregate
62.5mm
I

Lower
Water

....... ~

350mrn

Reservoir

&

T

2*J

I

20mm
1100mm
Figure 5. The experimental setup for the sabkha-geotextile system.
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Table 1. Technical specifications of the geotextile used as
reported by the mantiacturer.
unit
ALYAF400
Standard
Propelty
weight
Thickness under
2 kN/m2
Stip tensile stxength
(LOngitudinali
transverse)
Grab tensile strength
(Longitudinal
transverse)
Grab elongation
(Longitudinal/
transverse)
Cone penetration
Permeability, k

ASTM D5261
ASTMD5199

gmklnz
mm

400
4.5

DIN 53857

N

925/1650

the present sabkha soil more than the improvement
attained using cement or lime at a dosaee of 10’%bv
weight of the dry soil.

360
320

----

95% Density

—

90% Densirv

1

280

ASTM D4632

N

1025/1525
240

ASTM D4632

%

>80b80
-0

td

160

3

BS 6906-6
BTTG, UK

mm
dS

120

8.5
0.14

80
40

The loading plate was selected to be circular for many
reasons including: (1) to simulate tire imprints which
can be assumed circular for the majority of problems
(Yoder and Witczak 1975), (2) to allow direct
comparison with the California Bearing Ratio (CBR)
results due to the relative similarities in the two systems
since the CBR applies the load through a circular piston,
and finally (3) to enable Mum theoretical simulations
using both numerieal procedures and analytierd
calculations due to the existence of similar solutions for
axisymtnetric problems.
The loading plate was chosen to have a diameter of
125 mm so that a clearance of 312 nun (five times the
radius of the plate) from the sides of the mold can be
maintained. This was intended to avoid any boundary
interferenti from the sides of the mold. In addition,
there will be enough distance from the end of the
gedextde to provi& anchorage of the geotextile and thus
prevent failure due to pull out of the geotextile.
Figure 6 depicts the results for the specimens prepared
at 90V0and $JS~O of the maximum @ density (ydm) on
the dry side of optimum and tested under “soaked”
conditions, with and without the geotextile reinforcing
layer. The data therein indicates that the strength of the
system increased signifkantly when a geotextile layer
was introduced. The ultimate strength of the sample
without geotextile layer was 68 and 76 kgf at a
deformation of 30 mm for the samples prepared at 90
and 9SV0 of 7d-, respectively. When a geotextile layer
was incorporated in the system, the ultimate strength
increased to 248 and 265 kgf for the same deformation.
This corresponds to an improvement in the ultimate
strength of 365°A and 350’XOcompared to that of the
corresponding samples without any geotextile layer.
With an average improvement of about 357% the soilgeotextile systems suecessfdy improved the strength of

0
05101520253035

40

Deformation (mm)

Figure 6. Load deformation curves for soaked sabkha soil
with and without geotextile reinforcement.

It is worth mentioning that the two sets of loaddeformation curves for the 90 and 95’% relative
compaction are almost identical regardless of the
sabkha’s initial density or moisture eontent. This is
mainly ascribable to the fact that the strength of the
sabkha is completely lost upon soaking and, thus, the
soaked sabkha samples have the same strength.
However, the reinforcing geotextile layer improves the
Ioad-earsying capacity of the sabkha significantly
irrespective of its initial state. It is believed that the tine
slag aggregate and some other factors have an effect on
these results. It is the intention of the research team to
vruy the thickness of the fine slag aggregate and the
geotextile (type and properties) and investigate their
effects, in order to optimize the design of geotextilesabkba SySteI’l_IS.

3

CONCLUSIONS

This experimental program was conducted to compare
the intluence of chemieal additives and geotextile on the
load-cartying capacity of a clayey sabkha sod. The
results clearly indicated the acute water sensitivity of the
sabkha, as evideneed by the complete loss of strength
when the samples were prepared at moisture contents
other than the optimum value or when the sabkha was
soaked. The results also demonstrated the fact that
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chemical additives did not improve the strength
significantly even when 10°A cement or lime was added.
However, the use of gexwextile improved the kwdca@ng
capacity of the sabkha up to four times that
without geotextile. This was the case even for lower
The
&grees of compaction such as 90V0 of ‘fd -.
utilization of problematic sabkha sites seems to be
possible with the use of geotextil% a possibility where
other stabilization techniques failed.
In additi~ the fiture program will include testing of
cement-treated sabkha samples using the 750 mm mold.
This will allow a direct comparison between the
effectiveness of the chemical stabilization and geotextile.
The boundary conditions of the two sets will be identical
except for the treatment procedures. It should be clear
that the data presented in this paper does not directly
compare the chemical stabilization and the improvement
using geotextile, nevertheless, the results vividly
demonstrated the poor response of sabkha to chemical
stabilization.
On the other hand, the data clearly
indicates the significant improvement of the load-rig
capacity of the sahkha-geotextile system. Both
the CBR and loading in the large 750 mm mold simulate
a punching problem albeit with some variation in the
boundary conditions.
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Long-term Deformation of Reinforced Cohesive Soil Fills and Walls
M. Fukuoka
Dr., Public Works Research Center, Tokyo, Japan

ABSTRACT This paper describes a method of estimating long-term deformation of geosynthetic reinforcing walls or embankments mainlY
due to percolation of rainwater. The triaxial compression test commonly used for obtaining coeftlcient of linear deformation and Poisson’s ratio
cannot be used for gravel-mixed soil or unsaturated soil which change soil constants by percolation of rainwater, under low level stresses and
long-term loading tests. Moreover, uniform results are very difficult to obtain, because apparatuses differ from place to place and individual
errors in tests are large. It is rather common to construct reinforced walls and embankments in front of original slope, a large unreinforced part is
left. Deformation of the total stnscture is influenced by the deformation of the unreinforced part. Method of calculating deformation by use of
coefficient of linear deformation is presented by utilizing an actual example. Fhtally, the behavior of the surface on the reinforced part, which
‘gets high earth pressure by absorbing much rainwater, is analysed. Shear deformation in the reinforced part is presented.
KEYWORDS:
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Deformation, Testing, Walls, Soil deformation, Design

INTRODUCTION

The author presented a paper titled “Well Documented Case Study of
a Reinforced Soil Wall”, at the 5th International Conference of the
IGS In Singapore in 1994 with M. Itoh et al.(Itoh et al. 1992)
The backfill soil was a cohesive soil prevailing in the central region
of Japan’s mainland, and the reinforcement
was a polyethylene
geognd widely used in Japan.
‘llte purpose of this wall was to test applicability of cohesive soils for
reinforcing soil structures. The wall was 7.5m high and has a front
slope of 1 to 0.3. Geocomposite strips for drainage were inserted in
the fill. After completion of the fill, the wet season followed for about
5 months. Total amount of rainfall was about 400mm, which is about
30 percent of the annual rainfall.
Vertical and horizontal deformations at the shoulder were 880mm
and 374mm, respectively. Maximum pore water pressure in the fill
was 20 kPa. It is clear that the cause of major deformation is due to
the percolation of rainwater into the fill. Strain gages, extensometers,
pore water pressure meters, earth pressure cells, settlement plates,
horizontal displacement rods and deformation plates at the front wall
were installed in the test wall. Material tests for both soil and geognd
were conducted in the laboratory. As no such we] I documented records
like these were found, the author asked M. Itoh to translate the full
report into English.
It was distributed to the members of the IGS, who came to the
meeting room of the IS-Kyushu. The author hoped that this report be
used for cooperative research work aiming for forecasting long-term
behavior of reinforcing walls and embankments. The author has heen
studying this report from various angles of investigation. This paper
describes in part the results of this studies as such.

2

BEHAVIOR OF FILL PART WITH NO REINFORCEMENT

Figure I is the reinforced part of the test wall with instrumentation
layout. Table I is properties of geogrid. Figure 2 illustrates strain
versus tension of the geogrid. Table 2 gives soil properties.
Figure 3 illustrates the secticm of the test wall including both
reinforcing and non-reinforcing
parts. The area ratio between
reinforced and non-reinforced parts is 46 m’: 85 m]= 1:1.5 from F]g.3.

The area of non-reinforced part is very much larger compared with
that of reinforced part. Table 3 gives horizontal displacement of the
wall face and the boundary plane between reinforced
and nonreinforced parts. Horizontal elongation of the non-reinforced part is
much larger than that of the reinforced part at the upper portion of the
test wall. As stated above, the non-reinforced part of the fill is very
important upon discussing displacement of reinforcing walls. But
there were no monitoring systems here, because we were not aware of
the importance. The author could not help but use case records which
he gathered himself for the purpose of anafyzing the behavior of this
part. The non-reinforced part can be assumed as a backfill supported
by a kind of retaining wall. Regarding the reinforced part of the wall
as a common retaining wall, the unreinforced part is backfill. As the
reinforced part is massive and heavy, it has enough power of retaining
backtill. The face between the reinforced and unreinforced parts can
be regarded as a front face of the backfill. The inclination of the face
is 1:0.3. The author has about 50 well documented case records of
earth pressure measurement, some of which are described in the
references at the end of this paper, As the results of earth pressure
measurements, wall height and inclination of the back side of the
retaining wall are more important than other conditions like soil
properties
and method of compaction.
Therefore,
the author
determines sthe earth pressure coefficient based on the case records.
Some of the selected case records are described here. Finally, the earth
pressure coeftlcient is decided as 0.3. The earth pressure measurement
in the soil mass is terribly difficult. The author has several case
records now, and is hoping that a chance will come in the near
future. Figure 4 is a gravity concrete retaining wall. Three panel type
earth pressure gages, 2m in width,were installed to the back of the
wall. Figure 5 shows the earth pressure for 3 large concrete block
retaining walls. Coefficients of earth pressure K are described for
comparison. Distribution of earth pressure is not triangular. The panel
type earth pressure gages are insalled not only on the back face of the
retaining wall but also on the slope behind the backfill as shown in
Fig.6. Precision of the measurement can be checked by using those
gages surrounding the backfill. Coefficient of earth pressure is as low
as O.15, which is due to the thickness of the backfill and low energy of
compaction. A small-scale laboratory model test was conducted in
order to study the effect of backfill width. Sketch of the backtill and
test results are given in Fig. 7. The horizontal axis is the coefficient of
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earth pressure and vertical axis is the ratio between thickness and

height of the backfill (B/I-1). Inclination of the back face of the
retaining wall is 1:0.5. The coefficient of earth pressure decreases
remarkably in accordance with the decrease of the B/H, and becomes
nearly equal to the final value of the coet%cient of earth pressure with
the increase of the B/I-l larger than 0.5. Figure 8 illustrates the external
forces acting on the boundaries of the non-reinforced part. The weight
of the non-reinforced part is 1.463 MN/m. The earth pressure on the
boundary between reinforced and non-reinforced parts is 179 kN/m,
assuming the coeftlcient of earth pressure is 0.3. Reaction from the
original ground surface is calculated by the force polygon in the
figure. Normal and tangential components of the reaction and
mobilized angle of friction are obtained as shown in the figure. Using
Lagend:
Horizontaldisplacement gage
Dfonnation plate at the face
Settlement plate

H
D
S-L

Straingage for geogrid

.

cohesion c=48 kPa and friction angle # =25” from the triaxial
compression test, safety factor against sliding is computed. The factor
of safety is 6.2. As a matter of fact, such soil constants are too large.
Even when considering these conditions, such high factor of safety
sufficiently verifies that no sliding, deformation shall be caused.
Factor of safety against sliding increases with coefficients of earth
pressure higher than 0.3. The factor of safety against sliding decreases
with lower coefficient of earth pressure, but this part is absolutely
safe. Because the inclination of the original ground surface is gentle. If
the inclination is 45 °,the situation changes entirely. The non-reinforced
part moves out horizontally toward the surface of the wall as the fill
settles. There is a case example showing such a phenomenon.
Distribution of normal and shear stresses along the original ground
With
reinforcement
1

t’

No reinforcement
-1

M

Geogrid

Earth plessure

vu=

gage

Scale,m
0246
Figure 3 Cross section of the test wall.

I

Table 3. Horizontal dis Iacementof the wall face, boundarybetween
reinforced an1!unreinforcedparts, and elongationof reinforced
part.

D3~M5

1-“/D2

D]

H

v

J-52
0=,,

O

~
%
M2
Ml

‘-”-”->

J_ s]

14

May 8

Geogiid

Figure 1 Instrumentation layout.

Table 1 Geogrid properties

‘t/l

October

M9 M7 M3

M9 M7 M2

33

242 160 62

Watl face

23

Boundary,
reinforced
& non-reinforced
Elongationof reinforced part parts

15

16

8

20

4

154 73 17

17 16

88 87 45

Notes: May8 is date of

end of construction.
Gctober 7 is date of end of measurement.
M9,M7,M2 are reinforcing mats in Fig. 3.
Unit:rnm
How to read The watl face at M3 level moved 23mm during construction.
[t was moving through the rainy sesson,snd finally the arrsountof
movement reached 242mm. Movement
oftheboundasyof reinforced
and non-reinforced parts are 15mm (May 8) and 154mm
(Octoter 7). Accordingly, elongation of the reinforced
part is 23-15=8mm (May 8) and 62-17=45mm (October 7).

Opening dimensions:
110x22mm
Tension at failure
78kN/m
Elongation at maximum
17%
strength:
Material: Polyethylene
Strain(%)

Figure 2 Strain versus tension

for geogrid
y :14.67kN/~
8-

Table 2 Soil propefiies
clay 23.4~0
Grain size: sand 23.3%, sih 53.37.,
Natural water content: wn = 25.0%
Liquid limit: w,. = 54.6%
Plastic limit: w,= 26.8%
Maximum dry density: p ti.. = 1.48Mg/rd
Optimum water content: W.X= 26.4%
Angle of internal friction: # = 20.6°
Cohension: c = 42.2kPa

6 4 2 ‘o

Figure 4 Concrete gravity wall.
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7

Position

P] ,P2,P3:Panel type
earth pressure gage
N,S:Normal & tangential
components of earth pressure

s
47.0

8.4
16.2
20.2

Unit:kN/m

surface
is not uniform
or triangular
as shown in Fig. 6. Maximum
shearstressis about2 times largerthanthe averagevalue for this case.
Therefore, it is necessary to maintain a higher factor of safety to
prevent sliding movement. Figure 8 illustrates positions of mats M3,
M7 and M9. Records of horizontal displacement gages are indicated in

Table 3. Displacement of the surface between the reinforcing and nonreinforcing can be inferred by this table. The lengths of the dotted
lines in the figure are widths of the non-reinforced part. They are 2.4,
8.2, 12.9 m respectively. Assuming the strains are uniform along those
lines, those strains are calculated as shown in Table 4. Comparing
these values with strains at the tail ends of the mats measured by strain
gages, quite a neat coincidence was recognized. Vertical settlements
were measured by the settlement plates. The variation of those
thicknesses between two settlement plates are obtained. These
variations are calculated in the form of strain and described in Table 4.

Figure 5 Normal componentof earth pressureagainst largeconcrete
block walls.

Table 4. Variation of vertical and horizontal deformation in the form
of strain.
Horizontal strain
W. 18.4kN/m

Position
M9

Figures are normal
and tangential
compments of
eanh pzcssure
against a
panel typ
eanh pressure
gage, kPa

Ml
M3

1.19
0.89
0.7 I

5/8- 10/7
1.09
0.71
0.54

(Position)

26.0

1.3

Figure 6 Large concrete block retaining wall.

,:W,F?JJ

1
~

{(

Uh+Ll,)—

+

{(

Uh+U”)~

1
m

E
0,

E

20.8m

0.75
0.87
0.46
0.42

- 10I3 5/8- lof7
8.80
8.05
5.92
5.07
16.36
10.72
12.48
8.24

(Layer)

Eh=Q–

0.05
0.10
0.15
Coefficient of earth pressure

Figure 7 Relationship betwen thickness of backfill and earth pressure.

- 5/%
s4~ 55
53.54
S2-S3
51-52

As the forces on the boundary and weight of the backfill are
obtained, stress distribution is obtained by trial and error method. This
rough method of calculation may be suftlcient at this stage.
According to the author’s case records, earth pressure does not
change so much, if the retaining wall moves forward after the
completion of it.
Therefore, only horizontal strain in taking into account and the
changes of m and E areback-calculated using equations (1) and (2).

~, _

“o

- 5/8 -10/7
0,108
0.182
0.167

Vertical strain

+

cT,

}.....................(1)

+

Uh

}..

-.-

. . . . . . . . . . . . . . ..(’2)

The results are described in Table 5. m-values are ranging between
3.08-3.98, E-values between 0.45 ‘7.30 MPa. E-values before May
8 which had ranged between 2.46--7.30 MPa, decreased to 0.491.30 MPa at the end of the test on October 7. The reduction caused a
drop by 1/10 of original values.
We can realize how the increase of moisture content has a large
effect on soil constants. The wide variety of m and E values are
mainly due to the non-uniformity of soil kinds and distribution of
moisture content.

Table 5. Coefficient of linear deformation E and Poisson’s ratio I/m
in the non-reinforcing part.

g*~
5

t?=12°

Force PO(ygon

‘w
Figure 8 Unreinforced part of the test wall. Method of analyzing earth
pressure on the front wall and the back slope of the backfill.

Period

-Ion

- 5/8

5/8-

10/7

Level

M9

Ml

M3

M9

M7

M3

M9

M7

E:MPa

5,25

7.30

2.46

0.45

1.10

0.83

0.49

1,30

1.25

m

3,35

3.08

3.98

3.39

3.32

3.85

3.39

3.37

3.79
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BEHAVIOR OF FILL WITH REINFORCEMENT

3

4

There arealot ofmonitoring systemssetup inthe reinforced prsrtof
the wall. Twelve conventional earth pressure gages were installed. No.
1 and 12measum horizontal etihpressure orstmss.No.2,3,4 and No.
7,8,9 measure two-dimensional earth pressure, namely, horizontal,
vertical and shear stresses.No. 5,6,10 and 11 measure only vertical
stress. These were located behind the wall face. The other 8 gages
were located 1.5m behind the wall face. Table 6 describes
pressure andhorizontal strain 1.5mbehind the wall face.

earth

Table 6. Earth pressure near the front face of the wall.
NO.

I

12

I

7,8,9

5ia

7/1

10/20

Uh

2.2

4.4

5.2

5.1

Eh

45,6
11.1
+5.2
0.465

67,0
9.9
+5.35
0.800

77.5
5.5
-2.30
0.891

37.7
37.7
-22.7
0.710

40.5
34.3
+2.30
1.302

u“

79. I

112.7

116.0

37.7

74.4

Uh

21.8
-5.45
0.477

30.6
-5,35
1.043

14,6
-16.1
1.017

2.2
-7.85
1.106

1.7
-6.7
1.507

r

r
Eh

1.4

6/20

0“
Uh

2,3,4

5/16

NoEuv,ah, r :kPa ; [h:%
12+asth prwure cellwhichis b$tweeoD7 andD8,
7,&9_%arthPIW5.UR
ceik Which are tRIW&fI D5 sndD6,and
2,3,4+earttspswsurecells whicharebetweenD2 andD3 in Fig.1.
t and- signsof shearstressandcounterclcckwiseandclockwisedirections,respectively.
Rsinysa.son: 5/16-7/1

CONCLUS1ONS

1. A large deformation occurred by percolation of rain water, when a
geogrid reinforced test wall with cohesive soil backfill was exposed to
the wet season. Deformation of the wall is caused by reduction of soil
constants with increase of moisture content. The deformation of soil is
irreversible, and the elongated reinforcement caused by the soil
deformation is left intact. Therefore, a method of soil test for
measuring soil constants is needed. It is important to use a simple
laboratory test with no individual errors.
2. There are many cases where the triangular unreinforced part
comes behind the reinforced part. Effect of deformation on this part is
large to estimate total deformation of the wall. Method of estimating
such deformation by use of coefficient of linear deformation and
Poisson’s ratio is described.
3. Front face of a reinforced soil wall was exposed to percolation of
rainwater causing marked change in earth pressure.
This then caused major deformation, whereupon colossal permanent
deformation is caused in reinforcing material. Decrease of soil
constants may also induce this phenomenon and increase strain in the
reinforcement.
4. Shear strain in the reinforced part of the test wall increased with
amoubt of percolated rain.
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Looking at the table, earth pressure changes in wide range with the
lapse of time. The strain along the reinforcements are elongated in
accordance with the horizontal deformation of the soil. As this soil is
not eh.stic,this elongation is never recovered. Vertica] stress a. and e h
rapidly increase with the start of rainy season. Horizontal stress ah of
No. 7,8 and 9 increases gradually with time. Horizontal stress of No.
2, 3 and 4 is large in rainy season. Shear stress is low, and sometimes
changes their sign from plus to minus. Shear stress for No. 2, 3 and 4
is high in rainy season.
This paper deals with shear deformation of the fill by use of data
from horizontal displacement gages. Figure 9 illustrates distribution of
shear strain. Upper figures indicate the shear strains between May 8
and June 20, which is the first part of rainy season, and the lower
figures are that between June 20 to October 7, which is the main part
of rainy season with much rain. Shear strain in the main part of rainy
season is larger than that of the first part.

Unit:%

/===------

Legend: O : Points measured
Upper figure : shear strain before rainy season, between two points
Lower figure : shear strain during rainy season, marked with c.
Figure 9 Distribution of shear strain,at points marked with O
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Slopes - A New Approach
S. Anbahan Ariadurai
Research Student, Department of Textiles, UMIST, Manchester,

United Kingdom

Ian L. Whyte
Senior Lecturer, Department of Civil and Structural Engineering,

UMIST, Manchester,

United Kingdom

Prasad Potluri
Lecturer, Department of Textiles, UMIST, Manchester, United Kingdom
ABSTRACT: Reinforced ground structures using cohesive soils are difficult to design due to problems relating to
consolidation and poor internal drainage. Due to these inherent drawbacks cohesive soils are seldom used as fill materials in
reinforced embankments.
However, when a geotextile with good filtration and drainage properties is used as a
reinforcement, cohesive soils could be successfully used as back-fills in steep embankments. There are few instances of
need Ie-punched nonwoven fabrics, possessing superior hydraulic conductivity, have been used as reinforcements
in
embankments with back fills of cohesive soil. Non-woven textiles, however, are inferior in tensile properties when compared
with the woven textiles. In reinforcement applications, the primary quality required of the fabric is superior tensile
properties. Woven geotextiles, which have the required tensile properties, have not been tried as reinforcement for cohesive
soils because of their poor transmissivity. Owing to this draw back in woven geotextiles the amount of research done on the
transmissivity of woven geotextiles is minimal. By designing novel and innovative woven fabric structures it is possible to
increase the transmissivity of the woven geotextiles without sacrificing the tensile properties. This paper presents a new
approach that enables woven geotextiles to be designed with superior tensile properties and adequate transmissivity for use
as reinforcement in cohesive soil filled earth structures. A theoretical model, derived from the f~st principles, which predicts
the transmissivity values of woven geotextiles is discussed. Laboratory results ffom tests conducted on some woven
geotextiles substantiate the theoretical models and the data is presented.
Keywords - Geotextiles,

Woven Fabrics, Reinforcement,

Transmissivity,

INTRODUCTION

Tensile Strength

[n recent years, use of geosynthetics has become accepted
as a technically sound and cost-effective solution in solving
many geotechnical and environmental
problems. In the
construction of reinforced earth filled embankments, when
the in-situ soil is not suitable as a fill - cohesive soils such
as clay, it is usual to fill the structure with a suitable
imported granular material. With ever increasing cost in
material handling, use of readily available materials horn
the site is one of the best cost-effective options available.
However, use of cohesive soils as back-fill in steep
embankments has gained little acceptance due to their
inherent low permeability and excess pore water pressures.
Therefore, if geotextiles of adequate draining capacity and
tensile characteristics are developed and used with the insite cohesive materials
considerable
savings can be
achieved.

in this case was recompacted London Clay. Fabian (1990)
too has success fidly used needle-punched
nonwoven
geotextiles
to reinforce test embankments
built with
cohesive fills. However, there are no reports of woven
geotextiles being attempted as reinforcement for cohesive
soils. The main limitation of the currently available woven
geotextiles is their poor drainage capabilities. According to
the
United
Kingdom’s
Department
of
Transport
requirements, the design life for steep slopes is not less than
60 years if the slope is regarded as an earthwork or 120
years if the slope is regarded as a structure (Ingold 1994),
Strength and creep are vital properties to provide such a
long life; woven fabrics are capable of providing these
properties better than nonwovens or any other fabric type,
Thus, if the draining capacity of woven geotext iles is
considerably
improved, they would become the most
suitable geotextile material to reinforce a cohesive soilfilled structure.

A few case histories of test embankments with cohesive
soi I back fills employing needle-punched nonwoven fabrics
are reported (Tatsuoka et al. 1986, Ling et al., 1993).
Further, when the motorway M25, between Junctions 15
and 16 on the west side of London in the UK, was widened,
the embankment was reinforced with a combination of a
geogrid and a nonwoven geotextile (Leiper, 1995). The soil

In order to design woven geotextiles which have the
capacity to drain the estimated quantity of water a suitable
theoretical model is required. This paper presents a
geometrical model which can estimate the transmissivity of
woven fabrics. The model, which is validated by laboratory
results, is then used to engineer novel woven fabric
structures which give improved transmissivity.
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2

ESTIMATES

OF REQUIRED

DRAINAGE

A clay reinforced slope can act as a frictional fill in terms of
the effective critical state angle of shearing resistance,
provided any excess pore water pressures are rapidly
dissipated. The required drainage is a function of the soil
consolidation properties, geometry of the reinforcement
layers and excess pore water pressures generated by
construction. An estimate of the drainage is made using the
following assumptions: the clay is filly saturated, with
k = 10-8 IIlk,
and
permeability
compressibility
Mv = 0.25 m2/MN, subjected to a total normal stress
increase Au = 200 kN/m2 (equivalent to a basal layer in a
10 m high fill) with geotextile reinforcement drains at a
relatively wide spacing of 0.5 m and of length 7.5 m. The
clay layer between the reinforcement is assumed to be in
one dimensional consolidation, with the excess pore water
pressure isochrones modelled as a parabolic function. The
rate of discharge from the clay is given by the hydraulic
gradient (slope of the isochrone) at the clay surface.
At any time ‘t’ the total volume of water expelled from the
clay is equal to the settlement volume at that time:
V

=

2dL~~b~~RMvAa

(1)

at time:

t=

T, dz

(2)

c“
where, d = maximum drainage distance, LGT = length of
the geotextile, bGT = width of the geotextile, R = average
degree of consolidation,
Mv = coefficient of volume
compressibility, Acs = total stress increment, Tv = time
factor and Cv = coefficient of consolidation.
For the assumed values, the total volume of water
discharged per metre width by consolidation is 0.1875 m3.
Hence, 90% consolidation (O.169 m3 water) takes 3.7 hours.
The rate of discharge per square metre from the clay fill
(above and below the geotextile layer) is given by

(3)

The computations involved for calculating the required
transmissivity for the geotextiles are lengthy and complex
(Giroud, 1981). However, one dimensional consolidate ion
theory provides an indication as to the efllciency of these
drains. Accordingly, geotextiles placed at small vertical
spacing (0.5 m or less), can rapidly consolidate the clay and
dissipate excess pore water pressures. The total volume of
water is relatively small and the discharge rate diminishes
rapidly with time.
3

THEORIES

OF FLUID FLOW

Predicting the fluid flow through textile materials has
largely been studied with the help of the general theories of
fluid flow through porous media. In all of these theories, the
fluid flow is given as a function of the total pore space
available in the fabric mass and the specific area. However,
as the structure of woven fabrics are very different fi-om
other porous media, with two distinct drainage paths within the yarns and between the yarns - a need for a
specific theoretical model for woven fabrics was realised,
As a result, a theoretical model which predicts the in-plane
fluid flow in woven geotextiles is developed fi-om first
principles. This model is found to predict the flow of water
in woven fabrics more accurately than the available general
models for flow through porous media.
The Poiseuille equation for the average Iaminar flow
velocity through straight parallel capillary tubes of constant
circular cross-section is,
(4)

and hence

(5)

where, V is the velocity

of the fluid, Ap the pressure

difference, p the viscosity of the fluid, L the length of the
drainage medium, A the area of cross-section and R~ the
hydraulic radius.
When the Poiseuille’s equation is extended to non-circular

channels it becomes,
where, Q = rate of discharge and yW= unit weight of water.
From equation (3), the rate of discharge of water from the
soil when the isochrone reaches the centre of the clay layer
can be calculated to be less than 10-7 m3/s/m2, this occurs
approximately one hour after the assumed instant load
application. Clays typically have permeability of 10-7 mh or
less, often about 10-9 mh, and if permeable layers with
permeability of 104 m/s, or greater, are incorporated, then
these will act as effective drains.
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Q=

R: APA,
kp

(6)

L

where, A’ area of the pore space in the charnels and k
shape constant which depends on the shape of the channel.
However, the cross-sectional
area of the pores in the
channels is A&, where, E k the porosity. Therefore, equation
(6) can be written as,

Q.~~AE

(7]

Thus, if the hydraulic radius ~ of the woven fabric is
estimated, nom equation (7), the rate of discharge can be

calculated.
The hydraulic radius is defined as,
R, =

containing the axes of consecutive warp yarns.
However,
12 = p,(l + c,)
where, C2is the crimp in the weft yarn. Therefore,
Area of the weft yarn = bz p, (1 +

cross sectional area of the pore

(8)

wetted perimeter

When the flow of fluid through a woven fabric is
considered, it is clear that there exist pores between the
yarns and within the yams. As the structural parameters of
the two porous media are different, it is prudent to treat the
two separately.
The overall coefficient
of in-plane
permeability is then obtained by combining the two.

~+h(ai
-W+
1[b.

{[

2

=tp,

-

~‘b]

+

Wetted perimeter

,1.1

.—.,
_

‘

~~,

:)

(.

. —.–

1

.+.

;)’

bl

}

Therefore, Area of void between the yarns

b, (al

{[

—————
...—————

(13)

PI(1 + cI)]

=

R

I

(12)

c,)

Hence, Total area of solid

I

...-<

(11)

-b,)
+
1

[b2 p,(l + c2)1

(14)
1

of the pore= 2p1 + nbl + 2 l;

(15)

where, 12’ is the length of yarn in the partial geometry of
the Kemp’s race track section. Further,

‘
1~=1, -(a, -b,)

{----

(16)

I
Therefore, wetted perimeter of the pore

Figure 1. Cross-section
intersection unit

al‘-d
of two consecutive

=2p,

where. t is the thickness of the fabric,

(17)

bl(al–bl)

~+4(%4)
O+
1+[bpl
*2

tp,

~=

-

cZ)
I

{[
2p1 + nb, + ~,

(18)

(1+c2) - (al - b,)]

A similar treatment is done to find the rate of discharge
within the yams. Considering
circular cross-sectional
filaments, if the diameter of a single filament in a multifilament yam of race track geometrical shape is d~ , the
hydraulic radius for the flow within the yam is derived.
The porosity of the yam,

However, the area of solid in the cross-section=
area of the warp yarn + area of the weft yam

Area of the weft yarn = 12b2

-b,)]

Substituting (14) and (17) in (8) we get,

Figure 1 shows a cross-section of two consecutive yarns of
a woven fabric in a plane containing the axis of an
intersecting weft yarn. The yarns are considered to have the
Kemp’s race track sectional geometry (Kemp, 1958). If the
major diameter of the warp and weft yarns are ‘al’ and ‘az’
respectively, and the minor diameter of the warp and weft
yarns are ‘bl’ and ‘b2’ respectively and the distance between
the centre of two adjacent warp yarns is ‘p]’, we have,
total cross-sectional area between two
consecutive yarns = t x pl

nbf
Area of the warp yarn = —+
4

+nbl +2@1 (l+c2)-(a,

yarns in an

~

_ ~ _ Volume
Y–

(9)

(lo)

of filament

Total volume

yarns

of yarn

Considering racetrack geometry and unit length,

Total volume of warp yam=

xb:
—+
[ 4

where, 12 is the length of weft yarn between the planes
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Considering circular filaments,
Volume of filaments in warp yam=

where, (3 = hydraulic transmissivity, W = width of the
specimen, H = difference in total head across the specimen
and L = length of the specimen.

nd :
— n~
4

(25)
where nf is the number of filaments in the yam.
Therefore, porosity in yam

The total cross sectional area of the yam, considering

—
—

the

track sectional geometry,

race

nbz
~+

bl (al

- b,)

[ 4

1

Then the cross-sectional

(20)

area of the pore

+L(al
-bl)
1Ey

— 711J
[ 4

total wetted perimeter

(21)

where, kP = coefficient of in-plane permeability and t=
thickness of the geotextile.
In Figures 2 and 3, results obtained by the developed
theoretical model, indicated by the name UMIST, and other
general models are compared with the laboratory results
obtained at various normal stress levels. The hydraulic
transmissivity testing was performed in accordance with
ASTM D 4716 - 87 (ASTM, 1987). The distinctive
advantage of this model is its capability to predict the flow
in any composite structure which has a number of drainage
paths. Fabric C 1 is commercially available and M2 is a
fabric made in the laboratories
of the Department of
Textiles of UMIST. Two other fabrics, M 1 and M3, made
in the laboratory and a second commercial fabric C2 were
also tested for their transmissivity. In Table 2 is given the
specifications of all the five fabrics tested.
Table 2. Specifications
Fabr Weave
ic

= n d~ n~

Therefore,
nb2

R~=

b,(a,

- b,)

(23)

n~

If the geometrical parameters of the fabric and the yam are
known, the hydraulic radius of the inter-yam and the intrayam porous media can be calculated using equations (18)
and (23) respectively. Thus, the rate of discharge between
the yams and within the yams can be calculated using
equation (7) if the appropriate shape constants and the
porosity values are known. It is assumed that the shape of
the pore within the yams is of an equilateral triangle and inbetween the yams a rectangular triangle. Therefore, the
respective shape constants are 1.67 and 1.63 (Munson et al,
1990). Once the rate of discharge is known the coefilcient
in-plane
permeability
and
subsequently
the
of
transmissivity of the fabric can be estimated using the
equations (24) and (25).
~=QL

(24)
WH
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Area
density

Thickness **

ends picks warp
/cm /cm

weft (g/m*)

(mm)

2200

220

1202

1.70

Ml

Plain

4,6

3.33

M2

Matt

4.254.27

2200

220

1160

1.66

M3

* Double

4.722.36

2200

220

2139

3.60

Cl

Twill

4.005.14

337

330

297

0.93

C2

Plain

5.91 9.84

228

108 224

0.83

E,

[ 4

n df

Fabric sett Yam count
(tex)

(22)

where, nf is the number of filaments in the yam.

‘+ 1

of the fabrics tested.
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* The count, and the sett correspond to both face and back fabrics
individually. ** Thickness at 2 kN/m2 stress level.

4

A NOVEL WOVEN FABRIC

A novel woven fabric which incorporates porous tubes in its
structure is designed to enhance the drainage property of the
woven geotextile without sacrificing its tensile properties,
In this fabric two sets of fabrics are woven on top of one
another with a tubular structure, into which the porous tubes
are inter woven. The whole composite fabric is woven on a
shuttle loom. The laboratory transmissivity results obtained
are presented in Figure 4 along with the results obtained for
fabrics Ml, M2 and M3 developed at the laboratory of
UMIST.
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TENSILE PROPERTIES

5

drain for compressive stresses of less than about 1 MPa
to a 50 m high embankment). From Figure 4,
where the transmissivity of the geotextiles at various stress
levels are indicated, it is clear that the innovative geotext iIe
M4 possesses a transmissivity value that is 100-1000 times
higher than the transmissivity value predicted by G iroud.
Further, tlom the results given in Figure 4 it can be deduced
that with suitable geotechnical designs even geotext iles M I
and M3 can successfully
be used as reinforcement
geotextiles functioning as drains in clayey soils. Although
the cost of these fabrics are higher than the fabrics available
in the market, preliminary cost calculations suggest that the
savings obtained by the use of in-site soils over imported
material will override the fabric cost.
The theoretical model presented in this paper does not take
into consideration the fact that soil particles can partially fill
the pores in the fabric structure. It is envisaged to study this
effect in future research. However, the transmissivity of the
novel fabric M4 is sufficiently high to take into account any
partial blockage that may occur.
(equivalent

Tensile behaviour of the fabrics are of great importance
when the geotextile is to be used for reinforcement
applications. One of the most critical property is the tensile
stiffness, which must be as high as possible to avoid any
undesirable
deformations
and movements
in the soil
structure. Therefore, during the design and manufacturing
of the geotextile fabric carefid consideration was given to
keep the warp crimp to a feasible minimum level. For
typical
slopes a maximum
allowable
reinforcement
elongation of 5°/0 will result in outward face deflections of
no greater than 100 to 150 mm (Jewel, 1996). From the
estimated initial load - strain curve shown in Figure 5, it is
clear that the maximum strain levels in all the designed
fabrics are within the permissible levels.
.t. .V

500

400

~
~
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Figure 5. Estimated initial load - strain relationship
fabrics Ml, M2 and M3

6

DISCUSSION

of

AND CONCLUSIONS

From Figure 2 and 3 it is apparent that the proposed
theoretical model for the flow of water in the plane of the

woven fabrics is fairly accurate in predicting the actual flow
levels compared to the other general theories of flow in
porous media. Although the prediction at lower stress levels
is comparatively fhrther from the actual values, at higher
stress levels, which are the stress levels encountered in the
field, the predictions are reasonably accurate. Tests done on
other three fabrics also follow a similar trend. However, for
fabric M3, the predictions at lower levels are comparatively
away from the measured values. Nevertheless, at 150 kPa
and beyond, the predictions are similar to the other fabrics.
G iroud considered a geotextile
basal drain to an
embankment and calculated that a transmissivity of 3.1 x
10-7 mzls allowed the geotextile to effectively work as a
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ABSTRACT:
The use of geosynthetics in soil reinforcement applications has been increasingly popular in recent years.
Geosynthetic reinforced soil walls are commonly backfdled with clean sand. In regions where clean sand is not cheaply
and easily available, a cost-effective design of the wall is to use locally available soil, that may not be free draining. As a
result, the designs of reinforced slopes and walls have to take into consideration of the probable build-up of excess pore
water pressures, especially during rainy seasons. In recent years, effort is focused on the development of geosynthetic
material that can perform not only reinforcement functions but act as a drainage medium as well. Such soil-reinforcement
material can rapidly drain off excess pore water to maintain the stability of the system. This paper reports a series of large
scale pullout tests in locally available residual soil which is poorly draining.

KEYWORDS: Geotextile, Reinforcement, Pullout tests, Drainage, Deformation.
1

INTRODUCTION

The growth of the petrochemical industries in the recent
years has led to the development of numerous synthetic
products for various geotechnical engineering purposes.
One of the many applications is the use of such materials
for reinforcement
purposes. This includes using
geosynthetic products for slope stabilisation, erosion
control, reinforcement of steep slopes as well as
construction of vertical earth walls, The use of
geosynthetics
for soil reinforcement
applications,
especially, depends on the characteristics of the soilgeosynthetic interface which, in turn, is dependent on the
effective stress at the interface. When granular material is
used as the bacldll material, the effective stress at the
interface is more stable due to the unlikelihood of build-up
of excess pore water pressure.
Granular backtll, however, may not be easily and
cheaply available in many areas, especially in Southeast
Asian regions. Under such circumstances, the more cost
effective way of constructing reinforced earth walls would
be to use the locally available residual soil which is
lateritic in nature. Lateritic soils are cohesive-frictional
soils but they are not free draining in nature. The soil
strength is also dependent on its in-situ water content and
soaking may lead to a drastic reduction in the expected
strength of such material (Bergado et al. 1993), There is an
impending threat of build-up of excess pore water pressure

at the soil-geosynthetic interface during heavy raining
seasons, leading to the possibility of instability of the soil
mass. Hence, in order to effectively use such material as
baclciill for reinforced soil system, the geosynthetic used
must have the dual function of reinforcing the soil mass
and, at the same time, drain away pore water in the soil
mass. The essential design criteria for such system were
outlined in Chew and Loke (1996).

2

PULLOUT

2.1

Test Apparatus

TESTS

The Department of Civil Engineering at National
University of Singapore (NUS) has developed a large scale
pullout apparatus capable of performing large scale pullout
tests on geosynthetic material of various cofilgurations.
Recommendations from Farrag et al. (1993) were studied
extensively and used as guidelines in the development of
the pullout apparatus at NUS. The apparatus measured 1.5
m in length, 1.5 m in width and provides for 30 cm of soil
sample to be placed below and on top of the geosynthetic
specimen to be tested. Horizontal sleeve plates are provided
at the front wall of the pullout apparatus to eliminate
boundary effects due to the front wall. The apparatus
performs the pullout process at constant strain rate, driven
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by a hydraulic machine. Detail description of this large
scale pullout apparatus can be found in Chew et al. (1997).
In the first few series of pullout tests performed, the
main objectives were to test the ability of the apparatus to
function as desired. The series of pullout tests performed by
Ng ( 1995) showed that the pullout apparatus is able to
perform pullout at slow constant rates and that boundary
effects were minimal. Subsequently, the apparatus were
further modified by Ho (1996) to increase its testing
capabilities by incorporating
drainage systems into the
apparatus. The aims of the improvements and modifications
were to enable the apparatus to perform pullout tests in
various soils, from granular to lateritic.

of the geotextile in residual soil when the soil is soaked with
water to simulate ponding conditions. In this test, the soil
was first compacted to an average density of 1887 kg/ins
The soil sample in
and an average water content of 23.3~0.
the test 2 was then subjected to 20 cm of water pending for
4 days continuously in order to soak the soil sample in the
pullout apparatus. In both tests, the rate of pulling at the
front of apparatus was 0.80 mm per minute and the tests
were carried out until total pullout had occurred. There was
also no additional surcharge applied to the surface of the
soil backfill, i.e. the pullout tests were conducted under low
stress conditions.
2.5

2.2

The geosynthetic material used in the two pullout tests is the
PEC-75/25, a high-strength geotextile produced by Polyfeh.
Theoretically,
this material is a geocomposite
as it
comprised of a woven geotextile mechanically bonded to a
nonwoven geotextile. This geotextile has multi-filament
woven polyester yarns in grid-like pattern bonded to
thermally bonded nonwoven polypropylene
sheet. The
maximum tensile strength of the geotextile is 75 kN/m
along the longitudinal direction and 25 kN/m along the
transverse direction. It derives its strength from the woven
polyester yarns while the polypropylene sheet provides a
drainage medium.
2.3

Soil Sample

The soil sample used is the locally available residual soil
from the western part of Singapore. The soil is lateritic in
nature and it optimal compaction is at water content of
about 20%. However, it turns soggy and loses strength
rapidly when soaked in water for long periods of time. The
soil is reddish brown in the colour and consists of wellgraded silty sand. Dry sieving tests on the soil revealed that
the soil contains about 10- 14% of silts, with a D50 of 0.24
mm and Cu of 6.2.
2.4

Aluminium strips with strain gauges were used to measure
the pullout resistance mobilized by the geotextile in the
course of the pullout process. The aluminium strips were
pre-calibrated and a total of 8 were used for measuring the
pullout resistance. These were mounted at the front of the
geotextile and connected to the clamping plate in fi-ont of
the pullout apparatus which was pulled forward at a
constant and very slow rate by the hydraulic machine.
Displacements
at various locations of the geotextile
were measured using thin tell-tale wires, with the help of
potentiometers with travel range of 100 mm. A total of 7
tell-tales were used in each of the two tests. In addition,
potentiometers were used to measure the displacements at
the front end of the geotextile. Each of the potentiometers
was connected to the data acquisition system together with
the strain gauges for the aluminium strips. Readings were
recorded at 30 second intervals.
In test 2 where soaking of the soil sample occurred,
there was anticipation of possible build-up of excess pore
water pressure during the compaction and pullout test. In
this test, miniature pore water pressure transducers were
used to measure the pore water pressure at various parts of
the soil sample. Two of such transducers were placed near
the soil-geotextile interface: one just in front of the sleeve
plates and the other, about 60 cm from the front wall.

Test Program

A number of series of pullout tests were conducted in the
last few years using the NUS Large Scale Pullout apparatus.
Various type of geosynthetics has been tested with both
sand and with residual soils as backfill material. Tests
results were found to be consistence,
and with good
repeatability. In this paper, the test results of two pullout
tests with residual soils will be reported. The first pullout
test aimed to study the pullout resistance of the geotextile
when embedded in residual soil at its in-situ moisture
content. The soil sample in test 1 was prepared and
compacted to an average density of 1905 kg/m3 and an
average moisture content of 23.5Y0. In the second test, the
objective was to study the reduction in the pullout resistance
822-1998
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3

PULLOUT
RESPONSE
GEOTEXTILES

3.1

Peak pullout resistance

OF

The pullout responses of the geotextile in residual soil
under different soil conditions are shown in figures 1. In test
1, where the soil is compacted at its in-situ moisture
content, it can be seen that the pullout resistance of the
geotextile increased steadily with front displacement until
an apparent peak. The peak pullout resistance registered in
the first pullout test was 23.2 kN while in the soaked pullout
test, the peak pullout strength was measured at 19.4 kN.
This indicates a drop of 16.49Z0 in the peak pullout

resistance when the soil is pond with water. What was
worthy to note was the change in the strength of the residual
soil before
and after the soaking
process.
Cone
penetrometer tests on the soil sample showed an average
CBR value of 3% in test 1. For test 2, where the soil was
thoroughly soaked for 4 days, the CBR value dropped to an
average of only about 1.5%, with the soil at the interface
having only 0.75% in CBR value. This showed that the
pullout resistance of the geotextile fell by only 16.4% when
the strength of the soil at the interface dropped by almost
75%.
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consecutive locations along the embedded length of the
geotextile was less uniform. Differential displacements were
larger at locations nearer to the front wall than locations
further from the front wall. This meant that the geotextile
developed higher levels of strain nearer to the front wall
than at locations further from the front wall. In test 2,
however, it was observed that the differential displacement
seemed to be quite uniform along the length of the
geotextile, showing that the strain development was rather
uniform along the length of the geotextile.
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Figure 1 : Pullout response of geotextile in residual soil in
tests 1 and 2.
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Figures 2 and 3 show the total displacements measured at
various locations of the geotextile for test 1 and test 2
respectively. By total displacements,
it meant that the
magnitude of displacements
recorded consisted of both
displacement due to sliding of the geotextile against the soil
at the soil-geotextile interface, as well as displacement due
to material stretching of the geotextile.
It can be seen that the differential displacement between
the front end of the geotextile and a point 30 cm from the
front wall was lower for test 2 as compared to test 1. This is
expected as the peak pullout resistance that can be
mobilised in the second test was lower than the first test,
substantiating the fact that the residual soil backfill at the
interface was indeed weakened by the soaking process.
Note that the first 30 cm of the geotextile was not embedded
in soil, Thus this section of the geotextile was undergoing a
process similar to the wide-strip tensile test.
Another important observation made in the two pullout tests
was that in test 1, the differential displacement between two
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3.3

Pore water pressure measurements

During test 2, pore water pressure transducers were installed
in various locations to measure the pore water pressure
during the compaction and the pullout stages. While the
hydrostatic pore water pressure is about 1.0 kPa at the
location 10 cm below the surface of the soil, as indicated as
PPT4. The pore water pressure transducer at this point
(PPT4) measured a pore pressure of about 3.5 kPa through
the test, indicating that there is a built-up of excess pore
water pressure of about 2.5 kpa. However, at the location of
the soil-geotextile interface, where the hydrostatic pressure
is about 2.5 kpa, the pore pressure transducer PPT2 gave
pore water pressure reading of practically zero through out
the pulling process. This indicates that the geotextile is
capability of draining away the water effectively and
functioned not only as reinforcement but also as a drainage
medium.
Interesting results were obtained from the pore pressure
transducer near the sleeve plate (PPT3). At the location of
soil-geotextile interface, the transducer just in front of the
sleeve plates (PPT3) registered some development of excess
pore water pressure during the pullout process, reaching the
peak total pore water pressure of about 6.5 kPa at the elapse
time of about 60 minutes, which corresponds to the time
when peak pullout force occurred. Subsequently, the pore
water pressure dissipated rapidly when the geotextile was
undergoing pullout.
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Figure 4: Pore water pressure measurements

4

during test 2.

CONCLUSIONS

The use of residual soil as backfill material for the
construction of geosynthetics steep slopes and earth walls
824-1998
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only if proper drainage mediums are also
is feasible
provided to rapidly drain off the pore water to prevent
potential build-up of excess pore water pressure. Hence, the
geosynthetics material not only have to functioned as a
reinforcement material but also as a drainage medium. One
such material is the composite geotextile which consists of
high-strength polyester yarns for reinforcement purposes,
and a porous nonwoven polypropylene sheet for drainage
function. The two large scale pullout tests reported here
indicate that high-strength geotextile, coupled with drainage
can provide
capability,
a rational
choice
as the
reinforcement material. The test results indicates that the
pore pressure at the soil-geotextile interface is practically
zero, except at location near the sleeve plate, while the soil
mass above the geotextile were having some excess pore
water pressure. This seems to suggest that the geotextile is
capable of dissipating excess pore water pressure rapidly
during the pullout test. With the provision of this drainage
function, peak pullout force dropped by only 16.4% when
the residual soil is subjected to pending, With the use of
such material for reinforcement purposes, the reinforced
soil concept can be further extended to regions where
granular material is not readily available as backfill
material.
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ABSTRACT A full-scale test embankment reinforced with geosynthetic horizontal drains (GHDs) was carried out. The
GHDs consisted of geocomposite materials and had the functions of reinforcement and drainage. Two kinds of GHDs
and slope fxing materials were selected, and a soft clay generated from an excavation was used for the filling material.
The soft clay embankment, reinforced by GHDs, was designed to be 10 meters high with a steep slope angle. Limit
values for the safety of the embankment were selected.
During and after the embankment execution, the settlement and the deformation of the embankment, the induced
elongation of the GHDs, the strengths of the filling material, etc. were carefully monitored. The results obtained reveal
that the soft clay embankment is stable and that the GHDs provide sufficient reinforcement.
KEYWORDS: Embankmen4 Geocomposites, Reinforcements, Soft Soils, Steep Slope

1

INTRODUCTION

Recently, embankments reinforced with geosynthetic
materials have been used as one of the general
construction methods for stabilizing embankments. The
good mechanical properties of geogrid, a typical
reinforcing material, are widely recognized for their
applicability to reinforced embankments filled with sandy
soils. Due to the lack of drainage, inferior quality soil
such as surplus soil from construction sites can not be
used for filling material in reinforced embankments.
When soft clay of a low strength is used as a filling
material for embankments, the filling is expected to
increase in strength owing to consolidation by the effects
of dewatering. Therefore, we have developed GHDs
which are not only superior strength but also high
permeability (Kamon ti al. 1994).
This paper describes the results of a case study
involving newly developed GHDs applied to a reinforced
embankment filled with a soft clay soil.
2
OUTLINE OF THE TEST EMBANKMENT AND
BASIC PROPERTIES OF GHDS
Two GHDs were applied to a reinforced embankment 10
meters in height . Plastic cores covered by nonwoven
fabric (improved mechanical characteristics) and the
reinforced nonwoven fabric (reinforced with high tensile
strength yam) were used. The width of each GHD was
0.3 meters. The basic material properties of the GHDs
are summarized in Table 1.
The construction site is in the southern part of Osaka
Prefecture, and surplus clay soil from an excavation in

Table 1. Basic properties of geosynthetic horizontal drains
Zone B
A

(Ptsstii-iir.

Materials

covered

Thickness (mm)
Unit density (g/m2)
Pall-out Strem?th(klw
at 5% elongation “
at failure
Tensile strength (kN/m)
at 5% elomzation
at failure “
Elongation at failure (%)
In-Dlate oermeabilitv (cm/s)

Nod
stress at 913.OkPa”
Normat stress as 294.OkPa

(Reinforced

fabric) nonwovenfabric)

by rlalwovm

3.6

8.7

1636

1581

6.1
6.5

8.3
12.2

43.5
82.8
32.1

43.8
72.9
11.4

1.6x101
1.6X101

3.2x10-1
1.OX1O-1

this area was used. The ground conditions in this area
include Pleistocene deposits, and the excavated clay soil
was in a slightly overconsolidated state.

Table 2. Physical proper ties of filliig material used
2.686
Density of solid part icle (Mg/m3)
44.2
Water content (%)
63.3
Clay fraction (<5 W) (%)
57.4
Llqu]d 1Unit (%)
Plasticity (%)
88.2
Cohesion, CUO@a )
I
Internal fiction angle, @( )
426.3
Preeonsohdauon slress, pc (lcpa)
Ccxft3cientof consolidation, ~ (anZ/daY)
0.589
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DESIGN OF THE SOIT CLAY EMBANKMENT
;EINFORCED BY m-m
The physical properties of the clay soil are indicated in
Table 2. The liquidity index was approximately 63% and
the clay soil became very soft after remolding.
Based on the in situ failure test results (Kamon et al.
19%), a highly soft clay embankment reinforced by
GHDs was constructed. A section of the embankment is
illustrated in Figure 1. GHDs were placed over 50% of
the embankment with the staggered arrangement shown
in this figure. The design factors of the slope stability are
summarized in Table 3, which was modified from the
Japanese design manual (1992).
The stability of the embankment was calculated
according to the following rotational slip method.
R*Z(ci*li+(Wi*cosOi+T1.sinei@@i+Ti.cosei
Fs = --------------------------------------------------------R*Z(Wi*sinOi)

As Ti value, we selected the smaller value between the
ultimate tensile strength Ta and the pull out resistance TPi
of GHDS. TPi was calculated by Equation (2), namely,
Tpi = 2m(0.5ci+l.O*~v*~@i}Lei

(2)

where Cv: vertical earth pressure which works upon the
anchorage part of the material at each layer, Lei:
anchorage length of the material at each layer, Fs: safety
factor, R: radius of the rotational slip surface, li: arch
length of the slip surface which was divided into sections,
and & sliding angle at the center point of the slip surface
which was divided into sections.
The embankment had two different zones reinforced by
two different GHDs, each 10 meters high and with a

)
(1)

where ci = cohesion of the soil (kPa), wi = clod weigh~ @i
= angle of internal friction (degree), and Ti = tensile
strength of material (kN/m).
Cross Section
Facing

0
~

13.5

r

x
0
.

/1

q GHOstaggered
arrangement

Figure 2. Filling work with GHD and facing material

Front

Section

Width of GHD :0,3
20.0
lone B ,70n e 1A

L._

spacing in
\ vertical: 0,6

K

20.0
unit

(m)

Figure 1. Section of the test embankment

Table 3. Design factors and the calculation result of the slope stability

-.. ..— _, TSliding circle (static): 1.3

Safety factors

(dynamics):

1.0

Pull-out safety (static): 2.0
Design strength of GKDs
(ldcutauon
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(dynamits): 1.2
Static (by the creep test result)
Dynamics (at 5% elongation by
tensile test result)
Static without reinforced = 0.976
with reinforced = 1.405
Dynamics: without reinforced = 0.730
with reinforced = 1.015

1:0.6 slope angle. Figures 2 and 3 show the embankment
rein-forced by the GHDs during and aftex the filling work.
Two types of facing materials were newly developed and
applied to zones A and B, the details of which are omitted
in this paper.

4

MONITORING RESULT

4.1

Monitoring

Feb.1
1996

System of the Embankment

The filling works were carried out smoothly in both
zones. To monitor the slope stability, inclinometers,
tensiometers, multi-layer settlement gauges, earth
pressure gauges, relative displacement meters, and
groundwater monitoring wells were installed in the
embankment in order to certify the deformation of the
embankment and the status of the GHDs.
These
monitoring instruments with automatic measuring
systems (Figure 4) were mainly installed on the slope and
around the predicted sliding circle. The measuring points
for each parameter are indicated in Figure 5.
Inclinometer

Multi - laversettlement

Ground water monitoring well

Figure

4.2

AUIZ19
Date

Nov.27

Marl
1997

6. Behavior of the deformation of slope surface

Deformation

of the Embankment

F]gure 6 indicates horizontal displacements at the 3-meter
high slope of the embankment measured by surveying the
total stations. A large horizontal outward deformation at
the early stage of the filling work includes a kteral movement by the overburden load as well the an self-weight
effect of the filling machine. After the completion of the
filling work on March 22, 19%, the horizontal deformation was very small and the embankment became stable
by the consolidation of the clay soil.
4.3

Elongation of the GHDs

The results of measuring the strain of the GHDs are
illustrated in Figure 7. Strain gauges were set on the
fourth and the tenth GHDs where they would be close to
the predicted sliding circle. The extensions of the GHDs
as well as the compressions were obtained during the
filling work. The maximum strains were relatively small
values (0.8 to 1.0 %). After the completion of the
embankment, no additional strain was observed in the
GHDs. This means that the embankment was quite
stable.
The difference in the embankment’s deformation
behavior between zones A and B depends on the elongation and the friction of the GHDs used, but the difference
was very small in this case study.

t
Figure 4 Monitoring system of the embankment

4.4

1
A

.

May.11

L~

+-d)

Oireclionof inclining

F]gure 5. Monitoring points of the embankment

Physical Properties of the Filled Soft Clay

The shear strength of the filled soil during the fflling work
was measured by a cone penetration test. Figure 8 shows
the results of the distribution of cohesion in the embankment. The results are in zone A and the controlled value
was 30 kpa. As the shear strength was less than 30 kpa
with a height of 3-5 meters, additional filling was carefully performed with the confirmation of the stability
analysis. Since the safety of the soft clay embankment is
at its lowest in the early stage of the execution, the safety
factor of the embankment increased in the drainage function of the GHDs after the completion of the
embankment.
The variation in suction for the embankment (zone A)
during a rainy season is illustrated in Figure 9. Tensiometers at points A3, 7, and 9 are directly set on the GHDs
1998
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Figure 7(a). Behavior of elongation of GHD (Zone A)

9
8
7
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Figure 7(b). Behavior of elongation of GHD (Zone B)

5
Cohesion

Figure 8. Cohesion

cu(kPa)

distribution

CONCLUSION

80.0

60.0

40.0

20.0

May.7

and A6 was set in the center of the soft clay. The data
show negative porewater pressure because of the Pleistocene clay that was filled.
This suction (negative
porewater pressure) decreases with rainfall, at the surface
of the embankment in particular, and increases with
dissipation due to the high permeability of the GHDs. It
is seen that the GHDs had a high drainage effect and that
the safety of the embankment was maintained even with a
heavy rainfall.

10

-0.0

Feb.6

Date

Date

3
2
1
0

Nov.8

of the’ embankment

-15

The GHDs showed a sufficient tensile reinforcing
function and the soft clay embankment with a steep slope
was safely constructed using them. The reinforcing and
drainage effects of the GHDs can be estimated because of
the monitoring results, in particular from the deformation
behavior of slope surface and elongation data of the
GHDs. Consequently, the GHDs can be used practically
in designing reinforced embankments
filled with soft
clays which are usually disposed of as construction waste.
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Centrifuge Modeling of an Innovative MSES for Marginally Stable Slopes
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ABSTRACT:
Centrifuge model tests were performed to study the feasibility of a new installation method for the
construction of mechanical y stabil ized earth structures (MSES) using geotextile rci nforcement. The proposed methcd allows
wide strips of geotextile to be driven horizontally and directly into existing and marginally stable slopes, similar to the
instal Iation of vertical wick drains. It does not require excavation of the soi 1 behind the slope face, thus offering a rapid and
economical solution for slope stabilization. Model geotextile strips simulated high strength non-woven geotextiles, which
serve both M horizontal drain and reinforcement. The contribution of each function to the stability of marginally stable
slopes in soft soil is presented in this paper. Typical results from centrifuge model studies show good agreement with other
numerical analyses.
KEY WORDS: centrifuge modeling, geotextile reinforced slopes, soil reinforcing,

1

~

INTRODUCTION

Centrifuge model tests were performed to study the
feasibility of a new installation method for the construction
of mechanical y stabilized earth structures (MSES) using
gcotextile reinforcement. Conventional geotextile reinfomd
slopes utilize geosynthetics such as geogrids and geotextiles
in the form of continuous
sheets. These materials zue
installed in place after excavation of the slope and
successive placement of selected soil as backfill. The
proposed method allows wide geotextile strips to be driven
horizontally and directly into existing and marginally stable
slopes, similar to the installation of vertical wick drains.
The geotextile strips perform dual functions,
both as
horizontal drains and reinforcement. Since excavation of the
soil behind the slope face is not required, the method offers
a rapid and economical solution to slope stabilization. The
advantages of the proposed method over conventional
MSES are summarized in Table 1.

Table 1. Conventional
Conventional
●

●

●

●

●

●

MSES versus the proposed method

MSES

require excavation/
removal of “bad” soil
use selected/imported
backfill
time consuming
(constructed inlayers)
require formworld
temporary supports
some need specially
designed facing
high cost

Proposed Method
●

●
●

.
●

●

insitu installation on
existing slope (minimal
or no excavation)
utilize existing soil
rapid installation
no formworkhemporary
support
minimal facing (surfiice
erosion control)
economical

low cost slope stabilization

SOFT SOIL SLOPES

Various full scale studies have been performed dealing with
geotextiles performing multiple functions in the stability of
reinforced slopes in soft saturated soi 1. Tatsuoka ad
Yarnauchi (1986) reported on full scale studies performed on
two clay test embankments reinforced with planar sheets of
non-woven
geotextile.
The multiple
functions of the
geotextile,
i.e.
drainage,
tensile
reinforcement
and
compaction control, were the major considerations in the
study. Two embankments were constructed using local Iy
available volcanic ash clay, and were fully instrumented to
monitor the pmformance of the embankments
over a pxiod
of 1.5 and 3 years. The non-woven gcotextiles used sewed
well as pore pressure dissipators and
the immediate
dissipation of pore water pressure wm observed after a
period of heavy rainfall. The non-woven geotextile was
about 3-4 mm thick with an in-plane permeability of 2 x
10-1 to 3 x 10-2 cm/sec and provided the required drainage and
hence stabilized the slopes.
Kamon and Akai (1996) constructed full scale reinforced
embankments to study the effect of geosynthetic horizontal
drdins (GHD) on the stability of the embankments. Various
types of new] y designed GHDs were used in the study. The
GHDs were similar to vertical wick drains. The inner cores
were wrapped with woven or non-woven gcotextiles. These
materials were about 12 mm thick, had maximum tensile
strengths of about 74.5 kN/m, and exhibited vety high inplane permeabilitics.
GHD strips, 30 cm wide, were
installed during the construction of the clay embankments.
The use of GHDs improved the stability of the slopes,
increasing the factors of safety (FOS) to about 1.43 and
1.55, compared to a FOS of 1.163 using only conventional
geotextiles. Kamon et al. concluded that GHDs can serve
the dual functions of reinforcement
and drainage for
stabilizing soft clay embankments.
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[t should be noted that the GHDs were installed in a
similar manner to conventional MSES systems, i.e. the
slopes were excavated in order to install the GHDs or
reinforcement.
Loke et al. (1994) also studies the multi-functioning
behavior ofgeotextile-reinforced
embankmentson
soft clay.
The full scale embankments,
reinforced and unreinforced,
were constructed to failure. High strength and multi-layers

E=======

—

non-woven needle punched gcotextiles were used in the
study. The use of the high strength non-woven geotextiles
provided the required drainage and reinforcement for the
embankment. Theoretical analyses, using finite difference
methods, were perfonncdto determine the critical height of
the embankment.
The results from the analyses confirmed
the behavior of the full scale slope.

——B==+===

(note: LC - Load Cell, LVDT - Linear Variable Diaplacemenl Tranatormer, PWP - Pore Pressure Transducer)

Figure 1 The experimental

3

CENTRIFUGE

3.1

Experimental

setup showing various instrumentation

3,?

TESTING
Setup

The geotechnieal centrifuge at Rensselaer was used to
perform all model tests presented herein. The capability and
performance of the centrifuge, and a summary of various
research projects that have been performed using the
centrifuge is presented by Van Laak et al. 1997. Model
slopes with a slope angle of 63° ( lH 2V) were constructed
in a large centrifuge strong box ( 6J3.96 cm wide x 91.44
cm long). Two actuators, Actuator A and Actuator B shown
in Figure 1, were used to drive the mandrel and apply
surcharge loading, respectively.
Soft clay material was used in the model slopes which
were accelerated to marginal g-levels (factor of safety close
to one) to simulate near failure conditions of the slopes.
Geotextile strips were then inserted into the slopes, using
the remotely controlled mandrel driver, at that particular
high g-level (while the centrifuge was rotating). The slopes
were then loaded to failure.
Various instrumentiition used in the models are shown in
Figure 1. Details dealing with the instrumentation
and
calibrations are presented elsewhere (Zimmie and Mahmud.
1996a).
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used in the study

Testing scheme

Four model tests are presented in this paper. The models ae
Unre301, Rein301, Unre403 and Rein401 which represent
an unreinforced slope with surcharge loading, reinforced
slope with surcharge loading, unreinforced slope with
seepage and reinforced slope with seepage, respective y.
Models Unre301 and Rein301 were spun up to 8 g in the
centn fuge and maintained at this g-level for a few minutes,
then the g-level was increased to 16 g and again maintained
at that g-level
for a few minutes before finally being
increased to 25 g. The surcharge loading was introduced at
the 25 g-level, and the load was monitored by the load cell
attached to the loading plate. For model Rein301, six
geotextile strips were inserted
at 25g, prior to the
application of crest loading. Both Actuator A and Actuator
B (Figure 1), were utilized in the model. Actuator A moves
horizontally, inserting gcotextile strips housed inside the
mandrels into the soil. This operation occurs while the
centrifuge is in motion and the model is at, the specified
high acceleration level in order to simulate prototype soil
stresses in the slop.
Actuator B is used to apply a
surcharge loading on the slope after the strip instal Iation
process is complctc. Load cells are used to continuously
monitor the driving force and surcharge Ioadi ng.

1.0 ---——0.0

Models Unre403 and Rei n401 were spun up to 25 g in
increments of 5 g. The models were. maintained at that g
level for several minutes before introducing the water. Water
was fed into a reservoir behind the slope, from a water tank
mounted on the shaft of the centrifuge. An automatic shutoff valve with a remote switch located in the centrifuge
control room was used to control the !1OW of water in
[light. Two ~rforated plates were placed at the hcndwater
and tail water sides to allow [low within the model. For
model Rein401, six reinforcing and drainage strips were
inserted at 25 g before introducing the water at the back of
the slope.
Centrifuge mcxieling requirements were carefully observed
to achieve similitude.
Additional
details
concerning
centrifuge modeling laws pertinent to this study arE
presented in Zimmie and Mahmud ( 1996b).

F-lo
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AND DISCUSSIONS

The crest settlements of models Unre301 and Rein301 plus
corresponding leads that caused fail ure are shown in Figures
~ and 3 reS~tIVel y. The unreinforced sIope model rmisted
an applied crest load of about 27.2 kg (60 Ibs) and the
reinforced slope a load of 45.4 kg (100 lbs). Both tests
showed approximate y the same amount of settlement to
failure but the reinforced slope resisted a higher load, M
expeeted. Using limit equilibrium analyses, the factor of
safety (FOS) for the unreinforced and reinforced slopes were
1.24 and 1.62 rcspeetively, prior to the application of
surcharge loading. The FOS at failure was about 0.45 for
both models, computed using the maximum applied loads,
indicating that failure probably oeeurred at load values
slightly less than the maximum. Details results and the
failure mcde of these slopes are presented in Mahmud and
Zimmie (1997).

-----——
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Figure 3. Reinforced slope with surcharge loading

Model Unre403 and Rein401
were prformed
to
emphasize the drainage function of the geotextile strips. The
difference in water table between the unreinforced and
reinforced

slopes plotted from

pore pressure transducer

data

shown in Figure 4. As shown, the installation of six
strips into the slope significantly
lowered the phreatic
surface and increased the stabi Iity of the slope. The FOS of
the unreinforced and reinforced slopes computed by Iimit
equilibrium analysis were 0.8 and 1.1 respectively.
is
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Figure 4. Phreatic surfaces for unreinforced
slopes (dimension in model units- inches)

5

and reinhreed

CONCLUSIONS

The use of geosynthetics
as reinforcing elements
in
reinforced wal Is can result in savings of about 20-5070 as
Figure 2 Unreinforced

slope with surcharge loading
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compared to the use of metallic strips lChristopher and
Holtz (1985), and Mitchell and Villet (1987)]. The new
installation technique proposed herein wi 11 even further
reduce the overal I construction
cost of mechanical] y
stabilized earth structures (MSES). Detailed analysis of the
cost of the proposed method is presented by Mahmud
(1997). A comparison of unit costs betwtxm the proposed
method and other reinforced soi I structures is shown in
Figure 5. Unit costs of the other structures were provided by
Holtz et al. (1995). The proposed method is very
economical compared to other MSES, largely due to the fact
that no excavation of the S1OPCSis required.
This methcxl can rapid] y stabilize marginally stable slopes
or slopes near failure. The practical ty, and time and cost
saving aspects of this new method will be beneficial in
various slope stabilization schemes including marginally
stable embankments, existing slopes and cut slopes.
The centrifuge modeling techniques used in this study m
quite economical and less time consuming
than the
alternative of full scale prototype testing. In fact, it would
have been economical y impractical to conduct full scale
testing during this stage of the study. Proper scaling
conditions were carefully observed, and the results of the
centrifuge model tests should agree well with the results of
full scale tests.
Obviously the feasibility and cost effectiveness of the
proposed methodology can only be truly verified after full
scale slope installations arc completed.
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Figure 5.
The cost comparison between the proposed
method and other methods for reinforcing slopes.
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Hydraulic Effects of Using Dual-Function
Multi-layer Structures
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ABSTRACT: This article presents some works to try to model the behavior of multi-layer structures combining a soil
having what would be considered as poor mechanical properties for construction purposes, and Dual-Function (drainingreinforcing) Geosynthetics (DFG). We focus on this paper on the hydraulic modeling of a composite soil geosynthetics
We
consider for the DFG geosynthetic only the transmissive capacity of the geosynthetic drain for accelerating the dissipation of
uplift pressures. Effect of the geosynthetic transmissivi~ is shown for two types of soil. Modeling of the effect of a local
damage of the drain is presented.
KEY WORDS: Drainage, Geocomposites,
1

Modeling, Transmissivity,

Installation damage

INTRODUCTION

One advantage of using flexible geosynthetics for ground
reinforcement would seem to be the possibility of using
soils of poor quality, with a high percentage of fines, often
with high initial water content and highly sensitive to water.
The concept involves associating a drainage function and a
reinforcing
function for the inclusion (Dual-Function
Geosynthetics:
DFG). Thanks to the high transmissive
capacity of the geosynthetic with high permeability draining
function, interstitial uplift pressures induced by placing the
soil can be quickly dissipated. At the same time, the tensile
strength of the reinforcing
geosynthetic
improves the
mechanical stability of the structure provided by the
consolidation of the material (Figure 1).
A modeling system was already presented (Gotteland et al.
1996) with some results of the combined
drainingreinforcing effect of a dual-function
inclusion for the
construction of multi-layer structures alternating a layer of
soil with a geosynthetic sheet. We focus on this paper on the
hydraulic modeling and on numerical results obtained to
assess the effect of some parameters.
2

EMBANKMENTS

CONSIDERED

The types of structure concerned are linear structures with
vertical or sloping facing with the length being much greater
than the other dimensions:
height H and width B .
Calculations can thus be made in the plane of the structure.
The structures could be multi-layer, alternating a layer of
soil with a Dual-Function Geosynthetic DFG, of length B,
placed horizontally with a spacing of Dh
The soil supplied is the same and homogeneous over the
entire height of the embankment.
The embankment facing is considered as a perfect drain; the
upstream boundary between the structure and the in situ soil
is considered to be either perfectly draining, or perfectly
impermeable depending on the type of construction,

Figure 1: increase of the pull-out strength of the DFG (1a),
increase of the shear strength of the soil (1 b), by lowering
of the pore water pressure in the structure
2,1

The soils

The soils considered in this study are homogeneous fine
soils (clays, silts), with high initial water content and
permeability, ks, between 10-8 and 10-10 rds. A saturated
state may be achieved on completion of placing operations.
Compacting
may give rise to permeability
anisotropy
(vertical and horizontal permeability may be different).
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2.2

Dual-Function

Geosynthetics

.. 7

(DFG)

DFG inclusions considered
are made up of an
association of a draining geosynthetic and a reinforcing
geosynthetic, for example by the combination of a nonwoven and a woven fabric.
As far as only drainage is concerned (hydraulic fiction),
the fictional
characteristic is the transmissivity Og [m2/s]
with (3g = kg. e (kg[m/s] permeability, e[m] thickness).
The

2.3

Draining properties of DFG in the presence of soil

..

.

.

.

.

.

.

.

Contact with the soil and applied stresses, over time, lead to
a reduction in draining properties of geosynthetics as well
as a reduction in soil permeability
in the surrounding
filtration area. This is known as the clogging phenomenon.
The laws governing the variation in these properties are still
being studied but simplified approaches can be considered.
The
more
modeling
is to consider
simple
the
transmissivities
could be reduced all a long the drain
compared to the same values on virgin geosynthetics in
order to take these phenomena into account ((3g initial = Gg
reduced -2 x 10-8 m2/s).
We present one other possibility : local reducing of the
drain transmissivity for example to modelise a localized
clogging or problems of water penetration in the drain.

------

-.

------

._ ._.

Fscing

Upstream
tiaundmy \
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IN A SOIL-

For the hydraulic study, the multi-layer structures studied
are broken down into identical elementary element, either
by considering two half draining geosynthetic enveloping a
soil layer of thickness Dh, or two soil half-layers enveloping
a geosynthetic (Figures 2),
For modeling purposes, the construction of a element j is
assumed to be instantaneous and completed after time Tj.
The time T [days] is the time in days since the start of
embankment construction (layer j= 1), t=T-Tj [days] is the
relative time since construction
of module j. The
construction time between completion of two successive
elements is Dt [days].
The stress o, generated by the weight of the soil layers, is
applied uniformly to each element and is imposed
instantaneously when constructing the next overlayer.
The deadweight of the element j studied is not taken into
account.
The soil has an isotropic, linear elastic behavior; after
placing, it is assumed to be saturated in water, a fluid
considered to be incompressible. The stress s created by an
instantaneous increase in interstitial uplift pressure Z,
~ (x, z, t=T-Tj= O) = a,
The transmissivity 6g of the geosynthetic is constant with
time. Flow in the geosynthetic drain obeys Darcy’s law.
The evaluation method for fi (t) is based on the theory of
consolidation. Two approaches are possible: flow in the soil
may be considered to be unidirectional (Auriault et al. 77)
or two-directional (Bourdillon 76, Gotteland 91 ).

_ ._

v

soil

dx
3
INTERSTITIAL UPLIFT PRESSURES
GEOSYNTHETIC DRAINING COMPOSITE.

. -

we conslaer nere me nypothesls 01 two duectlonal flow in
the soil The consolidation problem is resolved by a fmitedifference numerical method. The system is broken down
into discrete elements in space (rectangular mesh) and time
(explicit scheme). The degree of error in the evaluation of
uplift pressures will depend on the size of the mesh dx/dz (a
smaller mesh giving a more accurate result) and on the time
step, which must be less than the critical time step in order
to ensure convergence.
Geasyrlttletics
z.

Figures 2: elementary element, discrete mesh
4

MODELING

OF CONSTRUCTION

Each element of the multi-layer structure can be studied
separately. For each, the effect of the construction stack of
successive element on the change in interstitial upliil
pressures must be assessed,
A detailed modeling procedure was proposed (Gotteland
91, Gotteland et al 96) in order to assess the effect of the
following main parameters on the dissipation times of
interstitial uplifi pressures in the elements:
- Construction phasing D~[days]
- Initial uplift pressure u (t=O) = ii comp [kPa]
(initial remnant pressure after compacting effect)
- Thickness of modules Dh [m]
- Transmissivity of the geosynthetic 6g [m2/s]
- Horizontal and vertical permeability of the soil
kx, kz [m/s]
- etc.
We retain for this paper , the following simplified modeling
procedure : Hypothesis of instantaneous construction of the
complete structure (Dt=O), with combined influence of
compacting and total overload generated by the weight of
modules
overlying
the
consolidation
(; (t=O)= ii comp+(n-1 ). Z sty,
Z comp is the initial
remnant pressure after compacting effect, ; stat increasing
by the weight of the soil from an additional element,
simplified model 2, Figure 3 ).

This model provide a greater safety margin because it does
not make allowance for consolidation during construction.

are similar of real values of 8g for non-woven
used for D.F.G.

geotextiles

For high transmissivity
values (fig = 10-5 m2/s), the uplift
pressure
decreases
rapidly in the drains for both soils:

T

. . . . .

D!

DI

Dt

D{

Dt

T

Tn

t
Figure 3: Theoretical modeling of the variation of the uplift
pressure during and after construction.
5

STUDY

Some characteristic results of a parametric study are
presented in order assess the influence of the variation in
transmissivity Qg of the DFG. Three soils are considered :

ks [m/s]
ys [kN/m3]
Cvs [m2/s]

Soil 1
(clay)
1,710-10
17,5
1,4710-7

Soil 2
~:ycay)
1;.5
5.410-7

Soil 3
(Cl;ye;::f)

drainage occurs mainly through the geosynthetic drains. The
soil with the high Cvs value dissipates the interstitial uplift
pressures more quickly.
For a lower transmissivity value (eg = 10-7 m2/s), the uplift
pressure in the drains takes much longer to decrease. The
explanation seems to be that, for soil 1, the ratio 6g / ks is
such that most drainage of the soil takes place through the
geosynthetic drains. For soil 3, given the low 9g value, flow
is mainly horizontal through the soil; as a result, the drain is
subjected to high uplift pressure. Consequently, the draining
time being longer, the residual uplift pressure (maximum at
the impermeable upstream boundary),
is higher for the
more permeable soil. Figure 5 shows the uplift pressure
distribution for two times t=l O and 20 days for soils 1 and 3
and for Qg = 10-7 m2/s of the DFG.
The using of a geosynthetic drain seems to be really
efficient for low permeability of soil (clay) compared to
higher permeability of soil (clayey silt),
The ratio of geosynthetic transmissivity to soil permeability
(8g/ks) therefore plays a major role. What can we expect in
real life of draining system?

17.5
2.810-7

ks [m/s]: permeability, ys: soil density [kN/m3],
Cvs=ks.Eoed/yw with Eoed: oedometric modules of the
soil [kPa], yw: water density [kN/m3]
Only the uplift pressure distribution in the element at the
base is calculated ( height of the structure H = 7 m, length
B = variable , geosynthetic
spacing Dh = 1 m) with
impermeable upstream boundary.
The instantaneous construction hypothesis is considered:
; (t=O)=l 05 [kPa] (simplified model 2, Figure 3)
I,00E-08
5.1

Influence of the transmissivity

eg of the DFG

Figure 4 shows the variation in dissipation time required to
obtain 10°/0 maximum residual uplift pressure in the module
in the vicinity of the impermeable upstream boundary (time
t such that = (t)maw’ fi (t=O) = 10%).as a fhnction of DFG
transmissivity 8g.
An interesting phenomenon is seen to occur as a result of
the modeling calculation: for low transmissivity values,
maximum uplift pressures are dissipated faster in soil 1
(clay) than in soil 3 (silt), and even compared to soil 2 for
extremely
low values,
although
soil 1 has lower
permeability.
For a more important length B of the drain, the observed
phenomena exist for greater value of 6g. In the same way, if
the thickness
Dh is smaller (Dh=0.5 m) the same
phenomenon is amplified. Notice, that these values of eg

1,00E-07

1,00E-06

1,00E-05

lTransmissivity 9g ( m2/s)

1,00E-08
1

1,00E-07

1,00E-06

1,00E-05

I,00E-04

]

~

l,00E414 ~

~Transmissivity fJg~ m2/sr~—-

Figure 4: variation in dissipation time (; (t)max/fi (t=O) =
10’YO)as a tlmction of transmissivity eg ( B=4m, B=l 5m).
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stressed that this is only the preliminary stage of research on
this subject. An instrumented structure will have to be built
and monitored to refine the hypotheses considered and
modeling procedures in order to establish a necessary
validation base.
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(6g = 10-7m2/s, B=4m, dh=lm, two times 10 and 20 days)

105,2

Influence

of a localized

decrease

of Og

;

We show the influence that could have a localized reduce of
the DFG transmissivity. This decreasing could be produced:
by a local damage of the drain, a decreasing of the thickness
of the drain induced by a construction blemish, a water
moisture penetration difficulty of the drain. This last
phenomena
was
already
observed
for non-woven
geosynthetics.
We had solved this problem with a numerical method; t3g is
locally reduced: (6g locally reduced = @/100) in the
application treated, In fhnction of the place of the damage,
we had an uplift pressure discontinuity in the damage DFG:
the uplift pressure is increased at the back and is decreased
in front of the damage , in comparison with undamaged
DFG (Figure 6). This induce an over distribution of the
water flow in the soil-DFG composite : the uplift pressure
increase in the undamaged DFG and it is more efficient.
6

c
/
2damaged

o
0

Position

15

in [m]

5
74
$3
g21= 1
0

The use of draining-reinforcing
dual-fimction geosynthetics
(DFG) means that it is possible to consider employing poor
quality soils to build reinforced-earth structures.
From this first original approach, the effect of the main
parameters involved cafi be judged, although it should be
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Figure 6: uplift pressure in the damaged and undamaged
DFG ( (3g locally reduced = 6g/1 00, 8g=l O“7m2/s,B= 15m)
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ABSTRACT:
This paper focuses on the mobilized strength of prefabricated vertical drains, or PVDS, and is based on the
results of theoretical, laboratory and field testing on prototype PVDS. Used herein are PVD simulated units known as loadelongation measuring strips, or LEMS. Results of the paper show that the typical strength of commercial y available PVDS
are well in excess of the required strength when installed by properly functioning construction equipment.
KEYWORDS:
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Drainage, Wick Drains, Tensile Strength and Survivability

has developed the relationship usually used to determine
the PVD spacing as a function of the desired consolidation
time, Holtz, et al. [1991] has given guidance on the flow
PVDS have replaced conventional sand drains over the past
rate capacity of PVDS in the unkinked
and kinked
20 years, by providing an economical solution to rapidly
conditions.
consolidate fine grained saturated soils. When building on
Conversely,
the mechanical
strength requirements
of
such compressible soils, large settlements are anticipated.
PVDS has seen little quantitative analysis and discussion.
As the soil cannot compress at a greater rate than release of
The only reference, Kremer, et al. [1983], reports the need
the excess pore water pressure,
such settlement
can
for a PVD tensile strength of 500 N at a corresponding
continue for a long period of time. PVDS are used to
minimum strain of 270. They also suggest a maximum
expedite this release of pore water hence they decrease the
strain of 10%. This upper strain limit is imposed in order
time for settlement and greatly facilitate the stabilization of
to avoid unwanted deformations that might compromise the
such sites.
drain’s dimensions and thus flow capacity. The technical
PVDS are approximately
100 mm wide by 2 to 5 mm
background for these tensile strength and strain values is
thick. They are delivered on site in large rolls. Most PVDS
not known. Thus, the pursuit of a more rigorous numerical
consist of a synthetic drainage core surrounded
by a
and experimental
treatment
of the tensile strength
nonwoven heat bonded or mechanically bonded geotextile
requirements during installation of PVDS is the purpose of
filter. They are installed vertically in the ground by a pile
this paper.
driving type of construction equipment known as a “wick
The tensile strength of PVDS is a consideration
both
sticker”. Spacings are typically at 1 to 5 m throughout the
during installation and during consolidation.
Installation
soil to be stabilized.
The length of the drains are site
challenges the drain’s strength as it threads through rollers
specific but usually extend to the bottom of the soft soil
of the wick sticker.
The strength of the PVD is also
involved.
challenged during the mandrel withdrawal process. Both
Once the PVDS are installed over a large area, a surcharge
of these situations are exacerbated by high installation
load is placed on the ground surface to mobilize excess
speeds. In addition, the tensile strength may also be an
pore water pressure in the foundation soil. The expulsion
issue when the drains are collectively
used to resist a
of the water is coincident with consolidation
of the soil
circular arc failure of the weak, sensitive soil. A large
resulting in settlement
at the ground surface. Additional
number of PVDS “sewn into the ground” and working as a
surcharge load is placed in incremental lifts in accordance
unit will intercept and resist such a circular arc failure.
with the design requirements.
The duration of the load
This, however, is a design issue and is not addressed in this
depends on the soil characteristics, PVD spacing and type
paper.
of PVD utilized.
The paper will describe theoretical, laboratory and field
There is a wealth of information
available
on the
research aimed at determining the mobilized strength of
technique and a tremendous number of PVDS have been
The paper
will conclude
with generic
PVDS.
successfully
installed around the world.
The design
recommendations
on the required strength of PVDS based
method for determining the consolidation time versus PVD
on the results of this investigation.
spacing as well as the required flow rate has been fully
described in the literature. For example, Hansbo [1979]
INTRODUCTION

1998 Sixth International

Conference

on Geosynthetics

-839

2

3

INSTALLATION

Typical equipment used to install PVDS is shown in Figure
1. Lighter trackhoe mounted units are sometimes used
when the PVDS are relatively short, e.g., less than 15 m
deep. Collectively, we will refer to all PVD installation
equipment as “wick stickers”.
Wick stickers contain a
mandrel which encases and carries the PVD while it is
being driven.
Mandrel designs are product specific.
Rhombic mandrels with tapered ends are often used for
high speed driving in soft soils.
T-shaped mandrels
reinforced with a longitudinal
steel fin and fitted with
harden steel driving tips are used when hard surface layers
need to be penetrated. Mandrels are designed to minimize
disturbance
of the ground and to reduce smear and
remolding of the soil adjacent to the PVD.

THEORETICAL

CONSIDERATIONS

PVDS strengths are challenged during installation partly
from the drain’s self weight and partly from friction
between the drain and various parts of the installation
Worst case scenarios
are envisioned
as
equipment.
maximum forces are developed in the PVD when the
mandrel accelerates from a full stop to full speed. Four
limiting conditions are identified.
These conditions are
when the drain is pulled from the roll, as the drain passes
through the conveyance system and under the lower roller,
as the drain passes over the fixed cylindrical guide roller at
the top of the rig, and when the mandrel is retrieved from
the penetrated soil leaving the PVD in place.
investigated
is when the drain is
The first condition
initially pulled off the roll. This is a process where the
drain is drawn into the mandrel of the installation
This incremental
rather than continuous
equipment.
process requires the use of peak rather than average speed
for the calculations.
By using an angular acceleration of
the roll with peak velocity of the wick sticker, a required
force of only 14 N is mobilized in the PVD. This occurs at
the beginning of each drive when there is a full roll of drain
on the reel. The situation is analytically suggested to be as
follows:

Wick drain

~

delivery
mandrel

Velocity of Roll
L

v

18m

ave=E=G
Vave = lm / sec

_

Wick drain
on wheel

2(:(1)vpe*)+161’peak=18
VPA = 1.06m / sec
Acceleration
a===

of PVD Roll
l“O~e~sec

= l,06m/

t
~=s=l”ol
r
0.6

rad
1.77-5sec

Figure 1. PVD installation rig, a wick sticker.
Center of Gravity of PVD Roll
At the bottom of the mandrel the PVD is fixed to an end
assembly that remains in the ground as the mandrel is
withdrawn. The purpose of the end assembly is to keep the
PVD fixed at the bottom of the soil layer while at the same
time keeping soft soil from entering the mandrel as it is
driven.

k2=y2+r2
k=~~
k= O.61m
massmm = m =25 kg
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secz

---1‘:’”

XM.v = Ia
T1(O.6) = #nk2rx

@a
:

T1=— 1 ~(25)(0.61)2(1.77)
0.6 [ 2

By integration
)

1
T1 Q

T1=13.6N

*I
Given

Note, this is the maximum force due to the fact that m and
a decrease as the drain is utilized off of the roll.
,.
In the ~ond
con, the drain passes through the
conveyance
system and under the lower roller.
There
exists a relationship between the tension in the drain before
it enters and after it leaves the roller. This relationship is
based on the assumption that the drain is just about to slide
into motion.
By taking a free body diagram of a small
element of the drain the forces acting on the drain are the
two forces of tension, the normal component of the reaction
of the roller and the friction force.
A relationship
is
obtained knowing that motion is imminent by letting the
angular change of the drain approach zero. As seen in the
following calculations, only 25 N of strength is required of
the PVD in such a condition.

(3= nrad, and
~s=o.2
Since:
F= T1=13.6N
Therefore the PVD experiences
the lower roller

the following

after it exits

T2 = evsp T1
T2 s e(-2)(3.14)(13.9
T2 =25N

D,

P

T,&T,
~x

T.

= t): (T+ AT)cos :–Tcos~-@N=O

(1)

In the md conditioq, the PVD is considered to be sliding
over the roller at the top of the rig. The tensile force in the
PVD is calculated by assuming geometric and frictional
characteristics of an upper roller for typical construction
equipment. The calculations are similar to that of the lower
roller. Liberties were taken in estimating the frictional
characteristic
of the roller.
Conservative
values were
chosen assuming that the roller would seize-up and become
partially
fixed.
Regardless
of these conservative
assumptions, a relatively low force of 47 N was mobilized
in the PVD for this condition.
Upper Roller

ZFY=O:

AN-(

T+ TA)sin~-Tsin~=O

Solving Eq. 2 for AN and substituting Eq. 1

(2)
T3 = eps~ T2
T3

ATcos~–

ps(2T+AT)sin~=0

AO
—–
2

~~ T+y
()

Let A(3approach zero

AT

e(2)(3@(25)

T3 =47N

Divide by Ae
AT
—cos
At3

=

sin(AEt / 2) = o
AO12

The fourth condition is when the mandrel is withdrawn and
pulled out of the soil leaving behind the drain and its end
assembly. As stated previously, the end assembly anchors
the PVD and keeps soft soil out of the mandrel.
It is
possible, however, that some soil can enter the bottom of
the mandrel. This in turn will impede release of the drain
and subject it to a tensile force by snagging the PVD at the
tip of the mandrel. Assuming such a condition exists, the
end assembly constitutes the resisting force, where the
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friction caused by the soil in the end of the mandrel
constitutes
the driving force.
The calculation
and
assumptions associated with this condition follows. This
worst case scenario results in a mobilized strength of
approximately 103 N in the PVD.

3.1

Upper
Fixed
Roller
T3

\

Friction in the Mandrel

Using Mohr-Coulomb

Load Cell

T2
Load Cell

criteria

‘i

M

T=cassuming$=O

lm

‘c= c = 10,000 Pa for typical soft clay
XFY = T4 – 2~eA = O

0.5 m

T4 =2~e A
T4 = 2(10,000)(30%)(,

1)

T1

T4 = 600 N

T4

Bearing Capacity of End Rod

Qo=Qp+Qs
QO=Ap
Q.=

t

PO+O

Q
T

&
2

AP(cNC + 9Na )

1
“] )

Q. =.002(10,000)(5.14)

Since Q. c< T4, T4 will never be mobilized
Q. governs

4

I

1
J

QO=103N

LABORATORY

and therefore

INVESTIGATION

The purpose of the laboratory investigation was twofold; to
verify, or refute, the theoretical values just calculated
(wherein many assumptions were required) and to develop
a means of determining the mobilized strength of PVDS in
the field. To aid us in these pursuits, we constructed a
laboratory wick sticker simulator. A schematic diagram of
the laboratory wick sticker simulator is shown in Figure 2.
The simulator was constructed in the high bay region of
GRI’s soils laboratory. The high bay allowed for an upper
fixed roller height of 10 m above the floor level.
By positioning a load cell at different locations along the
PVD path, one could check the mobilized strength of the
drain along the path. Results from this exercise showed
that the first, second and third conditions resulted in
average load cell responses of 10 N, 18 N and 150N

842-1998

Sixth International

Conference

Load Cell ‘

~

Figure 2 Schematic of laboratory wick sticker simulator.

However can such a force be mobilized in the drain?

3.2

Lower Fixed
Roller
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respectively.
To simulate the fourth condition we had to
make up a model in the soils lab of an end assembly
attached to a PVD being pulled from a freshly remolded
column of soft soil. The PVD experienced widely different
loads in this simulation
depending on the amount of
friction imparted in the mock mandrel. Loads in the PVD
varied from 25 to 250 N.
These laboratory simulations were interesting, however,
it was clear that we could not use the load cell out in the
field. It was to cumbersome and fragile to withstand the
rigors of field work. Hence we set out on developing a
means of determining
the mobilized strength of PVDS
remotely.
Six different techniques
were attempted to
measure the load elongation response of the PVD. They
included:
● Foil
strain gages similar to those used by Risseeuw
[1986] and Guglielmetti, et al, [1996]
● Load
sensitive film which changes color upon being
stressed to different levels
● Spray
applied coatings which crack to varying degrees
after being stressed
● Hole punching
to reduce PVD strength
● Side cutting PVD to incrementally
reduce its strength
● Development
of a simulated PVD unit called “LoadElongation Measuring Strip” (LEMS)
Of all the techniques attempted, the LEMS showed the
most promise. This specially prepared PVD consisting of a
polyamide (3 x 3) grid fabric as a core, heat bonded
between two 160 g/sq. m. nonwoven PET geotextiles. At 2
m intervals along the LEMS, the geotextile was cut away
and specific number of polyamide yarns were cut. This left
known numbers of yarns intact which allowed the LEMS to

With the LEMS now calibrated insofar as its strength per
yarn is considered, laboratory trials on the wick sticker
simulator were undertaken.
In conducting
these trials
friction in the rolls was increased using a brake and weight
assembly to sequentially cause failure of the LEMS. The
results of approximately
27 trial runs (with different
numbers of uncut yarns) provided the results of Figure 5.
The trend is linear resulting in a slope of 75 N per yarn.
This roughly agrees with the tension testing in the constant
rate of extension machine as noted previously.
Equipped
with this confirmation, we took the LEMS to the field to try
and verify our theoretical and laboratory findings.

model progressively
weaker PVDS. This procedure was
used to develop the curves shown in Figure 3. From this
data an average breaking strength of 78 N per yarn was
obtained.
For comparison purposes, Figure 4 shows the
tensile strength behavior of commercially available PVDS.
For all tests of Figure 3 and 4 the gage separation was
maintained at 100 mm and the strain rate was 10 mm/min.
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Figure 5 Results of LEMS calibration on simulator.
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Figure 3 Load elongation behavior of LEMS.

FIELD INVESTIGATION

Field trials with the LEMS material were conducted at a
major soft soil stabilization
project at the Philadelphia
International Airport. Through the cooperation of Day &
Zimmerman Infrastructure, Inc. and Geotechnics America,
Inc. (the PVD contractor) a field trial of the LEMS was
conducted in October of 1997.
As reported by Koerner [1997], the results of the field
work are summarized in Table 1.
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Table 1- Field Behavior of LEMS at the Philadelphia
International Airport.
Result
No. of
Resulting
No. of
of Each
Repeat
Strength of
Yarns
Trial
Trials
in LEMS
LEMS (N)
2
passlpass
1540 N
20
passlpass
2
1080 N
14
passlpasslpass
3
770 N
10
passlpasstpass
3
390 N
5
faillfail
2
230 N
3

Srrain (%)

Figure 4 Commercially
responses.

available PVD load elongation

The results of Table 1 indicate that the mobilized PVD
strength for this particular construction equipment and site
condition is between 390 and 230 N. It must be clearly
stated that it is believed
that site conditions
and
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construction equipment will influence results.
these limited results are insightful none-the-less.

6

However,

It appears from theoretical

calculation, laboratory testing
and a limited field investigation that the strength of most
commercially available PVDS are greater than required for
installation. In addition, it appears that the current trend of
increasing the strength requirements of PVDS is unfounded.
At present, there does not appear to be any tangible reason
for increasing PVD strengths over and above those that are
currently being manufactured.
For example, Figure 4
indicates that available PVD tensile strengths are from
2000 to 4000 N. Most commercially available PVDS meet
or exceed equipment
imposed installation
stresses as
demonstrated in this paper.
In light of the low values of mobilized PVD strengths
developed in this study, e.g.,
● theoretically:
14 to 103 N
“ experimentally:
10 to 250 N
● field:
230 to 390 N

we are confident in stating that there is an inherent factor of
safety for most commercially
available PVDS. Of all
installation conditions described, it appears that withdrawal
of the mandrel is the governing strength condition. Loads
during withdrawal of the mandrel are site specific. They
depend on the type of anchor plate and will only take place
at the tip of the PVD where it connects with the end
assembly.
The requirement for discharge of water at this location is
limited since it is at the end of the drain. The load in the
rest of the drain is probably less than 230 - 390 N. It is
interesting to note that this corresponds with an elongation
of approximately 2-490 for most PVD.
It is concluded that all commercially
available drains
have strengths and elongation’s at break which are much
Hence, the available factors of
higher than necessary.
safety for mobilized strength is in the range of 4 to 11. We
question if the higher factors of safety are warranted in the
event that ones construction
equipment is functioning
properly and geometrically equipped to drive the specific
PVD delivered to the specific job site.
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ABSTRACT: A series of laboratory tests have been conducted to investigate the effects of (a) trapped air bubbles in drainage
path, (b) folding (no kinking) of drain, (c) confining drain by clay, and (d) elapsed time (long term), on discharge capacity of
prefabricated vertical drain (PVD). The test results indicate that confining the drain by rubber membrane yielded a much
higher discharge capacity than that in clay. It suggests that the discharge capacity test of PVD should be conducted by
confining the drain in clay. Also, the discharge capacity reduces significantly with elapsed time, and the long term behavior
of PVD should be considered in design. For most commercially available PVDS, a long term discharge capacity of less than
100 m s/year is tentatively suggested for design. The possible air bubbles trapped in the drainage path of PVD has some
effect on discharge capacity, and the test data from this study showed about 20% reduction due to this factor. The folding of
the drain does not have obvious influence on discharge capacity because it does not change both length and cross sectional
area of drainage path much.
KEYWORDS:

Prefabricated vertical drain, Laboratory test, Hydraulic conductivity, Drainage.

1 INTRODUCTION
Installing the vertical drain into ground can shorten the
drainage length of the deposit significantly, and with some
surcharge loading, the engineering properties, in terms of
the compressibility
and undrained shear strength, of the
deposit can be substantially improved. The development of
prefabricated vertical drain (PVD) has made this method
more attractive due to the portability of the material and
lower installation cost. During past few decades, vertical
drain improvement
has been widely used in soft soil
engineering.
For a given soil condition, the behavior of vertical drain
improved subsoil is controlled by: (a) drain spacing and
equivalent drain diameter, (b) smear effect, and (c) discharge
capacity of drain (well resistance). The drain spacing is a
known factor and the equivalent drain diameter of PVD can
be reliably calculated based on the geometry of the PVD.
However, smear effect and discharge capacity have to be
determined experimentally.
At present, the method for
determining the discharge capacity of PVD has not been
standardized, and the values reported in the literature are not
consistent. Most test methods confine the drain by rubber
membrane, such as ASTM D47 16-87, and determined
values are usually high. However, some low values were
reported for confining the drain in clay (e.g. Hansbo 1983).
An ideal discharge capacity test should simulate the drain
installation, confinement of clay on the filter sleeve of
drain, and the deformation of drain during consolidation, It
is obvious that a full scale test could be expensive if it is
possible. For a small scale laboratory test to be valid, it
must consider the important influence factors. In order to
improve the laboratory
test method and advance the
prediction ability on the behavior of vertical drain improved

subsoil, there is a need to investigate the main influencing
factors on discharge capacity of PVD.
In this paper, the effect of (a) possible air bubbles
trapped in the drainage path, (b) folding (no kinking) of
drain which most likely will occur in the field due to
consolidation of sc~il,(c) confining the drain by clay, and (d)
elapsed time (long term) on discharge capacity of PVD are
systematically
investigated.
First, the unit cell (a drain
surrounded by a soil cylinder) consolidation theory is briefly
reviewed to indicate the effect of discharge capacity on the
rate of consolidation. Then the laboratory test methods as
well as results are presented. The suggestions are made on
improving the test method on discharge capacity of PVD.

2

A BRIEF REVIEW ON UNIT CELL THEORY

The basic theory of vertical drain consolidation is unit cell
theory which was first proposed by Barron (1948). Further
studies on unit cell behavior were made by Yoshikuni and
Nakanodo (1974) and Hansbo (1981). Since Hansbo’s
theory is relatively simple, it has been widely used. The
derivation of the theory is based on equal vertical strain
assumption. The resulting equation for average degree of
radial consolidation (~h) of a unit cell is as follows:

(1)

~=1–exp(–8T~/~)

Cht
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Where C h is the horizontal coefficient of consolidation, t is
time, D is the diameter of unit cell, kh is the horizontal
permeability of soil, k~ is permeability in smear zone, 1 is
drainage length, q ~ is discharge capacity, n=D/d ~, and
~dW
(dW is the diameter of drain, and d, is the diameter of
smear zone). The last term in Equation 3 represents the well
resistance. It can be seen that the larger the discharge
capacity, q ~, the smaller the well resistance, and the higher
the rate of consolidation. For example, assuming 1=15 m
and kh=lo-g mkec, if qW is less than 100 mq/year, it will
have a considerable
influence on consolidation
rate of
vertical drain improved subsoil.

3

APPARATUS

AND TEST METHODS

3.1 Apparatus and Test procedure
used is a modified triaxial device as shown in
Figure 1. The main cell has a diameter of 200 mm and
height of 600 mm. The drain sample is set inside the cell
similar to that of setting the triaxial test sample. The lower
pedestal is fixed at the bottom of the cell and connected to
the inlet water flow system. The upper pedestal is movable
(for adjusting the length of drain sample) and connected to
the outlet water flow system. The drain length can be
The apparatus

circulatoryWatu

tested is 200 mm to 400 mm. The shape of pedestal is
made as: one end is cylindrical for fixing the membrane, and
rectangular at another end to connect the drain. In this way,
when confining the drain by rubber membrane, there will be
no gap between membrane and drain. The length of drain
inserted into the slot of upper and lower pedestal is about
30 mm each, The diameter of the pedestal is 100 mm.
Except the main cell, there are inlet and outlet water
containers. The inlet water container is linked with water
supply system, and outlet water container is connected to
discharge capacity measuring device. After the drain is
installed, the cell is filled with water up to about 80% full,
and confining pressure is applied by air pressure through an
air pressure regulator. For investigating
the effect of
folding, the drain is folded at one and two point for 1070 and
20% vertical
strain, respectively.
The methods
for
investigating the possible trapped air bubble effect and
confining the drain by clay are described as follows.
3.2 Method
Bubbles

for Investigating

the Effect of Trapped

Air

It is considered that installing a drain into ground, the water
from soil gradually enters the drain along the whole length
of the drain. and there might be some air bubbles trapped
into drainage channels. In order to study the possible
trapped air bubble effect, a simple air bubble generation
device is newly developed. A thin plastic tube is connected
to an air tank through an air pressure regulator. Then the
tube is placed at the bottom of the drain sample through an
inlet hose as shown in Figure 2. The amount of air bubbles
generated can be controlled by adjusting the air pressure
regulator.
The generated
air bubbles enter the drain
following the water flow. The main test steps are:
(1) Set-up the drain sample and apply the desired confining
pressure as well as hydraulic gradient.

(Tap Watu)

wata

-1

level

AH

K

II

IK

VuIYl hose

Acrylic
cytindcr
Figure 2. Method for generating air bubbles

(2) Generate the air bubbles with a diameter of about 1 mm,
and a speed of about 100 bubble/rein. This process is
continued for about 4-6 hours.

Acg’lic cylinder

Figure 1. Set-up of discharge capacity test apparatus
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(3) Close the air bubble generation system, and let the
water flow continue for more than 2 hours to steady the
flow. Then measure the discharge capacity.

The set-up of the drain confined by clay is illustrated in
Figure 3. With this method, a test with one consolidation
pressure and several hydraulic gradients requires 10 days to
complete.

3.3 Test Procedure for Confining the Drain by Clay
3.4 Considering
Hansbo (1983) recognized the importance of confining the
drain by clay on determining
the discharge capacity.
However, due to convenience, most discharge capacity tests
conducted by manufacturers
are confining the drain by
rubber membrane. One of the purposes of this investigation
is to compare the discharge capacities determined by clay
confinement and membrane confinement. The test method
proposed in this study for testing the drain in clay is simple
and can test the full size of drain. The following main steps
are followed during test
(1) Connect the drain sample to lower pedestal, fix the
membrane to lower pedestal also, and set the mould for
preparing the clay sample in position.
(2) Make clay sample. The remoulded clay with a water
content close to the liquid limit is put into the mould
layer by layer keeping the drain in the middle. The
diameter of the clay sample is 100 mm. After the
required height of clay sample is reached, the upper
pedestal is installed and the drain is connected to outlet
flow system. Care needs to be paid to prevent the
contamination of the top of drain by clay.
(3) Consolidate the clay sample. For removing the mould, a
suction of about 10 kPa is applied to the clay sample.
After confining pressure is applied, the suction is
gradually
released
and the sample
is left for
consolidation under lateral pressure.
(4)
Measure
discharge
capacity.
After
the
consolidation of clay sample is finished, the discharge

capacity is measured under desired hydraulic gradient.

the Head Lose in Hose System

Another factor which has been noticed during the
investigation is head loss in the hose of the test equipment.
Since the discharge capacity of drain confined in membrane
is normally high, ignoring the head loss in the hose does
not introduce much error. For testing the drain in clay,
which is close to field condition, the head loss in the
testing system needs to be considered. The calibration of the
head loss in the hose system can be made by conducting the
test without installing a drain sample.

4

TEST RESULTS

AND DISCUSSIONS

4.1 Materials Used
The PVD adopted in this study is a commercial products
and its properties are summarized in Table 1. The soil used
is remoulded Ariake clay. Its index properties are: specific
gravity, PS, of 2.60, plastic limit, WP, of 42.8%, and liquid
limit, w], of 105.0%. The soil consists of 57.0% clay,
41.7% silt, and 1.3% sand particles. The rubber membrane
used has a thickness of 1.0 mm.

Table 1. Physical properties of PVD

Size

Thickness

2.6

(mm)

Width

94

Depth(mm)

1.5

Width(rnm)

1.8

No,of charmet/drain

40

Drainage
channel

90

Unit weight (glm)
Filter

Spmr bonded
oolvester
‘.

core

Polyole6n

Material
Connection condition
between filter and core

Fixed

structure

4.2 Short Term Test Results

Ac@ic cylinder
Figure 3. Set-up of confining the drain by clay

For ease in quantifying each influencing factor, the test
results of confining a straight drain in a rubber membrane
are considered as basic ones and other test results are
compared with them. The confining pressures for the basic
test were 49 and 392 kPa, and hydraulic gradients were
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Hydraulic gradient, i
Figure 4. Results of basic test

about 0.08 and 0.8. The results are plotted in Figure 4. It
can be seen that as a general tendency the discharge capacity
is reduced with increased confining pressure. It is the same
as the results reported in the literature (e.g. Hansbo 1987).
If extrapolating
the results to unit hydraulic gradient
(i= 1.0), a discharge capacity of 1981 ins/year and 1307
m3/year can be obtained for confining pressures of 49 kPa
and 392 kPa, respectively. The short term test results are
summarized in Figure 5. A discharge capacity ratio is used
in the figure, which is defined as the amount of water flow,
Q, divided by the corresponding value of basic test, Qb
(Q/Qb). Following discussions can be made for short term

(1) Confining the drain by a rubber membrane can not
simulate the actual field condition and the discharge capacity
test for determining the design value should confine the
drain with clay. When confined by a rubber membrane, it
results in a much higher discharge capacity than that in
clay. For the case investigated, the clay value is only about
20% of membrane value. Three possible reasons for
reduction on discharge capacity of PVD in clay can be
considered,
(a) Reducing the cross sectional area of drainage channel due
to deformation of filter under pressure. This has been
considered as the main reason. After the test, it was
observed that the filter was considerably deformed and
the cross sectional area of drainage channel was reduced
to 70-50% of original value as shown in Figure 6. The
left side of Figure 6 was made by stamping the actually
used soil sample on paper. Since the amount of
reduction on cross-sectional
area is a function of
stiffness of filter, as a supplementary information, the
tension force versus tension strain relationship of the
filter was determined by the laboratory wide strip test,
with a strain rate of about 1Yolmin as shown in Figure
7. For the case of confined in rubber membrane, due to
the tension stiffness of membrane, filter can not deform
as freely as that in clay.

test results.
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Figure 6. Deformed shape of clay sample adjacent to drain
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Figure 5, Summary of short term test results
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the conductivity
of filter in longitudinal
direction due to soil particles penetrating
into the
opening of filter. When confining the drain in rubber
membrane, the filter may act as a part of vertical water
flow path. In the case of confined by clay, the clay
particles will enter the opening of the filter and reduce
the conductivity
of filter.
Since the thickness

I

Stmin mte
●

: 1%/rein.

Measuredvalue

.

Yield force
2kN/m
●

.

.

/

jiL-

10

Tension atmin, ~ (%)

Figure 7. Tensile force versus tensile strain curve for filter

of the filter is only about 0.2 mm, this effect is a minor
one.
(c) Clay particles enter the drainage channel. Although the
most of filters commercially used satisfy the filtration
criteria, the experimental evidence indicates that some
amount of very fine particles entered the drainage path
and forming loose flocculated sediments on the wall of
drainage path. It is considered that the formation of the
flocculated sediments is a function of chemical contents
of clay.
(2) It seems that not much air bubbles can remain in the
drainage path. The data from this study show that the
trapped air bubbles reduced the discharge capacity about

Stepping on the water flow hose is just like applying
pressure pulses to water flow system. It was observed that
some flocculated fine particles were pressured (due to
stepping) out of the drainage channel of drain and deposited
on the wall of the outlet hose. Based on these results, it is
considered that the reasons for the reduction of discharge
capacity with elapsed time are (1) creep behavior of filter
which reduces the cross-sectional area of drainage path, and
(2) clogging caused by flocculated fine particles. As shown
in Figure 8, for the case investigated, the creep effect is
evaluated as the difference between last measurement point
and the reading at about 1 week of elapsed time, which
reduced the discharge capacity about 30%. The most
reduction can be attributed to the clogging effect which is a
function of soil type and filter type. The chemical analysis
about the flocculated fine particles as well as the clay
mineral is going on and the results will be reported in the
future. The discharge capacity reduction with elapsed time
was also reported by Koala et al. (1986) for confining the
Geodrain in organic soils. For a drain, it is normally
expected to work at least half a year. Therefore, in design,
long term behavior of drain should be taken into account.
4.4 Discussions
From this investigation, it shows that the most important
factors affecting the discharge capacity of PVD are: (a)
confining condition, and (b) the duration of test. Therefore,
for determining the design value of discharge capacity, the
test should be conducted by confining the drain by clay and
tested for a longer period (may be few month). If comparing
the results fr~m this study- with those reported in the
literatures, the following comments can be made.

20%.
(3) Considering a vertical strain up to 20%, the folding
of the drain has minimal effect on discharge capacity, which
supports the conclusion drawn by Hansbo (1983). This
factor can be explained as the folding of the drain does not
change both the length and cross-sectional area of drainage
path much. The kinking was not considered in this study
because it rarely occurs in the field.

Confine pressure :49 kPa
~ Hydraulicgradient :0.08

g

‘a

J

- 100

Effeci of creep
deformationof filter

L -\

L. . . . . . . . . . . . ..--. . . . . . . . . . . ---------

4.3 Long Term Test Results
Only one test of confining the drain in clay was tested for
about 5 months. The conditions were: confining pressure of
49 kPa and hydraulic gradient of 0.08. This confining
pressure approximately represents the lateral earth pressure
in subsoil under a 5 m high embankment or at 10 to 15 m
depth of natural subsoil. A lower hydraulic gradient is
adopted because, in the field, the average value during
consolidation process may not be high. The long term test
results are shown in Figure 8, which indicate that the
discharge capacity was continuously reduced with elapsed
time except the last measurement
point. It has been
understood
that in the interval between the last two
measurements, the inlet hose (about 30 mm in diameter and
flexible) had been stepped on several times unexpectedly.

1

1

1

50

100

158

I

0

Elapsed time, t(day)

Figure 8, Long term discharge capacity test results

(1) The values of confining
the drain by rubber
membrane are comparable
with the data reported by
manufacturers. Due to the apparent high discharge capacity,
it may be considered that the well resistance of PVD can be
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ignored in design. However, the results of this study
suggest that the high value for confining the drain by
rubber membrane may not represent the field condition, and
well resistance
may be an important
design factor,
especially for long drains. The discharge capacity of
confining the drain by rubber membrane may only be used
as a quality control test.
(2) In clay short term (about 1 week) value of discharge
capacity is in the lower range of the data summarized by
Hansbo (1987). Comparing with the specifications about
required discharge capacity as summarized by Bergado et al.
(1996), it can be seen that with a discharge capacity of few
hundreds m3/year, the most specifications can be satisfied.
However, the most specifications have no clear requirement
about long term behavior.
(3) The long term in clay value (about 5 months) from
this study is higher than the data reported by Hansbo ( 1983)
by using the revised CTH (Chalmers
University
of
Technology) method for the similar drain. The revised CTH
method also confined the drain in clay with a test duration
of less than 1 month. Whether the CTH method considered
the head loss in the hose system is not clear, and if not, it
might be the reason for the lower value of discharge
capacity. The relative lower value of discharge capacity of
PVD was also reported by Jamiolkowski et al. (1983). The
field discharge capacity may vary with the type of drain,
type of clay, and designed consolidation period, but as a
rough reference,
it is recommended
that for most
commercial PVD, a design discharge capacity of less than
100 ins/year can be used.

5

CONCLUSIONS

Four influence factors on discharge capacity of PVD are
experimentally investigated. These factors are: (a) possible
trapped air bubbles in drainage path, (b) folding of drain, (c)
confining the drain by clay, and (4) long term behavior.
From the test results, following conclusions can be drawn:
1.The discharge capacity of PVD confined in clay is
significantly
lower than that confined by rubber
membrane.
It is strongly recommended
that for
determining the design value, the discharge capacity test
should be conducted by confining the drain in clay. The
test of confining the drain by rubber membrane not
represents the field condition and it might be used for
quality control purpose only.
2. The discharge capacity of PVD reduces significantly
with elapsed time. For the case investigated,
the
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long term minimum value is only about 10% of the
value at 1 week. This indicates that for design vertical
drain improvement, long term behavior of PVD should
be considered. For most commercial PVD, a design long
term discharge capacity of less than 100 m g/year is
tentatively suggested.
3. The possible air bubbles trapped in drainage channel has
an effect on discharge
capacity.
For the case
investigated, it shows that the discharge capacity was
reduced by about 2070 due to the effect of trapped air
bubbles.
4. The folding of drain does not influence discharge
capacity significantly because it does not change both
the length and cross sectional area of drainage path
much.
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Vertical Wick Drains

for Ground
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ABSTRACT: During the past few decades, an increasing need has arisen for various types of civil engineering projects
on construction sites underlain by thick deposit of sofl cohesive soils. Parallel to the development of the sand drains,
different types of prefabricated vertical strip drains were developed and were used exclusively in various projects. In this
paper, a new cylindrical prefabricated geocomposite drain (environmental friendly coir and jute) has developed and can
be used to accelerate the consolidation of soil thereby making the site available for the use in short time. The relatively
low cost of manufacture and installation makes this drain quite attractive. A design methodology has been developed and
the results are presented in the form of design charts for the handy use.
KEYWORDS: Prefabricated vertical drains, Soft soils, Drainage, Filtration, Geocomposite.
1

INTRODUCTION

In the recent years many civil engineering projects have
been under-taken on the sites which are underlain by

thick deposits of soft cohesive soils. In such situations a
ground improvement technique is essentially needed to
provide adequate soil properties viz., bearing capacity
and tolerable post construction total and differential
Preloading
and precompression
are
settlements.
frequently used in combination with vertical drains,
(Hausrnan, 1990. Holtz, 1987 and Johnston, 1970)
especially in areas of very thick deposits of soil soils with
high percentage of moisture content. The main purpose
of vertical drains is to accelerate the consolidation time
by shortening the drainage path. Usually sand drains are
used for these purposes (Bergado, et al., 1992). The
prefabricated drains were first introduced into the field of
(1948).
geotechnical
engineering
by Kjellman
Improvement of the Kjellman wick drain included using
a grooved plastic core in place of cardboard.
The various types of prefabricated vertical drains, their
installation
methods
and
common
pertinent
characteristics have been documented. (Jamiolkowski et
al., 1983 and Koerner, 1994). Most of the prefabricated
drains made of natural materials viz., jute and coir has
also been studied. (Lee et al., 1989; Ramaswamy, 1994;
Dastidar, 1969; Dinesh Mohan, 1977; Sengupta, 1980
and Mandal and Shiv, 1992). As two components of
natural geocomposite drains (i.e. jute and coir) are
readily available in the Indian subcontinent at low cost,
an attempt has been made in the present paper to
develop a new design methodology to install
geocomposite drains in soft cohesive soils. The design
charts are also presented for handy use.

2

GEOCOMPOSITE DRAINS

Generally geocomposite drains are made of synthetic
materials, yet some geocomposite drains are made of
natural iibre extracted from jute and coir. Different
cotilgurations of natural geocomposite drains are
shown in Figure-1. The schematic diagram of a natural
geocomposite drain for which the nomogram is
developed is shown in Figure-2.
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i) Components : seven number of coir ropes of
diameter 10mm to 60mm wrapped by
jute geotextile.
double layer
ii) Diameter: 100mm to 200mm.
iii) Filter cover permeability >10-3 cndsec.
iv) Axial permeability : > 10 cmkc
for
pressure up to 330 KN /sq.m
confining
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A
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c) Marine clay
SpeCifiC gravity=
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liquid limit = 78V0
plastic limit = 387.
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Fig. 2 Geocornposi

16 cm

K

2.1

vertical

wick drain

—

Seven coir ropes of diameter 10mm to 60mm are
grouped to form one geocomposite drain. These ropes
are tied with jute rope at a spacing of 60cm. This group
of coir rope is then wrapped with double layer of jute
geotextile. The geocomposite drain diameter varies from
50mm to 200mm. The coir ropes provide longitudinal
channels to allow percolation where as the filtering
qurdity of the drain is furnished by the two jute burlap
layers.
This geocomposite drain can be designed and
to suit the needs of the specitlc
manufactured
requirements of different soil improvement projects. It
is flexible, rugged, resistant to clogging adequately
strong in tension and stilciently
durable. The
properties of this geocomposite drain and a typical
natural soil are given in Table 1. Jute and coir are by
nature strong and not easily decomposable under
adverse environmental conditions. The geocomposite
drain is relatively resistant to chemical action and loses
its strength usually after two years of installation in soft
marine clay. @amaswamy, 1994)

The fimction of geocomposite drains are:
1. The jute fiber has the capacity to accept water
through the filter jacket and work as water absorbent
material.
2. The coir has the capacity to discharge the water
quickly out of the consolidation soil strata.
The natural geocomposite drain has a unique structure
that enhances the function as a filter fabric has high
permeability and restricts the erosion of soil particles. At
the same time it allows ve~ tine particles from the soil to
flow in and out of the drain without clogging. Removal
of very fine sand particles is beneficial as this allow
larger particles to form a highly permeable soil network
against the fabric.

3

1) Jute fibre
Thread diameter: 1.5 to 2.0 mm
weight: 450 g/m2
Tensile strength = 13 KN./m
2) Coir rope
Rope diameter: 10mm to 60mm.
weight: 350 g/m2
Tensile strength = 11 KN./m
b) Geocomposite drain
Sixth International
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DESIGN CONSIDERATION

The prcxxdure for the design of vertical drains are based
on Terzaghi’s one dimensional consolidation thecxy as
suggested by (Barren, 1948, Richart, 1959, Kjellman,
1948 and Hansbo, 1979)
3.1

Table 1 Properties of geocomposite drain and soil
a) Material

852-1998

Function of Natural Geocomposite Drain

J

Design Parameters:

The spacing of the vertical drain is governed by
●
soil properties
.
boundary and drainage conditions
.
desired degree of consolidation
●
time available for consolidation
.
drain installation pattern and
.
height of surcharge or fill load.
The degree of consolidation, surcharge intensity,
settlement, pore water pressure and drain parameters are
interrelated. The degree of improvement of soil
properties depends on percentage settlement, dissipation
of pore water pressure, increase in effective stress or

4

increase of shear strength and the drain spacing can be
obtained from(Barron, 1948). A more rigorous approach
to drain design has been used in Europe and utilizes a
combination of Kjellman’s,( 1948) original work and
Hansbo(1979), the revenant design equation follow:

[()
-a

110

()‘1

3-—
2

8Ch [

Geocomposite drains can be lowered into the drill holes
made by readily available piling equipment. Koemer
(1994) has given varieties of base plates to attach
geocomposite drains at bottom of lanes. Similar types of
drain plates can be used for lowering the natural
geocomposite drain. A coir fabric at the ground surface is
proposed for quick drainage of dissipated water beneath
the embankment, instead of costly sand blanket. Since
geocomposite drain allows faster consolidation the
embankment layer thickness may also be increased to
complete work at the earliest.
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which can be simplified, since d/D is small, to
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CONCLUSIONS

The natural geocomposite vertical drain has been
developed to speed up the consolidation process for
various types of construction on sites underlain by thick
deposits of soft clays. It is flexible, resistant to clogging,
resistance to ultraviolet rays, relatively more permeable,
strong in tension and stilciently durable, low cost and
environmental superiority over geosynthetics. As with

where : t = consolidation time
Ch = coefllcient of consolidation for horizontal flow
d = equivalent diameter of the wick drain (=
circumference /n)
D = sphere of influence of the wick drain (for a
triangular pattern use 1.05 times the spacing, for a
square pattern use 1,13 times the spacing)
U = average degree of consolidation.
From equation 1 a nomogram has been developed which
relate
degree
of consolidation,
coeff~cient of
consolidation Ch, and the required drain spacing. The
results are plotted in a graphical form as shown in
Figure-3.

synthetic geocomposite drains the mtural geocomposite
drain can be designed and manufiwtured to suit the
specific requirements
of different
soil improvement
projects,
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ABSTRACT: The discharge capacity of vertical drains is found to be significantly affected by the testing conditions. This
paper presents the drainage performance of prefabricated vertical drains (PVD) under simulated field conditions, using a
new drain testing apparatus. This apparatus can simulate realistic field conditions for vertical drains in soft clay deposits.
Due to large ground settlement in soft clay, vertical drains may subject to excessive strains and formation of kinks. In
general, such drains will have a lower discharge capacity than straight drains. Therefore, in addition to the realistic field
properties of soil, critical evaluation of the laborato~ determined discharge capacity is needed to understand the field
performance of PVD. The testing conditions that can be simulated in this apparatus include varying confinement pressure,
kinking of drains and packing in clayey soils. It is seen that different types of prefabricated vertical drains have
siguiiicantly different discharge capacities under similar testing conditions. A comparative study of the discharge
capacity of four drains under various test conditions is also presented in this paper.
KEYWORDS: Prefabricated vertical drains, Contlning air pressure, Discharge capacity, Kinking, Testing

1

INTRODUCTION

Prefabricated
vertical drains (PVD) are often used to
accelerate
consolidation
of soft clay soils in ground
improvement projects. Many types of prefabricated vertical
drains are available in the market. To determine the
suitability of a drain for a given project an evaluation of
discharge capacity is needed. A new drain testing apparatus
for PVD was developed at the National University of
Singapore (NT-E), to closely simulate the field conditions in

such tests. The simulated testing conditions include varying
confining pressure, kinking of drains and packing of clay
around them. Four types of PVDS were tested under these
conditions.
Hansbo (1983) recommended that testing of vertical drains
should be carried out by placing it in an impervious soil.
Lawrence and Koerner ( 1988) examined the influence of the
kinks on the discharge capacity of drains. Based on these
two conditions the discharge capacity of kinked drains that
have packed clay around them is an important condition to
be specified. The results of such tests with the new
apparatus are discussed in this paper,

2

NUS DRAIN TESTING APPARATUS

A vertical drain testing apparatus was designed and
fabricated to determine the discharge capacity and the
transmissivity of prefabricated vertical drains (Lob, 1996).
The design of the apparatus adheres closely to the ASTM
Standard D47 16-87 specifications and the conditions stated
in the Hansbo (1983) ‘ideal test’. The apparatus consists of
three main detachable components: a constant head inlet
reservoir, an outlet resewoir and a transparent, cylindrical
compressed air chamber as shown in Figure 1.
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Figure 1: Schematic diagram of the NUS drain testing
apparatus (Lob, 1996)
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Table 1: Physical properties of the PVD tested
VDl

VD

VD3

VD4

Mass/unit area (g/mmz) X10-4

11.81

2.92

4.06

3.4

Core type

Coir

Polypropylene

Polypropylene

Polyester

Core structure
~

Sleeve filter
Dimensions

(W mm x t mm)

nylon web

Double layer of
woven Jute

Polypropylene
woven

Polypropylene
woven

Polyester nonwoven

100 X 8

100 X 6

liquidity index of the remoulded clay was 0.6 to 0.7. With
this layer of clay coming into contact with the drains, there
will be a better simulation of the field conditions.
TYPES OF DRAINS

Four types of prefabricated vertical drains were investigated
in this apparatus. VD 1 is made of natural fibres of jute and
coir. Two layers of jute burlap (Lee et al 1996) envelop four
coir strands of 5-6mm in diameter made of coconut fibre.
VD2, VD3 and VD4 are geosynthetic drains with ddferent
core types and core structures.
VD2 has continuous
rectangular channels whereas VD3 has button extrusions
formed on the polypropylene core. VD4 has a polyester
nylon web type of core (Hausmann, 1990). Salient physical
properties of the four prefabricated vertical drains are
shown in Table 1.
4

TEST

4.1

Cotilning Pressure

RESULTS

The four PVDS were tested under a range of confining
pressures from 20kPa - 300kPa, which is equivalent to a
lateraJ pressure in 30m-40m thick submerged soft clay.
High contlning pressure is needed to determine the
discharge capacity of such PVD installed at great depths.
Figure 2 shows the results for the four drains tested. For
all drains, it is noted that with an increase in confining
pressure, there is a reduction in discharge capacity. This is
to be expected as reported by Hansbo (1993), Kamon et al
(1992) and Broms et al (1994). The filter sleeve squeezes

856-1998

Sixth International

“’’’”

button extrusion

The compressed air chamber is designed to be large
enough to accommodate
a kinking mechanism,
which
consists of two angle plates. The angle plates can be placed
against the drain to form a kink at any desired angle.
Hence the discharge capacity of kinked drains can be
determined. Remoulded clay can be packed around the
drain, which is then encased in a rubber membrane, in
order to ensure that the effective lateral pressure of the soil
against the drain sleeve is acting as in the field. The

3
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non-

100 X 6

non-

100 X 6

into the core with increased confining pressure and hence
the effective cross-sectional area of the core is reduced,
leading to a reduction in the discharge capacity.
VD 1 has the lowest discharge capacity among the drains
tested. VD2 and VD3 have polypropylene non-woven filter
sleeves, which were partially squeezed into the channels in
the core at large confining pressures. This reduction in
core space causes a drastic reduction in the discharge
capacity. It is observed that the discharge capacity of VD4
is lower than that of VD2 at low confining pressures, but is
the highest among the four at 300 kpa pressure. The
relatively high discharge capacity is due to the relative
stiffness of the nylon web type of core structure and the
filter sleeve. The relatively high stiffness is more effective
in preventing the filter sleeve from being squeezed into the
core at high confining pressures.
4.2

Type of Confinement

It is very important to have a close simulation of the field
conditions of the drains in a study of this type. Besides
changing the hydraulic gradient and contining pressure,
tests were conducted using different confinement methods
for each PVD. These included packing of clay around the
PVD, with or without a stiff plate, as prescribed in the
ASTM in applying pressure on the PVD.
Hansbo (1983) commented that the determination of the
discharge capacity of a drain wrapped in a film of
polyethylene and placed between two steel plates is
inaccurate in this regard. He recommended that, in order to
determine the discharge capacity of a drain, clay should be
packed around the drains to ensure that the effective lateral
pressure of the soil acting on the drain sleeve is similar to
that in the field. The ASTM specification and the testing
conditions used by many other workers, for instance Chang
et al (1994), are similar without any clay directly around
the drain. Hence from the above discussion, it was decided
to determine the discharge capacity of PVDS with the
placement of a rigid plate, as per ASTM, and to compare
the results with those conducted with clay packed PVDS, as

For VD 2 at hydraulic

by Hansbo (1983). Two rigid perspex plates
placed on either side of the PVD served the purpose.
In Figure 3, the drains lined with rigid (perspex) plates
have nearly always a larger discharge capacity than those
without rigid plates. The drains with the packed clay
around fall in between the discharge capacities measured
with and without perxpex plates. Hence, clay packing is a
closer simulation of the field conditions.
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Figure 2: Discharge capacity of diilerent types of PVD

4.3

Kinking of Drains

Another field condition likely to be encountered is the
kinking of drains (Lawrence and Koemer, 1988). Two
series of kinking tests were conducted. In the first series,
an artificial kink with 135° angle was introduced. The
second series was a “natural” kink carried out by imposing
a 25°/0 axial strain on the drain, similar to the drain
deformation in the field. Lawrence and Koerner (1988)
observed that with kinks in the PVDS, there is a reduction
in discharge capacity.
Figure 4 shows the discharge capacity of straight and
kinked drains and Figure 5 shows the percentage reduction
of the discharge capacity of kinked drains compared to the
straight drains. It is clear that the discharge capacity of
straight drains is always higher than that of kinked drains.
Although straight VD2 showed much higher discharge
capacity than VD3, kinked VD2 showed a greater
percentage reduction in discharge capacity than kinked
VD3 at 135°. It is apparent that VD3 has a more rigid core
structure than VD2. At a confhing pressure of 350 kpa,
the percentage reduction of discharge capacity for VD4 is
the lowest, whereas VD2 has the highest reduction. Tests
were also performed with artificial and natural kinks.

1

‘~
o

50

100

Confining

150

200

Air Pressure

250

300

(kPa)

Figure 4: Discharge capacity of kinked and straight drains
Fignre 6 gives a comparison of results for the two series of
tests with artificial and natural kinks. Drains with mtural
kinks tend to have a higher discharge capacity than drains
with artificial kinks. Discharge capacity of kinked drains
obtained from natural kink is more realistic as kinks are
formed naturally in the field. Figure 7 shows the discharge
capacity of drains with natural kinks and clay packing
around the drain. The discharge capacity of VD4 is the
highest in the kinked condition. This type of drain has a
nylon web type of core which is robust and does not
collapse much when kinked. Also its filter sleeve is
relatively stiff compared to those of VD2 and VD3 and
hence it is not squeezed into the core at high confining
pressure. In the case of VD 1 the discharge remains ve~
low both in the straight and kinked conditions.
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5

VD

Four types of PVDS were tested in a new apparatus.
It is
observed that the core structure of the drain plays an
important role in the estimation of the discharge capacity.
In testing PVDS, the method of confinement of PVDS has a
DilTerent
great influence on the discharge capacity.
confinement modes can yield considerably different results.
Other conditions such as kinking of drains are also
important when choosing a PVD for a given project. To be

2

VD 1

0’

more realistic in the measurement of discharge capacity,
the confhement pressure on PVD should be applied
through a packed layer of clay, where the PVD is to be
used, and a natural kink should also be incorporated during
the test.

VD 3

o~
o

50

100

1

ForVD

200
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Confining

Figure 5: Percentage
kinked drains
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Geotextiles for the EIDorado International Airport in Colombia
A. Malagon
Civil Engineer, Manager of Ingenieria & Geosintdticos Ltda, Santafii de Bog@i, Colombia, South America
ABSTRACT: This document presents the case history of the utilizatio~ between 1996 and 1997, of 1,220,000 mz of woven
geotextiles, reinforcing the foundation of embankments constructed on sofl soils, and 25,000 m2 of nonwoven geotextiles
for filtratio~ on the second runway of the EIDorado International Airpmt. In Colombia geosynthetics have been used since
the 1980s however this is the first job that has &en reinforced by high tensile strength geotextiles. The foundation soil at
the project site consists of a deep deposit of Iacustrine orig@ poorly consolidated. The original design was based on
improving the characteristics of the soil’s resistance through preeonsolidation by overlo@ with the use of wick drains. The
building contractor, based on a fiuther investigation of the subsoil, presented and obtained the approval of an alternative,
that does not contemplate the preconsolidation nor the wick drains, but rather includes the reinforcement of the foundations
of the embankments by woven geotextiles.
KEY WORDS: Airport Constmctiou Sofl Soils, Wick Drains, Geotextiles, and Reinforcement
1.

INTRODUCTION

The use of geosynthetics in Colombia was initiated during
the 1980s with the utilization of geotextiles for soil
separation and filtration with the specific purpose of
avoiding contamination of structures below pavements and
porous mediums in drainage systems. Later, geotextiles
were used to reinforce foundations and to construct
mechanically stabilized soil retaining walls. In the
beginning of the nineties decade, the use of geomembranes
started mainly to avoid or diminish leaks in such works as
(a) water storage, (b) wastewater treatment and (c)
disposition of solid contaminantts. Other geosynthetics such
as geogrids, geonets, and so on have been used
occasionally in limited quantities.
The development of the geosynthetics market in
Colombi~ without being very great has been faster than
the diffusion and acquisition of the necessary technical
know-how for its correct use and specification. In
Colombia, there are no technical norms that regulate the
specificatio~ the design and the construction with
geosynthetics nor is there an impfutial entity that can duly
assess the engineer. The industry, along with some
universities and engineering ~
has made great efforts
to spread the technology but the results are limited and in
some case arguable.
On the other han~ Colombia suffers from a lack of
runways and transportation inhstructure, which has led
some investigators to calculate that Colombia is behind its
own necessities by about thirty years. To overcome this
problem the Colombian government has decided recently
to grant licenses for the most important constmction
projects and for the rehabilitation of ro~
city streets,
airports and seaports. Both national and international firms
have been invited. This is the case of the EIDorado
International AirDort. which handles some of the heaviest
air traffic in ~e world with only one runway. The
construction of the second runway has been contracte4 by
granting a license for a term of seventeen years. The

contractor is a consortium of the Spanish firm Dragados
and the Colombian firm Conconcreto.
1----1

—
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/
x

:4

Figure 1. General plan view of the project
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The soil on which the runway is being co~
is a
deposit of some 300 meters deep (for this project about 60
meters have been recognized as soft), consisting of
lacustrine origin soils mainly clayey with presence of
volcanic ash and also some sand lens, The runway goes in
an east-west direction which is 3,800 meters long and
crosses the Bogoti river bed which was rectified by means
of a canal of some 600 meters long which made the
construction possible (see Figure 1). Figure 2 shows the
side view of the runway. As can be obse~
the initial
2,600 m of the runway - Sector 1- rest directly on the top
layer of mtive clays, while the final 1,200 m of the runway
- Sector 2- rest on a embankment with maximum height of
4.0 m.

Figure

2.

Side view

of the runway

The investigation of the subsoil demonstrate
its
incapacity to support the loads of the embanlunents and
that the runway would suffer great dMerendal settlements,
unless adequate measures were taken to avoid this. The
designer specified a process of preconsolidatiom induced
by an overload caused by an embankment 5 meters him
accelerated by the installation of wick drains placed 1.80
meters apart and 10 meters deep (see Figure 3).

.,
--111
..
-->..,,-

torn

5rrl

...-..

EMBANKMENT

‘>...

I

Figure 3.
full scale test embankment.

The contractor fi.uthered the investigation of the subsoil
through traditional mechanical ddling and through the
Cone Penetration Test (CPT), with a continuous
measurement of interstitial pressure. In santaf~ de Bogoti
at that time, there had been no one with the experience
_
for the project in the use of Cm equipment.
When the original design was done, the designer did not
have the information that the constructor obtained through
his own additional investigation. The results of this
investigation made it possible to characterize better the
subsoil and led to the conclusion that the treatment of
preconsolidation could be avoided. Consequently, the
foundation
embankment
contractor
recommended
reinforcement in lieu of the acceleration of settlements.
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ORIGINAL
DESIGN :
IMPROVEMENT
THROUGH PRECONSOLIDATION

2.1 Foundation Soil
The soils at the work site are predominancy arguielous of
high plasticity (CH), very soft, and belong to the lacustrine
deposit named Sabana formatio~ whose depth beneath the
runway is60mas aminimum. The water table islor2m
below the temain surface. According with the bidding
docmnen@ there are two geotechtnical zones along the
runway: Zone 1, on the Bogoth river valley that presents a
layer of fine sands located between 4.0 and 11.0 m below
the surthce, resting on the typical soils of the Sabana
formation. Zone 2, located out of the Bogotii river valley
where the typical geotechnical profile of the Sabana
formation is pwmt. The designer spcified the use of
wick drains in order to improve the resistance of the
foundation but mainIy to make it Worm.
This
pre.consolidation treatment was designed also to reduce the
expected differential long-term settlements between zone
1 and 2, due not only to the geotechnical differences but
also taking into account the variable height of the
embaknent (from Oto 4.0 m).
The wick drains were specified to have a depth of 10 m,
1.80 m spaced and interconnected on the surface through a
granular material layer of high permeability. This layer
was designed to captme and evacuate the expelled water
from the soi~ thanks to the application of the overload of
an embankment 5.00 meters in height (Figure 3). The
estimated time necessary for the completion of the
preconsolidation process was 15 months.
2.2

;
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In order to confirm the performance of the original desigq
a full-scale test embankment has been constwted and
monitod.

Pavement Structure

In the solicitations, two alternative pavement designs were
specified (a) flexible pavement compossd by 13 cm of
asphalt carpet, over 38 cm of standard asphalt base and 90
cm of gramdar material, meeting spxifications of subbase
course. And (b) rigid pavement composed by 38 cm of
concrete slab, over 20 cm of standard asphalt base and 90
cm of granular subbase material.
2.3

Embankment Material

Table 1. Embankment material specifications.
CHARACTERISTIC
Maximum Grain Size

% psssingNo. 200 sieve
Liquid Limit (1L)
Plasticity Index @p)
CBR

SPECIFIED
75mm
<150/0

25%
6%

REAL
75 mm
13.5?’0

23?40
6,7%
38

These specifications correspond to a local material, called
“Recebo”, with a soil fiction angle (!ZJ) that varies
between 25° and 30° when compaa
and is composed by
a mix of fine and granular soils.
3.

DEFINITIVE DESIGN : REINFORCEMENT
THE FOUNDATION WITH GEOTEXTILES

determined to be the governing mode and the geotextile
was designed for sepamtion and reinforcement.
..~
\

OF
Toe

Bose

FgJure

Fodure

Spreod,ng

Fo,lwe

Figure 5 Mode of Failure
Three typical transversal sections were analyzed (a)
transversal section of the runway, (b) tmnsversal section of
the platforms and (c) transversal section of the perimeter
roadways for vehicle transit.
This document refers mainly to the runway and platforms
reinforcement
though it includes the technical
characteristics of low strength geotextiles used to reinforce
the perimeter roadways.
Based on the new exploration of the subsoil, the
contractor was able to establish more precisely the
chamcteristics of the foundation soil and to analyze, for the
embardunent material used (see Table 1), the two
transversal typical sections of the runway (see Figure 4).
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08

n

l’”
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The contractor, considering punctore as the most probable
?tion
geotextile-breaking mode, used the following
equatmn to determine the required geotextile puncture
resistance:
F~=(n4@P’S’

m

1

Figure 4. Reinforced Typical Transverse Sections.
Following the design method proposed by Koemer (1990)
to determine the required fimctions of a geotextile in the
foundation of embankments on sofi soils, the contractor
determined the primary and secondary fimctions of the
geotextile. According with the contractor criteria,
separation is the primary function for low height
embankments, while for high height embankments,
depending on the governing m-d of ‘llilure, reinforcing
could be of primary importance (see Figure 5). When Toe
or Spreading are the governing failure modes,
retiorcement and separation are the geotexdle primary
fimctions. When Base failure is governing separadon is
the primary geotextile function, For Sector 1, the geotextile
was desigmd for separation. For sector 2 by means of
comparing the embankment height (H), the soft soil depth
(D) and the embankment width (B), a toe fitilure was

(1)

where,
F~
4
&
P’
s’

= Requiered geotextile puncture resistance (W)
= Geotextile opening size (m)
= Average diameter of the puncturing aggregate (m)
= Pressure exerted on the geotextile (M%)
= Shape thctor of the aggregate particles
s’= (l-s)
s = Sphericity
S = 0.4 for crushed stone

Taking into account that the foundation soils have a
passing 200 ASTM sieves > 50Yi the contractor decided
to speci@ 095< 0.3 mm. In consequence for 4 = 0.3 ~
~~=~wa~~posd
by the ~nstruction tru&.s) ad & =

F~

t= O.30m

yyml
l\~:~d,fi%j:i:fi
Open

3.1 Geotextile Design for Separation Function

= (n )(0.3 X 10-3)(70X 10-3)490 (1-0.4)
F~= 0.01940 kN= 19.40 N

Using a i%ctorof safety against puncture of 2.0,
F~~ = 38.8 N
3.2 Geotextile Design for Reinforcement
Using a computer program for geosynthetics desi~ the
contractor determined the required tension at 2070 of
elongation (T20),based on the following parameters:
Table 2. Geotextile for reinforcement design parameters
Symbol Unity Vahse
Design p ammeter
3.50
M
H
Embanlmmt Height
<20
%
Ef
Elongation at failure
kPa
19
Tf
Fill mataial Shear stress
17.8
kPa
Foun&tion soil Shear stress
~,
D
M
14
Soft soil depth
Angle of slopes to horizontal
13
0
26
kN/m3
17.8
Fill material Unit weight
Yf
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Geotextile resin
Uniform surcharge load
Damage during construction
partial factor
Loss of mistime
for 20
year partial factor
Global Factor of Safety

PP
10
1.1

These instruments allow for the measurement of
settlements at the foun&tion level and to evaluate
cmntinuoualy their space variation.

fui2

1.24

FS

1.5

Table 4. Results of settlement plates
Instmment
Zone Settlement (mm)
80
A
Settlement plate No 3
115
B
Settlement plate No 6
158
c
Settlement plate No 14

%
~.l

~

The computer program calculates the rquircd Tm and
minimum anchor length L, using the Bishop stability
method of analysis. For the runway, the results was:
Tzo= 70 kN/m
L,=47m
4.

PRELIMINARY RESULTS OF THE MONITORING
ON THE TEST EMBANKMENT AND ON THE
FINAL EMBANKMENT

4.1

Test Embanlunent

The test embankmen~ 160 m length by 80 m wide and 5 m
him with slopes 2H: lV (see Figure 6), was constructed
near the runway where one can expect the largest velocities
of settlement, due to the presence of a sand layer in the
stratum. As Figure 6 shows, the test embanlanent was
divided in three zones:
Zone A on top of foundation soil treated with wick
drains installed as defined in the original design (1 wick
drain /2.80 m2),
Zone B: on top of foundation soil treated with wick drains
installed more closely (1 wick drain /2.0 m2),
Zone C: embankment on top of foundation soil without
wick drains.
To monitoring the test embankment performance, the
following set of instruments was installed

Table 5. Maximum excess of pore water pressure (kPa)
Depth (m)
AU (l@
Piexometer
Zone
4.9
A
10
N03
20
21.6
N“l
30
15.7
N02
10
9.8
B
N“6
20
38.3
N“4
30
30.4
N“5
10
1.9
c
NOll
20
29.4
NOIO
N09
30
32.4
Due to space limitations it is not possible to include in
this *ent
more detailed information about these
provisional test embankment results, but the initial
contractor’s conclusions are:
- Measured settlements are smaller than those expected
and occur at a velocity near to the expected one,
- The greater part of settlements during the construction
occurs in the top 20 m of the stratum,
- Apparently there is not important influence of the wick
drains on settlements,
- According with the settlement distribution in the test
embankment, differential settlements would occur in the
runway (in the order of 5 cm). This magnitude of
differential settlements have registered in airports with
similar foundation conditions than EIDorado Airport (San
Francisco A@@ Mexico City Airport)
4.1 Final Embankment

●

Figure

Settlement

6 Plant

Plot,

I

View of the Test Embankment

Table 3. Set of instruments
embankment

installed

in the

Instrument

Quantity

Casagrande’s piezometer
Settlement plate
Extensometer
Continue Settlement line

11
18
3 (60 m length)
4
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The final embankment foundation was reinforced by a
high strenglh woven geotextile. During constructio~ no
monitoring instruments were installed. At the moment of
this writing the ccmtractor is starting a plan of topography
measurements. As the contractor has been able to establish
through geotechnical studies and embankment tests,
settlements will occur on the runway. However thanks to
geotextile retiorcemem
abrupt differential settlements
will not appear. According to the measurements the
magnitude of the general settlement because of
consolidation is small and will be compensated by
works, which are no~
for tins
repaving maintenance
type of construction.

5.

5.1

REQUIRED AND SUPPLIED SPECIFICATIONS
FOR THE GEOTEXTILES
Geotextile for the Runway and P%tforms

The contractor specified the following necewary
characteristics of the woven geotextile to reinfbrce the
runway and platforms:
Property
Ultimate tensile strerwth

Elongation at break O%
5.2

Un
KN/m

Value

70X 56
<13
<300

%0
urn

Geotextile for the Perimeter Roadways

The contractor specified the following nemsary
characteristics of the separation woven geotextile for
perimeter roadways:
Property
Ultimate tensile strenglh
Elongation at break
095
Flow Capacity Normal to the plane
Thklmess
Puncture Strength
5.3

Un
KIWm
‘?/0

Value
25X 25

50 to 70
<150
UpmY.s 0.0319
>3.00
N
4000

Geotextiles for Filtration in Drainage System

The pavement drainage system leads infiltrated and ground
water, by the open graded asphait base, to the lateral
drainage lines, which are trench drains filled with open
graded material including a 100 mm size pipe, wrapped up
by nonwoven needle punched geotextile.

Tensile Strength
Wide Width
Elongation
Mullen Burst
Trapezoidal Tear
AOS
Permitivity
Permeability

Water Flow Rate
W Resistance

b) Woven geotextile Geotex 200 ST for the perimeter
roadways
Property

Polymer Type
Wide Width

UN

KN/m

MARv
PP
21X21

Typical

22.7x27. 1

15

11X19

Id%
N

3100
330
0.425

3440
420x420
0.300

s~l

0.07

l/m2/s
L/rn/m2
%

11
240
90

90

c) Nonwoven geotextile NT1600 for filtration in dminaze

system
Polymer Type
Grab Tensile Strength
Elongation at Break
Mullen Burst
Trapezoidal Tear
AOS
PermitiVity
Permeability
6.
6.1

UN

Typical

N
%
kpa
N

420

PP

&

80
1205
160
0.150
2.2

Cmh

4.8 X

10”2

METHOD OF CONSTRUCTION
Prepamdon of the Foundation Soil

Gemyttthetics imtahtion guidelines for reinforcement of
embankments foundation on S@ soils recommend (a) to
install the reinforcement over the terra@ without
removing the vegetation and (b) to induce - within
adequate limits - the development of the resistance in the
reinforcement. However, in this case, the organic soil was
removed.
6.2

Table 6. Characteristics of the geotextiles used
a) Woven geotextile Geotex 4x4 for runway
UN
MAW
Typical
Property
Polymer Type
PP
70X70
KN/m
81.4x80.5
Wide Width
Tensile Strength
0/0
14x12
19X19
Wide Width
Elongation
8960
Mullen Burst
Wa
8270
1335X131O
N
Trapezoidal Tear
820x845
0.6004).425
0.600
AOS
-1
0.60
Permitivity
54
L/;%
Permeability
1830
l/rn/m2
Water Flow Rate
80
80
0/0
W Resistance

%

Placement and Joint Systems of the Geotextile

The geotextile was extended in the normal direction along
the centerline of the runway, in such a way that the
greatest stress was applied in the roll direction.
At fim an instruction was given to sew the geotextile
through the interlocking meth~ recommended by the
British Standard Guides 8006 (see Figure 7), in order to
_
tie maximum
possible stress transmission. hI
Colombra neither high strength yam nor sewing machines
to make double chain stitch were available.
In
consequence, in some spots it was observed that seams
could not support the stress due to the extension and
compactness of the ~ material. To fix thag a new
klruction was given to use overlaps whose dimension
was adjusted according to the CBR value of the foundation
soil in the dMerent zones of the project.
6.3

Extension and compacting of the Fill Material.

This operation was initiated in the zones where the
foundation soil was found to have the greatest bearing
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capacity. The material was discharged over the geotextile,
on firm areas and was distributed in such a way that, when
it was spread out a layer of 0.35 m of thiclmss, before
compacting, was obtained. BuIkiozem were used on this
job of the type CAT D-7 equipped with caterpillars of
standard width. Although this kind of equipment exerts
high pressure on the soil, the geotextile was able to support
those high construction loads. But the seams (see reasons
in 6.2) gave way in some places, something which was
made evident bv observhw local failures.

Imterlackimg

Double
—-—-

*

m—— --

-r

seam

chain

stitch

---—.-

Figure /. lypes m seams.
An initial compacting was applied with the bulldozers
and then the ~
com-@cting was applied with a vibrator
roller until the specified density was achieved.
Some points that showed rutting during Construction due
to faults in the subgrade soil, were repaimi by adding
material, until the geotextile was deformed sufKciently so
as to supply the rquired strength in order to stabilize the
filling
When the adequate bearing capacity was obtained in the
first layer, two more layers were added and Compactq
until the final projected level was obtained.
On the embankment crest level a hot asphalt spray was
applicxl on top of which the structure of the pavement was
constmcted- It was made up of a layer 8 cm of open graded
asphalt base, a 30-cm thick standard asphalt base and a
carpet layer of 13 cm. The open graded layer was specified
for the purpose of improving the dminage conditions of the
structure which has a lateral slope of 1.5’% and is
interconnected with a system of lateral drainage lines, that
discharge every 50 m (see Figure 4).

(a) to obtain and make uniform the stability conditions of
the embankment, which are rquired by the project,
without the necessity of improving the characteristics
of the subgrade soil;
(b) to carry out the work in a shorter period of time and
(c) To utilize embankment fillimz material that is
available near the construction site, which translates
into considerable savings on transport costs.
The construction job ~sents
an important contribution
to the development of the specification design and
construcdon of works carried out with geosynthetics in
Colombia, a country where a tremendous academic effort
is rquired in order to ensure that these products are used
according to rational criteria.
The relative extensive use of geosynthetics in Colombia
is based generally on the intuition of engineers who have
seen proof of beneficial effects of these products in their
different applications. Only in some cases, such as the
second runway at EIDorado International Airport, do the
required specifications of the reinforcement correspond to
a technically calculated design.
The lack or absence of adequate design has led to
partially or totally faulty projects, which have been carried
out with geosynthetics in Colombia and this also has
meant a lower pace of growth in this market.
The reduced diffusion of rational analytic methods for
design with geosynthetics means that only a handfid of
engineers have the necessary technical information for
designing with these products.
As a resul$ we continue resolving a lot of geotechnical
problems by means of traditional technologies that are
more costly, not only in terms of money but also in terms
of time and the environment.
We hope that the importance and good results of this
project will encmmge engineers in Colombi% as well as
other counties to construct with geosynthetics. To do this
we need to utilize sound geotechnical principles to
analyze, design and specify geosynthetics and to cxmstruct
with the designer and manufiwturer
according
recommendations.
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7.

CONCLUSIONS

The final design of the embankment foundation reinforced
with geotextiles has sped up the cmMmction and it is
functioning in accordance with what was established by
the contractor. This is without the necessity of overload
and drainage and has also resulted in being more
economical.
This job demonstrates that geosynthetics offer economic
alternatives in construction, that are reliable and of great
use for modem engineering projects in both developed
countries and in those countries found to be in the process
of development. In this case, the geotextiles have made it
possible:
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ABSTRACT:
A seawall for Donggang diking project is 3635m long and 5. 3m to 7. 5m high, with a diked area of
2. 45km2. The foundation consists of silty clay with high water content,
high compressibility y and low strength.
A seawall section having a height of 5. 3m to 6. Om was treated with geotextile reinforced foundation mattress;
meanwhile,
a seawall section having a height of 6. Om to 7. 5m was improved using plastic drainage plates. To
meet the needs of two treatment
schemes the observation instruments
had been installed in the seawall, covering
observation duration of 830 days and 710 days, respectively.
The test results obtained are mainly presented and
amd ysed in this paper. Findings show that the two treatment schemes adopted for this project have achieved excellent effect and the construction
of the seawall was smoothly accomplished
with faster speed and shorter time.
Also, it shows that there is difference in consolidation effect between the two schemes and the popularization
and
application should be carried out in line with local conditions.
KEYWORDS:

1

SeawalI,

Soft foundation,
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drainage

INTRODUCTION

Donggang diking project is located in Shenjiamen
of
Zhoushan City, Zhejiang Province,
which is the largest
fishing harbour in China, and is close to Putu Island of
Zhoushan Archipelago which ranks among the most cel-

ebrated Buddhist Meccas in China. The diked area during the first construction period covers 2. 45km2 and has
been already completed, in which the development and
industry,
commerce and
construction of harbour,
tourism are being conducted.
The seawall for Donggang project involves a total
length of 3635m. The beach ground elevation of the
seawall line ranges from – 1. 3m to – 3. 5m(Huanghai
Elevation , the same below). The top elevation of the
seawall is 4. Om and the seawall height varies from
5. 3m to 7. 5m. The desigh high and low tide levels are
2. 84m and – 2. 8m, respectively. It is a sea area with
strong wind, high wave and larger tidal range. The
seawall foundation consists of silty soft clay which has
high water content and compressibilityy as well as low
strength. The foundation stabilization treatment consists mainly of:
– Geotextile reinforced foundation mattress. The
applied area of geotextile included the seawall of less
than 6m high. The seawall sections were connected
with the land areas at both ends and were 1505m long
in total, in which the geotextiles laid were more than
100000m2.
– Plastic drainage plate. It was used for the 6m to
7. 5m high seawall which was extended into the sea
area so as to make the foundation be precompressed,
drained and consolidated.
The seawall length was
2130m and the plastic drainage plates of 850000m were

plate,

Geotextile,

Observation

result analysis

driven into the foundation.
In order to verify the stabilization effect of the soft
clay foundation, control the construction rate and realize information construction,
in accordance with the
two treatment schemes a representative seawall with a
length of 100m was selected as a test section, respectively. Instruments were embedded to carry out longterm observation. The series of readings which have
been obtained started on November 29th, 1992 and
ended on March 13th, 1995 and an observation duration lasted eight hundred and thirty days. Now, the
test results derived in the course of construction are described as follows.
2

FINDINGS

FOR GEOTEXTILE

SCHEME

The top elevation of the seawall is 4. Om and the seawall is 6. Om high. The cross-section of the seawall is
shown in Figure 1. The sea wall cross-section was chosen through stability calculation and analysis for several
schemes. The cross-section of the seawall treated by
geotextile reinforced foundation mattress is more ecoscheme
( natural
a conventional
nomical than
foundation), in which a counter weight fill of 15m was
shortened. The mattress with a thickness of 1. Om,
consisted of two layer polypropylene woven fabrics and
a crushed stone layer, is an important component part
of the seawall. The geotextile utilized was a 60kN/m
product and the characteristic indexes are shown in
Table 1. The foundation can be divided into four soil
strata and the buried elevation and soil characteristic indexes for each layer are listed in Table 2. The observation instruments were installed in November, 1992 and
the location is shown in Figure 1. The instruments
which were buried in the seawall include five ground
1998
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settlement plates(s), four settlement pipes (Fs) inlayers, two clinometers(F),
fifteen pore water pressure
meters(u), six earth pressure cells (P) and two water
level pipes ( c). Ako, the strength measurement was
carried out with vanes{ Cu). The seawall was filled in
five stages starting on November 29th, 1992 and the
crest elevation of the dyke reached 4. Om up to September, 1994. Earth material used for closure was placed
in four stages. The top elevation of the seawall reached
2. 6m up to November, 1994.
lAxis line of seawall

were 116. 7cm and 115. 7cm, respectively. The steady
settlement quantity was 152cm based on the calculation
of their measured settlement curves.
2.2 Stratified Settlement

Taking FS~ as an example, as can be seen in Figure 4,
the settlement quantity of ninety percent occurred in
the first and second earth layers having a thickness of
9. 5m below the ground surface. The accumtdated settlement quantities of F& and FSj at the top of the seawall were 114. 2cm and 103. 2cm, separately, basically
identical with that of the corresponding ground settlement plates.
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Figure 1. Seawall
instrument layout

cross-section

per

Unit
area

LOngi- Lateral
tudinal
(din’)

(kN)

285

(kN)

1.26

(kN)

0.59

Water
content

T~e

Radial
(kN)

Radial
(%)

Lateral lateral
(W
(%)

3.34

31

1.53

(Cm/:)

Cohesion Angle of inter. friction
(kPa)
(“)

44.3

Silt

54.3

1.47

1.29x

8.7

3.5

Silty loam

35.6

0.96

2.69x 10-’

13.9

13.5

Loam

26.4

0.71

2.75 x10-’

1.92

12.2

2.1

2.9x

10-’
10-’

11.8

8.5

Ground Settlement

The graph of the settlement quantity of S, – S, and time
is shown in Figure 2. The settlement curve under the
action of each stage loading is presented in Figure 3.
Up to the end of March, 1995, the accumulated settlement quantities
of ~ and S~ at the top of the seawall
866-1998

Sixth International

,

-6-

,

x

.

.

Figure 3. Settlement

curve of each stage loading

Quick shear

Silty clay

1.24

..

22

of the foundation soil

(hf. Of
amaOrldation

(%)

I
T~e

strengthrate

Table 2. Main characteristics
sod type

#

strength rate

2.13

Void
ratio

and ground

Strip tensile 10x 5

rupture
strength Temfle Tmfle

strength

of filling elevation

indexes of geotextile

Ball

Trapezoidal
taring

observation
Figure 2. Graph
settlement

Table 1. Main characteristic
Maas

and

Conference

on Geosynthetics

2.3 Pore Water Pressure

Presenting some measuring points nearby the centre
line of the seawall as examples, the graph of the foundation pore water pressure and time in the course of filling the seawall is plotted in Figure 5. It can be seen
from Figure 5 that the pore water pressure of U, in a
shallow layer was more easily dissipated than that of
U,and U,O.’Loading in a thin layer was advantageous to
the dissipation of pore water pressure. The pore pressure increment of Uc was dissipated by t went y percent
after one month for the third-stage loading and by thirty-nine percent
after four months.
It was dissipated
by
sixty-one percent after one month for the fourth-stage
loading and fully dissipated after four months.

Figure 6 that, if the elevation of – 8m was lcoked upon
as a demarcation
line, the foundation
strength above it
would be increased in varying degrees, in which the
foundation strength
increased greatly near the ground
surface; taking the foundation of elevation of – 5m as an
example, the strength had risen to 1 to 1.8 times; it did
not almost increase below the elevation of – 8m.
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pressure
FINDINGS
FOR
PLATE SCHEME

3
2.4

Horizontal

Dkplacement

The accumulated displacement quantity of F, started
from December, 1992 and ended in January, 1994 was
110mm. The horizontal displacement quantity was increased and developed to a deeper layer as the height of
the seawall was raised and the maximum displacement
occurred in the foundation surface layer.
2.5

Earth

Pressure

SIX earth pressure cells were embedded into the foundation below a geotextile reinforced foundation mattress
and five of them are functioning normally. The average
value of the ratio of the measured earth pressure was
raised along with the increase of load, i. e. it was O. 26
for the second – stage loading, O. 43 for the third –
stage loading, O. 66 for the fourh – stage loadlng and
0.73 for the fifth – stage loading.
2.6

Foundation

Strength

The experimental results of vanes in the natural foundation and during three different construction periods
are summarised in Figure 6. It can be known from

PLASTIC

DRAINAGE

The crest elevation of the seawall is 4. Om and the seawall is 7. 5m high. The cross – section of the seawall is
given in Figure 7. The seawall cross-section was chosen
after stability of conventional (natural foundation) and
plastic drainage plate schemes had been calculated and
analysed according to different water levels and
loading. The stability and safety coefficient of the
cross-section adopted was or-dy about O. 8 if a conventional (natural foundation) scheme was used. It shows
that the effect of plastic drainage plate scheme is
excellent. Plastic drainage plates were driven at a range
of 36m, with a spacing of 1. 4m and a driven depth of
15m. The drainage blanket consisted of crushed stone
of less than 10cm in grain diameter was 2. 2m in thickness. The plastic drainage plate used is made of poly thene cross core bonded with nonwoven fabrics and its
performance indexes are listed in Table 3. The beach
ground elevation of the seawall was – 3. 5m, in which
the foundation is divided into five soil layers. The
buried elevation and property indexes for each soil layer
are listed in Table 4 and the location of instruments is
given in Figure 7.
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vation instruments was finished from June 14th to June
25th, 1993. All observation work ended till March
27th, 1995 and it took us seven hundred and ten days.
The construction of the seawall, which was
divided into six stages, was accomplished between
April 9th, 1993 and October 27th, 1994. The work
lasted five hundred and sixty days, including an intermittent period. The construction of earth material for
closure was performed in four times and lasted five hundred and four days from October 1st, 1993 to February
28th 1995. The filling graph of the seawall is given in
Figure 8.
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The observation items covered six ground settlement plates (s), four stratified settlement pipes ( Fs) )
two clinometers ( F ) and twelve pore water pressure
meters(U); meanwhile, the strength measurement was
conducted with vanes ( Cu). The installation of obserSixth International
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Ground

Settlement

The graph of the settlement quantity and time is plotted in Figure 8 and the settlement curve of the seawall
foundation is shown in Figure 9. As for the first and
second stage loading the settlement increment of filling
height per metre was larger, about 41cm, respectively;
for the third to sixth stage loading the increment was
very near, about 28. 5cm, respectively.
This was
because the settlement increment for the first and second stage loading included an instantaneous settlement
and an additional settlement induced by disturbed foundation in the course of driving plastic drainage plates.
The settlement rate during load stage was all larger, in
which the maximum set tlement rate amounted to
4. 6cm per day. At the end of observation the accumulated settlement quantity of Sg near the seawall axis line
was 260. 2cm and the consolidation degree was about
ninety percent.
3.2

868-1998

(month)

Conditions

Indexes

unit

Longitudkxd paaaing
water

he

indexes of plastic drainage

Stratified

Settlement

There are numerous data about stratified settlement.
Citing F% near the seawall axis line as an example the
settlement graph at different measuring points is shown
in Figure 10. The total settlement quantity of each soil

layer amounted to 254. 8cm, close to 260. 2cm for the
accumulated settlement quantity of ~. The settlement
quantity in silty layer ( Elevation-3. 5m to -11. Om )
made up fifty-nine percent of the total, the settlement
quantity in silty clay layer ( Elevation -11. Om to
-14. 5m) twenty percent and the settlement quantity in
silty loam (Elevation -14. 5m to -22. Om) twenty-one
percent.
Axisline

of Smawall

under the action of the fourth-stage loading in May,
1994. At the elevation of – 7. 25m( half of the seawall
height ) it was 2. 11 times higher than the natural
It was 1. 78 times at the elevation of
strength.
– 11. Om and it was 1.57 times at the elevation of
– 14. 75m. It was obvious that the foundation strength
wouId further rise with the increase of loading and precompression time. The vane tests had not been done
afterwards because of the reasons of construction and
management.
Horizontal
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Figure 10. Graph of FS2 stratified settlement

3.3

Horizontal

Displacement

Taking Fz embedded near the sea side as an example,
the distribution curve of the horizontal displacement
quantity along the direction of depth in different construction period is presented in Figure 11. The horizontal displacement quantity increased as the addition of
load. The maximum horizontal displacement quantity
was equal to 203. 6mm, which occurred near the elevation of – 8. Om and affected the silty loam layer at the
elevation of – 22m.
3.4

Foundation

Strength

The vane strength
at the elevation
more obviously
than that of the

of 2. 5m increased
natural foundation

According to the statistics of the data obtained from
twelve pore pressure cells the pore water pressure rose
with filling of the seawall, but it was quickly
dissipated. Presenting U,, U, and U, as examples, the
coefficients of pore pressure under the action of secondstage loading were greatest. Its average value equalled
0.79 and surpassed the normal standard limit. However, the coefficients of the pore pressure under the action
of other different stage loading were smaller, i. e. O. 49
for the third-stage loading, O. 38 for the fourth-stage
loading, O. 34 for the fifth-stage loading and 0.25 for
the sixth-stage loading. Practice shows that plastic
drainage plates have achieved the excellent effects of
drainage and stabilization.
4

CONCLUSIONS

Based on the results analysed above, the main conclusions can be concluded as follows:
4.1 The seawall foundation of Donggang diking
project is a silty clay with high water content, high
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compressibility and low shear strength. For a treatment
of this kind of foundation, geotextiles were used as a
reinforced foundation mattress and plastic drainage
plates as precompression,
drainage and stabilization
according to the seawall height. The information construction was performed based on the in-situ test
results. The seawall was successfully accomplished
with faster speed and shorter time and the desired results have been achieved. The methods also have a reference role for a design and construction of similar projects on a soft clay foundation.
4.2 The seawall of 6. Om high which was treated
with geotextile reinforced foundation mattress was actually accomplished within twenty-two months. It reveals from the analysis of the test data that the intermittent time of the fourth-stage loading can be reduced
from fourteen months to four months. Therefore, if it
was not due to untechnical reasons, the seawall would
be finished during t welve months. The seawall of 7. 5m
high, treated with plastic drainage plates, was practically finished during eighteen months. According to the
analysis of measured data, the intermittent time for
each loading could be shortened except the third-stage
loading and it was entirely possible to construct the seawall within twelve months.
4.3 The settlement rate, horizontal displacement
rate and pore water pressure coefficient are three main
indexes of monitoring the stability of a project and controlling construction rate. As for the seawall treated
with two approaches the maximum settlement rate
reached 3. 2cm to 5. 2cm per day, the maximum horizontal displacement rate 4. 8mm per day and the pore
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water pressure coefficient O. 76 during loading. These
three indexes greatly exceed the conventional standard
limit and in fact the seawall is always in a stable state.
4.4 The approaches to treating seawall by geotextiles and plastic drainage plates attain the purpose of
stabilization foundation. The former exerts a less influence on the stabilization foundation depth, amounting
to 6m to 9m, i. e. equivalent to 1 to 1.5 times of the
seawall height. The latter’ s influence scope surpasses
the driven depth of plastic drainage plates with a length
of 15m; it comes up to the whole silty clay layer, i. e.
equivalent to 2.5 times of the seawall height.
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ABSTRACT: Jhcreasing demands for construction materials, land and the redevelopment of derelict land are leading to the
development of new technologies, and the integration of existing ones. It is with the above challenges in mind that the
development of electrically conductive geosynthetics (Electrokinetic Geosynthetics EKGs) has come about. EKGs may
provide filtration, drainage and reinforcement, which can be enhanced by electrokinetic processes, such as electro-osmosis
and ion migration. In addition to the electrokinetic processes, it is possible to incorporate enhanced transmissivity, sorption,
wicking, and hydrophilic characteristics into the new geosynthetics. The availabdity of new materials and production
techniques, together with the need for new engineering solutions, to complex environmental and ground engineering
situations, have rendered feasible and desirable the inclusion of these properties into a new range of geosynthetics. This
paper describes the concepts behind the development of a new generation of geosynthetics, and the laboratory testing of
prototype materials and experimental applications.
A series of laboratory experiments have been undertaken which investigated the feasibility of employing EKGs and
electro-osmotic consolidation fm the improvement of fine grained low permeability fills. These tests showed accelerated
dissipation of pore pressures; reduction of moisture contents; and increases in soil strength and adhesion to reinforcement
over and above that fi-om conventional consolidation. Investigations into environmental applications for EKGs have
demonstrated that they can be used for integrated electrode and wellpoint installations for ekectrokinetic remediation of
contaminated ground Investigations have demonstrated the sorption properties of EKGs, in respect of heavy metals.

KEYWORDS: Geosynthetics, Reinforcement, Electrokinetic, Drainage, Environmental Engineering.
1.

INTRODUCTION

The increasing demands for construction materials, land
and the redevelopment of derelict land are leading to the
development of new technologies, and the integration of
existing technologies. The development of electrically
conductive geosynthetics (EKGs) is an example of this. The
concept is to develop a range of geosynthetics which in
addition to providing filtration, drainage and reinforcement
can be enhanced by electrokinetic techniques for the
transport of water and chemical species within fine grained
low permeability soils, which are otherwise difficult or
impossible to deal with.
The ability of electrokinetic phenomena to move water,
charged particles and free ions through tine grained low
permeability soil is well established. Electrokinetic
phenomena will occur in any soil; however, in medium to
coarse grained soils electrokinetic phenomena provide a
less effective transport mechanism than hydraulic flows,
due to high permeability of the soil.
The first application of electrokinetic phenomena for
civil engineering processes was undertaken by Casagrande
in 1939 for the dewatering and stabilisation of railway
cuttings at Salzgitter, Germany, Casagrande (1952). Since
then there have been many other applications of
electroosmosis for dewatering and stabilisation of soils,
including: (i) The use of electroosmosis for dewatering and
strengthening Norwegian quick clays, Bjerrum et al (1967);
(ii) Electroosmotic stabilisation of West Branch Dam,
Fetzer (1967); (iii) Electroosmotic treatment to improve
pile tiiction, Milligan (1994).

2.

ELECTROKINETIC TRANSPORT PHENOMENA

There are five principle electrokinetic phenomena within
Potential,
soil:
streaming
Migration
Potential,
Electroosmosis, Ion Migration and Ektrophoresis.
The
first two of these phenomena are concerned with the
generation of electrical potential due to the movement of
charges and charged particles respectively. The remaining
three are concerned with the transport mechanisms
developed upon application of an electrical field across a
soil mass.
Electroosmosis
2.1
When an electrical field is applied across a fme grained soil
mass cations are attracted to the cathode and anions to the
anode, Fig. 1. As the ions migrate they carry their hydration
water with them, and exert a tlictional force on the water
around them. Hence, there is a flow of water to both the
anode and the cathode. In order to maintain charge
neutrality, however, there are more cations than anions in
the pore fluid of a soil containing negatively charged clay
particles. Therefore, there is a net flow of water to the
cathode, Gray & Mitchell (1 967).
The electroosmotic flow of water through a soil can be
expressed in the form of Darcy’s equation for water flow:
(1)
q*= ~i~
where qAis the flow rate, i. is the potential gradient AV/AL,
A is the cross-sectional area and k, is the coefficient of
electroosmotic permeability.
The electroosmotic permeability (h) for most soils lies
in the range 1X10-9to IX10-8m2/Vs, Lagenxm et al (1989),
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Fip. ], Ekctrdineh”c

urowsses

md is independent of pore size, Casagr&de (1949).
‘
If both the anode and cathode are open (to water flow)
:hen electroosmosis
will “pump” water through a soil.
-lowever, if the anode is closed and the cathode open, then
Jectroosmosis
will generate negative pore pressures. The
magnitude of these is-given by: u+ywv

(2)

Kh

where ~ is the electroosmotic
permeability,
kh is the
hydraulic permeability, y. is the unit weight of water and V
is the applied voltage. If the total stress does not change
during electroosmosis then the magnitude of the effective
stress is proportional
to the negative pore pressure
generated at the anode.
2.2

Electromigration

The application of
causes migration of
are present within
electrode, Lageman
Lageman et al

or Ion Migration

an electrical field across a soil mass
the flee ions and ion complexes, which
the pore fluid, to the appropriate
et al (1989) and Hellawell (1 994).

(1989) report the average mobility of
ions in soils as 5x108 m2/Vs, which is an order of
magnitude greater than the electroosmotic permeability.
Hence, anions can usually overcome the electroosmotic

flow and migrate towards the anode.
2.3

Electrophoresis

When a DC electrical field is applied across a particulate
suspension positively charged particles are attracted to the
cathode and negatively charged particles are attracted to the
anode. Most clay colloids are negatively charged and are
therefore, attracted to the anode.
Electrophoretic nobilities reported by Lageman et al

(1989) and by vanOlphen(1977) are in the ranges lxlO-’O
to 3x10-10m2/Vs and 1x10-8to 3x10-8 m2/Vs respectively.
Hellawell (1994) attributes the discrepancy to dit%rences in
the moisture content of the medium. Electrophoresis has
found applications in the densification of sludges and mine
tailings, Lo el al (199 la). Esrig (1968) reports that the
process
soils.
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3.

and reactions
GROUND IMPROVEMENT AND
REINFORCEMENT
USING EKGS

Electroosmotic treatment of soils generates negative pore
pressures and thereby increases the effective stress, leading
to consolidation of the soil. The end result is similar to that
gained by the application of a surcharge; however, unlike
vertically surcharging a soil mass, there are no stability
problems, as the pore pressures generated are negative
rather than positive. Electroosmosis may also be used to
accelerate
the dissipation
of positive pore pressures
Indeed, once the
resulting tiom vertical surcharging,
positive pore pressures have been dissipated electroosmosis
can be continued for further consolidation,
due to the
generation of negative pore pressures. The maximum
negative pore pressure due to electroosmotic consolidation
will be generated at the anode, Esrig (1968). These
processes increase the strength of the soil and the bond

characteristics of the soil and the reinforcement.
Electroosmosis often leads to increases in strength of
cohesive soils, due to chemical cementing of the soil fabric,
Mitchell (1991).
Laboratory Tests - Consolidation
3.1
A number of laboratory tests have been conducted to
evaluate the use of conductive geotextiles as electrodes in
electroosmotic consolidation. The tests using an
electroosmotic cell simulated the reinforcement, electrodes
and the drainage configuration expected in reinforced soil
applications.
A number of geosynthetic electrodes were considered
and compared with a perforated copper disk. The initial
type 1 geosynthetic electrode was formed from a nonwoven, needle punched geotextile. A copper wire of 300
mm length and I mm diameter was inserted at the centre of
the geotextile. Copper wire was chosen to inhibit the
generation of oxygen at the anode. Any oxygen generated
at the anode combined with the copper to form copper
oxide, which is a good conductor of electricity.
The samples were prepared from Grade E Kaolinite
(SILT) slurry at water contents of 1.5 times the liquid limit
to ensure they would be filly saturated. The electroosmotic
per volt/cm and
permeability was k. = 3.4x1 0-9 cdsec
hydraulic permeability k~=6x 10“7cm/sec.

Initially the soil was consolidated with an effective
stress of 25 kpa. Electroosmotic tests were conducted with
vertical pressures of 50 and 100 kPa to simulate the
imposed load of fill material. During the tests, pore
pressures, current and voltage variations across the soil
sample were recorded. After treatment, tests were carried
out to determine the water content and strength of the soil.
Negative Pore Pressure
Figure 2 shows the change in pore pressure at the anode
during
electroosmotic
consolidation
using
type
1
geosynthetic
electrodes with different applied voltages.
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Fig. 3. Vertical strain versus time for normal consolidation
andfor electroosmotic consolidation.

The shape of the water content distribution indicates
that the lowest water content was at the centre of the
specimen. However, the water content at the anode was still
significantly reduced. The water content profile agrees with
the finding of Lo et al (1991 b).

L,
.—

–

––

-—

Fig. 2. Excess pore pressure versus time for
consolidation andfor electroosmotic consolidation.

-J

normal

Initially the back pressure was lowered by 50 kPa to
simulate an applied vertical pressure. After the current was
switched on the pore pressure at the anode decreased until it
equalised the back pressure, signifjhg
full dissipation of
the positive pore pressure. As the test continued, the pore
pressure at the anode decreased to a value lower than the

back pressure, signitjhg the generation of the negative
pore pressure. Upon reaching a maximum negative value,
the pore pressure increased before stabllising at a lower
negative value. F@re 2 shows that the positive pore
pressure generated by the vertical loading was reduced to
zero in a shorter time by the application of electroosmosis.
The results concur with the theoretical solution by Wan et
al ( 1976).
Vertical Strain
The vertical strain-time curves are as shown in Figore 3.

The electroosmotically induced vertical strain curve was
similar to the consolidation due to vertical load. The
vertical strain increased tlom 9.7°/0for consolidation with a
normal load to 13% with the incorporation of
electroosmotic consolidation.
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combination of vertical load and electroosmotic
consolidation is lower than soil consolidated only with a
vertical load.
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Fig. 4. Water content variation across soil specimens
consolidated by vertical loading and by electroosmosis,
with a closed anoak.
51T
.jO ,

—
-_

‘
..-_

—
–-

‘-–
–-

49 I

Post electrokinetic treatmmt

S48
g 47

●

:46

(6W

,
‘.

.+.

~ 45

-15 to 20 V)

InitialWatercontent

-+

,

.

$4,

.

43

Water Content
The moisture content protile is as shown in Figure 4. It
indicates that moisture content for soil consolidated by a

i

0.8

1
-— ~..– 4
.

42
41

––

0

—1—0.2

,–-

0.6
0.4
hkmnaliseddistance tkxn Anode

-.

. . ‘

0.8

1

Fig. 5. Moisture content projlle across electrokinetical~
treated soil, open anode and cathode conditions.
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As a comparison Figure 5 shows the water content
profile across a soil sample subjected to electrokinetic
treatment, but with an an “open” anode and cathode. This
allows water into and out of the soil. The largest degree of
dewatering occurs at the cathode, due to a high resistance
zone which develops close to the cathode. This high
resistance zone causes a localised increase in the voltage
gradient and hence, an increase in electroosmotic flow in
this region.
Shear Strength
The undrained shear strength of the soil was determined at

a depth of 30 mm from the surface. The test showed an
increase in the shear stm@h up to 128% for an applied
voltage of 20 volts, Table 1.
Table 1. Increase
in shear strength
electrokinetic geosynthetic rei~orcement.

Soil

Shear Strength kPa

50 kpa vertiwd

11

when

using

0/0Increase

50 kPa vertical
pressure + 15V

19

72

50 kPa vertical
pressure + 20V

26

128

Laboratory Tests - Soil-Reinforcement

Bond

conductive
geosynthetic
The
use
of
electrically
reinforcement can be shown to increase soil-reinforcement
bond. A series of pullout tests have been undertaken at
Newcastle
University
to illustrate this concept. The
objective of the tests was to study the effect of an
electroconductive
reinforcement
on bond performance
under undrained conditions. This represented the most
severe case in the use of cohesive fill in a reinforced soil
structure.
The tests were performed in a specially designed pullout
cell and were conducted on soil strengthened by vertical
overburden and also by a combination of overburden and
electroosmotic consolidation.
Commercially available grade E kaolin was used for the

tests. The soi] was mixed at a water content of about 52%
which was about 3°/0below the liquid limit.
A drainage layer which also served as the cathode was
fust placed at the bottom of the cell. The soil was then
placed in the cell and compacted manually. The anode was
inserted at mid height of the sample. Another layer of
conductive geosynthetic was placed at the top of the soil
sample forming a second cathode. Hence a two way
drainage configuration was used to accelerate the
consolidation process.
The soil was consolidated by the application of vertical
pressure or by a combination of vertical pressure and
electroosmotic consolidation. The vertical pressure was
applied by a hydraulic jack capable of providing a constant
vertical pressure. A potential difference of 30 volts was
874-1998
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Bond Strength
The increase in reinfmement-soil

bond due to the use of
electrically conductive reinforcement is shown in Table 2.
The results show that the increase ranged from 54% to
209% at different overburden pressures.

Table 2. Increase in Shear and Soil Reinforcement Bond
strengths using an electrokinetic geosynthetic.
1
I
1
1
Increase in Shear
Consolidation
Increase in
Pressure kPa
Strength
Bond Strength
0/0

pressure

3.2

applied by means of a direct current power supply unit with
a maximum output current of 1 ampere.
A&r the completion of the consolidation process, the
cell was turned sideways and bolted to the platen of the
tlame of the triaxial testing machine. A slit cover was then
remov~ exposing the geosynthetic reinforcement. The
pullout resistance and the vertical displacement were
automatically recorded by a load cell and LVDT
respectively. After the pullout tests, laboratory vane shear
tests were carried out on the soil sample close to the anode.
A small portion of the soil sample was also taken for the
determination of the water content.
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ENVIRONMENTAL APPLICATIONS OF
ELECTROKINETIC GEOSYNTHETICS
The electrokinetic processes described in Section 2 can be
applied to the remediation and containment of contaminants
within the ground. Indeed, electrokinetic remediation is the
only technique for the in situ remediation of contaminated
tine-grained soils and the groundwater within them
(NATO/CCMS 1993). The following are the electrokinetic
processes which can be utilised for contaminant
remediation and containment:
●
Ion migration may be utilised to transport metals and
polar contaminants to the relevant electrode, where
they may be removed (Lageman et al 1989).
●

Ion migration

may be utilised to transport nutrients to

enhance bioremediation (Figure 6).
●
Electroosmosis may be utilised to flush contaminants
from the soil (Lageman et al 1989).
●
Electrosorbtion of contaminants.
In addition because the soil mass acts as a resistor the
ground heats up (Lageman et al 1989 reports temperature
rises of between 20 and 40 ‘C) and this phenomena may be
used to volatise organic contaminants (Lageman 1995), and
to stimulate bioremedial action.
Electrokinetic transport of nutrients has been
investigated in a tank containing grade E Kaolinite (Section
3.1). The tank was 400mm long with three wellpoints
inserted at 100mm spacings along the length. Nitrate
solution (500mg/1) was placed in the electrode reservoirs,
an electrical current of 60mA was set across the tank, and
porewater samples were taken born the three wells twice a

day. Figure 6 shows the Nitrate breakthrough curves
obtained. Well/01 was located 100mm born the anode,
well/02 was located at the eentre of the tank, and well/03
was located 100mm from the cathode.
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GEOSYNTHETICS

The new EKGs can take the form of single materials, which
are electrically conductive, or composite materials, in
which at least one element is electrically conductive. They
can be of the same basic form as present day filter,
drainage, separator and reinforcement materials, but offer
sufficient electrical conduction to allow the application of
electrokinetic techniques for ground improvement and
remediation.
There are a number of materials which can be used to
produce electrically conductive geosynthetics. The
principle conductive materials which have been considered
and evaluated at Newcastle include:
●

.
●

●

Carbon Fibre Materials.
Conductively Filled Polymers.
Metallic Fibres (Metal jlbres, metallised flbres or
metal coated fzbres).
Composites formed from conductive/non
conductive
elements.
The metallic tibres have been discounted due to

corrosion durability problems. Both the carbon tibre and
conductively filled polymer materials show great promise
as base materials for the new EKGs, and are discussed
below.
5.1
Conductively Filled Polymers
Organic polymers with all carbon backbones are insulators
(eg
polyethylene
PE,
polyvinylchloride
pvc,
ethylvinylacetate EVA) and can be used for electrical
insulation. However, if carbon black, carbon fibres or finely
divided metals are used as fillers in such organic polymers,
then conductive (10-5to 1 s/cm) composites maybe created,
Cowie (1991). In these composites it is the filler which
conducts and not the polymer.
If carbon black is used as the conductive filler then a

loading of between 20 and 30 wt % will be required to

produce a suitable conductivity. The structure and mixing
of the carbon black filler plays an important role in
determining the properties of the conductive polymer.
There are two main types of carbon structure of interest, the
Low structure, which is a jumbled array of carbon spheres,
and the High structure, which is a chain of spheres, giving a
higher conductivity.
An activated carbon black or carbon fibre filler may
also be introduced to increase the sorption characteristics of
polymeric materials. Sorption is another potential fimction
of EKGs.
5.2
Carbon Fibre Materials
Carbon fibres are representative of graphite materials; they
are electrically conductive (> 102 s/em) and chemically
stable. High modulus carbon fibres are expensive and their
use is limited to specialist applications where high stresses,
high temperatures and radiation exposure are expected. The
lower modulus carbon fibres are cheaper, their production
simpler and the raw materials more abundant, Ermolenko et
al (1990).
Activated
carbon
fibres (ACFS) have an open
mieroporous structure which provides sorption sites. They
provide similar or higher sorption than activated carbon
particles and their shape allows more rapid and greater
sorption than is found with carbon particles, Ermolenko et
al (1990). The low modulus materials have many of the

features required for the production
conductive geosynthetics.
EKG functions and design
5.3

of electrically

During eleetrokinetic treatment utilising EKGs water will
flow from the soil and into the EKG at the cathode, and
oxygen and hydrogen will be formed and flow into the
anode and cathode respectively. The gas and water have to
be dissipated to prevent the build up of pore pressures.
Hence, the EKG must act as a filter and a drainage material:
●
Filtration - to allow the free passage of wa;m from the
soil to the drainage system.
●
Transmissivity - to transport water and gas out of the
system without hindrance.
The EKG must also distribute the electrical current to
the pore fluid within the fme grained soil being treated. Any
interface resistance to the transfer of current from the
electrodes to the soil is a potentially large source of
electrical inetliciency for electrokinetic treatment. The
higher the interface resistance, the lower will be the
effective voltage gradient or current flow for electrokinetic
treatment. Factors affecting the pore fluidelectrode
interface resistance include:
●
Form of the electrodes
●
Gas generation during the process
●
Current densities – high values lead to electrode
polarisation.
Electrode configuration plays an important role in
determining the magnitude of interface resistance. An
important consideration is the presenee of ground water in
the porous structure of the geosynthetic. This makes its
1998
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whole surfhce act as an electxode. A major advantage of the
use of a geosynthetic electrode is that the surface area cars
be much larger than traditional electrodes, and the structure
is open to the flow of water and gas.
From a study of the electrode requirements for
electrokinetic treatment it is clear that a band drain type
electrode seems to be the most promising design (Nettleton,
1996). A band drain can be made to act as a local
distributor of electrical current by incorporating carbon
black tillers into the base polymer for either the geotextile
filter or the drainage component of the band drain. Due to
the electrical cumnt requirements for electrokinetic
treatment a stringer will be required to conduct and
distribute the bulk of the current throughout the band drain.
The stringer could take the form of a metallic wire coated
with a conductive polymer to prevent corrosion due to
electrolysis at the eleclmdes (Nettleton, 1996).
6.
CONCLUSIONS
The development of electrically conductive geosynthetic
materials offers significant new application areas for
geosynthetic
products,
ranging
from
accelerated
consolidation of sofl soils to soil decontamination and
pollution contiol. The use of electrically conductive
reinforcement in reinforced soil structures is beneficial as
the concept is filly compatible with, and has a positive
influence on, the parameters controlling the reinforcement
mechanisms.
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A Study of the Behavior of Geogrid Reinforced Stone Column
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ABSTRACT:
The bearing capacity of a stone column is mainly governed by the bulging failure near its top end. The
performance of a stone column can be improved by providing layers of reinforcement in the top region. In this paper, the
behavior of geogrid reinforced stone column is explored using the finite element method. Results are presented from a
parametric study using a unit cell finite element mesh in which the number, spacing and the stiffhess of the geogrid were
varied. It was found that increasing the number of geogrid layers results in an increase in the bearing capacity and a
reduction in the bulging of the stone column. Decreasing the spacing of geogrid layers also increases the bearing capacity of
the stone column. However, decreasing the spacing to less than 0.5 times the diameter of the stone column does not result in
appreciable increase in bearing capacity. An inexpensive, low stifl%ess reinforcement installed at correct spacing is good
enough to provide significant increase in the bearing capacity of the stone column.
KEYWORDS:
1

Bearing Capacity, Finite Element Analysis, Geogrids, Soft Soils, Stone Columns

INTRODUCTION

It has become a common practice to install stone columns
for improving the bearing capacity of soft clay deposits.
When a soft clay layer installed with stone columns is
loaded, a redistribution of vertical stress takes place. Most
of the vertical stress is carried by the stone column because
it is significantly stiffer than the sot? clay. As a result, the
stone column deforms laterally into the surrounding soil.
For stone columns with lengths greater than a certain
critical length, it is widely accepted that their load carrying
capacity is governed by the bulging failure near their top
end irrespective of whether they are end bearing or
penetrate partially into a medium stiff soil layer (Madhav
and Miura, 1994). The reason for this is the shear strength
of the surrounding soft soil near the top end of the stone
column is fairly low and therefore, the soil is unable to
provide sufficient lateral resistance to the bulging.
Experiments on stone columns have indicated that
maximum bulging occurs at a depth approximately equal to
1 to 1.5 times the diameter of the stone column (Hughes et
al., 1975; Madhav, 1982). The occurrence of bulging
failure limits the ultimate load carrying capacity of a stone
column regardless of the stifiess of the stone column
material.
The magnitude of lateral stresses imposed by the stone
column on the surrounding soil can be reduced by
reinforcing the stone column near its top end using layers of
geogrid. As a result, the bulging of stone column is reduced
The
and its load carrying capacity is increased.
effectiveness of this technique has been demonstrated
experimentally by Madhav (1982). Madhav et al. (1994)
have proposed a limit equilibrium based method for the
design of such stone columns. Their method is simple to
use but it does not take into account the effect of slip at the
stone column-soil
interface and the stiffness of the
In this paper, the behavior of geogrid
reinforcement.
reinforced stone columns is explored using the finite
element method. A parametric study was conducted using a

“unit cell” finite element mesh in which the number, the
spacing and the stifiess of the geogrid were varied. The
finite element code was validated against the results of a
field trial on a single stone column (Hughes et al., 1975)
prior to its deployment in the parametric study.
2

FINITE ELEMENT ANALYSIS

2.1

The Mesh

r
Stone Column
\

&grid

Slip Elements

\

Soft Clay

zb
Figure 1. The finite element mesh

Figure 1 shows the details of the finite element mesh used in
the present study. It is an axisymmetric unit cell mesh with
the central axis of the stone column as the axis of symmetry.
The diameter of the stone column is 0.8 m whereas the
diameter of the unit cell soil cylinder is 4 @ giving the
replacement ratio, i.e. the ratio of the volume of stone
column to the volume of the unit cell soil cylinder, equal to
0.04 or 4’%.. Only top 4 m of the stone column has been
1998 Sixth International
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1. In-situ stage: This is the start of the analysis.

modelled. The justification for this the fact that at depths
greater than 2 to 3 diameters, the deformation of the stone
column is negligible (Hughes and Withers, 1974).
The stone column has been modelled using 8-noded
quadrilateral elements with displacements unknown. The
surrounding
soil has been modelled
using 6-noded
triangular
and 8-noded
quadrilateral
elements
with
displacements and pore pressures unknown.
The geogrid
has been modelled using very thin (0.01 m thickness) 8noded quadrilateral elements.
The interface between the
stone column and the surrounding soil has been modelled
using 6-noded slip elements. No slip elements are provided
at the geogrid-stone column interface.

At this
stage of the analysis, the whole mesh contains only the
soil elements.
2. Installation of stone column and geogrid layers: In this
stage, the soil elements that are occupying stone column
space are removed from the mesh and the elements
representing stone column and geogrid are added to the
mesh.
3. Loading of stone column: [n this stage, the stone column
is loaded at its top end using displacement control. The
displacement is applied in very small increments (0.0002
m per increment) to prevent any divergence from the
stress-strain curve.

2.2

2.4

Constitutive Modelling of Materials

The stone column has been modelled as Elastic-Perfectly
Plastic material with Mohr-Coulomb failure criterion. The
surrounding soil clay is considered as normally
consolidated and is modelled as an Elastic-Perfectly Plastic
material but with Tresca failure criterion. The undrained
shear strength of the soft clay increases linearly with depth.
The geogrid has been modelled as Linear Elastic material.
The slip elements at stone column-soft clay interface have
also been modelled as Elastic-Perfectly Plastic material with
Mohr-Coulomb failure criterion. Following the experience
of Balaam and Poulos (1982), the stone column-soft clay
interface is assumed as purely cohesive, i.e. zero angle of
friction but a finite value of cohesion. The cohesion at the
stone-column-soft clay interface at any level is taken as
80% of the undrained shear strength of soft clay at that
level. Table 1 lists all the parameters chosen for the above
four types of materials.
Table 1. Parameters for the stone column, soft clay,
and the stone-column-soft clay interface
soft
Geogrid
Parameter
Stone
Clay
Column
1.0
1.2
—
CO(kPa)
1.94
—
~ (kPa/m)
0.0
$ (Degrees)
40.0
0.0
—
40,000
720
2,500,000
E. (kPa)
1150
0.0
m~ (kPa/m)
9200
0.3
0.49
0.3
v
~b.lk (m/m3)
t (m)

18.0
—

18.0
—

geogrid
Interface
1.0
1.55
0.0
600
900
—

18.0

—

0.01

0.04

Notes: co — cohesion at ground level, n — rate of increase of cohesion
with depth, $ — angle of internal friction, Eo — Young’s modulus at
ground level, mE — rate of increase of Young’s modulus with depth, v —
Poisson’s ratio, Yb”lk— bulk unit weight, t — thickness.

Validation of the Finite Element Code

Before a finite element mesh is used for a parametric study,
it is imperative
to validate it against good quality
experimental data. The main purposes of the validation are
to ensure that the mesh is sufficiently refined and to check
that the constitutive models used are satisfactory.
For the
validation, it was decided to make use of the results of a
field trial on a single stone column reported by Hughes et
al. (1975). This field trial is supplemented with extensive
site investigation data which includes undrained shear
strength profile of the soil, in-situ lateral stresses, and the
soil modulus obtained from in-situ pressuremeter
tests.
Almost all the input parameters were taken directly from the
site investigation data with the exception of the permeability
of the soil which was taken to be 2 x 10-9 m/s in horizontal
direction and 1 x 10-9 m/s in the vertical direction. Since
the full loading of the stone column was very quick (total
time = 0.5 hour), the soil can be assumed to be undrained.
Therefore, the finite element simulation can be considered
to be insensitive to small differences in permeability of the
soil.

200
I

/
11
■

I

Stages in a Typical Analysis

A typical finite element analysis in the present study has
following stages:
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Figure 4. Effect of number of layers on the load-settlement
response of stone column

4
Detailed account of the finite element simulation can be
found in Sharrna (1997). Due to lack of space, only two
main comparisons are described here. Figure 2 shows the
comparison between the measured and the simulated load
settlement curves. As seen from Figure 2, there is good
The measured and
agreement between the two curves.
simulated deformation of the stone column at the end of
loading are shown in Figure 3. Once again, the agreement
between the two curves is satisfactory.
PARAMETRIC

3

STUDY

As mentioned previously, the main parameters in the
present study are: the number, spacing and the stiffness of
the geogrid. Table 2 lists these parameters and their range.
Table 2. Range of parameters for the geogrid
Range
Parameter
O to 5, in steps of 1
Number of geogrid layers
0.5 to 3 times the diameter
Spacing of geogrid layers
of stone column
Elastic Modulus of geogrid
100,000 to 2,500,000

1

7

o

I

I

I

I

I

1

2

3

4

5

No. of Geogrid Layers
Figure 5. Variation of normalized bearing capacity of stone
column with number of geogrid layers

(kPa)

3.1

Effect of Number of Reinforcement

Layers

In this series of finite element runs, the number of geogrid
layers was increased from O to 5 in steps of 1. The spacing
of these layers was kept constant at 0.5 times the diameter
of the stone column (d,,) and the elastic modulus (E,) of the
geogrid was taken equal to 2.5 x 109 N/m*. Figure 4 shows
the load-settlement curves for the stone column.

Figure 5 shows the normalized bearing capacity of the stone
column (El = q.,/q.P) plotted against number of geogrid
layers. In figure 5 and in subsequent figures, q., is the
ultimate bearing capacity of a reinforced stone column and
quP is the ultimate bearing capacity of an unreinforced stone
column. It is clear from figures 4 and 5 that inclusion of
geogrid layers in the stone column results in significant
improvement in the load bearing capacity of the stone
column. For example, the load bearing capacity of a stone
column reinforced with three layers of geogrid is more than
1998 Sixth International
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twice that of an unreinforced stone column. The variation
between 9 and the number of geogrid layers is almost linear.
However, it does tend to flatten slightly as the number of
layers are increased beyond 3 which implies that it may not

be economical to put more than 3 layers of reinforcement.
Normalized bearing capacity,
1

1.5

2

2.5

qU~qUP

3

3.5

4

o~

h
Unreinforced

1

1 layer

2
3

2 layers

achieved by pushing the point of maximum bulging deeper,
i.e. the failure mechanism is now benefiting from higher
lateral resistance from the surrounding soil.
Increasing number of geogrid layers not only pushes the
point of maximum bulging deeper but also reduces the
amount of maximum bulging as seen from Figure 7 which
shows normalized maximum bulging (~ = bJbP where b, is
maximum bulging for reinforced stone column and bP is the
maximum bulging for unreinforced stone column) plotted
against e. For example, the amount of maximum bulging
for a stone column reinforced with 3 geogrid layers is less
than 70’7. of that for an unreinforced stone column. The
reduction in amount of maximum bulging is achieved by
redistribution of the lateral deformation of stone column
over a longer section as shown in Figure 8.
>

3 layers

4_ &_ _ _ _ _ _

4 layers

5-

\

5 layers

6-

------

Unreinforced

--

+

,i/

6. Variation of normalized depth of maximum
bulging with normalized bearing capacity of stone column.
Figure

-

;r/JyReinforced

G;ogrid

Unreinforced

(3

layers)

L
Stone
Column
r
I

I

Soft Clay

Figure 8. Redistribution of lateral deformation
column due to the presence of geogrid layers.

1

1

1

3.2

1

I

3.0
1.0
1.5
2.0
2.5
Normalized bearing capacity,

3.5
4.0
qU~qUP

Figure 6 shows normalized depth of maximum bulging (~ =
z~/d,,) of stone column plotted against e. In this figure, z~
is the depth at which maximum bulging takes place. It can
be seen ti-om figure 6 that the increase in bearing capacity is
Sixth International
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Effect of Spacing of Reinforcement Layers

I

Figure 7. Variation of normalized maximum bulging with
normalized bearing capacity of stone column
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For this series of finite element runs, the stone column was
reinforced with three geogrid layers. E~ for geogrid was
taken equal to 2.5 x 109 N/m2. Figure 9 shows normalized
spacing of the geogrid layers (k = tid,. where s+ is the
spacing of geogrid layers) plotted against e. It can be seen
from figure 9 that the maximum benefits of reinforcing the
stone column
are achieved
when the spacing
of
reinforcement is between 0.5 to 1.5 times the diameter of
the stone column.
A spacing closer than 0.5 times the
diameter would not result in any significant increase in the
bearing capacity.
Also, the combined action of multiple

layers of reinforcement,
i.e. redistribution
of lateral
deformation of stone column, is not achieved effectively if
the spacing of the reinforcement is greater than twice the
diameter of the stone column. As a result, the increase in
bearing capacity of the stone column is not significant.

bulging being distributed
over a greater
preventing
localised bulging failure and
improved bearing capacity.

length, thus
resulting in

3

g
1 ----------

*

--

0.1

to Diameter

Figure 9. Effect of spacing
capacity of the stone column
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Modulus
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of Geogrid
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[x 108 N/m2 )

Ratio, s, /d~C

of geogrid

on the bearing

Figure 10. Effect of stiffness of geogrid on the bearing
capacity of stone column

.——.
ml

Effect of Stiffness of Reinforcement

In this series of finite element runs, the stone column was
reinforced with three layers of geogrid spaced at 0.5 times
the diameter of the stone column. Figure 10 shows elastic
modulus of the geogrid (E,) plotted against (3. The bearing
capacity of a reinforced stone column increases as the
stiffhess of the reinforcement is increased. The increase is
very dramatic when the stifiess is increased from E, = O
(unreinforced case) to E, = 1 x 108 N/m2. However, beyond
a certain stifhess (E, > 10 x 108 N/m2) , the increase is not
significant. This implies that one need not use an expensive
high stiffness reinforcement in order to improve the bearing
capacity of stone column.
Even a cheap, low stiffhess
reinforcement installed at correct spacing would provide
significant increase in the bearing capacity of the stone
column.
Figure 11 shows maximum tension in the geogrid plotted
against E,. It can be seen from figure 11 that a stiffer
reinforcement attracts more tension but does not contribute
significantly towards improving the bearing capacity of the
stone column. Provision of a low stiffness reinforcement
would result in a relatively flexible stone column with low
levels of tension in the reinforcement. Such a flexible stone
column would deform more uniformly than the one installed
with very stiff reinforcement.
This would result in the
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CONCLUSIONS

A parametric
study of the behavior of geogrid reinforced
stone column has been conducted using a finite element unit
cell mesh which has been validated against the results of a
field trial.
The number, the spacing and the stiffness of
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geogrid were the main parameters.
It was found that
increasing number of layers of geogrid increases the bearing
capacity of the stone column. It also reduces the bulging of
stone column and pushes the point of maximum bulging
deeper.
The inclusion of geogrid layers results in
redistribution of lateral deformation of stone column and
therefore, facilitates much more effective transfer of lateral
stresses from stone column to the soft clay.
Installing geogrid layers at closer spacing also increases
the bearing capacity of the stone column. The optimum
spacing of geogrid layers was found to be between 0.5 to
1.5 times the diameter of the stone column. Installation of
geogrid layers at spacing closer than 0.5 times the diameter
of stone column does not result in appreciable increase in
the bearing capacity of the stone column.
The increase in bearing capacity of stone column due to
increase in stiftless of geogrid is quite dramatic when the
elastic modulus
of geogrid is increased
from zero
(unreinforced) to 1 x 108 N/m2. However, increasing the
elastic modulus beyond 10 x 108 N/m2 does not result in
A stiffer
appreciable increase in the bearing capacity.
reinforcement also tends to attract more tension. Based on
these two observations, it can be concluded that it is better
to reinforce
the stone column using a less stiff
reinforcement installed at a spacing between 0.5 and 1.5
Such a system
times the diameter of the stone column.
would be more flexible and would be able to deform more
uniformly than the one installed with stiff reinforcement.
This would in turn result in bulging being distributed over a
greater length, thus preventing localised bulging failure and
improving the bearing capacity of the stone column.
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Geosynthetic Reinforced Unpaved Roads on Very Soft Soils: Construction
and Maintenance Effects
E.M. Pahneira
Associate Professor, Department of Civil Engineering University of Brasilia, Brasiliz Brazil
ABSTRACT: Geosynthetics can be used in unpaved roads on soft subgrades to increase karing capacity and reduce fill
consumption. When unpaved roads are built on very soft soils and with poor construction techniques excessive
deformations of the geosynthetic layer can occur during the construction of the road caused by the traffic of bulldozers and
trucks on thin layers of fill. This paper examines the effects of the road construction on the strains in extensible
geosynthetic reinforcements. A methodology to estimate geosynthetic strains caused by construction is presented and its
results suggest that significant geosynthetic strains can be developed during road construction. The influence of surface
maintenance on the bearing capacity of reinforced and unreitiorced unpaved roads is also investigated A methodology to
estimate the bearing capacity of this type of road after surface repair is presented The predictions by this methodology
compared well with model tests results available in the literature.
KEYWORDS: geosynthetic, reinforcement, unpaved roads, geotextile slrains, surface maintenance.
1

INTRODUCTION

The construction of embankments on soft soils is generally
a problem in routine geotechnical engineering works. In
the case of unpaved roads the main load on the
embankment is usually due to the weight of the trucks
rather than the weight of the fill material itself. High
vertical stresses can reach the soft foun&tion causing
excessive deformation or lmxd failures that may lead to
interruptions of the traffic and to transportation cost
increases. The use of geosynthetics for the reinforcement of
unpaved roads on soft subgmdes has been a common
solution for the increase of road bearing capacity, besides
minimizing fill consumption foundation deformation and
road surface rutting.
Several methodologies have been presented so far
dealing with the design of reinforced unpaved roads or
with the estimate of bearing capacity of this type of
structure (Ferreira Jr, 1995). A common fwture of these
methodologies is to assmne the geometrical characteristics
of the problem as shown in Figure 1. This assumption does
not take into account geosynthetic or subgrade
deformations caused by the construction of the road.
However, in the case of very soft subgrades (undrained
strength at the surface below 15 kPa) large deformations of
the subgrade can be caused by construction vehicles such
as bulldozers and loaded trucks that bring the fill material
for the road construction. In such cases the first
deformations on the geosynthetic layer will be caused by
these vehicles while spreading and compacting the fill or
traflicldng on thin layers of fill. In many cases the
compaction of the fill material is simply provided by the
bulldozer weight and the traftic of the trucks used in the
construction of the road
This paper deals with georynthetic deformations caused
during construction of the road and how they can be

The behaviour of this type of road after surface
maintenance is also approach@ particularly for the case of
narrow unpaved roads.

estimated.

B

—
hf
—I

Figure 1. Typical approach for reinforced unpaved roads.

2
GEOSYNTHETIC
DEFORMATIONS
BY ROAD CONSTRUCTION

CAUSED

The construction of unpaved roads on soft soils usually
involves the following steps: cleaning of the ground
surface, laying of the geosynthetic layer (if present),
spreading of the fill material and fill compaction by
appropriate equipments. Because of site conditions or
project characteristics some of these steps may not be
executed in many cases, such as cleaning of the ground
surfhce and fill compaction by usual compaction
equipments. Frequently the compaction of the fill is
provided by the bulldozer and the Mlc of trucks and at
this initial stage the road is continuously repaired until a
final height of compacted fill is reached for which further
loads can be sustained for a certain period of time until
maintenance is required. During spreading of fill on the
geosynthetic layer the bulldozer operator can cause severe
rutting and geosynthetic deformations due the combination
1998 Sixth International
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of the bulldozer weight and thin fill layers. A simple
analysis of the mechanics of the problem is shown in
Figure 2, where the vertical stress caused by the bulldozer
weight is assumed as a uniformly distributed stress (strip
load). If the fill strength is neglect~ equilibrium along
the vertical direction leads to an expression for a
conservative estimate of the minimum compacted fill layer
below the bulldozer track in order to avoid failure of the
fill and excessive rutting:
[1]

where: ~ is the minimum till height (when the factor of
safety equals to unity), p is the vertical stress on the
surface, b is half of the track widtlL 13is the load spreading
angle, N’c is the bearing capacity hctor for the foundation
and co is the soft soil undrained strength at the surface

k

If the buldozer moves on a fill layer with thickness
equal or smaller than the value given by equation 1 a
signitkant vertical displacement at the foundation soil
surhce will occur. This settlement will reach to a depth
where equilibrium is maintained depending on the
subgrade undrained strength and on the force mobilized in
the reinforcement. This depth can be also estimated
considering the vertical equilibrium in Figure 2, which for
the reinforced case yields to:
~=

pb-Tsi@

_(~+2b)

pNC(b+htmB)

p

[3]

where S is the maximum settlement at the subgrade
surface, T is the geasynthetic tensile force, ~ is the
inclination of T to the horizontal direction, Nc is the
bearing capacity factor for a foundation with inclined base
(Z, in Fig. 2) and 9 is the load spreading angle in the
reinforced case. Due to the assumed trapezoidal shape of
the deformed fill below the had (Fig. 2) and assuming no
shear stress at the geotextile-subgrade interface the bearing
capacity factor in this case (NC) can be obtained by
(Houlsby and Wroth, 1983, and Paimeira and Cunha,
1993):
NC=7S+2-2A

co

K
1

L
P

Zi”

Figure 2. Failure mechanism during spreading of the fill.

A mean value for the subgrade undrained strength can
replace the value of co if a less ~nse-tive
etimte’s
desired However, the value of co is chosen at this stage
because not all the eHorts acting on the system are being
considered in expression 1, such as inertia forces and
vibrations. For the case of reinforcd roads the value of N’c
to be used is equal ton+ 2 and for unreinforced roads the
value given by the expression below (Houlsby et al, 1989)
is suggested
N:

=l+;

+cos%+

Sixth International

where X is the angle between the fill wedge base and the
horizontal (Fig. 2).
Palmeira and Cunha (1993) performed model tests with
unpaved roads reinforced with extensible geotextiles
subjected to severe rutting caused by sucessive stages of
footing loading and surf= repair. Empirical expressions
were obtained to estimate ~, Z and the average
geosynthetic tensile strain (E) as a fiction
of the
maximum vertical displacement at the fill-subgrade
interface normalized by the footing width. These
expressions were developed for roads with ratios I@ <0.7
(Fig. 1) and are presented below:
+ = 0.237+ 0.191iog10;

((3in radians)

[5]

+=0.156

(A in radians)

[6]

+~-)

-1

+0.13310g10~

~=0.~=+0.27

~ln(l.87tsnA

[7]

F1–(x

[2]

where I-Xis the ratio between the mobilized outward shear
stress and the undrained strength at the subgrade surface.
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Figure 3 presents some comparisons between values of
geotextile strain (s) versus S/It predicted by equation 7 and
obswed
by different researchers (for ~ / B ~0.7). The
results from model tests were inferred from deformed

shapes of the reinforcement layer or obtained by strain
measurements in the reinforcement. A good agreement
between predicted and observed values can be noted.

[8]

where k is the ratio between h and ~.
Figures 4 to 6 show charts obtained fkom the iterative
solution of equationa 4 to 8 to estimate the geotextile
deformation for k = 0.5 and for different values of the
dimensionless
terms. The gdextile
strain due to road
construction may then be taken into account in conjunction
with the strains caused by the tra%ic of vehicles on the
road to estimate the total geotextile strain. The associated
settlement S can be estimated by equation 8 and can then
be compared with the value of h (h= k ~, with ~ given

10 -

5 -

n

“o

0,2

0,4

0,8

0,6

1

by equation 1).

S/B

Figure 3. Predicted
strains.

and

observed

values

of geotextile

14 -

5

12 -

Laboratory

tests on model unpaved

roads have also

consistently shown that the load spreading angle in the
reinforced fill can be significantly greater than in the
unreitiorced fill (Love, 1984, Palmeira and Cunha, 1993
and Palmeira and Ferreira, 1994). Palmeira and Ferreira
(1994) observed load spreading angles between 21 to 34°
for reitiorced roads and between 6 to 17° for the
unreinforced ones.
The value of S depends on the fill thickness (h in Fig.
2) below the bulldozer track. This thickness depends on the
bulldozer operator experience and is likely to be highly
variable in diiTerent parts of the road depending on the
subgrade undrained strength and stiffhess at its surf=. If
h is significantly smaller than ~ (equation 1) and
depending on the subgrade strength the rut depth required
for equil]h’ium can be even greater than h and soft soil
may reach the fill surface through fill cracks. This is
certainly more critical for the unreinforced case, but
depending on the value of h high geotextile strains can be
developed because of this excessive deformation of the
system. These strains are not taken into account if the
available design methods are applied for unpaved roads on
very soft soils or when poor construction techniques are
employed.
Assuming a linear relationship between tensile force
and tensile strain for the geotextile, expressions 1 and 3
can be combined to obtain the following expression
relating maximum vertical displacement at the fillmbgrade interface (S) to geotextile strain (e) in
dimensionless terms:

10 -

10

8 6 4 2 0

0

)
plco

Figure 4. Geotextile strain versus P/c. for c#(pB)

= 3.

14
12 10 <
8 6 4 2 0

253035

0

plco

Figure 5. Geotextile strain versus P/c. for c~(PB) = 6.
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Figure 7. Failure meehanism after surface repair.

Figure 6. Geotextile strain versus P/c. for c~(pB) = 15.

3
BEARING CAPACITY OF UNPAVED
AFTER SURFACE MAINTENANCE

3.1

ROADS

Theoretical Development

Figure 7 shows the failure mechanism assumed after a
repair of the road surfhce after exeessive rutting has
oeeumed under plane strain conditions. This is the ease of
narrow roads and poor maintenance conditions, where the
mrfaee repair is made just by filling the rut and
compwting the new material. The region ABCD is inside
the compacted material whife the the block CDEF is
composed of the original failed road, It is assumed that
failure in the repaired region will develop along vertierd
pIanes (plane BC in Fig. 7) due to the punching
meehanism of the block underneath. This is consistent
with the observation of failure mechanisms in model roads
which suffered successive stages of surface repair and
loading (Palmeira and Cunha, 1993). For stitTfill materials
the block ABCFED is assumed to behave as a rigid mass
being pushed into the soft subgrade. A vertieal stress
distribution throughout the repaired region ABCD similar
to the one employed by Temaghi (1943) for the study of
tunnels in soil is adopted (Fig. 8). The yielding base DC
controls the failure mechanism of the repaired region and
the horizontal stresses along plane BC drops during
loading being assumed that active conditions are reaehed.
This assumption is corroborated by predictions of
horizontal stresses in a elastic layer with a yielding base
(Poulos and Davis, 1974). Based on these hypotheses the
vertieal stress at the base of the rut can be derived

crb = p.e

B -2::;:#@-2kwa4~)
[9]
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Figure 8. Vertieal stress distribution in block ABCD

where y is the specific weight of the fill, ~p is the active
earth pressure coefficient and c’ and $’ are the shear
strength parameters of the soil used for the repair @eak
values).
According to Figure 9 the study of the equilibrium of
block CDEF and the bearing capacity of the subgrade
yields to:
[10]
where o is the foundation bearing capacity, ~ is the shear
stress at the reinforcement-subgrade interface (assumed
equal to the undrained strenght of the subgrade), W is the
weight of block DCEF and T is the tensile force in the
reinforcement (if present).
The bearing capacity of the foun&tion soil is given by
(Palmeira and Cunha, 1993, Figs. 7 and 9):
cr=NcCu+~+y,

–2kap tan#~
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c

D

(S-S’)

[11]

where ys is the specific weight of the subgmde material
and hf, S and S’ are the dimensions given in Figure 7. The
value of Nc is given by Equation 4, where 1 is given by

vertical planes of the first rut (already failed). Similar
expressions can be developed for a number of repairs
greater than 2 if the subgrade continues to control the
ftilure mechanism. As the M becomes thicker failure may
take place inside the fill material itself (Palmeira and
Ferreira Jr., 1994).

D

E

~
=

pl

-—.—-—.

Figure 9. Failure mechanism of the soft subgmde.

P

equation 6 for reinforced
expression
unreinforced
A

:

roads and by the following
1993)
for the
and
Cunha,
in radians):

(l?ahneira
case (~

[12]

= 0.247 +0. 23610g10;

Figure 10. Two successive repairs of the road surfkce.
Rewriting equation 9 yields to:
2kaptan#~
p=cb.e

+

2c’–yB

~e2kaPti@~

. 1) [13]

2kaptan~

The values of ~ and G are calculated by equations 10
and 11, respectively, using appropriate values of X and f3
for the reitiorced and unreinforced cases.
The case in which a series of repairs are made is
schematically presented in Figure 10. The same approach
presented above can be used and in this case the load
capacity after the second repair can be obtained by:

[14]
with:

where

r.

is the

depth

of the

first

rut

repaired

(corresponding to block A’B’CD, in Fig. 10), r is the depth
of the second rut repaired (block ABB’A’, in Fig. 10) and
km, C’W and #m are the fill active earth pressure
coefficient and strength parameters under constant volume,
which are the relevant ones for the shear strength along the

3.2
Comparisons
Between Predicted
and Observed
Values of Road Bearing Capacity Af&er Maintenances

Predictions by the methodology developed above were
compared with model test results presented in the literature
(Cunha 1991; Prdmeira and Cunha 1993; Pahneira and
Ferreira Jr. 1994; Ferreira Jr. 1995). These model tests are
schematically shown in Figure 11. Different types of soils
were used as fill materials (y = 16 to 18 kN/m3. mean
particle diameter (D50) = 0.13 to 1.20 w
coefficient of
non uniformity = 1.6 to 36, c’ = Oto 2.9 kP% C’W= O, ~ =
35 to 50° and $’W = 31 to 380). Up to three S*
repairs
were made on the road surface in some cases, as shown in
Figure 10. The sofl subgrade consisted of a saturated layer
of kaolin. A rigid metal footing @lane strain conditions)
provided the load on the road surface which was applied at
a undrained constant rate of displacement. A model
needle-punched nonwoven geotextile (75 g/m2, thickness
—
– 0.5 m wide strip tensile strength = 3.3 kN/nL tensile
strain at failure = 70’% and tensile stiffness = 4.9 kN/m),
made of polyester, was used in the reinforced tests. This
reinforcement would simulate an extensible geotextile
presenting a tensile stiffness of the order of 60 kN/m in
prototype conditions. Additional information on the
materials used and testing methodology can be found in
Palmeira and Cunha (1993) and in Palmeira and Ferreira
Jr. (1994).
Figure 12 shows comparisons between predicted and
observed values of p/~ at failure for each loading stage.
The value of the undrained strength at a depth equal to B
was used to normalize the values of fcmting pressure in
Figure 12. A reasonably good agreement can be observed
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between predicted and observed values of P/% and the
scatter can be partially explained by the scatter of the
values of undrained strength besides some limitations of
the approach.

I

footing

4P I

The presence of the geosynthetic has a marked effect on
the bearing capacity of the unpaved road after
maintenances. A proposed methodolo~ has also been
presented which improves a similar methodology
previously presented in Palmeira and Cunha (1993). Good
comparison was observed between predictions by this
methodology and model tests results.

g;textile

\

0

Cu (kPa)
5

o

z
~ 100

10

The Authors would like to thank the University of Brasilia,
CNPq, CAPES/Brazilian Ministry of Education and
Rhodia-Ster for supporting the present work.

‘k
;,,
.>\
. ..

N

ACKNOWLEDGEMENTS

.F

Figure 11. Schematic view of the model tests performed.
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Figure 12. Comparisons between predicted and observed
values of #~.

4

CONCLUSIONS

This paper presentes some aspects regarding geotextile
deformation during unpaved road construction and bearing
capacity of this type of road after surface maintenance. It is
obsenred that significant strains can be mobilized in
extensible geotextiles during road construction on very sotl
subgrades. A methodology is presented for the estimate of
these strains. In spite of the limited amount of data
available, results from model tests and finite element
analyses compared well with predicted values of the
variation of geotextile strain (s) with the normalized
settlement at the soft soil surface (S/B).
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Numerical Analysis of a Pavement Base Reinforced with Geogrid
Mauricio Abramento

IPT- Instituto de Pesquisas Tecno16gicas do Estado de S?ioPaulo, Brasil

This paper presents results of a detailed numerical analysis, using the finite differences software FLAC,
comparing the behavior of an unreinforced and geogrid reinforced pavement base. The study was developed fbr designing
a flexible pavement (pavers over crushed stone and sand) to be built in an intermodal yard located in Brazil. Preliminary
studies showed that the crushed stone layer collapses under the high imposed loads (transtainers with design wheel load of
35tf), suggesting its reinfmcement with geogrids. The results of numerical analysis showed that the pavement
performance improved substantially with three layers of geogrid (long-term strength of 50kN/m) evenly spaced in the
crushed stone, inhibiting plastification of the materials and reducing the magnitude of plastic displacements at surfhce.
ABSTRACT:

KEYWORDS: GeogriL Base reinforcement, Pavement, Numerical analysis.
1 INTRODUCTION

One of the many applications of geosynthetics is
reinforcement of coarse material for sustaining heavy
loads. For example, Walls and Galbreath (1987) present a
case of ballast reinforcement with geqgri~ while Raymond
et al. (1993) show the use of a layer of geogrid for
reinforcing a sand for gantry cranes tracks. This paper
presents results of a detailed numerical analysis, using the
finite diffmences software FLAC, comparing the behavior
of an unreinforced and geogrid reinforced pavement base.
The study was developed for designing a flexible pavement
to be built in an intermodal yard located in Brazil. Very
heavy vehicles (transtainers) fix handling containers from
large ships will circulate in the area. The vehicles have a
very high design wheel load of 35tL corresponding to an
unusual applied pressure on the pavement of about
12kgflcm2.

2 PAVEMENT LAYERS

Figure 1 shows the pavement system and main soil layers
involved in the problem, fiam top to bottom: a) 15cm thick
high strength articulated concrete blocks (pavers); b)
crushed stone compacted with high energy (pavement
base), with thickness to be determin~ ranging from 0.6m
(geogrid-reinforced) to 1.2m (unreinforced); c) 3.Om thick
dense .sa@ and d) 8.Om thick compressible clay layer.
Geotechnical and pluviometric peculiarities resulted in this
system, in particular large differential settlements expected
due to consolidation of the sofi clay layer. The pavement
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Figure 1. Pavement system (not to scale)

system should act as a reservoir,
water from heavy rainfills. A
carried out to assess the
reinforcement of the crushed
heavy wheel loads.

holding large volumes of
numerical analysis was
stability and possible
stone layer, considering

3 SOIL PARAMETERS
In order to analyze the pavement behavior, it is necessary
to estimate the strength (friction angle) and deformability
parameters fix the sand and the crushed stone layers. The
friction angle is the most important parameter, since it
indicates the possibility of tilure of pavement as well as
magnitude of plastic displacements due to the wheel load.
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The following equation, proposed Barton and Kjaernsli
(1981) was used for determining the crushed stone peak
friction angle $p:
*R

log (S/ci’n) + ~

(1)

In this equation, R is a particle shape fhctor (which
depends on the crushed stone porosity after compaction), S
is a fiwtor depending on the unconfined compressive
strength of the original rock (gneiss), o’. is the mean
confiing stress, and ~ the residual tiiction angle of
crushed stone. Depending on the position of the wheel, two
conditions fm confining stresses where considered. Far
from the wheel, stresses due to compaction prevail in the
crushed stone (estimated aa 0.1MPa) and immediately
under the wheel the static load from the transtainer is
dominant ( 1.OMPa). Stiilhess of the crushed stone was
estimated from the literature. For the sand, the strength
and deformability parameters were determined from
triaxial compression tests. Table 1 summarizes the
parameters used in the analysis:

Table 1. Parameters used in the numerical analysis.
Crushed
Sand
Stone
Condition
E
(MPa)
300
minimum cr’.
(fkrfrom
wheel)
100
maximum 0’.
46°
140
33°

In all FLAC analyses, the Mohr-Coulomb constitutive
model was used for simulating the behavior of dense sand
and crushed stone layers, while elastic model was
considered for the reinforcement layers. The effect of
dilatancy for the dense sand and crushed stone layers was
explicitly included in all analyses. The Poisson’s ratio was
assumed as 0.33 fm both materials.

4 UNREINFORCED CRUSHED STONE BASE

The bearing capacity of the unreinforced crushed stone was
initially verified through the classical Terzaghi (1943)
formulation, considering a cohesionless soil and
rectangular load at the surface. The Ny tktors where
determined as proposed by Kumbhojkar (1993) for the
range of tliction angles assumed in the analysis. The safkty
fhctor with respect to general failure for the crushed stone
decreases from as high as 7.7 considering small confining
pressures (h from the wheel load in Table 1), to as low as
0.96 for high contining pressures, immediately under the
wheel. The results suggested that the crushed stone could
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be reinforced in order to avoid its plastification due to the
heavy loads prevailing in the pavement.
The thickness of the crushed stone layer determines the
magnitude of loads on the dense sand layer underneath.
This problem was analyzed supposing the stress
distribution proposed by Giroud and Noray (1981). The
results indicated that the crushed stone layer should be
over 80cm thick in order to yield a fhctor of safkty F&-2.O
with respect to bearing capacity for the sand layer, and
over 100cm for FS>3.O. If the sand is required to work
within elastic conditions, it is generally recommended a
high value of fhctor of saf~ with respect to bearing
capacity. These results motivated the use of reinforcement
layers in the crushed stone.

5 GEOGRID REINFORCED CRUSHED STONE BASE
In order to minimize plastic deflations
and rutting, and
maximize safety fiwtor against tiilure for the crushed stone
and dense sand layer, reinforcement the crushed stone
layer is proposed. The use of three layers of geogrid within
the crushed stone layer was preferred in order to achieve
better stress distribution (Huang and Tatsuoka, 1990). A
single layer of reinforcement could also be used in the
crushed stone, but the stress redistribution in the layer
would not be as much efficient, and the loads carried by the
geogrid would be much higher.
Loads in the reinforcement layers were initially
quantified using the analytical model proposed by Binquet
and Lee (1975). In this model, the loads along the
reinforcements are expressed as a fimction of the depth,
number and spacing of reinforcements, width of applied
load and bearing capacity of the soil. The crushed stone
layer was taken as 60cm, in order to veri@ the efficiency of
the reinforcement on the bearing capacity of the sand layer.
Considering three layers of reinforcements evenly spaced
in the crushed stone at 20cm, loads in the reinfimxxnents
were estimated as varying from 47kN/m for the top layer to
56kN/m for the bottom layer.
Both the unreinforced and reinforced 60cm crushed
stone behavior were fbrther analyzed using the finite
differences program FLAC (Fast Lagrangian Analysis of
Continua). This program, developed by Itasca Consulting
Group (USA), allows flexibility in modeling the behavior
of the many materials involved (crushed stone, sand,
reinforcement layers). Figure 2 shows the grid used in the
numerical simulation. Conditions presented in Table 1
were analyzed, each one with and without reinforcement,
resulting a total of four cases. The following properties
where
considered
for the reinforcement
layers,
corresponding to those of commercially available geogrids:
Elastic modulus 500MPa, thickness 2.5mm and ultimate
tensile strength 100kN/m. These values does not account
for installation damage.

EO

M

Figure 2. Grid for FLAC analysis,
—

The following additional hypotheses where considered
for the problem: plane strain conditions, Mohr-Coulomb
plastification criteria for both the sand and crushed stone
and elastic behavior for the reinfmcements. Only half of
the geometry was considered in the grid due to symmetry
of the problem (Figure 2).
Results are presented in Figures 3 and 4 for the critical
case of minimum strength parameters presented in Table 1
(immediately under the wheel), without and with
reinfwcement,
Basically, the
respectively.
failure
mechanism for the unreinforced crushed stone observed in
the analytical model is confirmed in the numerical
analysis, as shown in Figure 3. In this case, there are large
upward displacements at the surface and downward
displacements immediately under the wheel. There is a
general plastification in both crushed stone and dense sand
layers. The results show that introducing three
reinforcements in the crushed stone layer is very efficient,
inhibiting almost mmpletely plastification in both crushed
stone and dense sand layers, as shown in Figure 4.
Displacements at the surface and within the layer are also
drastically reduced. The loads in the reinforcement layers
vary from 47kNlm for the bottom layer to 24kN/m for the
superficial layers. The maximum value for the axial load in
the bottom layer compares relatively well with the one
determined with the analytical model of Binquet and Lee
(1975), while their model overestimates the loads for the
more superficial reinforcement layer. Table 2 summarizes
the results obtained in the numerical analysis. In general,
the results show that reinforcement is generally more
efficient in the critical case of minimum peak friction
angle, when loads along geogrids and benefits in the
system are maximized.

1

1

J

,

Figure 3. FLAC results, unreinforced crushed stone case.
Legend: Max. displacement vectm30cm. Plastification:
* At yield; X Elastic.
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Figure 4. FLAC results,

reinforced crushed stone case.
Legend: Max. displacement vectoI=l.5cm.
Plastification:
* At yield; X Elastic. Reinforcements load distribution also
shown.
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Table 2: Summary of numerical analyses and results.
Maximum
Geogrid
Case
displacements
Plastification
loads

(cm)
1: $pmax

unreinf.
2: @ max
reinf.
3: @ min
unreinf.
4: @ min
reinf.

(kN/m)

1.9

localized

-

1.8

no

5.5 to 9.5

>30

generalized
(failure)
no

-

4.5

24 to 47

In order to choose the correct reinfmement, it is necessary
to multiply
the maximum loads determined in the
numerical analyses by a general fhctor of safety. One of the
most important aspects to be accounted for is the
installation damage of reinforcement, since very high
energy will be employed for compacting the crushed stone
layer. The amount of darnage should be assessed by means
of large scale laboratory tests. For example, Watts and
Brady (1994) carried out a series of high energy
compaction tests using crushed stones over geogrids,
suggesting factor of safety against damage varying flom
1.3 to 1.7. Koerner (1993) also suggests FS values in this
range. Creep, chemical and biological damage should also
be taken into account for determining the suitable
reinforcement. In order to minimize the effixts of
installation damage, the reinforcement could be placed
within two thin layers of grit, avoiding direct contact of the
coarse material with the geogrid layers for improved
protection.

7 CONCLUSIONS
This paper presents results of a numerical analysis with
FLAC on the behavior of unreinforced and geogrid
reinforced pavement base to be constructed in a intermodal
Yard. The results show that the unreinforced crushed stone
base collapses under the high imposed loads, suggesting its
reinfmement with geogrids. The number and position of
geogrid layers were initially estimated using simplified
for
developed
solutions
originally
closed-freinforcement of shallow foundations, which resulted in a
reinforcement configuration consisting of three layers of
geogrids with long-term strength of 50kN/m evenly spaced
within the crushed stone base. Results of numerical finite
difference analyses on this reinforcement configuration
showed that the pavement performance improved in the
Sitih International
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following ways: a) inhibiting the plastification of the
crushed stone base and the dense sand layer; b) reducing
the magnitude of plastic and elastic displacements at the
pavement surface and within the layers; and c) reducing
the thickness of the crushed stone base born 1.2m to 0.6m,
without causing collapse of the dense sand layer
underneath. The introduction of reinforcement could also
drastically reduce maintenance frequency, one of the major
aspects related to container terminal management
(Meletiou and Knapton, 1987).
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ABSTRA~ A number of lg laboratorymodel footing tests have &em canied out to find out which geosyntheticsand methods of
placementm optimalforgiving sufficienttxxuingcapacityfor both the traflicabilityofmnstmclion machines and the constructionof earth
stmctum on sofisoils. To studythe eflkctof sand mat placemerLin particular,a numericalsimulationwas petionned using a prooxhae
in which the sekiguchi~hta cmstitutive model for sofi clay was cmnbinedwith a truss element for the geogrid and Goodmm’s joint
on Biot’stheoxyof heedimensionrd consolidatio~ a finite element model
elementfor intemctionbehl~n the sand and gmgrid H
w“asformulatedto analysethe cI&onnationand tMw mode of the softclay in the laboratorymodeltestsI-wthwith and withoutthe geogrid
and sand mat. Typical tesults tium the calculationsgive a gocd pmdiclionof the e&dvenm of sand mat placement for decmsing
settlement,* tktio~, improving the beaing capacity of sofi clay. It is concludedthat this must be due to an increasein bending
stiffnesscausedbycombiningthe sand mat with the gmgrid
KEYWORDS: Bearing capacity, Geosyntheticsclayliners(GCL), Mcdel &@
1

INTRODUCTION

In pm’ious papers (Himoet al., 1992: Yasuham et al., 1994),the
authots have emphasized that composite gemynthetks which me
non-wovengecsyntheticsreintiomxiwith woven geqmhetics inbehveen am best for improving the bearing capacity of sofl clay.
This compositegeqmhetic has a higher tensile stnmgth than the
non-woven geosynthetic hitlmto @
and in addition has the
advantageofgiving high tliction in softclay(Himoet al., 1992).
llle~ is no significantimprovement in bearing capacity when a
geogxidis placeddinxtly overthe surfke of a sotl clay,becausethe
frictionalfow developedbehveen the geogridand sofi clay is very
small (Hirao et al,, 1992) and h cannot follow the large
deformations of the sotl clay.
In onierto establish a suitableprocedure for the use of geogrids

to improve the bearing capacity of soil clay, lg Iabomtov model
testswere conducted. In particular, a fixus was placed on which

2.1

Finiteelementanalys@ Friction

Outline of Model Tests

Asoiltank with2mwicltl~ 0.5mlength and l.Omdeptias
illustmtedin Fig 1,was used for the model tests The pmptxties
of the clay we~ G,= 2.62, w~= 107Yq1P= 66. Dc&ils are
given in ptious papets (Himo et al., 1992, 1996). S@ Chd~
mixcxl with wdter to a moistum content w of

lW’YOwas pound

intothe soil tank toform a 40cm or 80cm thickness clay layer.
The

average vane shear stnmgth of the model clay layer tier

A;;;’
r~

Steel
fra~me

Displacement
indicator

,2,3

,5 1~~

n ‘A

R

~

Sand mat
~
.,., <.!H=3crn), .,,,,,..,,, .,.

Loading

plate

B=l Ocm, l=49cm
,.,.,.,, , ..,.,,,,,.,.. ,,, ,..,,.,... ,., ,.,

etkct of (i) redmhmen~ (ii) combination with woven or non-woven
geosynthetics ~ld (iii) combination with sand mat contributes most
to iumasiug bearing clqlacily.
2

EXPERIMENTAL PROGRAMME

Fig. 1 Testingappamtu.sfor modeltests
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pouring was 0.5 Wa and Wasahlmst constant with depth.

Aswillbe mentioned later, thesize of the opening isan
important fiwtorin the improvement of the bearing capacityof
soficlay kauseofits
relation tothema~ti
ofmobilizd
fiicdonhnd the interlockingeftkct.

A layer of gmgrid was fmtly placed direcdy over whole the
surthce of the clay layer with a 2m width and 0.5m length
Then a sand mat of 3cm thickness was taid onto the geogrid
To obtain the load vemus settlement -

sevemt kinds of

model fdoting tc.sts wexe carried out in which step loads wme

3

RESULTSFROM EXPERIMENTS

applied to the sofi clay reinforced with a geogrid

For
comparingthe et%ctsof diRerentmtiormne~
plate loading
testswere h amducted on
softclaywithouta sand mat
and geogridas welt as tests
Opening
size (mm)
with the combined use of
geogrids with non-woven GG-A
I I 1 1 I
gem%brics.
(9 x 9)

The bearing capacity forreinforcxd rnodek isdehed by the
applied load at the yieldingpoint pY,.for non-~tiorced and pY,,
for Etiomxl cases in the settlement S, versus load. p, CUIVeS.
The *ts

dating to the improvement of the bearing capacity of

sofi clays reintlomd with geogds

Loading

wexe taken tiom the mcdel

intensity,

p (kPa)

A vertical load of 1.0

o

IcPa w-as applied in each
step to a plate locm wide,

GG-B

49cm long and 48 Pa in

(28

x

40)
#

weight until the clay layer
fded. The loading dwdtion

GG-C

of each step was 15 min.

(28

x

33)

A hateraJ mtraint was
#

provided by a tension fonx
developed by
weight

on

a

counter

the edge

geogrids as is

of

Fig.2 Types of geogrids used
for model tests

/6

PropeIiics of GeOgrids

capacity
(kpa )

Pyr ‘bearing

Table 1 sununarims the mechanical properties of the thm kinds
of geogrids used. The diR&mces behwen the the

Repesentadvep

illustmted in Fig. 2 we~ in the *

geogrids
of the opening tensile

stnmg@ fictional force and bending stifkss

6.

of which the later

two wese determined using methods proposed by I%do 23 al.

uE

(1992, 1996).

circle: D/B=4

circle: D/B=8

with sand mat
wF&m>GG-~

3
of Opening

Stiffness
Ba

Symbol
(mm)

SIiffness

I

(Ncm2 )

/
(cm)

I Description
~

9.3

11.3

I .........

WOW2
Fabric

wF

Composite
Fabric

CF-B ~

4,0

11,3

16.0

GG-A

9.9

23.1

33.9

—

GG-B

26x 40

129,4

75.3

—

GG-C

28x33

185.2

85.3

—

Geogrid
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WFQ

2
1

cbtained by modeltests

.,.
,.,
,
m

Black

4

Bending

vs. Scums

White

Table 1 Medanical properties of geotexliles used
Thickness

A
\

=3.7

used

25

Material

\

orcement \\
Q
=2.5
3
20
Sanli mat’

shown in

Fig, 1.
2.2

A

L

15 jnrein-

I

---

o
---- +

CF-B

—--‘mGGc -.

1 ~ :lndica~e the effect of sand mat
, 1 ,u
1 111111 , 1 , #11,11

;

10

1

Bending

stiffness

100

1000

B ~ (Nocr#)

Fig.4 Effectofbendingstiflks on increasein bearing
capacityof sotlclay

tests descrii in the previoussection Figs. 3 to 6 illustmte
the etfwts of the abmwnentioned fhctorson the seltlernew S, vs.
p, curves,
verticalAscanbe wmin Fig. 3,thelxxning capacity withno
reinfomanentis vay smallbecausethe modelground consistsof
extremelyso!l clay. A small incmse in bearing capacitycan be
observedin Fig. 3 due to the sizeofthe geogrids mesh.
The ratio of the bearing capacity,pw of soft clay impmved
by reinforcementwith geogrids to tha4 pm for no geogrib is
denoted@ Rp Fig. 4 and Fig. 5 show the etlkctsof both the
bending sdthess ofgeogd
sandthestdihes ofvwven and
mmpsite geotlibriq mpeciively. It can Ix seen ilom ~
results in Figs. 4 and 5 that the placement of a geogrid with a
targe bending stifhss does not mmswily incmasethebearing
capacityof sotlclay,althoughthe bending sdilhes of the geo~d
is larger than the composite geothbric. lllistendenqk
_ve
of the thicknessof the ClaV(l-limoet al., 19%), on
theother l~itisalso
seen fhxn these figms thata
combination of sand mat with each gemynthetic mmkedly
increases the bearing capacity, independent of the kind of
geesyntietic. The reasonfor thee diffenmceswillbe discusd

andsoll ckg’,assummrkd
in Table 1.
The analytical
pmoxhue used the elasto-visco-plasticity model developad by
Sel@chi and Ohta (1977) for clay, by using abeam element for
modeling the geogrid and a joint element for the interaction
between geo@d and soil, mspecdvely.

The model also
incoqmated Biot’s thecny of thmxiimensional ctmsolidation for
a coupled +.

In a pmious

1992), the model was mcmMdly

paper (Tanabmhi et al.,

applied to the nxsults from

model fxlingte stsonso ftclaywi thandwithout

geogrid and

Sandnul

Thegeometryofthe nmdelanaiyd isshownin Fig.6and
conesponds to the Iabomtofymodel test where the width of the
l*gp&Bw
lomti@ofkc@l~a
Dwma
cmandthethickneas of thesandlayerwas3 cm. The analysis
fbcused ontheelkc to fthesandma tonthe impmvementof
bearing capacityof a soft clay with and without a geogrid. The
emknkmmt on clay was modeled with and without sand mat

tater,

H

with sand mat
CF-B ..............
~~>~~WF

$L

~+

3

~

loo~~”

~

~

u=v=O , Drained boundary plane
CF-B

8
GG-C &\

Fig. 6 Finite element mesh and boundaq condition used for
modelte5ts

‘F

sand

mat with no geotextile

Loading

intensity,

-s 00

Initial

El
Fig. 5

bending

stiffness

(X105 N.cm

2,

Relation between initiat bending stdhess and bearing

capacity with and without sand mat

4

EVALUATION OF SAND MAT EFFE~

USING

FEM ANALYSIS
4.1

Analysis of Labomtmy Model Tests

g
u)

E
m y%
“$ 10

with and without geogrids and sand mats was conducted using a
model incmporating the effkct of the interaction of the geogrid

(D
(-J

*

with

sand
(f

.0

Q

o

lJ

observed
● Oo: values

o

without
z sand mat

●

— : calculated

mat

(B

~

20
A FEM anatysis of the behaviour of an embanlunent on sofl clay

1)

5

●

a)
3

p (kPa)

●

\o
●

o

values
Unreinforcment

13g.7 Comparisonof p vs. S cues for model tests with and
withoutsand mat
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and geogridand was dividedinto 210 nodes and 200 elementsfor
the FEh4analysk asisalwshowninFig.
6. The boundaq
conditions for displacement wete asmplete mtmint on the
bottom and horimntal restrainton lateral su&es. In additiow
the hyiraulic boundaq dtiOm were assumedto be dmined at
the bottom and mrfhce and undrained on the sides. The
Pammetets necesaw
, - for the pment malysis were determined
indiredy from plasticityindi% as proposedby Iizub and Ohta
(1987). The settlementversus load cuwes czkulated using the
Reanalysis based onthe Sekiguchiand Ohtamedel(Sekiguchi
and Ol@ 1977)wmcompm.d in Fig. 7 with those obsewedin
laborato~ modeltestswhich includesthe resultswithoutgeogrid
Fig. 7 suggeststhat the method proposedfor
and sand mat.

_
the EMOIU311M31Me!kt gives a msonatkle prediction
of the settlementversus load relationswith and without geogrid
and sand mat.
The model WMh capableof simulatingthe deformation
of the sotlclaymodelboth with and withoutReinforcement. Fig.
8 illwdtes a tlmily of rtmlts from model tests with and without
a sand mat under an appliedload q = 8.4 id%. Itcanbeseen

from Fig. 8 that in the ~ ofsofl clayalone or with a geogridthe
ground di%onns* if it is Ming while for sofi clay with a
geogrid and sand mat the settlementsand lateral displacements
areclearlymtmined
Thisisdue totheemnpositeeffk
ctin
which the sand mat restricts the movement of the geogrid and
thus pmducs arkincreasein bearing capacity.
4.2

NumeriealVerificationfor Field Conditions

Numerical experimentsusing the proposed model we~ carried
outto demonstmtek effeetofa sand mat on the improvementof
the bearing eapaeity ofsoilclay vvithageogri~ under in-situ
conditionswith a typicalprdile just like as under model fmting
test edition as illustmtedin Fig. 7. For this calculatio~ the
followingcxmiitionswae assumed: (i) depth of clay layer, D, 4,
6,8, 10, 12 w (ii) depth of clay layer to loaded area ratio, D/B,
1.33,2.00,2.67,

3.33,4.00, ti,

(iii) the thickness of sand mat

was kept constant equal to 30 em.

loading

The txxmkuy and drainage

intensity,

p(kPa)

1
H
3
1

Fig. 9
Typical p vs.
numerical simulations
3(

111 . . . .

I

M-S

Y Ly.l

Scds
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0$10
—

m (p= O.0S4k’fld)
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Fig. 8 Typical deformation diagrams obtained from
numerical simulations
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G (without sand mat)
0
U (unreinforcement)
T
●

,

,

,

,

2
4
b
ratio of soft ground’s thickness to
loading width, D/B

Fig. 10 Ctiulated

relationship between w and Dfl

to a sand mat combinedwith a geogridis ccmsidemble. The
appliedyieldinglo@ imeases byuPto L8timescompaIed tith
no tiorcement.
The adwmtageofa sand mat with geogridsis
also &served in the deformationof soil clay under applied load
-fheamounts nf maximum settlement maximum heave and
fateraldistanmof heaveinsoficlay meshown inFig. hand Fig.
12 for cases with and without sand mat and geogrid It is
concluded !hm these comparisons that both @tlement and
klteraf(fispfacementofsoi? C~dyRilltiOIUf with geogrid and sand
mataenotinfluenodby DAl,
Thenxsults mkdatedusing
thepropmed
modelm
pmented in Fig. 13 in the form of the dation betweenSD and
u%’which is conventionallyused for the stabilitycontrol of sotl
clay under embanhmk (Matsuo and Kamul14 1977). In
tiqeo~itk~d~wfic~~wkna~
versus u%pathmches the line for VP’= 1 whe~~isatiety
ihctor for stabifity. When we read off firm data in Fig. 13,
obtaind by calculatingfor cases with and without a sand mat
andDA9 = 2.67, it is clear that the applied loadpp, for F= 1with
sand mat and geogridis largerthan that for no reinfomment.
due

,
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14/(lY2) and D\B

1

,

0

1

ratio of horizontal dkmlacement to
settlement,

conditionswe the same as those adopted in the analysis of the
labomtory modeltests. TWicalsettlementvemusload dations
for D@= 2.67ae shown in Fig. 9. The eilii of geogridand
gmgrid with sand mat on settlement control in sotl cfay is
N-htipvem
S~=ti
Fig.9@tileti
Wti
settlement incmses linearly beyond the yield point with
increasingapptied loads,but increasesabruptlyin the case of no
However, it is inte@ing to note that this
nSnfomnent.
yielding load bemmes larger for n4nforctd compmd with unreinforcedmodelsbut is independentof the Da as shown in Fig.
It is afso notablethat the bearing eapachy improvement
10.

Fig.

5

13

Calculated relationship between ~

u/S

and cM5’

CONCLUSIONS

1) The direct placementof geogridson the surf= of a soft clay
doesnot impmveitsbearing capacity.
2) The~is Mle increaseintbebearing capacityofasdtclayif
a tensile force is applied by weighting the edge of a geogrid.
The rwson for no improvement is due to either the tiictional
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fome or the interlocking efkt

being not exerted between the

3) Combined non-woven geqmthdics with geogrid gives an
advantageby imeasing IJeaIingcapacity
4) The braing capacityis nuuiodly improvedby an underlying
sand mat combinedwith a geogrid This efkct is causedby an
incmse in bendingstiflks of the compositeof geogtidand sand
mat as wellas the higheriiictionalforcedevelopedbetweensands
and geogridsconqxuedwith a geogrid0~,
5) The @ii of a sand mat on kearingcapacityimprovementand
displammentcontrol in soft clay has keen wcceddl y’analy-md
using a mdiiied model which incmporates the eilxt of the
interactionof the geogridand sand mat.
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The Bearing Capacity of a Reinforced Sand Layer Overlying a Soft Clay
Subgrade
M.J. Kenny
Lecturer, Department
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ABSTRACT: Recent interest has developed in the use of geosynthetics for forming a fill layer over soils which have very
low bearing capacity. However, the reinforcement mechanism is not clearly understood. A programme of laboratory scale
plane-strain bearing capacity tests under monotonic loading has been carried out which considers the reinforcing

mechanism of the geosynthetic. Analysis of the test results show that the interpretation of the reinforcing mechanism is
highly dependent upon the values assumed for the various model parameters. The results fhrther suggest that in order to
function effectively as a reinforcement over very soft clays, the geosynthetic should possess a significant component of inplane bending stiHness.
KEYWORDS: Bearing capacity, Reinforcement, Shallow foundations, Soft soils, Unpaved roads,
1

INTRODUCTION

Recent interest has developed in the use of geosynthetics
for forming a fill layer over soils which have very low
bearing capacity, so that a construction platform can be
formed. Although the technique has been successful in
practice, there has been considerable disagreement
concerning the reinforcement mechanism. After carrying
out dimensional analysis of model loading tests, Fakher et
al. (1996) concluded that the in-plane bending stiffness is
the dominant factor when constructing over very soft soils.
However, the current design methods for unpaved roads
consider only tensile stiffness in the analysis of the
mechanisms of reinforcement.
Many of the design methods have been developed from
laboratory scale plane-strain bearing capacity tests under
monotonic loading. This paper reports the results of a
programme of such model tests carried out at the
University of Strathclyde. Although the reinforcement used
possessed insignificant bending stiffness, analysis of the
reinforcing mechanism has allowed consideration of the
relative importance of both tensile and bending stiffness in
the bearing capacity of a reinforced sand layer over a soft
clay subgrade.

2

BACKGROUND

In recent years, two ditTerent approaches have been
adopted for the design of unpaved roads. The first
approach is typitled by the design method of Giroud and
Noiray (1981). It attributes the improvement in the road
performance to the reinforcement acting as a tensioned
membrane as rutting develops and an increased subgrade
bearing capacity due to subgrade cotilnement. Burd (1995)
further developed membrane theory to produce a model in
which the deformed reinforcement shape is obtained from
a set of membrane equations. In contrast, the second

approach proposed by Milligan et al. (1989) neglects
membrane action but considers that the reinforcement
reduces the shear stresses developed at the surface of the
subgrade, thus increasing the subgrade bearing capacity. It
is thus more appropriate for small deformations. Despite
these differences, the two approaches have the following
common features :
1. They are derived from a stress distribution model
common in the bearing capacity analysis of layered
soils (Kenny and An&awes, 1997). Giroud and Noiray
(1981) assume a value of tan-10.6 for the stress
distribution angle a (see Figure 5) for both the
unreinforced and reinforced road, while Milligan et al.
(1989) state that the stress distribution angle should be
derived ffom observation and experience.
2. The allowable subgrade bearing capacity is greater in
the reinforced than in the unreinforced case. Both
Giroud and Noiray (1981) and Milligan et al. (1989)
have proposed modified subgrade bearing capacity
factors,
3. The recommended stress distribution angles are the
same in both the unreinforced and reinforced cases,
although the presence of the reinforcement has been
shown to improve the stress distribution.

3

EXPERIMENTAL SET UP

A strip footing 0.12 m wide was used in all tests. The test
tank has inner dimensions of 2.0 m length, 1.4 m height,
and 0.3 m width and parallel glass sides, as shown in
Figure 1, and contained a soft clay subgrade overlain by
Leighton Buzzard sand. The displacement fields were
recorded at intervals of 10 mm footing penetration and
analysed using the stereo-photogrammetric technique.
The soft clay subgrade was simulated by an artificial
clay known as Glyben (Kenny and Andrawes, 1997),
which is manufactured by mixing a sodium-bentonite clay
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Load
_

1

Strip footing:

H

0.36 m
Rein forcenwt

J

/

..0’

!I

c
Clay

/

0.9 m

subgrade

a
/
I
*

2.0 m
Figure 1. The experimental

set up.
/

(13dbent 570) and glycerine, the resulting shear strength
depending on the mix proportions.
A large number of
undrained triaxial tests and vane shear tests were carried
out over the period of the study, which demonstrated that
Glyben behaved generally as a $. = O material under quick
undrained loading, with an average Q of 10.6 kN/m2.
Since Glyben samples are formed by compaction,
the
material unavoidably
contains a small proportion
of
trapped air (approx. air voids content =
However, the
80/.).

material was completely insensitive to handling and gave
excellent repeatability during testing.
The fill material used was a uniformly graded coarse
Leighton Buzzard sand placed using an air activated
spreader in a dense state, with a mean porosity of 34.5°A
(porosity limits ; 34.0% - 44.5%). The operational angle of
friction +’ for the sand placed at this density was found to
be 48.5°.
The reinforcement of the upper sand layer was provided
by a single layer of geogrid type reinforcement placed at
the sand-clay interface. Although no attempt was made to
correctly scale all aspects of the problem, the reinforcement
used can be considered to be a reduced scale model
geogrid. It consists of welded polypropylene filaments of
0.5 mm diameter with grid openings of 6.1 mm x 7.1 mm
on average. The load-extension properties of the geogrid
were investigated using a range of strain rates of relevance
to the current investigation.
In the experimental programme, bearing capacity tests
were carried out for clay subgrade alone (H/B = O), and
with and without the reinforcement layer for H/B ratios of
0,25, 0.75, 1.0, 1.5 and 2.0.

4

EXPERIMENTAL

RESULTS

The stress-settlement
relationships
for unreinforced
and
reinforced sand overlying clay shown in Figure 2 are
representative
of the test programme as a whole. Since
902-1998
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Figure 2. Stress-settlement relationships for unreinforced
and reinforced sand over clay.
there is no observable post-peak, strain softening for the
clay alone, this stress-settlement behaviour is consistent
with a local shear failure of the subgrade due to the
compressibility of the material. For unreinforced sand over
clay, the ultimate stress can be more readily identtiled from
the peak in the stress-settlement curve, particularly for
large H/B ratios. As for clay alone, there is no clearly
defined failure point in the reinforced case. In unpaved
road design, a maximum rut depth (i.e. footing settlement)
is a more appropriate criteria.
The displacement fields recorded during the later stages
of footing penetration are given in Figures 3 and 4 for H/B
ratios of 0.5 and 2.0 respectively. In general it was
observed that for small sand depths the deformation of the
sand/clay interface was more uniform when reinforcement
was present This indicates improved stress-distribution in
the reinforced case. There was also a tendency for the sand
beneath the footing to be displaced outwards when no
reinforcement was present, particularly for large sand
depths and at low footing settlements. This lateral
displacement reduced when reinforcement was used. This
is consistent with observations of Milligan et al.( 1989), but
the effect was less pronounced.
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calculated. Since very little subgrade heave was observed
during
footing
penetration,
the membrane
analysis
proposed by Gourc (1983) assuming four circular segments
was adopted. This method is stilcient
for illustrative
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purposes, although Burd (1995) gives a more rigorous
treatment of reinforcement equilibrium.
From Figure 5 it can be seen that the contribution to
the bearing capacity from stress distribution through the
upper sand layer, qd, is:

;

‘+

.<

qd=qc~

(1)

Figure 5. Analysis of membrane forces (after Gourc, 1983).

5

THE REINFORCEMENT MECHANISM

If we consider
membrane

action,

the reinforcement

a typical

stress

distribution

as shown in Figure
tension

model

with

5, the contribution

to the bearing

capacity

of

can be

The subgrade reaction q. was taken from the clay alone
curve in Figure 2 at the same footing settlement. The
membrane force which opposes the applied stress is
equivalent to the vertical projection of the reinforcement
tension at the stationary points. The maximum
reinforcement tension is limited by the anchorage capacity.
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Denoting the contribution to the bearing capacity due to
membrane action by q~, it follows that:
~m = 2TsinQ

(2)

/ B

The angle 0 and the reinforcement strain depends on the
footing settlement, S. Having determined the strain in the
reinforcement and estimating the strain rate from the rate
of penetration of the footing, the tension T was obtained
from the load-strain properties of the reinforcement. The
bearing capacity of the footing, q, can be determined by
summing the contributions from stress distribution, qd, and
membrane action, q~. The bearing capacities were
calculated using a commonly assumed stress distribution
angle of u = 30° and using the actual values measured
during the test programme. These are compared with the
experimental values, q=P, in Table 1.

Table 1. Comparison of experimental and predicted
bearing capacities for reinforcd- sand over clay. Test details
Bearing capacity (kN/m2)
WB
H/B
qq
q
%
qd
B’r~
0.5

0.33

1.58”
1.2*”

78.7
59.9

3.7
7.0

82.4
66.9

71.0
71.0

0.5

0.58

1.58”
1.2**

78.7
72.7

12.2
21.8

90,9
94.5

92,0
92.0

1.0

0.33

2.16*
1.58””

107.8
78.6

1,8
3.8

109.6
82.4

81,8
81.8

6.0
130.9
136.9
103.6
I 97.0 I 12.3 I 109.3 I 103.6
Note : * denotesvalues calculated using cx = 30°; ** denotes values
1.0

0,58

I

I

2.16”
1.6””

calculated using measured values of B’, (distance between points of
inflection of sardclay interface).

It can be seen that by using a stress distribution angle a of
30°, the calculated membrane forces are approximately
50’?40
of those calculated using the observed values of w In
addition, the bearing capacity tends to be overpredicted
using ct = 30°. A similar analysis of the unreinforced tests
gave a larger overprediction, particularly at small
displacements when the sand thickness is large, which can
be attributed to the lack of lateral restraint of the sand.

6

CONCLUSIONS

Based on the experimental results and analysis presented
above, the following conclusions can be drawn:
1. In the present investigation, the commonly assumed
values of the stress distribution angle were larger than
those observed experimentally and resulted in
overprediction of the bearing capacity. This seems to
oppose the observation of Burd (1995) that the stress
distribution angle tends to be greater for soft than firm
904-1998
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clays. This discrepancy could be due to the
compressibility of the subgrade.
2, It has often been concluded that the improvements in
the load carrying capacity of unpaved roads due to
membrane action are insignificant and may therefore be
neglected. However, these conclusions appear to be
based on the method by which they are calculated
rather than on observed behaviour. In the present
investigation, the use of a more realistic stress
distribution angle rather than the commonly assumed
values greatly increased the calculated membrane
forces, suggesting that membrane action does make a
significant contribution, particularly for small subbase
thicknesses. Unpaved road field trials carried out by
Sigurdsson and Fannin (1997) confkmed the
importance of membrane action for small subbase
thicknesses.
3. In reinforcing very soft ground, the contribution to the
bearing capacity from the subgrade reaction after load
spreading through the fill would be insigtilcant so that
a tensile reinforcement would rely upon membrane
action to support the trat%c loading. Even assuming
that adequate anchorage and subbase-geogrid interlock
is maintained, deformation is likely to be excessive
under trafllc loading. Therefore a geosynthetic with
significant in-plane bending stiffness would be
beneficial to the performance of the structure.
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Supporting Capability of Geogrid Reinforced Soil Foundations
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ABSTRACT Geogrid reinforced sandy soil foundations are often used to improve the supporting capability of soft soil
foundations. The vertical load applied on a geogrid reinforced foundation is transmitted to the supporting soil over a wider
ara thus, improving the soil’s ability to support the foundation load In order to examine the effect of the vertical load
propagation due to geogrid reinforced sandy soils foundation, a series of model loading tests was carried out with different
reinforced soil foundation thicknesses and number of geogrkk horizontally placed in sandy soils. In addition, a method
estimating the effective thickness for geogrid n4nforced foundation design is presented
based on experimental and
theoretical considerations.
KEYWORDS:
1

reinforcement,

geogrid, soil foundation, vertical load propagation,

INTRODUCTION

bearing capacity

Table 1. This will develop a rational way of determining the
reinforced geogrid soil foundation thickness in practical design.
In this paper, the effects of the foundation thickness and the
number of reinforcement layers on the spreading effects in

The working
platform
usually
consists
of geogrid
reinforcement laid within a uniform layer of cohesionless fii
on the surface of soft soils. Although a number of metho(h
have been used to construct a fdl layer over the soft soil, there

reinforced sandy soil
foundations with geogrid are
investigated using the results of mo&4 loading tests and a
few theoretical considerations.

seems to be no general agreement with respect to the
reinforcement mechanism and load spreading effects.
Reinforced
sandy soil foundations
with geogrid
horizontally placed on soft soil ground are often used to
improve the supporting capability of sotl soil ground in an
economical way. The vertical load applied on the reinforced

2

EXPERIMENTAL

Figure 1 shows the layout of the experiment. On the floor of
a 1.08 m wide, 0.4 m deep, 0.8 m high container, twenty-one

soil foundations is transmitted to the supporting foundation
within a wider area, subsequently, providing the supporting

aluminium

foundation with greater bearing capacity. It is considered
that the spreading effects &pend on the factors shown in
Table 1. It is therfore essential to investigate the properties
of vertical load propagation in the reinforced soil foundation
with geogrids with ~ference
to the influence
factors in

0.4

blocks (0.05 m wide, 0.4 m long) were lined up.

(m)

[.

Table 1. Typical factors related to had spreading effects in

,

,

B~O.1

reinforced sandy soil foundations with geogrid
Term
Reinforced soil

Load

(m)

,,,,

Iron rod i

1. Thickness,

I

Geogrid property

I

Influence factors

Iground with geogrid12. Number and position of
I
reinforcement layers,
3, Reinforcement length
Soil property

PROCEDURE

I
I

1. Unit weights of soils,
2. Strength parameters
1. Tensile strength,
2. Friction property

k

\
1.08

(m)

Elastic

spring

Figure 1 Experimental setup
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of load spreading effect
related to number of reinforcement layer

3

EXPERIMENTAL

foundation, which is then vertically loaded while controlling
displacement. The rate of displacement was 1 mm/min.

3.1

Vertical Stress Propagation

Load intensity : p
~p
-c-p
-o-p

VI

U

(kPa) =50
=loo
=150 1

>if3n
I&u

o

0.1
Distance

0.2
from

0.4

0.3
the

center

Conference

RESULTS

Figure 3 shows the vertical
stress distribution at the
supporting foundation under the reinfomed gravel layer with
two geogrkk (Case l(b) at H/B=l.0)
generated by several
load intensities p. It can be seen from this figure that the
vertical stress distribution was convex with a maximum
vertical stress Cr~~X
at the center. It is also obvious that the
load
magnitude of 0.,,
increases with the incm.asing
intensity p, and that the magnitude is
the values of p.

always

smaller than

0.5

X (m)

Figure 3. Typical vertical stress distribution
Sixth International
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4 Characteristics

or 0.20 m thick. The loading
plate of 0.1 m wids and
0.4 m long is placed on the model
reinforced gravel

I-UB=l. O

geogrid

0.1

each model is 1.08 m wide, 0.40 m long and 0.05, 0.1,0.15

250

I

3

“1’

0.2
t
()~

with geogrid umkx different overbur&n
pressures. The
tensile strength of geogrid used is 14.7 (kN/m). The size of

r

200

p (kPa)

(c)

~8

.

0
2

150

100
Load

They consists of the following two cases:
Case 1 aims to study the effects of number of reinforcement
layers on the vertical load propagation properties. The
spreading effect is also investigated in relation to the thickness
of reinforcement
layer. Case 2 aims to discuss the spreading
effect of vertical load through reinforced gravel foundations

o

❑
A3

50

to represent
the supporting soil, possessing au elastic
modulus of subgra& reaction k#077
IcPdm. The mock]
reinforced soil
foundation with geogrid
were ma(k of
fine gravel. The avemge &y density was 16.4 kN/m3 and the
internal fiction angle was 41 &grees (Ochiai et.al., 1994).
The tests performed are schematically shown in Figure 2.
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Maximum Vertical Stress

Figures 4 and 5 show the effects of number of reinformment
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THEORETICAL

4.1

Definition of Effeetive Width

When loading is applied to a reinforced gravel layer with

3(30

p (kPa)
1

CONSIDERATIONS

4

1

-1

geogrid, the resulting stress distribution becomes convex with
a maximum vertical stiess U.aX at the center of the base as is
schematically
shown in Figure 6. Here, in order to
reasonably estimate the spreading effects of the reinforced
gravel foundation, effective widh ~ is introduced which is
defined as an apparent stress distribution width. When
consi(kring

that o~,, is uniformly

supporting

subgrade due to a load intensity p, and

transmitted

to a given
then the

a.,,m balances with PB, the following equation can be given
(see Figure 6):

002

2.5
pB= JcrdL - o-B~

H/B

Figure 5 Characteristics of load spreading effect
related to overburden pressure

(1)

Eq.(1) can also be rewritten as;

(2)

layer and overburden pressure on the magnitude of maximum
vertical stress a.,,. It is found from these figures that 1)
u.,, &creases with the increasing number of reinforcement
layer and overburdm pressure (see Figures 4(a) and 5(a)), and
that 2) the U.,X &velops
in proportion to the applied
vertical stress
over a wide
load
intensity region,
irrespective of the two factom mentioned above (see Figures
4(b) and 5(b)), and also that 3) not only the values of a~,X/p
decrease with the increasing H/B but also the influence of the
two

factors on

U.,X/p

gradually decreases

with

the

increasing HiB (see Figures 4(c) and 5(c)). Similar properties
have already been shown in the results of geogti~mattress
tests (Ochiai, et. al. ,(1994); Yasufuku,
et.
loading
al.,(1996)).

As shown in Figures 4 and 5, cr.Jp

is constant irrespective

of load intensity, and it is therefore obvious horn Q.(2)
addition, it is
that ~ /El also becomes constant. In
important to point out that as the u.., /p becomes smaller and
E/B becomes larger, the spreading effect of reinforced gravel
layer increases.
When a triangular stress distribution with wkkh ~ is
assumed
as shown in Figure 6 which is approximately true
(see Figures 4 and5),
the relationship between
~and ~
is represented by
(3)

L~ - 2B~
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I

Hm Krid

Case l(c) (n-3)

(d

7/

Is=sr

o

BL

I

o

1.0

Casel(a) (n=O)
,1

1,
2.0

Calculated
I

3.0

4.0

3.0

4.0

2H/B

Figure 7 Schematical view of load spreading effect

2.0
4.2

Geogrid Spreading Effects AB,

Case

a reinforced

m
~

gravel layer with geogri~ the applied vertical load is
transmitted to the supporting subgrade through
the gravel
layer. An idm of load spreading is schematically shown in
Figure 7. Based on this idea, the total spreading effect ~ can
be divided into two parts: one
is geogrid
spreading
effect ABg, which is due to soil-geogrid interaction and the

~J
g

When a loading plate of width B is placed on

other

2

1.5
1.0
0.5
0

1.0

0

is 2Htan13, which is due to thickness of gravel layer.

Thus, the net spreading effect

normalized by B is given by

2.0
2H/B

Figure 8 Relationship between (BL-B)/B and 2H/B

(4)

4.3

where, @ is &fined as spreading angle through a reinforced
gravel layer.
The computed

relationship

between

(~

- B)/B

and

2H/B are shown in Figure 8, together with the experimental
dat~ in which Figure 8(a) indicates the effects of number of
reinforcement

layers

on the net spreading

overburden pressure. Here the experimental plots were
obtained from Eq.(1) with measured values of o-/p,
and the solid lines are based on Eq.(4), in which spreading
angle (3 was estimated to be 27 degrees, that is tan(3=O&
irrespective of number of reinforced layers and overburden
pressure. It can be found from these figures that the
normalized spreading effeet of geogrid ABg/B, which is
evaluated as the value of BL/ B at w -0, incrwiti
the increase in the number of reinforcement layers and
overburden pressure, at least in the case of normalized
thickness H/B less than 2. In addition, it can be seen
that Eq (5) can reasonably represent the mechanism of
spreading effects in the reinforced gravel layer with geogrid.

Sixth International

Conference

of Geogrid Reinforced Thickness

In a practical design, it is necessary to properly estimate the
thickness of reinforcement layer H against an allowable
bearing capacity q, in the supporting soft layer. When q, is
considmxl to be crmX, and substituting Eq.(4) into @.(l),
the following equation is obtained;

effect, and

also Figure 8(b) clarifies the dependmce of the effect on the
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pB= q,(B+2Hkm(3)+q,ABg

(5)

where q ,AB~ represents an internal force taken by the
reinformment
spreading effect AB~. As was discussed by
Ochiai et. al., (1986), taking the spreading effect as G. and
comparing with Eq.(5), G, is given by ;
G. = q, ABg
. pB-qa(B+2H@n~)

Further, considering that tan(3=0.5 (~-27°

(6)
), Eq.(6) is easily

rewritten as:
H
–=2
1–s
B
q, () pB

_l

(7)

A
Ge/PB=O

8 6 -

/

0.1
0.2

,0.3

7//-

0.4

/

4 -

I

0.5 –
0.6

2 -

0.7 –

o.
02468

Figure 10 Idea of load spreading effect
10

12

p/qa
B=0.4m

Figure 9 Chart of determining reinforcement thickness H
against geogrid spreading effect Ge

Figure 9 shows the H/B-p/qa relationship calculated from
E4.(7) with various values of G~B. It is important to
note that the estimation of G, is needed in order to obtain
the thickness of reinforcement layer using Eq.(7). To
estimate G. in a concrete way, the following
assumption can be made; 1) the spreading effects can be
produced due to the maximum tensile force F~.,X in
geogrids and the direction is perpendicular to line ab
(cd) as shown in Figure 10, that is, the angle between
the direction of the force and that of the horizontal plane
becomes the load spreading angle P (tan&O.5). 2) F~.,X can
be mobilized by maximum tensile shear stress z~aX in the
range of the load spreading width 2HtanP and 3) the shear
stress z~a, is due to the internal friction between soil
and geogrid. A similar idea has been reported by
Yang et. al,.(1994).
Base on these assumptions, the tensile force F~.,X is
represented by

.......
.......

qa=l.16tf/m2

Figure 11 Example of design condition

sin~ is almost equal to 0.45 from the definition of P. It is easy
to umkrstand that when substituting Eq.(9) int o Eq.(7), the
proper thickness, H, can be obtained under a certain
design

condition.

Now, as an application of this modA, the following
example is considered The design condition is shown in

Figure 11. In this case, the vertical stresses u,]
on
geogrid-1 and crti on geogrid-2 are evaluated as :
0“1 -

Yldf

;

()

CJV2-YZ df+H

(lo)

and substituting Eqs.(8), (9) and (10) into Eq(7), and after
some calculation, the thickness H is computed as
follows:
where, b and crv are the friction angle in the soil-geogrid
interaction and vertical stress acting on the geogrid
respectively. Here, for simplicity u, is assumed to be equal
to the overburden pressure. Therefore, the spreading effect
G= in geogrid is estimated by ;

where, Al =y2tan6sin
A, - -(p-

where, n is defined

as numbers of reinforcement layer and

(3, A2-2yld~rtm

i5sin(3+q,

q,)B. It is important to note that

and

in this case,

using this equation, the thickness, H, is computed as 1.20
m which is about a half compared with the thickness
in the case without geogrid (G,=O) which is about 2.18 m
calculated using Eq.(7).
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5

CONCLUSIONS

The vertical load spreading effect of reinforced soil foundation
with geogrkk
is investigated both experimentally and
theoretically. The main conclusions obtained are as follows:
1. The vertical load propagation on the surface of subgrark
has a convex shape with the maximum vertical stress U~,X
at the center of applied vertical stress p.
2. The maximum vertical stress cr.,, &velOp~is
proportional

to the applied vertical stress p. The ratio,

G.,X/p, is influenced by the thickness of reinforced soil
foundations, numbers of geogrick and the overhmkm
pressure.
3. Effective width ~ is proposed to express the load spreading
effect in reinforced soil foundation with geogrid which has
two parts: one is geogrid
spreading
effect and the
other is the effect due to the thickness of soil layer.
4. An estimating method is proposed to calculate
the
thickness of reinfomed

foundations

in design practice

using the proposed
effective width ~ and the
considered soil-geogrid interaction mechanism.
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Theoretical Solutions for Stress and Strain Fields of a GeosyntheticReinforced Foundation Vertically Loaded by a Concentrated Force
Jie Han
Design Engineer, Ph. D., Tensar Earth Technologies,

Inc., Atlanta, GA 30328, USA

ABSTRACT: Geosynthetics can be used as reinforcements in soils to provide improved bearing capacity and reduced
settlement for structural footings or pavement systems. Existence of geosynthetics in a foundation tends to alter the stress
and strain fields due to the difference in elastic moduli and strengths between geosynthetics and soils. Geosyntheticsreinforced soil system can be treated as inhomogeneity and inclusion problems as studied in micromechanics of composites.
The concept is to represent the inhomogeneities of geosynthetics in soil as the inclusions of eigenstrains in a homogeneous
medium.
Derivation of the solutions to determinate stress and strain fields of the geosynthetic-reinforced
foundation
vertically loaded by a concentrated load is presented in this paper, in which the Eshelby eigenstrain tensor is introduced.
KEY WORDS: Geosynthetic,
1

reinforcement,

foundations,

inclusion, stress-strain relations.

INTRODUCTION

Early studies conducted by Binquet and Lee (1975a, b) on
geosynthetics-reinforced
foundations
demonstrated
the
effectiveness of geosynthetics in increasing bearing capacity
of soils. The use of this kind of foundation has attracted
more attention in the past few years. A number of model
tests have been performed by several researchers (Huang
and Tatsuoka 1990; Omar et al. 1994; Yetimoglu et al.
Those tests mainly focused on finding out the
1994).
optimized configuration of the geosynthetic layers in soil
such as the location of the top layer, the spacing between
adjacent layers, the width of reinforcement, and the number
of layers. However, very few theories have been developed
so far to study the mechanisms behind the experimental
results. Binquet and Lee ( 1975b) assumed that the normal
and shear stresses along the upper surface of the
geosynthetic reinforcement
follow Boussinesq’s solution.
Shukla and Chandra (1994) established a model to analyze
the settlement response by treating a geosynthetic layer as
an elastic membrane and solving the equilibrium equations
under vertical and horizontal loads on the membrane.
In
those papers, the existence of the geosynthetics was not
taken into account in the calculation of applied stresses on
the geosynthetics due to the external loads on the upper
surface.
In realty, the existence of geosynthetics in the
foundation disturbs the whole stress and strain fields as
indicated by Kurian et al. (1997) using a finite element
method.
THEORIES OF INHOMOGENEITY
2
INCLUSION PROBLEMS

AND

A material f2 with different elastic moduli fi-om those of a
matrix D-Q as shown in Figure 1 is called an inhomogeneity
in micromechanics.
The existence of the material D will
disturb the applied stresses in the domain D-Q (Mura 1983).

w
Figure 1 Inhomogeneity

and inclusion (Mura 1982)

The disturbed stress field can be simulated by an eigenstress
field resulting from a fictitious eigenstrain

s; in the domain

Cl in a homogeneous material.
The so-called eigenstrain
was defined by Mura (1982) as a nonelastic strain such as
thermal expansion, phase transformation,
initial strains,
Eigenstress
is a selfplastic, and misfit strains, etc.
equilibrated
internal stress induced by one or several
eigenstrains in a body without any other external force and
surface constraint.

The domain

!2 with the eigenstrain

E;

and the same elastic moduli as those in the matrix D-f2 is
called an inclusion.
Due to applied external forces, the stress-strain relation for
the inhomogeneity
problem can be expressed as (Mura
1982)
aj

+oij

=

C;

+Gij

=cijk,

where

C;~((E~

(&~

+E~!)

in Q

(1)

+E;, )

in D-f2

(2)

cr~ and e!, are the stress and the strain induced by

external forces without any inhomogeneity,

and ISij and

E ~1

are the stress and the strain due to the presence of the
inhomogeneity.
As pointed out by Eshelby (1957), the
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inhomogeneity
problem can be treated as an equivalent
inclusion problem by including the eigenstrains as follows:
~

Equalizing Equation (1) and Equation (3) yields

(a)

3
MODELING OF A GEOSYNTHETICREINFORCED FOUNDATION
(b)

Figure 2a is a case occurring in geotechnical practice. The
geosynthetic layer has two major functions in resisting the
applied load P on the surface: soil confinement
and
This problem can be modeled as an
membrane effect.
ellipsoidal inhomogeneity
or inclusion in a half space as
shown in Figure 2b. This model can be further decomposed
into two problems as shown in Figure 3. The problem in
Figure 3a is a Boussinesqi problem while the problem in
Figure 3b is an inclusion problem.
The solutions to the
stresses

IS; and strains

for Boussinesqi’s

E~l

problem

can

Figure 3 Decomposition of the Problem

SOLUTION

4

FOR STRESS AND STRAIN FIELDS

The displacement

Ui (R) induced by the eigenstrain

E;

in

the semi-infinite domain can be expressed by (Seo and
Mura 1979)

be found in many textbooks.

Therefore, the aim of this
paper is to investigate the inclusion problem.

Ui(~)

=

JQCj~n&n(i’)

Green’s

Gij (Z X’ ) are

constants.
{

(5)

&k

where

P

&G,j(i.:’)d~

functions

Green’s functions

and Cj~~n are elastic

Gij (i, i’)

for the semi-infinite

isotropic medium have been obtained by Mindlin (1936)
and rewritten by Seo and Mura (1979) in their paper as
follows:

/////

Geosynthetic
167tp(l -V)
(3 ‘4v)(xi

(xi - X;)(xj - x;)

3-4V
—b-ij

‘

Gij(~.~’) =
(a)

- ‘,)(xj

{
- ‘j)

+&j

R,

+

R2

+ 2X3X;

R;

~,, _ 3(xi

-

‘i)(xj

+

R;

R;

+4(1 - V)(I-2V)

R2 +x3+x;

G3j(i, i’) =

~,_
[

Inclusion

(Xj ‘Xj)

— 6X3X;(X3 +X3)
R;

(b)

(X3 ‘X;)

Figure 2 Modeling of a Geosynthetic-Reinforced
Foundation
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V)

+

[

167tp(l -

+ 6X3X;(X3 + X;) _
R:

-

‘\)

4(1-

v)(l–2v)

(XJ‘xi)
V)

[

R;

11

+ (3-4v)(X3

1
+ (3-4

4(1 - V)(l –2V)

V)(X3 ‘XJ)
R;

Il;

R2(R2 +x3+x;)

- X3)

R;

R:

R2(R2 +x3+x3)

(Xi ‘ii)

Gi3(i,7)=

‘X;)(XJ

R2(R2 +X3 +X;)

“

167Kp(l -

Ellipsoidal

(xi

[

“

1

-

‘j)

1

Gjj(x,x’)=

1

3-4v+8(1-

167rp(l -V) [

A variety of numerical methods can be adopted to solve
A numerical
integration
technique
is
Equation (8).

v)2-(3-4v)

RI

R,

introduced herein. Equation (8) can be expressed as (Wang

1

+ (X3- X3)2+(3 - 4V)(Xq+ X;)z - 2XJXq+ 6x~xJ(x~+ X;)*

R;

R:

R;

(6)

ij=l,2

et al 1977):

s:(~l)=Fti(il)+KC

op~.Ant ~

wJE&(~J

kk]op(il,

~j)

J=l

where

R; =(X1 –X; )2 +(X2–X;)* +(XJ –X;)* ;

(9)

R; =(XI –X;)* +(xZ– X;)2 +(XS+X\)2 ;
~ = shear modulus;

where

Poisson’s ratio.
The effect of the free surface has been included in the above
v=

equations by containing the term R2.

i, and iJ are integral points, i, = (xl, X2),

and x; + x; < R*and (x~)2+ (x~)2~ R*;

!,
iJ

= (xl,

X2)

factor;

w, = weight

,

n =

number of integral point; An= integral area, equal to the
area of geosynthetic sheet.

Equation (9) can be rewritten in matrix forms as
E= F+kGWE

(10)

or

(11)

HE=F

where

H=l–

k= KCA~t ; G=(GU)
F=(F(Yil),

F(iJ...,

I

LGW;

=

n

; E=(&~. (il),E~l(iI

F(inl))T;W =(wl,

x

n

),.., E~I(~.))T

w2,wn), wn)

unit

matrix;

;

.

Figure 4

An Ellipsoidal Inclusion in a Half Space (After
Seo and Mura 1979)

After solving the eigenstrains c; at integral points from
Equation (11 ), the strain disturbance EM can be computed
by using
the numerical
integration
technique
and

Assume a circular geosynthetic sheet with a radius R
horizontally buried in a half space has a constant thickness t

substituting E:, into Equation (7). Then, the stress and
strain fields can be obtained from Equation (1) and Equation
(2).

in X; direction, which is much less than the dimensions

in

X; and X; directions. The vertically applied load P passes
through the center of the geosynthetic sheet. The variation
of eigenstrains in the thickness direction is negligible. Due
to the geometric symmetry and the location of the applied
load, the eigenstrains are symmetric to x; and x; axes.
From Equation (5), the relationship between the strain
disturbance and the eigenstrain can be expressed by

‘kl

= +k,l

+ ‘I,k)

=

jnC.PmnE;.

(7)

(~ ’)gk]OP(i, ~’)di’

‘1

1 t12GkO(i, Z’) + c?2G10(i, i’)

where gklOP@,
i’)= ~

[

axlaxp

.

axkaxp

Substituting Equation (7) into Equation (4) yields
s;](~)= K~QcoPmnE;n(~’)gk]oP

()~,~’

d~’

+ %(~)

where K=I – C~~lC~lij
and F~l(i) = KE)I.

in

~

(8)

5

FUTURE STUDIES

This paper only focuses on the development of theoretical
solutions for stress and strain fields of a geosyntheticreinforced foundation vertically loaded by a concentrated
force. Parametric studies need to be done in the future to
investigate influential factors and develop design charts for
this problem, which will be very beneficial to researchers
and engineers.

6

SUMMARY

By mean of the concepts and methodologies in
micromechanics, the geosynthetic-reinforced foundation is
modeled as an inclusion problem. The stress and strain
disturbance due to the presence of a geosynthetic sheet in a
half space is simulated by applying an eigenstrain in the
region of the geosynthetic sheet. Using the solutions
obtained by Mindlin (1936) for a force at a point in the
interior of a semi-infinite solid and the stress-strain
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relationship proposed by Eshelby (1957) for a general
inclusion problem, the eigenstrain for the inclusion is
computed.
The stress and strain fields for a geosyntheticreinforced foundation vertically loaded by a concentrated
force is formulated.
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ABSTRACT: This paper presents the results of laboratory model footing tests on the bearing capacity behavior of strip
For the model tests, the reinforced slopes were artificially created using the raining
footing on geogrid reinforced slopes.
technique with sand. A wide range of conditions were analyzed by varying geogrid reinforcing patterns.
Furthermore,
model tests were simulated using finite element analysis with the aim of investigating the mechanics behavior of the
reinforced slope such as failure mechanism and force distribution in geogrid,
Based on the results of model tests, both
qualitative and quantitative relationships were established between the bearing capacity and the geogrid design parameters
such as depth, length, and number of geogrid layers.
KEYWORDS:
1.

Geogrid, Bearing capacity, Slope, Model test, Strip footing, Finite element analysis.

INTRODUCTION

Geogrids are often used as slope reinforcement
for
construction
of slopes to angles steeper than those
constructed with the fill material being used. When a strip
footing is constructed adjacent to such a reinforced slope,
the bearing capacity behavior of the footing would be
significantly different than that of unreinforced slope.
To
design such a strip footing on a reinforced slope requires a
Most of the
bearing capacity determination
method.
previous studies mentioned above, however, have been
focused on horizontally leveled ground, and therefore, no
rational method of bearing capacity determination for a
shallow foundation on reinforced slope is available up to
date. Therefore, much still needs to be investigated in
order to develop a generally acceptable design method for
shallow foundations on reinforced slope.
This study was undertaken with the aim of investigating
the mechanistic behavior of geogrid-reinforced
slope under
strip load as well as the bearing capacity behavior of strip
footings on reinforced ground using experimental
and
numerical studies.
2,

LABORATORY
MODEL
ELEMENT ANALYSIS

2.1

Laboratory Model Tests

TESTS

AND

FINITE

The laboratory model tests were conducted in a test box
made of 60 mm-thick wood, having an internal dimension
One,
of 1.2m (length) x 0.8m (depth) x 0.3m (width).
side of the test box was cleared using a plexiglass for ease
The
of observing failure mechanism during the test.

inside walls of the test box were greased to minimize the
fi-iction with ground and the edges of the foundations as
much as possible.
Although no slip sheets were attached
onto the inside walls, no appreciable friction was observed
during the test. Furthermore, a rough base condition of a
80mm-wide model footing made of steel was achieved by
attaching a sand paper at the bottom.

H-Beam
B = Fwbng W,~
N = Number of Geqnd
LnYers
Steel
Frame

Figure 1. A schematic view
symbols used in this study.

of model

test box with

The artificial ground was constructed with fine sands by
The effective size(D, O),
the raining technique.
coefflcient(C,,),
and
coefficient
of
uniformity
gradation
for sand were 0.36 mm, 1.61, and 1.1,
respectively. The tests were conducted on a ground with
a slope of 1(H):O.67(V) at a relative density of
approximately 70°/0. The slope of the ground was
artificially formed by removing the sand with a vaccum
after forming horizontally leveled ground.
In order to
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evaluate the consistency of the placement density during
raining, small cans were placed at different locations in the
test box. In the test, the Fortrac geogrids by Huesker
Synthetic Gmbh Co, which has relatively smaller size of
apertures, were used in order to reduce a possible size
effect. The mechanical properties of the ground and the
Note that the
geogrid are summarized
in Table 1.
Young’s modulus of the geogrid was back calculated after
performing several computer runs.
During the tests, the model footing was loaded using a
hydraulic jack at a rate of 1.0 tmrdmin.
The applied
footing load and the settlement were measured using a load
cell and two LVDTS, respectively. A schematic view of
model test box with the symbols used in this study is seen
in Fig. 1.
Table 1. Mechanical pro perty of the ground and geogrid,
Ground

Geogrid

Young’s modulus
E (kN/m’)

2500

2,1E08

Poisson’s ratio

0.35

0.17

u

Friction angle
p (degree)

42

Cohesion (kN/mz)
Unit weight(kN/m3)
Tensile strength (kN/m)

o
16
-

2.2

Model
Footing

1700000

-

55

Finite Element Analysis

A series of finite element analysis using a commercial code
DIANA( 1996) were conducted on selected conditions in
order to investigate the mechanistic behavior of reinforced
slope under strip load. In the finite element modeling, the
foundation ground was discretized using isoparametric 8node elements,
while the geogrid
using embedded
The embedded reinforcement
reinforcement
element.
element is a special type of element provided by DIANA,
which can model the grid pattern of reinforcement.
The
vertical and horizontal boundaries were modeled by placing
the y and x direction rollers, respectively, and were placed
in accordance with the test configuration.
In the analysis, the footing and geogrid were characterized as a linear elastic material, while the foundation soil
being an elasto-plastic material obeying Mohr-Coulomb
The mechanical properties tabulated in
failure criterion.
Table 1 were used as input parameter for analysis. Fig. 2
shows a typical finite element mesh used in the analysis.

Figure 2. Finite element mesh used in the analysis.
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3.

3.1

MECHANICAL BEHAVIOR OF REINFORCED
SLOPE UNDER STRIP LOAD
Failure Mechanism

The failure mechanism was investigated using the results
of model tests and finite element analysis.
To observe
the failure mechanism during the model tests, horizontal
layers of colored sand were placed and photos were taken
at various stages of loading to trace the failure surface.
The failure patterns for the finite element analysis, on the
other hand, were traced using the maximum shear
strain( .s ) - e J) contours.
Figs 3 and 4 show the
failure patterns for unreinforced and reinforced slopes,
respectively.
Note that the results were obtained at the
footing
level
of
Sv/B=O. 15(Sv=footing
settlement
settlement; B=footing width), which is beyond its ultimate
level for both cases, and that the failure patterns both from
the model tests amd finite element analysis shown in Figs
3 and 4 are qualitative drawings,
As can be seen in Fig 3 for unreinforced slope, a typical
slope failure pattern is observed, which initiates from the
footing edge opposite to the slope and progresses toward
the slope.
The failure pattern for a reinforced slope with
three layers of geogrid presented in Fig. 4 demonstrated
that due to the reinforcement, the failure surface is not
well developed in the reinforced zone, indicating the
improved load bearing capacity of the slope,
Inspection
of the failure pattern reveals that it is desirable to place the
geogrids across the potential failure line for unreinforced
case so that the geogrid can tie back the potential sliding
wedge against outward movement.

(not to scale)

1 ________

/
(b) finite element analysis
(a) model test
Figure 3. Failure patterns for the unreinforced slope.

(not to scale)

(a) model test
Figure 4. Failure patterns
MB=5.5, u/B=h/B=o.33).

(b) finite element analysis
for the reinforced slope(N=3,

3.2

Traction Force Distribution

in Geogrid

Fig. 5 shows typical

examples of the traction force
distributions in geogrids obtained tiom the finite element
analysis at different footing settlement levels (Sv/B=O.05
and 0.1 ). It is seen that the peak values of tensile force in
each layer of geogrid occurs at the points where the slip
surface and the geogrid intersect, as one can expect.
Furthermore, it is also observed that as the footing load
level increases, the traction force in the lower level of
geogrid
considerably
increases
while no significant
increase is seen in the upper level.
Another finding in this figure is that the traction force
distributions are approximately symmetrical from the potential failure surface, and reach nearly zero values at about
2.OB from the peak point.
This trend indicates that the
geogrid needs to be extended beyond the potential failure
surface with at least a length of 2.OB for anchoring effect.
Therefore, it seems reasonable to assume in the relevant
design calculation a symmetrical triangular reinforcement
force distribution at its apex at the intersection point with a
potential failure surface for unreinforced case.
‘SVIB
= 0.1
--Sv/B = 0.05
. potential failure
surface

+@
#bl.o

& 0.5
.~ 1.0

with increasing L/B until L/B reaches its critical value of
approximately 5.5 from the slope and becomes almost
constant thereafter, indicating (L/B)C,=5.5 in this case,
A similar trend can be observed for b=3 .OB as seen in
Fig. 6, showing the critical length of approximately 7.OB.
The extended
length
beyond
the failure
surface
corresponds to approximately 3 .OB for both cases(b= 1.5B
and 3 .OB), implying that the geogrid must be extended
approximately 3 .OB beyond the potential failure surface to
have maximum reinforcing effect.
This trend supports
the traction force distribution pattern.

‘Or_____l

““~

1st Layer

/.
0:1

0:2

0:3

0:4

Distance From Slope Face (m)

Figure 5. Traction force distributions

4.

BEARING CAPACITY

in geogrids

BEHAVIOR

Based on the results obtained ffom the model tests, the
bearing capacity behavior of strip footing on reinforced
In the analysis, the normalized
slope was analyzed.
bearing capacity ratio (BCR=q,/q.,) was used, where q, and
q., being bearing capacity values for reinforced
and
unreinforced slope, respectively,
4.1

90

Figure 6. Variation of BCR with L/B

4.2

o

80

Length of Geogrid, &

Effect of depth of reinforced zone

The variation of bearing capacity with the depth of
reinforced zone(d/B) was investigated by increasing the
number of layers(N) while maintaining L/B=(L/B)cr and
u/B=h/B = 0.33. The relationship between BCR and d/B
for b= 1.5B and OB is summarized in Fig. 7. As can be
seen in this figure, BCR increases almost linearly with d/B
until d/B=2.5 and becomes nearly constant thereafter,
indicating (d/B)C, = 2.5.
Note that Das et al,( 1994)
reported (d/B)C, of 2.0 for horizontally leveled ground for
both sand and clay. This discrepancy may be attributed
to the fact that the influencing zone is deeper for a sloped
ground than a leveled ground.

I

9.0 4

Effect of length of geogrid

Das et al,( 1994) has reported that there exists a critical
length of geogrid beyond which the geogrid has no fiuther

reinforcing effect, In order to investigate the variation of
beariug capacity with the length of geogrid(L/13), several
conditions were tested by varying L/B for N=3.0 and
Fig. 6 shows the relationship between
/B=h/B=o.33.
CR
and
L/B
for
b= 1.5B, indicating that BCR increases
F

I
l.o~
00

05

10

15

20

25

70

35

dlB

Figure 7. Variation of BCR with d/B
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Effect of u/B and MB

4.3

5.

The effects of u/B and MB on the bearing capacity were
investigated while keeping L/B at a constant value of
(L/B)C, =5.5. Fig. 8 shows the variation of BCR with u/B
for N= 1, 2, and 3 cases with MB=O.75. As can be seen in
this figure, for N= 1, the BCR increases with u/B up to
approximately a maximum value of 1.OB and decreases
Note that Das et
thereafter, indicating (u/B),,=l .0.
al.( 1994) reported
(w’B)C, of approximately
0.4 for
horizontally leveled ground.
For N=2 and 3, although a
similar trend is observed, (u/B),, appears to decrease with
increasing the number of geogrid layers(N); i.e., (u/B)c,
=0,8 for N=2 and (u/B)., ‘0.6 for N=3.
This trend maybe
explained in terms of deep footing effect suggested by
The deep footing effect is a
Huang et al.(1994).
mechanism that a part of reinforced zone behaves as a part
of the footing and transfers a major part of the footing load
Therefore, as the reinforced zone
into a deeper zone.
becomes thicker, the reinforced zone acting as a part of the
footing should be located closer to the footing in order to
maximize its reinforcing effect.
The variation of BCR with MB can be observed in Fig. 9
for N=2.0 and 3.0. The results obtained for the conditions
at a fixed value of u/B=O.33.
As noticed, the trend is
similar to that for the variation of BCR with II/B.
However, the critical value of h/B appears to be nearly
constant approximately (h/B)C, ‘0.8 regardless of d/B.
60
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Figure 8. Variation of BCR with u/B
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A symmetrical force distribution with its apex at the
intersection point with a potential failure plane can
be assumed for traction force distribution in geogrid.
The geogrid must be extended at least 3 .OB beyond
a potential failure surface in order to maximize the
reinforcing effect.
The reinforced
zone
must
be extended
to
approximately
2.5B
below
footing
base
for
maximum reinforcing effect.
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(h/B)C, being nearly constant value of 0.8 regardless
of N
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The mechanistic behavior of geogrid-reinforced
slope and
the bearing capacity behavior of a strip footing on the
slope were investigated using both experimental
and
numerical
approaches.
A wide range of boundary
conditions were tested by varying the reinforcing pattern.
The results of model tests and finite element analysis were
used to identifi the failure mechanism and the traction
force distribution in geogrids, and also to establish both
qualitative and quantitative
relationships
between the
bearing capacity of a strip footing on reinforced slope and
the reinforcing pattern.
Based on the results of this study,
the following conclusions can be drawn:
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ABSTRACT: Coir is a naturally occurring fibre available at relatively low cost in many tropical countries. A number of
products can be manufactured from coir fibre for geotechnical applications. The strength and other properties of these
products compare favorably with those made of synthetic materials. Through laboratory plate load model tests, this
paper examines the suitability of coir geotextiles for construction of unpaved roads over soft soil subgrades. The soft
subgrades of 1 m depth (CBR < 0.5) were prepared in a test tank of plan dimensions 1.5 m x 1.5 m. Base course layers
of varying thickness values (with and without coir reinforcement) were constructed on top of this subgrade. The results
from these tests have clearly illustrated the benefit of using coir reinforcement in such cases.
Key Words:
1

geotextiles, coir reinforcement, subgrades, plate load tests, unpaved roads

INTRODUCTION

The coir is a naturally

occurring

2.75.

fibre derived from the

husk of coconut fruit. It is abundantly available at very
low cost in many tropical countries. A number of products
can be manufactured fkom coir fibre for geotechnical
applications, such as geogrids, geotextiles, geomats etc.
These products were found to last for as long as four to six
years within the soil environment depending on the
physical and chemical properties of the soil, Ramakrishna
(1996). In many instances, the strength of subgrade soil
increases in course of time as the soil undergoes
consolidation induced by the traffic loads. For such
applications the natural reinforcement products are ideally
suitable, Rao and Balan (1994). The current paper
describes the results from investigations carried out on
coir geotextile reinforced soft soil subgrades.

2

MATERIALS USED IN TESTS

2.1

Clay Soil

The clay soil used in this investigation had plastic and
liquid limits of 157. and 42% respectively. This soil can
be classified as CI according to the Indian Standard
Classification System, IS 1498-1978. The cohesive
strength and friction angle of the clay soil are 21.2 kpa
and 1.3° respectively.
2.2

Gravel Soil (murum)

The gravel soil (murum) contains 48’%0gravel size
particles, 48% sand size particles and 4% silt and clay size
particles. The specific gravity of this soil was found to be

This

soil is classified

as A-2-4

(0) as per AASHTO

classification system and is rated as a good sub-base
material. The cohesive strength and friction angle of this
soil are 10 kPa and 44.9° respectively.
2.3

Coir Geotextile

The coir geotextiles used in this investigation are
commercially available floor mats which are woven from
coir fibres. The coir fibres are twisted into a rope form and
these ropes are woven in weft and warp directions to form
the mat. These mats have approximately the same strength
in both the principal directions. The thickness of these
mats is dependent on the diameter of the twisted ropes
used in forming the mat. The geotextile (coir mat) used in
this investigation had a thickness of 7.2 mm at a standard
normal pressure of 2 kPa. The mass per unit area of this
mat was 1,396 g/m2 at a room temperature of 30”C.
The ultimate tensile capacity of this mat was found to be
37 kN/m at a strain of 43?4.tlom wide-width tensile tests
performed according to ASTM D4595 standards. The
secant modulus of this material at 10’%0strain is 110
kN/m. The seam strengtm determined according to the
suggested ASTM procedures, was found to be 24 kN/m.
The seams were stitched using strong nylon thread with
25 mm overlap on both sides of the seam.
The cohesive strength and friction angle of clay-coir
geotextile interface were found to be 22.6 lcpa and 8.2°
respectively. The same properties for gravel-coir interface
are 40 kpa and 32.3° respectively. A comparison of these
strength properties with those of individual materials
shows that coir geotextile has excellent interface strength
properties. This may be because of the rough nature of the
coir and its natural affinity towards the water and clay
because of surface charges.

1998 Sixth International

Conference

on Geosynthetics

-919

3
3.1

LABORATORY

PLATE LOAD TESTS

●

Test Facility

soft clay layer was maintained at around 900 mm for all
the tests.
The gravel sub-base course was prepared directly on top
of this clay layer. The gravel layer was compacted at
optimum moisture content using a 10 kg drop hammer
falling through a height of 500 mm.
The gravel layer was compacted to 80’%0 maximum
density in all the tests. The compacted sub-base course
was allowed to mature for one day by covering it with a
polythene sheet. The coir geotextile reinforcement
was
introduced during the compaction stage itself.
The above procedure of preparing the clay and gravel
layers was repeated for all the tests pxformed
in this
present investigation so that the test conditions remain
uniform for the entire range of tests.

course

over

soil

clav

Test Procedure

The general test procedure for plate load tests as described
in Indian standard IS 1888:1982 (F&afllrmed 1988) was
adopted. for all the tests. The loading was applied through
a 300 mm diameter plate. The applied load was measured
using a predibrated
100 kN capacity proving ring. The
settlement of plate and the soil surface were measured
using a total of six dial gauges. In the case of tests with
reinforcement layers, the coir geotextile was placed at the
required levels after wetting.
Each load increment was applied as either 10% of the
estimated ultimate load or the load required to produce 1
mm settlement, whichever is lesser. Each load increment
was kept constant until the rate of settlement reduces to
less than 0.025 mm per minute. The load and the
corresponding deformations were recorded after the
settlements have stabilised under each load increment,
which was typically 6 to 12 hours. The loading was
continued until a total plate settlement of 150 mm has
occurred which took approximately 6 days.
After each test, the gravel layer was carefidly removed.
After that, the top 400 mm thick clay soil in the tank bed
was replaced with puddled clay having 40% water content.
This test bed was once again pre-consolidated under 98
kpa surcharge pressure which took 2 to 3 days to stabilise.
This re-formed clay bed had the same properties as the
originally prepared clay bed as confirmed by results from
in situ vane shear tests. On this, fresh gravel layer of
required thickness was laid in the same manner as
discussed earlier.

4

RESULTS AND DISCUSSIONS

Test Programme

The following series of plate load tests were carried out in
this investigation with the following four configurations.
.
Series 1: soft clay subgrade alone
.
Series 2: gravel sub-base course over soft clay
subgrade.
.
Series 3: gravel sub-base course over soft clay
subgradc and one layer of coir geotextile at claygravel interface.
920-1998

sub-base

of Test Bed

The soft clay soil bed was prepared by sedimentation
technique under vacuum pressure to simulate the soft
natural subgrade. The soil was initially mixed manually
using crowbars at 160’%0water content. This slurry was
kept under a low vacuum pressure of 19.6 kpa for three
days to drainout the water and remove the entrapped air.
Then it was subjected to a consolidation pressure of 98
kpa until the rate of deformation has decreased to less
than 0.01 mm per minute. The method of test bed
preparation was adapted from the work reported by
Kuntiwattanakd et al. (1995). The entire consolidation
process took approximately 8 to 10 days for cxdch
preparation. This procedure had created soft subgmdes
with a CBR value of approximately 0.4. The thickness of

3.3

gravel

In Series 2-4, six sub-base layer thickness (h) values of
100, 150, 200, 250, 300 and 350 mm were considered. In
subsequent sections, the results from these tests are
referred to by these series numbers.

3.4
Preparation

4:

subgrade and two layers of coir geotextile, one at claygravel interface and the other at mid-depth of gravel
layer.

The plate load tews were performed within a test tank of
plan dimensions 1.5 m x 1.5 m and 1.2 m deep. The
loading was applied through a 100 kN capacity proving
ring using a hydraulic jack. The test tank was centrally
located below a reaction frame for applying plate loads.
The plate was of 300 mm diameter (D) to simulate the
Equivalent Single Wheel Load (ESWL).
3.2

Series

Sixth International

Conference

The plate load test carried out on clay bed showed that it is
an extremely soft subgrade with an ultimate bearing
capacity of 20 kl%. Hence, it can be expected that the
provision of gravel sub-base with or without coir
reinforcement will si~lcantly
improve its load bearing
capacity. Typical improvement in the performance
obtained with the provision of gravel layer with and
without reinfor=ment layers is illustrated in Figure 1.
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In general, the performance has improved with the
increase in the thickness of gravel layer. The provision of
a geotextile layer at the clay-gravel interface has further
increased the load bearing capacity of subgrade. When an
additional layer of geotextile was placed at the mid-height
of the gravel layer, the ultimate capacity and stMness has
tremendously increased.
Plate

o

pressure

200

“ addition
“
in
to the reinforcement action, the geotextile
layer at clay-gravel interface fimctions as a separator and
filtration and drainage medium as it has good
compressibility characteristics. On the other hand the
layer within the subbase contributes mainly to the strength
and stiifness of subgrade. It is evident from this
experimental results that stiffness of the coherent mass is
also an important parameter as repxted bv Douglas and
Valsangkar (1992):

(kPa)

400

600

Table 1 Ultimate pressures (kPa) from plate load tests

11111111111111111111

o

Thiclmess

Series-1
Series–2
~
H-O-9-OSeries–3
Series–4
~
~

i

200 ;

I I

Figure 1. Performance with 150 mm thick gravel layer

The ultimate pressures developed from various tests are
compared in Table 1 which clearly show the improvement
in the performance with the provision of coir geotextile
reinforcement.
From the results shown in Figure 1 and Table 1, it can
be seen that the provision of a single layer reintiorcement
at the clay-gravel intefiace does not improve the load
bearing capacity very much. The effect of single layer of
geotextile is significant when gravel layer is thicker than
200 mm. When a thin layer of gravel is provided there
may not have been an adequate bond with the coir
geotextile for the load transfer to take place. In the case of
two layers of coir geotextile, the reinforcement layer at the
mid-depth of gravel prevents its lateral spread and hence
higher loads are mobilised in coir reinforcement which
contributes to the increase in ultimate pressures. This can
also be explained by the good bond between the coir and
the gravel as shown from the interface shear strength
properties (Section 2.3).
In the case of unreinforced and single layer
reinforcement cases, the ultimate pressures have
developed within a settlement of 15 to 40 mm whereas the
two layer system had developed ultimate pressures at
much higher settlements in the range of 100 mm (Figure
1). This result once again contlrms the advantage of
placing the additional reinforcement layer within the
gravel layer.

unreinforced

one layer of

two layers of

reinforcement

reinforcement

of gravel
layer (h)

subbaselayer

100 mm

100

120

400

150

200

220

550

200

240

250

750

250

300

360

900

300

370

440

1000

350

400

500

1150

From the plate load test data, the pressures developed
for tierent
thicknesses of gravel layers at various rut
depths (settlement levels) were developed. This data is
plotted in a non-dimensional form in Figure 2 for a rut
depth of 75 mm. Similar charts were developed for other
rut depths also. In these figures the thickness of gravel
layer (h) is normalised with respect to the diameter of
plate (D) and the plate pressure at any settlement is
normalised with respect to the ultimate bearing capacity of
soft clay layer (20 kpa) denoted as the Bearing Capacity
Ratio (BCR). This term BCR indicates the relative
improvement in the bearing capacity of subgrade with the
provision of gravel layers with or without reinforcement.
These charts can be used for designing the thickness of
subbase layer over soft subgrades for a given BCR and the
diameter of wheelbase.
The above data is presented in a dilferent form in Figure
3 for Indian Road Congress (IRC) standard wheel load of
22.25 kN. Similar curves have also been developed for
other standard wheel loads. It is evident from this chart
that the thickness of subbase can be substantially reduced
with the use of coir geotextile reinforcement. At rut depths
less than approximately 10 mm, the grave} layer can not
mobilise enough shear strength which results in the
requirement of very thick subbases, as is evident from the
initial steep slope of curves.

5

ILLUSTRATIVE

EXAMPLE

Design a subbase course to increase the load bearing
capacity to 500 kpa of soft clay subgrade whose ultimate
bearing pressure is 25 kpa. Consider the Equivalent
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Single Wheel Loads (ESWL) of 28 kN and 48 kN having
a tire pressure of 580 kpa. Design the subbase course for
allowable rut depths of 25, 50 and 75 mm.
Design: The following step-by-step procedure illustrates
the design process using the design charts developed in
this investigation.
Step 1: Calculate the Bearing Capacity Ratio (BCR) at

the ultimate bearing pressures.
Ultirmtebearingpessuremsubbasecxmrse

~=-

ultimlekxingcapacity
In the present example,

ofsubgmde

500
BCR = — = 20
25

Step 2: Calculate the contact area of the wheel as the
ratio of ESWL and the tire pressure. From these, the
equivalent diameters of contact area are calculated for the

two wheel loads as 250 mm and 325 mm respectively.
Step 3: Obtain the required h/D ratios for rut formations
of 25, 50 and 75 mm from the design charts. The results
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are given in Table 2.

~
~
~

Table 2 Design of subbase thickness over sofi subgrades
Savingsin
DesignCase I
Designbase course
I thickness (mm)
I thickness (nun)
I gravel I gravel
I
gravel

+ one

+ two

alone

layer
reinf
(B)

layer
reinf

(A)
i)

r=25

(c)

Savings
fm B
over A

Savin~
for C
over A

Series–4

/

nun

P=28kN

300

268

153

32

147

P=48kN
ii) r=50rnm
P=28kN

360

321

183

39

177

288

255

108

33

180

345

310

129

35

216

275
330

250
300

83
100

25
30

192
230

P=48kN
iii) r = 75 mm
P=28kN
P=48kN

in which r is the rut depth and P is the wheel load. As can
be seen, the single layer reinforcement does not result in
much savings in subbase thickness. On the other han~
when an additional layer is provided within the subbase,
significant savings are achieved.
6

Series–2
Series–3

0

1

1111111 lilllll
0.0

0.5
h/D

llllllllllllll

1.0

IF

1.5

ratio
Figure 2 BCR for a rut depth of 75 mm
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CONCLUSIONS

The use of coir geotextiles for construction of subbase
layer over soft subgrades is studied in this paper. Various
engineering properties of coir geotextiles have been
reported in this paper. These properties are compamble to
those of intermediate to high density polypropylene based
geotextiles. The plate load tests have clearly indicated the
capability of coir geotextiles in improving the stiffness and
load bearing capacity of soft snbgra&s. Hence, the coir
geotextiles are suitable for coskffkctive field applications.
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Treatment of container stockyard using Stress distribution
Hong

ability of geonet
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ABSTRACT:lhis paper pswwntathe technical chamcteristicsof geonet,the dfect of stress distributionof geonet was initiallyobserved
in eastern China in the winter by a lively trial which can be defined SS’’NET - ICE TRL4L’’,lhe

interacting mechanism between

geonet and soft soil was analyzed baaed on lots of laboratory tests, three in - situ plate load testa were carried out on the site which is
close to Yangtze River with extensive dredged sand areas of soft soil depth up to 8m. ‘f%emsuhs showed that bearing capacity of soft
soil can be increased about one times undisturbed soil bearing capacity after a layer of geonet was paved horizontally, two layers of
geonets lead to four times the bearing capacity of soft soil. ‘Ihe total amount of settlement was reduced by 22 %, diiTerential settlement
was reduced by 35940.cornpamd with the method of dynamic consolidation, the new technique has advantage of quick speed conatsuc tion and low cost.

KEYWORDS: Container stockytud, Geonet, Stress distribution

1

INTRODUCI’ION
OF APPLICATIONS

ment of Soft Soil Container Stockyad Project”

‘Ihe use of geonets in China dates back to the early 1980’s when

2

SELECTION OF GEONEI’ MESH

the materials were fimt manufactured in China. ‘lb early projects wem mainly in soil reinforcement, drainage and filtration.

Geonets have a great number of application areas which can be

In the late 1980’s the applications increased to pmjecta involv-

described as follows:

ing embankment foundation consolidation, bridge approach de-

1) Soft soil seinfomement

tails, dlection

2) Slope protection

cracking of asphalt pavementa, slope protection,

leachate collection,

leakage detection in landfW

and coastal

erosion protection. ‘Ihe application areas range fmm highways

Laborato~ testa have shown that the mesh shape is very
important for stmes distribution and that a hexagonal shaped

and railways to hydraulic engineering.
As the applications of geoneta incmaed

3) Drainage

the conatmction

apetium. ia the best as it is both stable and has low elongation.

deprutments required more information with regard to calcula-

‘he oder of stability of geonets accosding to tensile tests is:

tions and theory and this generated large intereat in the academic

Hexagonal rnab > diamond mesh> square mesh. Although the

world. A large number of Univemities and Reseamh Institutions

tensile strengths am diilesent in the longitudinal and transverse

became involved in studying the principles of geoneta in diffemmt

directions this is not impmtant as long as the diffenmce is not too

applications.

large. If the difference is too large then the reinforcement of soft

‘i%e Ministry of Cornmunications considered the setting up

soil can not be achieved.

of a project to msmrch the mechanism of geoneta and then the

‘Ilse selection of the appropriate mesh is also dependent on

National Eight - Five Plan mseamh project entitled “Application

the grading of the fill material. In the project described later in

Research of Geanets in Bridge Abutment and Soft Soil Treatment

this paper, the container stockymd, granular materials (dredged

of High Grade Road” was appraised by them on October 1995.

sand) wem used and therefore a larger mesh size was selected.

‘I%e research into the mechanisms of geonets was promoted very

‘Ihe actual tensile strength of the geonet used,

weight

deeply at this stage and this mearch beeame a history of the de-

660g/m2,

velopment of geonets in China.

vahse of 5.8 KN/m but it is still not high. Is it possible for this

A typical application of geonets is described as “Reinfome-

tested in the laboratory is greater than the speciiied

material; to reinfome the soft soil? ‘Ilse answer will be found af1998 Sixth International
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ter the field testa and labarato~ trial
arecompleted.

25 times as compared with the loaded arva and shows how the

3

AL shows the distributiono

mechanism

evenly onto a much lager

bearing area.

bearing capacity of soft soil can be incnmaed.
THE PHENOMENON OF ~

- ICE STRESS DISTRIBU-

TION

On a container stockyad

project where the soft sail foundation

4

The NETICE TRI-

in transmitting

the load

LABORA’K)RY TEST

was overlain by a geonet reinfomed pavement the mesh had been
placed on a compacted surface when suddenly the weather be-

‘he same load was then imposed on two different ice surone with the mesh and one without,

bution of the gemet

the geanet mechanism in im-

pmving beasing capacity of soft soil lot of tests have been com-

came worse. It snowed and the mesh became frozen in ice.

faces,

In osder to illustrate quantitatively

pleted in the past five yeas.
lle

and the stress distri-

was obsemed dimxdy in the two ice sur-

trial chooses the mid liquid limit silty clay to do three

.
.
.
--.
.
.
.
..
----.
.
.
.
.
.
...
.
nD---

trial sylinder shape samples.

Sample c is pure clay.

faces .

Sample d one layer of geonet is used

sample Ethree layem of geonetaare used c (see fig 1)

.......
. ......
I......

....
.......
..
...
. ...
_---l
.. ...
.. . ..

.

I

c

@net

E

D

Figure

1,

‘Ihe trial is unconfined cornpssion

strength test, test m-

suh are as follows (table 1)
photo 1

photo 2

IN photo 1, with the geonet, the thin ice surface cracked
but didn’ t break with white stress cimles radiating fmm the central load. ‘Ms showed how the load was distributed over a large
area with the same geometry as the loaded area. In photo 2 the
ice was broken and no distribution occured.
‘Ik

Table 1:
c

-e

~

-e

m.

was the first time that the phenomenon of “live” stress

distribution had been seen on a working site and this w

deihd

1

23

1

zmmm

Lmd(kg)

403.1 a

~

D
23

E
1

23

1520 1322 1523 3239 524.3 3241
w

8w.6 861.7 062.3 2%%.22%5.7 2%7.3

dnvb3h(kp8)
40s.4

(nml)ShqJll

Sal

?9%.8

asthe NET- ICE TRL4L.
now given

The

R: radius of stress distribution

sample E is 7.3 times sample C,msuhs show:

area of stmas distribution

1) the bearing capacity of soil is impmved with the increase of

S,: area of central load

quantity of geonet.

An equation was obtained by measure on the construction
site

2) the bearing capacity is increased by one time when a layer of
geonet is paved.

so R=5r

s,

capacity is increased signiikantly by geonet,

the value of sample D is 2.1 times the value of sample C and

r: radius of central load
~:

bearing

j’l&

NET - ICE TRIAL and labaratoty test of using geonet to in#

(1)
.,

‘-

construction projects, but all the reseamh data in theory need to

‘Ihis equation means that the area of stress is increased by
924-1998
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5

CONTAITWR
STOCKYARD
TREATMENT

bmtion twice at the begining and with the vibration for another
twice timesat one hour intend.

5.1 soil properties

30

The rnaxium vibrating force is

tons.

5). Pave the second layer geonet repeat the same procedure.
The container stockyturl is situated in Jiang Shu province. ‘Ihe

During the coqacting

opemtion in one area in Fig 2 lique-

harbour area is about two hundred thousand square metres, forty

faction occurred. This was assumed to be because the placing

shouaand of which will be used as a container stockyard.

and compacting operation had taken place too quickly. It was

‘Ihe soil profile can be divided into three layers which are

then suggested that there should be a 1 hour interval between

described, fmm top to bottom, as follows:

compaction passes and that the fill thickness should be no more

layer 1:4-

than O.8m-lm.

5m of pump - dredged yellow fine sand mixed with

cohesive soils, saturated and highly cmnpmssible. ‘II& soil is
very susceptible to liquefaction.

Paticle

sizes range fmm O.

5.3 be&g

capacity test

074mm to 0.25mm.
Layer 2: 2-

3m of mucky clay, brownish yellow and grey in

Three in situ plate load tests were carried out, two of them wem

colour, saturated and highly compressible.

finishd on the structure of Fig 2 and Fig 3 m+ectively,

Iayer 3: Fine sand and intermittent silty clay layers. Modemte

one is for ground which had been t.mated by dynamic consolida-

to low compressibility with a higher bearing capacity.

tion with 10 tonnes hammer at 10 meters high. ‘l%e size of plate

‘l%e &edged sand was placed two yearn ago and consolida-

another

is lm by lm.l%e results see table 2.

tion of the mucky clay had already occured due to the overburden load. ‘I%e gmundwater level is not influenced signifhndy
by the water levels of the Yangtze River because of the coffer-

Table 2

load(h)

dam. The only water ingres is due to natural rain water.

memsumdsettlement(mm) cfynamic consolidation
one layer
twolayers

ofgeonet

‘l%econventional method of treating container stockyad is

of gmnets

50

7.86

4.42

8.30

100

9.53

5.84

12.23

construction speed, moreover, easily eflected by weather. The

150

14.38

6.06

16.35

cross section of new method is shown as follovm. ( see fig 2):

m

dynamic consolidation but this method has high cost and slow

Bmken stone

6.64

2s0

32.58

m

39.83

designed bearing

\

9.04

80

150

125

250

150

ca paeity(Mps)
tested value

155

Notes: ‘he bearing capacity of undisturbed soil is 60 kpa

Table 2 shows the bearing capacity of two layers of geonets
stmcture is twice times the one layer geonet structure. Interlock
between geonet and granular material forms a high density and
F&.we 2

Fi&Irc 3

shear resistsnt layer which disribute vertical loads slso indicate
the horizontal elasticity of geonet and granular material is very
good, thus the total settlement can he reduced. This concept is

5.2 construction procedure

confirmed by modulus of resilience test.
1). Dredged sand is compacted by bulldozer twice times.
2). Geonet is unrolled and laid directly over the dredged sand,
with an overlap of 150rnm between individual sheets, and pinned

Table 3.
structure

with “U’’shape steel pins at 1 .Om spaces.
3). Backfill broken stone wth6090

clay and 40 Y. granular ma-

terial.
4). Compact backfill, using vibratory roller opmting without vi-

OIIS@r
of geonet

two layem
of geonets

modulus

711.25

991.89

of Resilience

701.17

1131.06

(Mpa)
mean valve

706.21

1061.48
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Note: The modulus of miliedce

of undisturbed soil can’ t be

7

CONCLUSIONS

measured.

The following conclusions are drawn:

5.4 Unit weight test(table 4)

1. Ceonet can increase the bearing capacity of soft soil of
-

Table 4.
Natural soil

water content

17.71

13.13

one layer

two layen

of geonet

of &onets consolidations

16.2

18.3

dynamic

totid amount of settlement

2. Ceonet can distribute vettical load evenly, mechanical interlock between geonet and granular fill plays an important mle in

3. Tensile strength of geonet is not the main factor in improving

weight

18.6

soft soil.

18.3

kdm3

4. ‘he further rules of stress distribution of geonet need to be re-

lhe unit weight of geonet structure changes little. It is incnaaed
by 109o to 139Z0,CQmpmed with nature soil the compactn-

6

nxluce the

reinfomement of soft soil.

12.56

%

seach93.8Yo

Sitilcantly,

and controll the difIerent settlement.

Item

unit

-d

seamhed .

can

to 95.9%.
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mizes diffetent settlement, geonet prevents lateral movement of
particles at the base of the fill layer, helps the fill to retain its
full design stnmgt.h by preventing contamination by soft soil thus
controlling the amount of the more expensive fill.
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ABSTRACT: Presented are results from excavations at two edge drain locations adjacent to a freeway pavement (i.e., a limited
access divided highway with at least two lanes in each direction). The pavement was built on a high fill of recompacted clayey
gravel (GC). Typical Atterberg limits of the fines were LL = 25; PL = 16; PI = 9. Directly on the clayey gravel subgrade was
a 152 mm cement treated base followed by 229 mm of structural portland cement concrete pavement. Adjacent to the pavement
edge was a 3 metre-wide paved shoulder ending in a continuous curb and gutter fitted with catch basins about every 100 m.
In 1982 a geotextile-wrapped aggregate pavement edge drainage system was retrofitted through the paved shoulder. The
objective of the investigation was to evaluate the performance of the drainage system. From the observations and tests made
on the recovered soil samples conclusions and recommendations are stated.

KEYWORDS: Drainage, Edge drain, Geotextile, Pavement, Performance evaluation.

INTRODUCTION

19 mm x19 mm SAWNCJ?OOVE
FILLEDWITH
HOT POUREDRUBBERIZED
ASPHALTSEALER
NEWASP1-iALT
1200 mm WIDE
37.5 mm THICKHL3 + 67.5 mm THICKHL8

As part of an evaluation of Ontario’s highway pavement

drainage practice, excavations were made at two edge drain
locations adjacent to a freeway pavement on June 4/1992.
The pavement was built in 1970 on a high fill of recompacted
clayey gravel (GC, LL = 25; PL = 16; PI x 9) and the drains
were added in 1982. Figure 1 is a schematic of the pavement
edge and edge drain cross section obtained from the
construction drawings. Built directly on the clayey gravel
subgrade was a 152 mm thick cement treated base followed
by 229 mm thick portland cement concrete slab. Adjacent to
the pavement edge was a 3 metre wide paved shoulder ending
with a continuous curb and gutter and catch basins about
every 100 m. The edge drainage system was retrofitted
through the paved shoulder as a geotextile-wrapped coarse
open graded aggregate (OGA) containing a 100 mm
corrugated perforated polyethylene pipe placed 50 mm above
the trench base (and base portion of the geotextile). The pipe
centre line was to be located 762 mm from the edge of the
concrete pavement. The wrapped stone was to be 325 mm
thick and its top level with the cement treated base.

OBJECTIVE

The objective of the investigation was to evaluate the
effectiveness of the pavement drainage system some ten years
after installation. Also of interest was the condition of the
geosynthetics (geotextile and plastic pipe) used in the

NEWGRANULAR
‘A’

GRANULAR
‘A’
CONCRETE
\
PAVEMENT

HALTSHOULDE

CEMENTTREATEDBASE
SUBGRADE
10D mm I.D. ~
‘WTIC

‘1P!50

VV7
7
v
+ T

155 mm

120 mm 0.0.
mm

mm+

‘v

1+

GRANUIAR‘A’

SUBGRADE

Y

M

CQm

Figure 1. Cross section from construction

drawings.

drainage system.

GEOSYNTHETICS
The geotextile was a needlepunched staple fibre product with
the following properties: filtration opening size = 100 pm;
mass/unit area = 230 g/m2; grab strength = 550 N at an
elongation of 750/o at failure. The pipe was a corrugated
perforated polyethylene product with a nominal inside
diameter of 100 mm, and a nominal outside diameter of 125
mm.
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WEATHER AND STORM DRAINAGE CONDITIONS
The weather the day and night before the excavations had
been intermittent rainfall. On the day of the excavations the
weather was overcast with intermittent sunshine.
The
temperature at 7:00 am, which was the start of the excavating,
was 140 C. The highway surface drainage was discharged via
curb and gutters to catch basins. The catch basins were
connected to a deep storm sewer.

Overall, the top of the drainage pipe was approximately at the
same level as the bottom of the cement treated base.

Vvvvvvvvvv
?Vvvvvvvvvv

J
P

POSITION OF EXCAVATIONS

AND OUTLETS

Both excavations were made on the shoulder side of the

shoulder/pavement edge area of six contiguous same direction
traffic lanes near catch basins which were located at the curb.
The longitudinal grade of the Highway was about 2%. The
cross-sectional slope of the pavement was about 2.5°/0and the
shoulder about 6°/0.

,5 mm

L
///

CONCRETE
PAVEMENT

AT

25 mm

q~<~~

210 mm

SHOULDER

“1

EADLY CRACKED

TP1

AND

-—

DISPLACED

ASPHALT SURFACE

Zvvvvvvvvvv
Vvwvvvvvvv

CONCRETE
PAVEMENT

AT TP?

250 mm

-

SHOULDER

Figure 2. Surface profiles at pavement edgelshoulder.
EXCAVATION

TPl (STATION 16+568)

The first excavation (TP 1) was made adjacent to a transverse
pavement joint at chainage 16+568. The shoulder/pavement
surface showed considerable settlement of the shoulder.
Figure 2 shows the surface profile measurements taken at
both excavations. Figure 3 shows the typical cross section
observed at the first excavation TPl.
The cross section
measurements were taken at both ends of this excavation
some 300 mm apart. Little difference was noted between the
measurements of the same items. The drainage pipe was not
connected to the catch basin at this location. The structural
concrete portion of the pavement is about 240 mm thick. The
cement treated base was of poor quality either due to
deterioration or initial mix. Its thickness was estimated to be
150 mm in accordance with the construction drawing. The
geotextile-wrapped aggregate drain was installed adjacent to
the edge of the cement treated base. Its centre line was
located 780 mm from the edge of the pavement and its width
was 420 mm, It extended from the surface elevation of the
cement treated base layer into the clayey gravel subgrade for
a total thickness of 300 mm. Thus the portion of geotextile
forming the base of the drainage system was 540 mm below
the pavement surface elevation.
Above the upper (top)
portion of the geotextile was a thickness of 140 mm of
Granular ‘A’ covered by a tlickness of 100 mm of asphalt
concrete which formed the shoulder surface.
Figure 4 shows the pipe and the clean condition of the
aggregate beside and above the pipe inside the geotextile.
Figure 5 shows the fouled cemented condition of the
aggregate on the bottom inside of the geotextile wrap.
Migration of subgrade fines through the geotextile into the
clear stone was visible. Seepage water has washed some of
the fines through the clear stone and deposited them on the
geotextile. The base portion was wet and once the geotextile
was removed a very thin depth of ponded water was evident.
930-1998
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Figure 3. Cross section at Excavation

Figure 4.
geotextile.

Open graded

aggregate

TP1.

and pipe within

Once the geotextile had been sampled the excavation was
extended back to the pavement edge where a transverse j oint
existed. It was noted that pumping had eroded a portion of
the pavement at this joint. Deposited in the eroded portion
was black granular type material. This black material was
probably fines from the asphalt pavement shoulder. Sampling

the black soil proved difllcult and no representative

sample

was obtained.

outlet non-perforated pipe connection. The connection pipe
was cemented into the catch basin wall. Water collecting in
the Granular ‘A’ below the T-junction and below the outlet
pipe was trapped by the surrounding clayey gravel since there
was no allowance for drainage at the catch basin connection.
~

[TM W PAWU[NT

T1

1’

LMTSOF TREWHDEEPER
THAN
OEOTEXnLf
PIPEWRAPWO
TREWN41

}.S4 m

lL
EXCAVATION

TP2 (CHAINAGE

The second excavation (TP2) was made near a catch basin
and resulted (prior to enlargement) in much the same findings
as the first excavation (TP 1). Figure 2 shows the settlement
between the pavement edge and the geotextile drain. Figure
6 shows the cross section measurements observed.
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PROFILE SECTION B-B
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#ROll?OPIWATWTIEl
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Figure 8. Section B-B: Profile of pipe at T-junction.
The curb catch basin was offset about 1.5 metres from the
aggregate drain.
The excavation was then enlarged to
determine if the edge drain was connected, via an outlet pipe,
to the catch basin. Indeed it was, and at the outlet chainage,
the drainage pipe was turned down slightly. Figure 7 is a plan
of the T-junction connecting a non-perforated outlet pipe,
running at a right angle to the pavement, to the catch basin.
The T-junction was wrapped in geotextile that was bedded on
about 150 mm of Granular ‘A’. Figure 8 shows a profile view
along the petiorated pipe highlighting the turned down
condition at the T-junction.
The slight turndown at the
junction of the two pipes (perforated and non-perforated)
picked up any water draining along the 50 mm of aggregate
located below the perforated pipe in the geotextile-wrapped
aggregate drain. Figure 9 shows a profile view along the

I

4?0m

-m

<w

aOTiXTILC
W*-D
PIPS AT OJTLE1
~

m-

1

.?70 m
-1
WEM GE40SD
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PfRrmA1cn
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[
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Figure 9. Section A-A: Connection to catch basin.
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LABORATORY

RESULTS

All soil samples recovered from the excavations were
subject to grain size analysis. Figure 10 shows the grain size
analysis curves from Excavation TP2. The samples tlom
within the geotextile were open graded aggregate with only
small amounts of material passing the 75 Lm sieve. The
material trapped in the geotextile graded from 1 mm down to
50% passing the 75 ~m sieve. The Granular ‘A’ materials
graded in accordance with the MTO specification except at
the 75 pm limit which was slightly greater than permissible
(i.e. 10% to 12 Y. compared with MTO limits of 2%-8’% for
Granular ‘A’). This quantity of fine sized material within a
broad grading granular material indicated the probability of a
relatively low permeability of Granular ‘A’. Confiiation
was obtained by permeability tests on the recovered Granular
‘A’ samples. The average coet15cient of permeability of the
as-recovered samples was 2.8x 105 cmh and after washing on
a 75 ~m sieve 2.6x102 ends; an increase of nearly 1000 times.

joint there was evidence of(a) pumping, (b) erosion of the
concrete at the joint base, (c) heave/settlement on the
shoulder at the pavement edge (Figure 2) and (d) deterioration
of the quality of the cement treated base. Retrofit geotextilewrapped trench drains should be located adjacent to the
pavement edge with the geotextiles against the supporting
pavement layers. To prevent subgrade pumping, a filter
capping granular material continuously graded down to the 75
pm sieve should be used with any cement treated base.
There was no evidence that the geotextile or the pipe had
sustained any damage that would cause concern regarding its
ability to continue to fi.mctionas it has over its ten years insitu. The sides and top of the geotextile were relatively clean.
The main fouling was at and above the base, which is the
whole purpose of the clear stone bedding below the pipe.
Provision should be made to allow drainage of any granular
bedding material placed below any outlet pipes connected to
catch basins.

CONCLUSIONS

u.utu

PARTICLE SIZE mm

Figure 10.

.Grading of Excavation TP2 soil samples.

The geotextiles examined in the field and on return to the
laboratory showed no sign of obvious damage. There were no
holes or severely worn areas that might cause concern that the
properties were less than those originally specified in 1982.
A good indication of the remaining overall strength was the
considerable force needed to remove a small area of the
geotextile in the field. This considerable force inflicted no
observable darnage.

AND RECOMMENDATIONS

Excavations were made at two granular edge drain locations
on the shoulder of a major Ontario freeway. From the
observations and tests made on the recovered soil samples,
the following conclusions and recommendations are made.
Retrofit geotextile-wrapped trench drains should be located
next to the pavement edge.
Geotextiles, if used, should be placed tight against the
supporting layers of the concrete pavement.
The need for a 50 mm bedding of open graded aggregate at
the base of trench drains was clearly demonstrated at both
excavations. The bedding material trapped sediment that
otherwise would have accumulated in the drainage pipe
reducing the pipe’s ability to function effectively.
Evidence of migration of subgrade tines into the open
graded aggregate above the cement treated base was observed.
Drainage alone does not stop subgrade pumping.
No evidence was noted of loss of ability to function of
either the geotextile or pipe.
Evidence of accumulation of fines in the trench drain
demonstrated that a geotextile is required.
The T-junction
detail illustrated
in Figure 8 is
recommended.
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Deformations and Damage of Non-Woven Geotextiles in Road Construction
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ABSTRACT: SINTEF Civil and Environmental Engineering have performed a research project in two phases on nonwoven geotextiles in road constructions. The first phase was a large-scale laboratory test aimed to study the effect of nonwoven geotextiles on road deformations at cyclic loading. The second phase was a field test aimed to study the resistance
against darnage of the geotextiles during construction. The project focused on the correspondence between properties from
index tests and the observed behaviour. A clear correspondence was found between the initial tension stifliess of a geotextile and the deformation after cyclic loading. Low correlation was found between observed damage during construction
and the evaluation criteria used for classification of geotextiles in Norway. To take into account these findings it is recommended a revision of the evahsation criteria. It is also proposed a survivability criterion based on a combination of
deformation energy and stress-strain properties to cover the construction and lifetime requirements.
KEYWORDS: Geotechnical Engineering, soil, geotextile, damage.

1

INTRODUCTION

The criteria for evaluating strength and deformation
properties for non-woven geotextiles used in separation
and filtration in roads have been discussed for more than
twenty years. The first systems for evaluation and classification of geotextiles for separation and filtration in roads
were introduced by the Norwegian Road Research Laboratory (NRRL), (Alileirn and S@li, 1977). Later several
systems have been introduced but generally the classification requirements are mainly empirically based, and to
some extent dependent on local conditions and experiences
(Forschungsgesellscaft fiir stra~en- und Verkehrswesen,
1994, Rathmayer, 1993, AASHTO, 1990). The evaluation
criteria and the index test methods which are used, differ
between the systems and a possible co-ordination between
the systems have been discussed since their introduction.
1.1

The Norwegian

classification

system

Geotextiles for separation and filtration in roads are in
Norway divided into four classes dependent on the type of
material (maximum grain size) to be used against the
geotextile
Class 1: Generally not used
Class 2: Sand and gravel with max. diameter 50 mm
Class 3: Crushed stone with max. diameter 100 mm
Class 4: Blasted rock with max. diameter 2/3 of the layer
thickness

The classification is based on an evaluation of results
from the static puncture tests and the cone drop tests. The
tested product will achieve points from the results in the
tests referring to each criterion and the classification is
then dependent on the total sum of points. For the static
puncture test (CBR- test, 1S0 12236:1996) the measured
force and deformation are used to calculate a corresponding tension (force/mm) and strain (%). The classification criterion is based on the derived tension and strain,
the maximum tension, the elongation strain at failure ,and
the tension increase from 20 % to 70% strain (or until
strain at failure if less than 70%). The average hole
diameter is used as evaluation criterion for the cone drop
test (Schalin 1995).
1.2

Relevant properties and test methods

There is a clear need for establishing a more
understanding of the required characteristics
textile to fulfil its functions (separation and
the road. The required properties must reflect

fundamental
of the geofiltration) in
the environ-

mental loads imposed on the geotextile during the installation, construction
and service lifetime. A theoretical
sound correlation between the required properties and the

corresponding required parameters found from index tests
should be established. A combination of index tests, large
scale performance tests, full scale field tests and collection
of experiences from the field is believed to be the best way
to establish such a correlation.

1998

Sixth International

Conference

on Geosynthetics

-933

2

RESEARCH PROJECT

SINTEF Civil and Environmental Engineering have
performed a research project on non-woven geotextiles in
road constructions. The NRRL and has participated with
observers and supervisors in the project. The project
focused on the correspondence between geotextile properties found in index tests and the observed behaviour in
laboratory and the field. The fust project phase (SINTEF

Table 2 Results ffom initial index testing of the geotextiles.
Ref
Weight Static Puncture test
Falling cone
g/mm2 Max
Displ.at max. Average hole
force, N force, mm diameter, mm
SNP 3A 197.8 2380
57
14
CNP 3B 171.5 2252
44
24.2
CTP 3C 190.8 1970
50.8
19.1

1996) included index tests and large scale laboratory load
test. This part aimed to study the effect of stress-strain
properties on non-woven geotextiles on road deformations
at cyclic loading. The second phase was a field test

2.50

202

(SINTEF 1997) aiming to study the resistance against
damage of the geotextiles during the construction. Non
woven geotextiles with different production technology and
area weight were used in the research projects.
2.1

0,50

0.00

Laboratory tests

0

10

20

20
Displacement

2.1.1

Index tests

Table 1. Class 3 geotextiles used in the laboratory test.
Reference
Type of product
Nominal area
weight (g/m*)
SNP 3A
Staple fibre, needle 190
punched,
polypropylene
CNP 3B
Continuous filament, 160
needle
punched,
polypropylene
CTP 3C
Continuous filament, 190
thermally
bonded,
polypropylene

A summary of the results from the static puncture tests
and the falling cone test on virgin samples for class 3
products is presented in Table 2.
Typical load displacement curves from the static puncture test are shown in Figure 2. Observe the differences in
initial stifhess between the different geotextiles.
The thermal cycling had no significant effect on the
results from the index test measurements.
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Figure 1. Typical load displacement curves for the class 3

The index tests included cone drop tests, static puncture
tests and wide width tensile tests. The tests were performed
on virgin samples and on samples extracted after the load
test. In addition the effect of thermal cycling and stress
strain behaviour under frozen conditions were tested. Six
different non-woven geotextiles were tested, three corresponding to class 2 and three corresponding to class 3. The
geotextiles used in the laboratory tests corresponding to
class 3 are listed in Table 1.
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geotextiles.

2.1.2

Large scale load test

The large scale laboratory testing was performed in a
12.5 m long and 1.8 m wide test bin filled with a 650 mm
thick layer of soft clay with 2-3 kpa undrained shear
strength. The geotextiles was placed on the clay and
covered with 150 mm of crushed stone as shown in Figure
2. The geotextile test samples were 2 x 1.8 m. Cyclic and
static load was then applied on a circular plate with
diameter 250 mm on the bearing layer. The geotextiles
used in the large scale laboratory test are listed in Table 1.

c

Figure 2. Bearing layer construction,
A cyclic load with frequency 1 Hz and amplitude O-4 kN
was applied on the load plate. A load of 4 kN corresponds
to an average applied stress under the load plate of
81.5 kN/m2. The gradually developing displacement on the
geotextile beneath the load plate was measured during the

test, the resulting deformation profiles after 1000 cycles are
presented in Figure 3.
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strength after construction should include the effect of
initial stiffness.
2.2

Full scale field tests

2.2.1

Test set up

‘$ -150%
* -300-

The test was performed outdoor on tlozen uneven ground.
The material in the ground consists of fill masses with silt,
sand, clay and occasional stones. Due to rainfall just before
and under the installation the upper 50-100 mm of the
underground was saturated and muddy during the
installation. As the temperature was decreasing during the
test, this upper layer was frozen at the time of the
extraction. Geotextiles used in the field test are listed in
table 3.
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Figure 3.

Measured vertical displacement profile of the
geotextiles after completed load test.

2.1.3

Evaluation of results

There are considerable differences in the measured
deformations and strains in the geotextile in the load test.
The observed deformations correspond well with the load
displacement relations, Figure 2, measured in the static
puncture test. The average strain of the geotextiles was
measured to be 10.3Yo, 4.670 and 1.4% for SNP 3A,
CNP 3B and CTP 3C, respectively. Converted to
displacement in the static puncture test these strains
correspond 19 mm, 12 mm, and 7 mm displacement.
Figure 4 shows that the load corresponding to the strain
levels is approximately 0.08 kN for all the three
geotextiles. In the same figure, the area under the load
displacement curve, named as the deformation energy, is
shaded. Note that the deformation energy based on these
results is about the same for all the tested geotextiles, even
with large differences in the strain level.
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Table 3. Geotextiles involved in the testing.
Reference
Type of product
Nominal area
weight (~m2)
CNP 4A
Continuous filament,
320
needle punched,
polypropylene
330
SNP 4B
Staple fibre, needle
punched,
polypropylene
SNP 4C
Staple fibre, needle
320
punched,
polypropylene
CTP 4D *) Continuous filament,
350
thermally bonded,
polypropylene
Staple fibre, needle
300
SNP 4E
punched, calendered
on one side,
polypropylene
Continuous filament,
CTP 4F
350
**
thermally bonded,
)
polypropylene and
~olyeth ylene
*) Not previously classified in class 4 in Norway
**) Tested in a separate field test
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Figure 4. Force-strain relationship related to measured
strain for the geotextiles in the load test

This test shows that the strain developing at a typical
cyclic loading is strongly dependent of the initial stiffhess.
A criterion that is aimed to cover the need for remaining

The geotextile CTP 4F was tested in a separate test
together with CTP 4D that was also tested together with
the other products. The results for CTP 4D are used as
reference basis for compming the results. The field test
also included five geotextiles fkom class 2 not reported in
this paper. The results tiom the index tests on virgin
material are presented in Table 4. The load deformation
relation curves tiom the static puncture test are shown in
Figure 5.
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Table 4. Results from index tests on the class 4 geotextiles.
Measured
Strength
Push
Push
Ref
increase
area
through
through
20- 70% strain
tension
strain
weight
CNP
SNP
SNP
CTP
SNP
CTP

4A
4B
4C
4D
4E
4F

Hole

Number of points

Corresu

diameter

ace. to the Norw.
classif.

applic
class

35
44
44
41
44
35

3
4
4
4
4
3

glm’

N/mm

N/mm

%

mm

310.7
359.0
314.4
353.1
302.3
345.9

18.94
23.20
17.17
10.60
19.13
14.3

34.32
38.28
26.17
33.87
28.44
38.9

60.86
70.78
87.08
70.12
85.46
51.4

15.90
12.10
10.10
13.90
13.10
20.9

geotextile was then tied to the excavator and carefidly
lifted out.
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Figure 5. Measured
puncture test.

force and displacement

from the static

The principle for the test fill is shown on Figure 6. The
geotextiles were placed directly on the ground and then
covered with fill material by the use of a pay loader. The
covering was done sideways to ensure that each of the
geotextiles was treated equally. For the class 4 material,
blasted rock with a maximum diameter of 800 mm was
used for the fill. The largest rock fragments were flaky
shaped thus a fill height 500 mm was possible.

Test results

The amount of damage and deformation of the geotextiles
were observed during the extraction. By the visual
inspection during extraction some damage in terms of
holes could be seen on all the geotextiles. The degree of
damage varied. The geotextiles SNP 4B and CTP 4D was
less damaged than average, SNP 4C and CNP 4A average
damaged while SNP 4E and CTP 4F most damaged.
During the extraction it could be observed that the
underground was more even under the products having a
high initial stifiess compared to the others.
After extraction the samples were brought to the
laboratory where the damages (number and size of holes)
where counted and measured. The distribution of holes
within different diameter ranges is shown in Figure 7.
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40-50
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Hole diameter (mm)

Figure 6. Principle for the test fill,

Figure 7. Distribution of holes.
The fill material

was compacted

with a heavy vibrating

roller with three overpasses along the centre line and on
the shoulders on top of each fill. One week after the
installation the fill materizd was removed. The top of the
fill material was removed carefully with an excavator. The
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2.2.3

Evaluation of results

In order to correlate the observed damage with index test
results the degree of Damage on a geotextile is defined as
the sum of the measured hole diameters. The Resistance

against damage for one product can then be defined as the
average damage divided by the damage on each geotextile
as shown in Table 5, that is, the higher number the less
damage. In the table the measured damage is normalised
with respect to the average value for the five geotextiles,
that is, a factor of 1.15 means 15 % less damage than the
average.

Table 5. Resistance against damage.
Damage
Ref

(Sum Of hole

diameter)
CNP
SNP
SNP
CTP
SNP
CTP

4A
4B
4C
4D
4E
4F

2793
2613
3157
2655
3759
-

Resistance against
damage
(Average damage)/
(damage)
1.07
1.15
0.95
1.13
0.80
0.40*)

*) Based on a scaling of the results

As CTP 4F was tested in a separate test the results can
not be compared directly with the others. The additional
field test with the geotextiles CTP 4D and CTP 4F used a
less heavy compaction equipment resulting in considerably
less damage on CTP 4D compared with the first part of the
test.
However, by using the results for CTP 4D as a reference
basis a possible comparison of the degree of damage can be
done. This way of scaling the degree of damage is quite
uncertain
since it is based on the damages on one
geotextile only, but still it illustrates the much higher
degree of damage found for CTP 4F compared to the other
products tested.
The resistance against damage and the results horn the
index tests are used to evaluate the requirements in the
classification
system. The relevancy of an index test
parameter for survivability of the geotextile is studied by
correlating
the parameter
with the resistance
against
damage as defined above. The area weights are also
included in the correlation. The results of the correlation
are shown in Table 7. The test results from geotextile CTP
4F was not included in the correlation.
Table 6. Correlation
between index test results and
resistance against damage.
Parameter
Correlation
Weight/mz
0.81
-0.11
Strength incr. 20-70%
Failure strength
0.84
-0.77
Strain to failure
l/(Cone drop hole diam) -0.26
Number of points
-0.36

The parameters showing best correlation with the
resistance against damage is the push through strength and
the area weight. The criteria for strength increase, and the
number of paints shows poor correlation. The strain to
failure and the cone drop hole diameter shows a fair
negative correlation. The poor correlation for the number
of points is remarkable. The low correlation is mainly
caused by the fact that the two geotextiles with the most
damage have full score based on the criteria in the index
test.
The results from the index test do not point out an
obvious candidate among the parameters th:it may explain
why CTP 4F should be so severely damaged. In the
primary tests the best correlation with the resistance
against damage was found for the unit weight and the
failure strength. This was not the case for CTP 4F that
gives a high score on both unit weight and failure strength.
Geotextile CTP 4F has, however, a relatively low value
both for strain to failure and the inverse of the cone drop
hole diameter. These low values may partly explain some
of the higher degree of damage for the CTP 4F geotextile.
Both CTP 4D and CTP 4F are thermally bonded
geotextiles, having a high initial stiffness. As shown in
Figure 5, the force-displacement relations from the static
puncture test are relatively similar for these to geotextiles
compaml to the other geotextiles tested. The large
difference in degree of damage between CTP 4D and 4F is
not reflected by similar differences in the index test results,
with a possible exception for the deformation at failure.
The damage on CTP 4F is therefore probably caused by
material properties not measured in the index tests. A
possible explanation
may be the properties
on the
brittleness in the failure or the tear propagation for the
geotextile.

3

CONCLUSIONS AND RECOMMENDATIONS

The project has provided useful information for evaluating
relevant properties and requirements for geotextiles to be
used for separation and filtration in roads. There are
considerable differences in stress strain properties of the
geotextiles that is also reflected in the behaviour in the
field. Noticeable differences are found in the susceptibility
for damage during installation. The criteria used in the
existing systems for classification and specification do not
seem to reflect properly the behaviour in the field. A
revision of the criteria is therefore clearly needed.
The deformation of the geotextiles when subjected to
loading, that is, in terms of rutting during installation and
construction, is clearly linked to the initial stiffness of the
geotextile. A criterion for geotextile survivability is clearly
relevant, but has to reflect the behaviour during installation, construction and service lifetime. A criterion for
geotextile survivability is suggested based on a combi1998
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nation of requirements for deformation energy and
remaining stress and strain till failure. The principle is
presented in Figure 8.
The deformation energy related to the installation and
construction should be chosen with respect to the type of
till material, construction equipment and type of
underground.
emaining strain
fter installation
nd construction

,nl

Zf
.

Installation

construction
stress

I

[nstaltation
conshuction

and

Elongation

%

strain

Figure 8. Survivability criterion principle.

The requirements for remaining strength and strain to
failure should reflect the expected loads and deformations
(settlement) for the service lifetime.
The final criteria should be based on a collection of data
from laboratory and field tests correlated with long-term
experiences from the field. The field experience should
include different type of geotextiles, fill materials, subsoil
conditions and construction equipment. This should
preferably be done as joint project involving several
countries, producers, public authorities and research
organisations.
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Rut Prediction for Roadways with Geosynthetic Separators
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ABSTRACT: Laboratory model tests that simulated field loading conditions were conducted to evaluate the performance
of geotextiles separators. In the tests, rut depth was determined for various geotextiles, thickness of aggregate, subgrade
soils, and the number of loading cycles. A rut prediction formulation for unpaved of roadways was developed, based on
the Giroud andNoiray(1981
) design procedure for unpaved roads. The prediction formula is verified by the rut
measurement in a fill scale field test.
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INTRODUCTION

That geotextiles can markedly improve the performance of
unpaved roadways constructed on soft foundation soils is
well established. Although the primary geotextile function
is separation,
performance
of unpaved roads is also
significantly
enhanced by the filtration, drainage, and
reinforcement functions provided by the geotextile.
Ruts in the roadway surface are probably the most
important indicator of roadway performance. Excessive or
premature rutting is a good indication of either subgrade or
Hence, the influence of
aggregate failure, or both.
geotextiles on the development of ruts can be used to
evaluate their performance in unpaved roadway systems.
Consequently,
in this research, ruts were measured in
laborato~
scale model tests on subgrade-geotextileaggregate

systems.

on three
various

design

different
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The
silt-film.
equation

of base

of separator

The geotextiles

heatbonded
prediction

plate load tests were conducted
aggregate,

investigated

needlepunched
results were

for rut depths

course
geotextiles,

and two

roads.

This

formula considers the base course thickness,
subgrade strength, and number of loading cycles.
The
formula also predicted reasonably well the results of a fill
scale road test.

rut prediction

2
TEST SETUP,
PROCEDURES

SOILS,

GEOTEXTILES,

interfere with the failure zone in the subgrade, when and
if the subgrade experienced a shear failure under a
dynamic load.
An 80 kN single axle load, termed the equivalent
single axle load (ESAL), is used in the AASHTO
pavement design method and a tire pressure of 620 kPa
is common for loaded dump trucks. The contact area
between the tire and pavement for this loading,
expressed as a ratio of wheel load and tire pressure, was
0.0645 m’.
A 0.416 m3 steel drum, (Figure 1) contained layers of
soils and was used to simulate a common roadway. The
top layer was aggregate, which was under-lain by a layer
of soft soil 300 mm thick. More details about the setup
can be found in Tsai (1995) and Tsai and Holtz (1997).

included

nonwovens,
and a
used to develop
a

in unpaved

dynamic load in the test the same as in the field.
Furthermore, the boundary of the test apparatus did not

AND

Since the performance of geotextiles has been found to be
strongly affected by the loading conditions, e.g. loading
level and loading frequency, loading parameters used in
this study modeled loading conditions experienced by
separation
geotextiles in the field. This was done by
having stress levels applied to the geotextile due to a

2.1

Subgrade Soils and Aggregate

Two different soils, a silty (ML) soil and a clayey (CL)
soil, were used as the subgrades in the study. The silty
soil was a tailing material fkom washed crushed rock.
The clayey soil was obtained by mixing the silty soil with
5% bentonite by weight.
The crushed stone aggregate
(GP) was similar to the base material used by The
Washington
State
Department
of
Transportation
Table 1 shows the basic
(WSDOT) for pavements.
properties of these three materials.
2.2

Geotextiles

Six different separator geotextiles,
all polypropylene,
were tested. Types and relevant properties and given in
Table 2.
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k

load cell
(MTS 661.23 E-01)
circular plate (dia.+.

t

0.04-0.11 m
F
0.3 m
1.1 m
L

pore pressure transducer

------ .-

[

1 m)

, geotextile and tube
,40 mil polyethylene
~oooooo
~oono

membrane

Q

filler

;O:*

L
0.3 m

1
Figure 1. Experimental

Table 1. Basic properties
and the aggregate.
Property

of the silty soil, the clayey soil

Silty Soil

0/0passing US No.
200 sieve
Coefficient of
Uniformity
Coefficient of
Curvature
Plastic Limit, “A
Liquid Limit, %
Unified Soil
Classification

Clayey
Soil

81

82

25

NA

1

NA

27
38
ML

24
46
CL

I

110 gal. Barrel
wooden block

Setup

Table 2. Nominal physical and mechanical properties of
geotextiles used in the study.

Crushe
d Stone
0

Geotextile

Structure

3.6

Thickn
ess

Grab
Strength

ASTM
D 1777

Mass
per Unit
Area
ASTM
D 3776

mm

g/m2

kN(Vo)
0.511 (50)
0.711 (50)
0.933 (50)
0.578 (100)
1.000 (90)
0.801 (15)

1.3

NP4

Nonwoven

1.3

142

NA
NA
GP

NP6
NP8
HB4
HB6
SF4

Nonwoven
Nonwoven
Nonwoven
Nonwoven
Woven

1.8
2.3
0.4
0.5
NA

204
268
132
197
136

ASTM
D 4632

System
Permeability,
crnfsec
Maximum Dry
Density, kg/m3
Optimum
M-oisture Content,
0/0
2.3

1.2x1 O-7

2.9xI0-8

NA
3

1580

1622

1922

20.5

20.3

NA

Test Procedure

procedure reported by Tsai and Holtz (1994),
Tsai (1995) and Tsai and Holtz (1997) was followed in all
tests reported in this paper.
Testing
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RUT MEASUREMENTS

In the model tests, the”rut depths were determined based on
the readings of a built-in LVDT in the MTS actuator that
applied load to the circular plate.
A total of 19 tests were conducted in this study. Among
the tests, three different aggregate base thicknesses, six
different separators, two different subgrade soils, and four
different subgrade strengths were used (Tsai, 1995; Tsai
and Hohz, 1997).
Figure 2 shows a typical development
of ~t depth on the
aggregate surface in a test where the geotextile was found
to have survived.
From this figure, we can see that

.!)

. . . . . . . . . . . . . . . . . . . .. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .

Table 3. Ruts and depressions
dynamic loading

on subgrade surfaces after

=

Notation
~

25 .................................. .....................................................7.... ............

E
~$
c.
m
.5

20
Is
10
5
0

................. .................................. .......... ........................................
................. ..................................:.................::................. ................
................=...... ............................ .................................. ................
................=...... ............ .. . ............ ......... ........................ ................
?
.;
o
5000
10000
15000
20000
250]0
30000

Figure 2, Typical development
surface.

of rut depth on aggregate

the rate of rut depth development
then decreased

with the number

was high initially,

and

of cycles.

A summary of the measured ruts obtained in the tests
are shown in Table 3. In this table, the notation of form
A- B-C-D-E

to identifi

base course

in mm; and B represents

each test.

A is the thickness

of the

the type of separator

used in the test. [f it was a geotextile, then its mass per
unit area (in ozlydz) is also given.
NP represents a
needlepunched nonwoven geotextile; HB is a heatbonded
nonwoven,
, and SF represents
a slit-film woven
geotextile.
GF represents
a graded granular filter
separator, while MEM represents an impervious plastic
membrane. Null means that no geotextile was used.
The subgrade soil type was represented by C, while D
represents the subgrade strength in CBR. E represents the
sequence of a test, if the test was repeated.
In some tests, local shear failure of the subgrades was
experienced, especially the softer ones (40-NP4-Silt-0.5,
40-NP4-Silt- 1, etc.). These tests generally had large ruts,
some as deep as 147 mm. The ruts for these tests that
failed were not used for rut prediction.
Note that the rut depth of Test 40-MEM-Silt-2
was
greater than rut depths in tests with separators of lower
moduli, e.g. 40-HB6-Silt-2, 40-NP4-Silt-2, 40-NP8-Silt2. Similarly, the test with the clayey subgrade (Test 40NP4-Clay-2) had a deeper rut (63 mm) than test 40-NP4Silt-2 (45 mm) which had the same experimental
parameters
except subgrade soil type. This can be
explained by the long-persisting high pore pressures in
the clay, as discussed by Tsai and Holtz (1997).
This
high pore pressure reduced the modulus of the subgrade,
and thus higher plastic subgrade deformation occurred.
The ruts discussed in this section are not equivalent to
the ruts that would occur in the field, since the results are
determined from scale model tests. Since a fixed wheel
path is simulated in these test, the ruts obtained in
laboratory tests are probably greater than in the field.

RUT PREDICTION
TEST RESULTS

BASED ON LABORATORY

Depression
Diameter
on Sub-

Ratio of
Depression Depth
to Rut

Surface
(mm)

grade
Surface

Depth
(%)

11O-NP4-Silt-2
110-SF4-Silt-2
11O-Null-Silt-7
11O-Null-Silt-2
110-Null-Silt- 1
;55-HB47silt-2~
40-GF-Silt-2
40-MEM-Silt-2

4~@4-SiIt-2
40-HB4-Cl@-2
40-HB6-Silt-2
40-NP4-Silt-2a
40-NP4-Silt-2b
40-NP4-Clay-2
40-NP4-Silt- 1
~4@!@4-Silt-O.5
40-NP8-Silt-2
40-SF4-Silt-2

18
20
18
20
49

14
9
6
4
30

154
130
118
50

110
‘ 203
123
51
122
140
44
44
51
74
279
152
41
64

94
’70
42
45
46
63
97
.147
41
46

229
78
152
45
165
33
NA’
20
203
61
191
71
-: 14f-J : +y<l$@J
152
104
203
102
229 ;
203
216
105
191
98
216
111
254
117
288
107
~330:+~;F@.:103*
NA
100
191
139

Depression was very small and it was difficult to
determine the depression zone.
b. The shaded rows indicate the tests where geotextiles
were found to have failed.
a.

The results from the laboratory model tests reported here
can be used to predict the rut depths in the field with
various subgrade strengths, base course thicknesses and
geotextile
separators.
Then it may be possible to
determine rut depths for given base course thicknesses
using projected traffic loads during the road’s service life.
In 1981 Giroud and Noiray, proposed a design method for
unpaved roads, both with and without geotextiles. In their
procedure, the geotextile was used to increase the bearing
capacity of the subgrade from elastic “bearing capacity”,
actually the maximum shear stress, or Nc=rc to ultimate
bearing
capacity
NC=(n+2),
due to the subgrade
confinement and stress reduction on the subgrade surface
provided by the geotextile. They also considered the effect
of traffic load using empirical data presented by Hammit
(1970) and Webster and Alford (1978).
The design
formula proposed by Giroud and Noiray is shown below.
h, = 119.24 log IV + 470.9810g

4

Depression Depth
on Subgrade

(mm)
11 O-HB4-Silt-2

Time (see)

Rut on
Aggregat
e Surface
(mm)

0

P - 279.Olr -2283.34

.0.63

(1)

Cu
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Figure 4. Measured and predicted ruts for Test 40-SF4-Silt-2
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where
h’, = aggregate thickness (case without geotextile,
traffic is taken into account), in m
CU= undrained cohesion of subgrade soil, in Pa
N =number of applications of load P
P =axle load, in N
r = rut depth, in m
Equation 1 can be rearranged

r

=

-8.18+

when

to obtain:
063
CU”

0.18610g A’ -0.00358

h: +0, 73310gP

(2)

This equation is of the form:

()

r= A+ BlogN+Cc,~H+E

$

(3)

where A, B, C’, D and E are parameters, and where H is
aggregate thickness, in meters, for the case with or without
geotextile,
The laboratory results (Tsai, 1995) showed that the
presence of geotextiles can reduce ruts if the geotextile can
survive during its service life. However, the tests also
showed that geotextile type did not affect rut depth,
probably because of the strength of the subgrade and the
types of geotextiles tested.
Thus Equation 3 does not
include geotextile modulus but instead a term E(tiH),
where k = 1 if a geotextile is present, and k = O if no
geotextile is present. Using the laboratory results obtained
previously, a regression analysis was conducted.
The
Therefore, the
model tests have a scale of 1:2.75.
measured ruts in the laboratory tests were multiplied by
2.75 to reflect field rut depths.
A statistics program, NLREG, was used to perform a
non-linear
regression
analysis on the results of the
laboratory model tests which did not have a subgrade
failure or a failed geotextile. Ln the regression analysis, the
sample size was 330, and from these results, Equation 3
can be expressed as:
r

=

0.260+

0.00917610gN

are different from those of Equation 2. Figures 3, 4 and 5
illustrate the development of both measured ruts from some
typical laboratory model tests and their predicted values
based on Equation 4. These tests represent various loading
conditions with respect to base course thickness, subgrade
strength, and geotextile separators.
From these figures, we
can see that Equation 4 provides a reasonable prediction for
these three tests. Other results in Tsai (1995) provide similar
agreement.

-

()

0.3935c~*465H – 0.01689 ;

(4)

The proportion of variance explained (Rz) and the
standard
error of estimate were 0.88 and 0.0128,
respectively.
Equation 4 is used only with an equivalent single axle
load (EASL or 80 kN), and N is the corresponding number
of passages of ESAL. On the other hand, Equation 2 can
be used for the design of unpaved roads without
geotextiles and also applies for any axle loads besides
ESAL.
This is why the coefficients of Equation 4

5
USE OF THE RUT PREDICTION
FULL SCALE ROAD TEST RESULTS

FORMULA

FOR

The results of the full scale road test described in Tsai et al.
(1993) were used to veri~ the new rut prediction formula.
In the fill scale road test, ten wheel passes were applied
using a loaded dump truck weighing 214 kN. The rear axle
of the truck was a tandem axle and supported about twothirds of the gross weight of the loaded dump truck, i.e. 143
kN, Based on Giroud and Noiray (198 1), either single axle
of the tandem axle carries an axle load equivalent to:
0.6 X 143kN = 86kN

The equivalent
load is:

(5)

number of. the passages

of the single axle

2X N=2X1O=2O

(6)

The number of the passages of the tandem axle thus can be
expressed in equivalent single axle load (ESAL) and is
shown below.

N=

20x

()

86kN
—
80kN

3’95=27

(7)

Equation 4 was used to calculate the ruts in the fill scale
road test. Figure 6 shows the values versus the measured
values of the rut depths for the sections with 150 and 300
mm thick base courses in the fill scale road tests (Tsai et
Unfortunately,
the subgrade
strengths
al., 1993).
immediately below each location where the ruts were
measured were not known.
Hence, the mean values of
subgrade strengths (shown in Tsai et al., 1993) in each
section are used to predict the rots. Figure 6 shows that
many of the predicted values of the ruts are in the range of
the measured values, so Equation 4 can be used to
reasonably well predict the ruts with 150 and 300 mm base
courses. Predictions are not made for the sections with 450
mm thick base course in the till scale road test, because the
largest equivalent base course thickness in the laboratory
1998
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model tests was only 300 mm. Therefore, some tests with
thicker base course are needed to improve this equation for
such cases.

6

CONCLUSIONS

By rnodi&ng
Giroud and Noiray’s (198 l)design
equations, a new rut prediction formula based on the
results of laboratory tests on scale model subgradegeotextile-aggregate systems was developed. The formula
subgrade
takes into account base course thickness,
strength, type and weight of geotextile separators, and
number of loading cycles. The ruts measured in typical
laboratory model test, compared well with their predicted
values. The results of fill scale road tests were also used
to verify the rut prediction formula, up to an equivalent
base course thickness of 300 mm. The predicted values
tended to be greater than the measured values.
0.30

0.00

0,20

0.10

0.00

0.30

MeasuredValue (m)

Figure 6. Predicted versus measured
for the full scale road test

values of rut depths
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ABSTRACT: A field experiment was conducted in which geosynthetics were used at the basehubgrade interface in
instrumented sections of a flexible pavement on a rural highway in Bedford County, Virginia. The sections were
monitored for two-and-one-half years under local trtilc. In this paper, development of a transition layer (intermixing at
the base course-subgrade interface) is hypothesized when geosynthetic is absent. An analysis of Falling Weight
Deflectometer (FWD) data contirmed the hypothesis in the thinner base (100 mm) sections. The results so far obtained
from thicker base sections (150 mm and 200 mm) are inconclusive.
KEYWORDS: Geotextiles, Geogrids, Pavements, Separation, Falling Weight Deflectometer.
1

INTRODUCTION

To examine the geosynthetic benefits in pavement system
and validate an earlier laboratory investigation at Virginia

Tech (A1-Qadi et al., 1996, Smith et al., 1995), a section
of rural highway in Bedford County, Virginia, was
selected in 1994 for an experimental project involving the
use and evaluation of geosynthetic functions between a
fine-grained subgrade and a granular base course. The
experimental section comprised part of a route
realignment
project undertaken by the Virginia
It was
Department of Transportation
(vDOT).
hypothesized that under the action of trailic and
environment the subgrade would, in the absence of a
separation material, be pumped into the granular base
and/or the base course material would penetrate into the
subgrade thereby compromising the structural capacity of
the pavement.
1.1

Site Description

Nine experimental sections, each of approximately 15 m
in length, were constructed as part of the realignment of
Route 616 in Bedford County, Virginia. The pavement
construction comprised a nominal 90 mm hot-mix asphalt
(I-MA) wearing course surfacing over a granular base.
The thickness of the base varied throughout the nine

sections: 100 mm thick in sections 1 through 3, 150 mm in
sections 4 through 6, and 200 mm in sections 7 through 9.
The subgrade was a weak, reddish brown CH (AASHTO
A-7-6) soil, except under sections 5 and 6 where it was
identified as ML (AASHTO A-5). These materials were
found to have soaked CBR values in the range 6 to 10’?4.at
in-situ moisturedensity
values.
Samples of all construction materials were taken from
in-situ and tested in the Materials Laborato~
at Virginia
Tech. Conventional tests were performed on all recovered
materials (HMA: Marshall parameters at 50-blows, asphalt
extraction and aggregate gradation, base course: gradation,
moisture content, moisturedensity and CBR, subgrade:
gradation, moisture content, moisturedensity and CBR).
Extra testing was undertaken on these materials to provide
more fimdamental material properties (I-MA: resilient
modulus and creep compliance; base and subgrade:
resilient modulus).
The HMA had an asphalt content of about 6.2% by
weight of mixture, an average air-void content of 4.6°/0 and
an average VMA of 17.9’Yo. The average Marshall
Stability and Flow values were 12.3 kN and 10 flow-units.
The resilient modulus, MR, of field specimens ranged from
3160 MPa at 5°C to 2620 MPa at 40”C. Creep compliance
curves were obtained from all field and bulk samples.
The granular base material complied with VDOT
specification for a type 21-B base. It classifies as a G W
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soil and has an optimum moisture of 6. l% at a density of
22.3 kN/m3. Remolded samples were tested for resilient
modulus, MR, and can be expressed in terms of the bulk
stress, t3,with an average result of
M~ (MPa) = 6508°”62

,.. -----

. . ..

.-

..,.

-

.. ..
I ame j. unaractensucs ana Froperues or wosyntneucs
Used (after testing).

(1)

Two types of geosynthetic materials were placed at the
base/subgrade interface: a woven geotextile and a geogrid.
Sections 1, 4, and 7 served as control sections with no
geosynthetic at the base/subgrade interface, while the
geotextile was placed in sections 2, 5, and 8. The geogrid
was likewise installed in sections 3, 6, and 9. The
experimental matrix is shown in Table 1. The preinstallation properties of the geosynthetics used are listed
in Table 2. The geosynthetics were also tested after three
years of field service to determine the installation,
construction practice, environmental, and vehicular
loading effects on these properties. A 0.6 m x 3.6 m (lane
width) piece of each geosynthetic was obtained after
excavating the pavement in October 1997.
Both
geosynthetics were found in excellent condition, and their
properties are shown in Table 3. Analysis of changes in
the geosynthetic properties and gradation of base and
subgrade material after three years of service will be
presented in a fitture publication.

Fill
Geogrid

1.2

Machine
X-Mach

25
19
32

12.5
12.4
14.1

Traillc

Trtilc volume rates were recorded automatically by the
installed instrumentation and varied from 300 vehicles per
day in winter to more than 700 vehicles per day in
summer.
Three calibration tests were run; a flat-bed truck was
used at different axle loads, tire pressures and speeds. This
was designed to provide a basis for calibration and
validation of the installed instrumentation, and to yield a
complete response matrix against which a mechanistic
pavement design method, under development, could be
validated.
1.3

Section Monitoring

Table 1. Experimental Matrix.

~

Geo thetic
2
3
Geo “d
- Denotes section number

8
9

5
6

Table 2. Characteristics and Properties of Geosynthetics
Used (before testing).

I

Material

I

Geotextile
Geogrid

I Direction I

I

Warp
I
Fill
Machine
X-Mach

I

Ultimate
Elong.
Strength
(kN/m)
(Vo)
27
23.6
25
9.9
19
8,9
33
9,3

I

I

Construction started in April 1994 and was effectively
completed by September 1994. This period included a
significant amount of time and effort devoted to installing
and checking the various instruments embedded in the
The pavement was opened to trtilc in
pavement.
September 1994 (A1-Qadi et al. 1996).
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Monitoring of the experimental sections was undertaken
using two approaches. The first consisted of a series of
embedded instrumentation designed to monitor and record
trtilc, temperature, moisture, pressure, and strains at
various points within the pavement sections and on the
geosynthetics. A data acquisition system was set up to
readings
from the
collect all the appropriate
instrumentation when triggered by the passage of a vehicle.
Accumulated
periodically
data
was
transmitted
electronically to the Materials Laboratory at Virginia Tech
for storage and analysis. The second approach relied upon
periodic, seasonal visits to the site to measure and record
visible distress indicators, although only permanent
deformation (rutting) was found to have occurred, to
subject the test sections to Falling Weight Deflectometer
(FWD) testing for structural evaluation, and, on occasion,
to scan the sections using ground penetrating radar (GPR).
This paper discusses the rutting and FWD test results
2

FIELD MONITORING

The test sections were periodically monitored to provide
information relative to surface distresses (rutting) and to
perform noninvasive, nondestructive structural evaluations
of the different sections.

2.1

Rutting

2.2

Rutting was measured using a straight-edge method. Two
readings were taken on each section during each visit.
The magnitude of rutting was defined as the greatest gap
between the straight-edge laid upon the pavement
transverse to the direction of trtilc and the pavement
surface. This method would not distinguish between
settlement or compaction rutting and plastic flow/heave
rutting, however, it is noted that there was no indication
of plastic flow/heave distortion of the pavement surfaces.
Figures 1 and 2 summarize the development of rut depths
during the monitoring period for sections 1 through 3 and
4 through 9, respectively.
From Figures 1 and 2, it is immediately apparent that
the rutting histories of sections 1, 2, and 3 stand apart
from those in sections 4 through 9, which are statistically
identical. In these sections, the magnitude of rutting not
only exceeds that in the others, but the rate at which it
accumulated is seen to be increasing. Indeed, it has been
observed that since about August 1996, the rutting
measured in section 1 has exceed the maximum criterion
of acceptability (25 mm), and the rate at which it is
accumulating is accelerating.
The rutting that occurred during the first few months
of trtilc is mainly due to “normal’ initial rutting from
compaction under trallic. As can be noted, the rutting
observed in the first four months is almost the same for
all sections. The sharp increase in rutting (in all sections)
just before October 1996 is due to the application of two

Falling Weight Deflectometer

(FWD)

The Virginia Department of Transportation (vDOT) FWD
was chosen to perform seasonal structural evaluations of
the test sections. This device, which drops a calibrated
mass onto a circular plate (radius 150 mm) in contact with
the pavement surface, records the magnitude of the applied
load, and the vertical
deformation
response
of the
pavement surface at the center of the loaded plate and a six
locations offset from the loaded axis.
Two types of analysis maybe performed on FWD data.
The simplest and most direct analysis relies on computing
a Surface Modulus, Eo, defined as the applied load divided
This value is
by the measured axial deformation.
analogous to a spring constant (kN/mm), and provides a
gross measure of the overall structural
value of the
pavement system, including
the subgrade.
A more
sophisticated analysis is possible using various techniques
of ‘<back-calculation” which seek to match the obsemed

pavement response to that returned by a mathematical
model of a layered linear elastic half-space.
This
technique generally relies upon varying the linear elastic
moduli of the component material layers until a
satisfactory match to the observed surface deflection is
achieved.
16 I

I

-d$&=

12

weeks of heavy truck loading to accelerate rutting. The
relatively low rutting in sections 4 through 6 was due to
the greater wander in the area of the intersection.
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Figure 2. Rut Depth for Sections 4 through 9.
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Figure 1. Rut Depth for Sections 1 through 3.
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The surface modulus of each section was computed for
each of the seasonal site visits. This technique is simple
because it requires that no assumptions be made relative to
the thickness or elastic response of component layer
materials. However, it is subject to modification in HMA
surfaced pavement due to the effects of temperature upon
the viscoelasticity of the asphalt bound materials, and can
be further influenced by the presence of an effective rigid
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layer underlying the pavement at some depth. The results
of these analyses are shown in Figure 3.
It can be seen from Figure 3 that the overall pavement
responses of sections 1, 2, 3, and 9 stand out as being
distinct from those in sections 4, 5, 6, 7, and 8 which are
This apparent ditTerence is
remarkably consistent.
ascribed to the details of the design of this road section,
which was relocated to transform an intersection into a
curve. Consequently, in spite of a significant excavation
(mainly in sections 4 through 8), the sections at each end
of the new construction are somewhat influenced at some
depth by the presence of previously undisturbed and
compacted subgrade materials. This will also explain the
increased surface moduli observed in these sections; the
authors believe that this is due not to stronger pavement
sections, but to residual pre-compacted subgrade.
100

1

1

1

1

1

I

1

1

developed by the Texas Department of Transportation
(TxDOT) and the Texas Transportation Institute (TIT).
This package takes as input pavement responses
recorded in the field and the thicknesses of each physical
material layer. The elastic parameters (E, v) of any layer
except the subgrade may be either fixed or bounded within
a range supplied by the user. The program then performs a
search algorithm, varying the “slack” variables until an
optimal match between the measured and computed
deflection basins is found. The output from this program
is the “optimal” set of layer moduli consistent with the
measured values and the set layer property constraints.
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Figure 3. FWD-derived Surface Moduli (MPa).
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Nonetheless, if the surface moduli for sections 1, 2
and 3 are closely examined, it will be seen that for all
FWD tests, the surface modulus of section 2 (geotextile)
exceeds that of section 3 (geogrid), which in turn exceeds
that of section 1 (control). This pattern is also observed
in sections 4, 5, and 6 (150 mm base) and in sections 7
and 8 (200 mm base), and would tend to indicate that the
geotextile may contribute more to the structure than other
sections (A1-Qadi et al. 1997).
2,2.2

Detailed FWD Analysis

FWD measured deflection profiles were plotted for
dilTerent periods. The purpose of this exercise was to
define any inconsistency, which might occur in the
measurements taken by the geophones. Figures 4 and 5
are typical measured deflection basins for different load
levels in July 1997 for sections 1 and 2,
The collected FWD field data was further analyzed
using proprietary soflware, MODULUS version 5.0,
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Figure 5. Deflection Basin Profile (July 1997), Section 2.
MODULUS uses an internal routine to detect the
presence and depth of effective rigid layers deep within the
pavement. This is important, and has been found to
significantly influence the returned moduli. In this project,
MODULUS did indeed detect an effective rigid bottom

layer at a varying depth of 0.5-7,5 m (mostly above 2.0 m)
Further data analysis
below the pavement surface.
indicates that the variation in depth to rigid bottom layer
did not have any signit3cant effect on the result pattern.
Due to the relatively thin HMA surfacing layer, the
elastic properties of this layer were input and fixed by the
authors based upon appropriate measured pavement
temperatures and the laboratory resilient modulus
characterization of specimens obtained form the field.
The nominal elastic parameters of the granular base layer
were also provided and fixed by the authors based upon
laboratory measurements (A1-Qadi et al. 1996). The only
parameter returned by MODULUS, therefore, was the
subgrade modulus (Figure 6). This analysis confirms the
differential response between the different treatments.
For most of the FWD results, the subgrade “apparent”
resilient moduli of the sections with geotextile are greater
than their corresponding control sections or geogrid
stabilized/ reinforced sections. This may be attributed to
a weaker base course layer in the latter sections as
compared to the corresponding geotextile stabilized
sections, which is consistent with the “pumping of
subgrade fines into the base course layer and/or
intermixing at the base-subgrade interface” hypothesis.
2.2.3

modulus approximately equal to that of the geotextile
stabilized section.
For example, the subgrade resilient modulus, from the
data collected in August 1995, for section 1 (100 mm
control section) was 105 MPa, where the geotextile
stabilized section had a subgrade resilient modulus of 110
MPa. A transition layer thickness of 13 mm at a resilient
modulus of 138 MPa was needed to increase the subgrade
resilient modulus to 110 MPa. Over the next 8 months the
transition layer increased to 64 mm. The thickness further
increased to 69 mm by October 1996 indicating asymptotic
stabilization of intermixing layer versus time (see Figure
7).
Further tests show insensitivity to greater
contamination/ intermixing.
For the thicker base course sections (150 mm and 200
mm), the MODULUS program becomes insensitive to
changes in transition layer thickness. This implied that the
FWD back-calculation procedure could not estimate the
contamination layer thickness accurately in the thicker
base course sections (150 mm and 200 mm) at this time.

Base-Subgrade Interface Intermixing Model

One of the important functions of geosynthetics in
pavements is stabilization, which is its ability to isolate
and provide a barrier against the base course-subgrade
intermixing (Koemer and Koemer 1994, A1-Qadi, et al.,
1994, Jorenby and Hicks, 1986; Lair and Brau, 1986).
The extent of contamination and the material properties
of the intermixing layer are of critical importance in
determing the performance of pavements. Although the
concept of base course contamination has been realized
for sometime (Yoder and Witczak, 1975), an estimate of
its contribution to the reduction in pavement service life is
still needed to be quantified.
The following section
details the approach adopted to determine the extent of
contamimtion in this project.
The hypothesis put forth in the study was the
development of a transition layer between the subgrade
and base layer in the absence of a geotextile.
To
determine the transition layer thickness developed in
control and (may be) geogrid stabilized reinforced
sections, an independent layer of resilient modulus value
between the base and subgrade was added and the
“geotextile subgrade resilient modulus” was considered in
the calculations as reference. After adding the transition
layer with known properties to the control pavement
system, a back-calculation procedure was adopted to
determine the subgrade resilient modulus. This is an
iterative process where the thickness of the transition
layer is changed gradually to yield a subgrade resilient
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3

CONCLUSIONS

The results of this field experiment and analysis of the
data derived from nondestructive monitoring (rutting and
FWD) suggest a clear difference in performanw when
geosynthetic is included in the pavement system; specially
in the thinner base sections (1 through 3), while the short
duration of the project prevent any clear distinctions
being made in the thicker base sections (4 through 9) at
his time. Within sections 1 through 3, the benefit of the
geotextile is noted by comparison with the performance
(rutting) of the control to the other sections; equally, a
simple analysis of FWD data suggests that the degree of
intermixing at the base-subgrade interface is a function of
the geosynthetic used - no intermixing in the geotextile
section, and delayed or reduced intermixing in the
geogrid stabilizedheinforced
section.
MODOLUS
program was used to obtain the extent of intermixing at
the base course-subgrade interface in the 100 mm test
sections over a period of 17 months (August 1995 to
It was found that the degree of
January 1997).
intermixing can be quantiled. However, for the thicker
base course sections (150 mm and 200 mm) the backcalculation (so far) turns insensitive and the difference in
performance between sections is within the numerical
accuracy of the computer model.
4
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ABSTRACT:
Montana State University (MSU), with support ffom the Montana Department of Transportation (MDT), has
initiated a laboratory and analytical based research program to study and quanti~ the benefits derived by the addition of
geosynthetics to the base course layer of flexible pavements, where the fimction of the geosynthetic is one of reinforcement. The
objectives of the study are to veri~ previous work showing the positive benefit of using geosynthetics for base course
reinforcement, to quanti~ the stress-strain response of laboratory-scale reinforced pavement test sections such that mechanisms
of reinforcement can be more clearly understood and described, and to develop a comprehensive methodology for the design
of such pavements. The purpose of this paper is to describe on-going research work at MSU, plans for laboratory testing and
analytical modeling, and to present preliminary results from several completed test sections. Details of the test facility and
instrumentation used to quanti~ behavior are presented.
KEY WORDS: Pavements, Base Course, Reinforcement, Laboratory Tests, Geogrids, Geotextiles
1

INTRODUCTION

Geogrids and geotextiles have been examined and used in
practice for reinforcement of the base course layer of flexible
pavements for over the past sixteen years, with both successes
and failures having been reported.
Early attempts using
geotextiles (Brown et al., 1982; Ruddock et al., 1982;
Halliday and Potter, 1984) indicated very little improvement
in rut development characteristics that could be attributed to
geotextile reinforcement. For studies involving both geogrids
and geotextiles, Anderson and Killeavy (1989), Barksdale et
al, (1989) and Cancelli et al. (1996) have demonstrated that
geogrids are superior to geotextiles
when used as a
reinforcement member, while A1-Qadi et al. (1994) showed
that superior performance was seen when a geotextile was
used.
These studies involving both materials have provided
insight into the importance of the roles of separation and
filtration and the ensuing effect on reinforcement potential.
The only study available where appreciable mixing of the base
course and subgrade soils in control sections was noted (AlQadi et al., 1994) also corresponds to the one showing
Other studies
superior performance by the geotextile.
exhibiting more moderate amounts of mixing, and indicative
of conditions for which separation and filtration functions
were not as critical (Anderson and Killeavy, 1989; Barksdale
et al., 1989) indicate that improvement due to geogrid
reinforcement can still be observed, but perhaps not to the
extent had separation
and
filtration
functions
been
incorporated
into the section designs. On the other extreme,
studies exhibiting no problems with mixing (Cancelli et al.,
1996; Collin et al., 1996; Haas et al., 1988; Mirua et al., 1990;
Moghaddas-Nejad
and Small, 1996; Webster,
1993) have

demonstrated
significant
improvement
with geogrid
reinforcement for properly designed sections.
Improvement in pavement performance has been observed
in laboratory-scale experiments involving stationary circular
plates to which a cyclic load has been applied (Cancelli et al,,
1996; Haas et al., 1988; Miura et al., 1990), test tracks
incorporating moving wheel loads (Barksdale et al., 1989;
Collin et al., 1996; Moghaddas-Nejad
and Small, 1996;
Webster, 1993) and fill-scale roads constructed with normal
construction equipment (Anderson and Killeavy, 1989; Mirua
et al., 1990). Improvement has been defined in terms of an
extension of the life of the pavement, or the amount by which
the base course layer could be reduced such that equivalent
performance is seen. Reinforced pavements have been shown
to have a life typically
3 to 10 times that of a similar
unreinforced section, while a reduction of base thickness
ranging from 22 to 50 ‘A has been observed. Performance has
typically been measured in terms of accumulated rut depth
with increasing load cycle application.
Improvement has been seen for all levels of rut depth below
that corresponding to an inoperable condition (25 mm).
Measurement of strain on geogrid layers has shown that strain
is developed immediately upon the first load application and
well before any appreciable rut is developed in the pavement,
provided the reinforcement was properly placed in the base
layer. Strain measurements have indicated that these materials
are engaged in a tensile capacity and that the level to which
strain develops is closely related to the amount of
improvement observed. These results indicate that this
application is well suited for flexible pavements which cannot
tolerate
significant
surface deformations
and remain
operational. Perkins and Ismeik (1997) have provided a more
comprehensive review of studies addressing this application.
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Despite the positive successes reported from field and
laboratory based studies, this application has not been widely
applied in practice and its use has been discouraged by a
number of state departments of transportation. The overriding
obstacle preventing the use of this application lies in the
absence of an accepted design technique which accounts for
the variables believed to control pavement performance.
MSU, with support from the MDT and Federal Highway
Administration,
has initiated a laboratory and analytical based
research program to study and quantifi the benefits derived by
the addition of geosynthetics
to the base course layer of
flexible pavements, where the function of the geosynthetic is
one of reinforcement.
The objectives of the study are to verifi
work showing the positive benefit of using
previous

geosynthetics for base course reinforcement, to quanti~ the
stress-strain response of laboratory-scale reinforced pavement
test sections such that mechanisms of reinforcement can be
more clearly understood, and to develop a comprehensive
methodology for the design of such pavements. The step from
the observation of behavior in laboratory experiments to the
development of a design solution will be accomplished
through the development of a finite element model of a
reinforced pavement. Once the model is shown to reasonably
match the behavior observed in the laboratory experiments,
the model will be used in a parametric study to evaluate the
influence of variables thought to impact reinforced pavement
performance. The purpose of this paper is to describe the ongoing research work at MSU, the plans for laboratory testing
and analytical modeling, and to present preliminary results
from several completed laboratory test sections.

2

OVERVIEW

OF RESEARCH

PROGRAM

The MDT faces conditions in the eastern portion of the state
where quality gravel sources for road construction are scarce
and associated haul costs of such material are high. Subgrade
conditions in this region consist of A-6 to A-7 soils, resulting
in relatively low subgrade support values and relatively thick
base course sections. Faced with these conditions, MDT has
been interested
in investigating
the possible use of
geosynthetics as reinforcement in the base course layer. MSU
developed an early plan to construct a series of fill-scale test
sections along an existing or new roadway with these sections
containing electronic instrumentation to measure pavement
To investigate
the suitability
of proposed
response.
instrumentation and installation techniques, a pilot test section
was constructed in the Summer of 1995 with results reported
by Perkins and Lapeyre ( 1996, 1997).
The results of this instrumentation study indicated that
excessive uncertainty existed in the installation and operation
of instrumentation in an outdoor, field-scale test site and that
successfid completion of the originally planned approach was
questionable. An alternate approach was then proposed where
similar instrumentation used in the pilot test section would be
used along with new devices to monitor the behavior of test
952-1998
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sections constructed in a laborato~ setting. This facility is
described in this paper and essentially consists of a large
reinforced concrete box in which pavement test sections are
individually constructed and loaded with a 40 kN load
cyclically applied to a 305 mm diameter circular plate resting
on the pavement surface. The pavement test sections contain
an extensive array of instruments to measure stress, strain,
moisture content and temperature. Stress and strain response
is measured in the pavement layers both during a dynamic
load cycle and between load cycles to monitor the
accumulated response with increasing load cycle.
It is anticipated that between 10-15 sections will be
constructed and loaded over the course of the study.
Geosynthetic type (geogrid versus geotextile), geosynthetic
position within the base layer, subgrade type and strength and
stiffness characteristics, and base and asphalt concrete (AC)
thickness are anticipated as variables to be included in the
study.
The variables included in these sections are not
intended to cover all possible pavement configurations but
rather are intended to provide a description of response for a
representative
cross section of variables.
The modeling
portion of the study is intended to be used to supplement the
experimental data by providing analytical predictions of
behavior for those conditions not physically tested.
In conjunction with the experimental portion of the study,
a finite element model of the laboratory-scale pavement
sections is being developed. The model is being developed to
match the stress, strain and deflection response observed in
the 10-15 experimental test sections. Once confidence in the
model is developed by this step, the model can be used to
predict response of a wide range of pavement configurations
for which experimental data is not available. Results from this
parametric study will then be combined to form a design
methodology suitable for use by flexible pavement designers.
The form of this design methodology has not been defined at
this point, but will most likely consist of simple equations and
design charts which account for the variables found to be most
influential on reinforced pavement response.
The modeling portion of the study is being accomplished
through the use of a commercial finite element program and
user defined material constitutive laws. Haas et al. (1988) and
Miura et al. (1990) showed that in a similar test arrangement,
tensile strains as great as 1.8 ?ZO were observed in geogrid
reinforcement for surface rut depths less than 25 mm. Cyclic
tension tests performed by Bathurst and Cai (1994) and
preliminary tests performed by the authors indicate that for
strains of this magnitude, simple isotropic linear elastic
material models are inadequate. In anticipation of the need to
predict strains of this magnitude, a series of monotonic, cyclic
and sustained load tests are being performed on the geogrid
and geotextile being used in this study. The monotonic load
tests are being used to define the orthotropic elastic-plastic
properties of the materials, where the in-plane shear modulus
is thought to be particularly important in defining pavement
response.
Sustained load tests will provide intrinsic creep
properties of the geosynthetics.
Cyclic tension tests will be

used to calibrate a non-linear, combined isotropic/kinematic
hardening model which will model the ratchetting effect
observed in repeated load tests. Ratchetting refers to the
accumulation of plastic strain with increasing load cycle
number for cyclic tests performed under constant load
amplitude.
Ratchetting effects are also observed under compressive
deviatoric loads in soil materials and will be modeled through
the use of a bounding surface plasticity model. An interface
model will be used between the base soil and the
geosynthetics and will consist of a simple elastic-plastic
Coulomb type friction law. It is anticipated that the elastic
stiffness response will need to be normal stress dependent.
The interface model will be calibrated fi-om pull-out tests
where the pull-out arrangement will be modeled as a
boundary-value problem using the finite element model being
developed. A standard viscoelastic model will be used for the
asphalt concrete.
The research approach of collecting data fi-om experimental
test sections, using a model to match the observed behavior,
using the model in a parametric study to examine the influence
of a wide range of variables and using these results to
establish a design solution to the problem is being applied to
laborato~-scale experiments under stationary load conditions.
Part of the reason for first exercising this approach in the
laboratory is to establish its feasibility.
Recognizing that
different behavior is to be expected under conditions of a
moving wheel load, if this approach is found to be successful,
the authors intend to pursue an additional phase to the project
where experiments are conducted in a test-track facility where
more realistic loads can be applied to the pavement. The
same research approach can then be applied, with the resulting
design solution reflecting the moving wheel load case.
The remainder of this paper describes the laboratory test
facility developed to evaluate reinforced flexible pavements
under idealized load conditions. Preliminary results born a
geogrid reinforced section and an unreinforced section are
presented. These results are preliminary in that the primary
fimction of the sections was to examine the performance of the
proposed instrumentation and installation techniques. For this
reason, the full array of instruments planned for subsequent
sections was not included. While care was taken to make the
two sections as comparable as possible, minor differences as
noted existed.

3

LABORATORY

TEST FACILITY

3.1 Test Box and Loading Arrangement
Laboratory-scale pavement test sections are being constructed
in a reinforced concrete box having inside dimensions of 2 m
by 2 m in plan and 1.5 m in height. The box consists of four
sides having an open bottom and with the concrete laboratory
floor serving as the bottom face. The front face of the box is
removable to facilitate excavation of the test section.

Two I-beams were set into the wall forms prior to the
placement of wet concrete. The I-beams were placed parallel
to each other along opposite walls perpendicular to the tlont
wall. The upper flanges of each l-beam act as rails for the
load frame to move along.
The load frame consists of an additional two I-beams which
span between the two I-beams embedded in the concrete wall.
The ends of the load frame I-beams are attached to a carriage
assembly allowing the load frame to roll from the front to the
back of the box. Attached to the two load frame I-beams is a
second carriage assembly upon which the load actuator is
mounted.
This second carriage assembly allows the load
actuator to roll along the load fimne I-beams, hence allowing
the load actuator to move from side to side in the box. The
two carriage assemblies allow the load actuator to be
positioned at any point along the plan dimensions of the box.
Figure 1 shows a photograph of the box and load frame.

Figure 1. Test box and load frame.

The load actuator consists of a 305 mm diameter bore
pneumatic cylinder with a 75 mm stroke. The threaded end of
the actuator’s piston is attached to a load cell having a range
of 90 kN. A 55 mm diameter steel rod is attached to the other
side of the load cell and extends down to and rests on a 305
mm diameter steel plate having a thickness of 25 mm. The
end of the rod resting on the steel plate is rounded and sits
inside a similar shaped recess in the plate, thus allowing the
plate to rotate during loading. A waffled rubber pad 4 mm in
thickness is placed between the steel plate and the AC surface
to aid in providing a uniform pressure distribution on the AC
surface.
A pneumatic binary regulator is used to control the timehistory of air pressure supplied to the load cylinder. The
pneumatic regulator is in turn controlled by a computer which
sends a series of binary signals to the regulator’s four solenoid
valves allowing the division of the single inlet pressure into
any one of titleen equally spaced outlet pressures. Control of
the binary signals is provided by the same software used for
data acquisition.
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Inlet pressure to the binary regulator is controlled and
monitored by a standard gage and regulator.
The binary
regulator allows for any shaped load pulse to be specified and
approximated by fifteen points for each of the ascending and
descending portions of the pulse. Due to the limited number
of points available for approximating load pulse curves, a
simple triangular pulse with a linear rise time, a hold time at
peak load, a linear fall time and a pause time between pulses
has been specified. Two pulse durations of 0.5 and 1 Hz have
been used, with times for the periods described above being
0,6, 0.3, 0.6 and 0.5 s for the 0.5 Hz pulse and 0.3, 0,2, 0.3
and O.2 s for the 1 Hz pulse. Inlet pressure to the binary
regulator has been set to give a peak load of 40 kN,
corresponding to a load plate pressure of 550 kPa.
Two types of loads were applied to the pavement. The fwst
type consisted of the application of a single load pulse at 25
different locations within the box. Application of these loads
allowed for the careful examination of response from the
different sensors. The second type of load consisted of a
series of repeated loads when the load plate was placed at the
center of the box. The 1 Hz load pulse was used for the
repeated cycle tests for both sections 1 and 2 and the single
pulse tests for section 2. The 0.5 Hz pulse was used for the
single pulse tests for section 1.

Table 1. Cold mix asphalt concrete properties.
Property

Pavement Layer Materials and Thickness

The preliminary test sections reported in this paper used a
slow curing cold mix asphalt concrete. This material was used
due to the unavailability of hot mix asphalt during the time
period in which the preliminary test sections were constructed.
Hot mix asphalt is being used for subsequent test sections.
The cold mix was heated in a mobile trailer-mounted oven
prior to placement and compaction.
Compaction
was
accomplished by a hand-operated vibratory plate compactor.
Compacted thickness of the AC layer for sections 1 and 2
were 70 and 75 mm, with bulk density values of21 and 22
kN/m3, respectively. Results of laboratory tests on the cold
mix asphalt are given in Table 1. A grain size distribution of
the aggregate used in the mix is given in Figure 2.
A crushed
stone base course meeting the MDT
specifications for crushed top surfacing, type A, grade 3 is
being used for all test sections. The grain size distribution
for the material is shown in Figure 2, where it is seen that
100
of the material passes the 19 mm sieve.
Sections 1 and 2 contained a compacted base section
thickness of 200 mm. The material was compacted at a water
content ranging between 5 to 6.5
resulting in dry density
values of21 kN/m3. Measurement of dry density and water
content during excavation of the sections indicated that the
water content dropped to 4.5 to 5
with the dry density
remaining essentially unchanged.
A fine silty sand consisting of the frees trapped in the
baghouse of a hot mix plant were used for the subgrade. The
material has 40
fines with a liquid limit of 18
and a
plastic limit of nearly the same value, classifying the material
‘-7.
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1

2

Marshall stability, lb (T-245)

9620

9620

Marshall flow (T-245)

15

15

Density, g/cm3 (T-245)

2.31

2.31

5.0

5.0

Rice specific gravity (T-209)

2.48

2.48

Air voids, Y.

17.9

13.8

Penetration

51

51

554

554

Asphalt content,

‘Yo

(T-164)

(T-49)

Kinematic viscosity (T-201)
Specific gravity of aggregate
Note: T designations

2.61
2.61
refer to AASHTO test specifications
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Figure 2. Grain size distributions of AC aggregate, base and

subgrade.

as a SM or A-4.

A grain size distribution of the material is
given in Figure 2. Modified Proctor compaction tests indicate
that the material has a maximum dry density of 18.2 kN/m3
occurring at a water content of 11.5
The material was
O/O.

compacted in the box at a water content of 14.5 0/0and at an
average dry density of 17.5 kN/m3. Laboratory CBR tests on
this material at this water content and dry density and in-situ
Dynamic Cone Penetration (DCP) tests indicate a CBR of
approximately 15. This material was not replaced between
sections 1 and 2. Only the asphalt concrete, base and geogrid
were removed between sections 1 and 2.
Section 1 contained an extruded, polypropylene, biaxial
geogrid placed in the base course at a level of 40 mm above
the base course - subgrade interface. The geogrid has a mass
per unit area of215 g/mz, an aperture size of 25 by 33 mm in
the machine and cross-machine directions, respectively, and

a wide-width ultimate tensile strength of 13 and 20 kN/m in
the machine and cross-machine
directions, respectively.
Section 2 was unreinforced.
The remaining test program will use hot mix asphalt for all
sections. A second subgrade consisting of a highly plastic
clay will be used for approximately one-half of the program
with the silty sand being used for the other half. The clay will
be prepared at a water content to produce a weak subgrade
having a CBR of approximately 3-4. A woven geotextile will
also be incorporated into the test program. Other variables to

be included are base course and asphalt concrete thickness,
and geosynthetic position.
3.3

Instrumentation

The two preliminary

test sections

described

in this paper

contained
a limited number of instruments
compared
to
sections which are currently being constructed with hot mix
asphalt,
The primary purpose of these preliminary
test
sections was to examine
procedures of instruments
two sections

discussed

the performance
and installation
to be used in later sections.
The
in this paper

contained

one asphalt

concrete strain gage, 12 soil pressure cells, 8 soil strain gages
and four foil strain gages mounted to the geogrid specimen in

section 1. In addition, 8 LVDT’S were used to monitor
surface deformation of the asphalt concrete layer and the load
cell was used to monitor applied load.
The single AC strain gage was used only in section 2. The
strain gage was a H-type gage marketed by Dynatest. The
gage was placed at the bottom of the AC layer. The stress
cells placed in the base course and subgrade were also
marketed by Dynatest and have a diameter of 68 mm and a
thickness of 13 mm. Cells having two different ranges of 200
and 825 kPa were used. Four stress cells were placed in the
base course layer, two being oriented to measure vertical
stress and two to measure stress in the horizontal direction.
The centerline of the stress cells was 120 mm below the top
of the base course layer and were placed at a radius of 400
mm from the center of the box. The two cells measuring
horizontal stress were oriented to measure stress in the radial
direction when the load was placed in the middle of the box.
Four stress cells were also placed in the upper portion of the
subgrade at a distance of 130 mm below the top of the
subgrade (level 1) and in a similar configuration as those
contained in the base. Two additional cells were placed at
levels of 430 mm (level 2) and 705 mm (level 3) below the
top of the subgrade. At each level, one cell was placed at a
radius of 400 mm to measure vertical stress while the other
was placed to measure radial stress at this same radius.
Strain in the base and subgrade soils was measured using a
LVDT mounted between rectangular end plates measuring 15
by 50 mm and 5 mm thick. The gage length between the end
plates was nominally 80 mm. Four LVDT’S were placed in
the base course and four in the top layer of the subgrade in a
similar configuration to the stress cells placed at these two
levels.

On the geogrid used in section 1, four bonded resistance
(foil) strain gages were placed on ribs located at a radius of
400 rnm fi-om the center of the box. Two gages were placed
to measure radial strain in the machine direction of the
geogrid while the other two were placed to measure radial
strain in the cross-machine direction when the load was placed
in the center of the box. The geogrid was placed 40 mm above
the bottom of the base.
Data acquisition and control has been established to control
the time-histosy of the load application and to trigger the
collection of data. Two types of tests were performed on each
section. After the construction of a section, the load frame
was moved to 25 different points within the box to apply a
single pulse of load. The full time history of each sensor was
collected for each of the 25 locations. Once these tests were
completed, the load plate was moved to the center of the box
where a repeated load was applied. During the application of
this repeated load, the peak and baseline reading of each
instrument was measured and collected for the majority of the
applied load cycles. The baseline reading corresponds to a
time when no load was applied to the pavement and represents
a permanent response corresponding to that particular load
cycle, while the peak reading corresponds to a time when the
peak load was applied. In addition to this data, the fidl time
history of each sensor was measured for specified load cycle
numbers.

4

EXPERIMENTAL

RESULTS

4.1

Transient Response To A Single Load Pulse

At each of the 25 load locations, three separate single pulse
load tests were conducted.
Figure 3 illustrates three load
traces from one of the 25 load locations for sections 1 and 2,
where the shape of the load pulse curve is identical for each
of the three applications. The spike on the descending branch
of the curve is due to some small feedback in the bina~
control valve. Figure 4 illustrates the time-history response of
stress cells located in the base and subgrade for sections 1 and
2 when the load was applied directly above the sensor. The
data shows that in the base the vertical stress was slightly
higher in the reinforced section, while in the subgrade the
stress was slightly less. Figure 5 shows the time-history of
radial stress in the base and subgrade when the load was
applied at a radius of310 mm fi-om the sensor.
The peak response of stress cells located in the base layer
and oriented to measure vertical, radial and tangential stress
were recorded ffom various time-history records as the load
was applied at different locations. Figure 6 illustrates the
variation in these peak measurements with respect to the
lateral distance fi-om the load plate to the sensor, where
positive stresses correspond to compression. For each stress
parameter and at each lateral location, three data points are
given corresponding to the three tests performed at that
location. Figure 6 illustrates the reproducibility of the results.
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Figure 4. Vertical stress time-history in base and subgrade.

The curves shown in Figure 6 correspond

to general trends
sketched to match the available data points and were not
developed from rigorous analyses. This is also true for the
curves shown in Figures 7 and 8.
Figure 7 shows results of vertical, radial and tangential
strain in the base in a similar fashion as Figure 6, where
positive strain corresponds to contraction.
Figure 7 shows
more scatter than Figure 6 and is due mainly to the influence
of compaction induced during the first and second load
applications on the subsequent load applications at that same
location.
Figure 8 illustrates radial and tangential strain induced in
the geogrid in section 1 due to single load pulses applied at
various locations, where positive strains correspond to
tension. The results indicate that as much as 0.17 0/0 tensile
strain is induced in the geogrid immediately below the
centerline the load. Radial tensile strains quickly vanish to
zero at a radius of approximately 200 mm, which is 50 mm
greater than the radius of the load plate. Beyond this
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region strains become compressive, reaching a peak
compressive strain at a radius of approximately 300 mm,
whereafter they approach zero. In the tangential direction, the
strains are seen to be in tension for all points away horn the
load and approach zero at a radius of 800 mm.
The results shown in Figure 8 have the same trend as the
results for radial and tangential strain in the base shown in
Figure 7, indicating that in regions where the base experiences
extensional strains, the base interacts with the geogrid to
transfer tension to the reinforcement.
These results indicate
that the primary function of the geogrid is in preventing lateral
spread of the base course and that anchorage of the geogrid is
not needed in such an application.
4.2

Transient
Cycles

and Permanent

Response

to Multiple Load

Upon completion of the single pulse tests, the load plate and
fi-ame were moved to the center of the box where a repeated
load was applied. The mean and standard deviation of the
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applied pressure was 548 and 4.0, and 550 and 4.3 for
sections 1 and 2, respectively. Figure 9 shows the plate
pressure versus average plate deformation observed during the
first load application for sections 1 and 2. Figure 10 shows
the development of surface deformation with load cycle
number, where for each section three curves provided. The
“peak” curve corresponds to the average plate deformation
measured at the point in time where the applied load reached
a maximum
for that cycle. The “permanent”
curve
corresponds to the deformation immediately prior to when the
load was applied. The “transient” curve corresponds to the

curves and

represents the dynamic or transient deformation for each load
cycle. Figure 9 indicates that the dynamic stifliess of section
1 is slightly greater than section 2 for the f~st load cycle. The
transient response Figure 10 shows that both sections become
slightly more stiff with increasing load cycle, with section 1
experiencing a slightly greater increase in stifiess for load
cycle numbers greater than 250,000 as compared to section 2.
Section 2 shows a more rapid rate of rut depth than section 1,
while section 1 appears to have reached a plateau when the rut
depth in section 2 continues to increase linearly with cycle
number.
Visual inspection of the asphalt from sections 1 and 2
indicated that the asphalt in section 1 was more stiff and less
susceptible to flow than that in section 2 even though the
laboratory results, including the Marshall and penetration
tests, indicate that the materials were identical and the density
and thickness in section 2 were greater than section 1.
Temperature of the asphalt prior to compaction was not
measured, but it is believed that this is the main difference
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between the materials causing the behavior observed. Thus it
is not clear if the geogrid in section 1 is responsible for the
improvement in behavior observed or if the improvement is
due to the difference in asphalt. The additional sections being
constructed as part of this project will clarifi this point.

5

CONCLUSION

Preliminary results from a study designed to examine the
reinforcement function of geosynthetics in flexible pavements
have indicated the compatibility between extensible strains in
the base and the development of tensile strain in the geogrid,
indicating the reinforcement fi.mction of the material. The
comparison of stress and strain measures in the soil layers
indicated only slight differences between a reinforced and
unreinforced section for the application of a single load pulse.
This is to be contrasted against the significant difference
observed in rut development
for repeated cycle tests,
indicating that examination and modeling of repeated load
behavior is necessary to understand the mechanisms of
reinforcement.
Additional work being performed by the
authors will help illustrate these mechanisms for pavement
variables believed to influence performance.
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ABSTRACT:
Geotextile
conventional
counterparts,
possible cost implications
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Department,

67100 Xanthi,

Greece

reinforced
pavements
might be both economically
and technically
advantageous
over their
especially
under poor subgrade conditions.
In this paper a systematic
method of estimating
of including a geotextile in the subgrade-subbase
interface are discussed. The cost evaluations are

obtained on the basis of the thickness of the aggregate layer which can be replaced
pavement-subgrade
interface, so that the two structure have identical load-deformation

by the geotextile been laid in the
behavior. The load-deformation

behavior is evaluated by regression formulas, which have been derived ffom pavement finite element analysis and
through field experiments.
Reinforced pavements might provide numerous others indirect savings and conveniences.
a more solid roadbed, a shorter construction time, ease in construction methods, savings in maintenance
costs, higher
of safety, acceptability
of marginal materials etc. These factors were not included in this economic evaluation
promote the reinforced alternative. The results obtained have been verified in several case studies.
KEYWORDS:

1

Geotextiles,

Reinforcement,

Pavements,

Unpaved

INTRODUCTION

Geotextiles have already a 25-years history of successful
applications in many fields of geotechnical engineering. A
field of particular interest is that of highway and pavement
works. In Greece the first relevant application of geotexdles
took place in a highway in Peloponnese
in 1977. Since then
geotextiles
established
a widespread
use in pavement
engineering works, Nowadays, they are systematically
used
in most major highway schemes,
like the Patra-AthensThessaloniki-Border
and the Egnatia
motorways.
This
constantly increasing application rate urged for a systematic
analysis of the effectiveness
of geotextile
inclusion in a
pavement system and the cost implications this involves.
A research activity concerning the reinforcing
and other
beneficial actions of geotextiles been laid in the pavementsubgrade interface was run at the Aristotle University
of
Thessaloniki
since 1985 and at the Democretus
University
of Thrace

~

lately.

REINFORCING

ACTION OF GEOTEXTILES

A geotextile been laid at the subgrade-subbase
interface
tilfills any one of the actions of reinforcement, separation,
filtration and in few cases drainage. It should be mentioned
that in most cases more than one of the above functions act
simultaneously.
Of interest
for this paper
is the
reinforcement function. Thk fiction
is expressed, as a
rule, in a dual manner, i.e. lateral restraint and membrane
action. Membrane action is the most obvious one: as the
pavement is deformed by the loads, the geotextile been laid
on the top of the subgrade is also deformed. Assuming that
no slip occurs the geotextile is strained. The vertical
constituent of the stresses developed balance part of the
applied load. At the cost of substantial displacement and

verified
such as
factors
and all

roads, Road construction

ignoring the parameter of creep relaxation, the ultimate
loading of the system can markedly increase (Sellmeijer
1993; Espinoza 1994). However, it has become obvious that
the membrane effect mechanism fails to accurately predict
the benefits that can be obtained from the inclusion of
geotextiles at low deformations (Little 1992; Milligan et al.
1989). Non-woven products with relatively low stiffness is
unlikely to produce any benefit at all if included in any
membrane effect analysis. Nevertheless,
experience has
shown that there is a clear improvement to the performance
of the pavement with the inclusion of low stiffness
geotextiles. This improvement is mainly attributed to lateral
restraint i.e. the stretched geotextile inhibits the lateral
displacements of the aggregates. Another positive effect is
that the subgrade just outside the traffic loading area is also
loaded more or less vertically,
through the stressed
geotextile, which ensures maximum bearing capacity of the
system. Furthermore, the aggregate layer acts like a beam
spreading the load over a larger area. (Sellmeijer 1990,
1993). Finally, the separation and filtration functions, which
the geotextile simultaneously performs, ensure the integrity,
purity and stiffens of the aggregate layer which mobilize a
plastic stress-strain state with higher factors of safety (Little
1992). The exact value of all these mechanisms is hard to
evaluate analytically.
There are a profision of methods for estimating the
reinforcing
effectiveness
of geotextiles
in pavements,
ranging from the purely empirical to the use of finite
elements models. It is the author’s opinion that the latter
methods, through calibration by full-scale experiments,
permit any type of reinforcing action to be evaluated and
included.
A finite element program was used herein to calculate the
stress-strain fields in a great variety of weak pavements
(which can also be considered as subbases of typical
pavements) either reinforced or not with geotextiles. The
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program analyses the pavement-subgrade
system as a threedimensional
axially
symmetric
multi-layered
problem
(Snaith et al. 1980). The wheel load is specified
as a
uniformly distributed pressure over a circular contact area,
The boundary
conditions
of the system are: horizontal
restrain at the lateral boundaries
and both horizontal
and
vertical restrain at the base boundary. Material properties

are specified for each layer of the system. The resilient
modulus of each layer may be either linear or dependent on
any number of stress regimes. The elastic analysis employs
a successive over-relaxation technique to obtain the stress in
each element of the finite element grid. When the elastic
analysis is completed a non-iterative procedure makes use
of the computed stress values and suitable creep equations
to calculate the vertical permanent strain for each element.
The strains are then converted to deformations and summed
for each column of the grid to yield the overall surface
permanent deformation profile.
The fabric has been modeled using a layer of its
approximate thickness (for typical non-woven heat-bonded
geotextiles their typical thickness has been taken as 1 mm).
Since in practice local reinforcement of the soil structure
occurs in the vicinity of the fabric, two transitional layers
have been introduced, one above and one below the fabric
layer having similar thickness as the geotextile itself. Thus,
the abrupt change in resilient modulus between the fabric
and its adj scent layers has been reduced, since these
transition layers have intermediate characteristics between
the fabric and the adjacent layers themselves.
A large number of the independent variables i.e. resilient
modulus of geotextile, resilient modulus of subgrade and
thickness of aggregate layer are then combined. Not taking
into account the various numbers of load repetitions, 567
combinations as a total have been solved.
Characteristic permanent deformation profiles obtained
from these pavement models are compared with those
measured in the field from fill scale experiments made in
similar pavements. Although the deformation predicted
were consistent with those measured, weighting factors
were, as a rule, necessary, so that the computed values
coincide with those observed in the field experiments.
These calibration factors were specified for each layer.
The purpose of the field experiments involved was the
determination of the load-deformation
characteristics
of
subbases, either reinforced or not with geotextiles. Cycled
plate bearing tests were carried out on the various model
pavements. Model pavements were 4 by 4 meters in plan
and founded on generally weak subgrades. Loads were
applied through a rigid 0.3 meters diameter plate to
approximate wheel load contact area. Loads also have
magnitudes approximating standard wheel load and were
applied on variable thickness granular pavements either
reinforced or not with geotextiles. The geotextile anchorage
was sufficient to ensure that no lateral slip would occur.
The results were subsequently statistically analyzed so
that prediction formulas were developed through which the
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thickness of the granulw layer could be obtained. This
procedure, although it introduces inevitable inaccuracies, is
preferable,
since applying
a prediction
formula
is
considerably simpler than formulating and solving the finite
element program for any new set of data. Additionally, it
helps the study of the economic consequences of pavement
geotextile reinforcement. However, it should be constantly
kept in mind, (Palmeira and Cunha 1993; Douglas and
Valsangar 1991) that it is difficult to predict geotextile
reinforced pavement deformation by simple relationships.
More detailed information for the whole procedure is given
in Kokkalis, (1990).
The regression formulas obtained are, for pavements
without geotextile reinforcement:
1
eP1 = 13.07+18.5
+ ~ ~ (logN)~’

-3.4,

Q88

where:Ew

1
—+
~~

1.l(logN)o’88 +

(R= 0.991)

(1)

= 0.19H~5Es~

(2)

and in the case of geotextile reinforced pavements:
1
eP1 = 13.0 —+18.5—
0
Esgo
1

+5.1—
E~l

1
+1. 1(logN)o’8* +
HO#

+2 ~ (logN)l”2’
“

E~8

-6.2,

where:Ew = 0.12(logE~ )H~Es~

(R=

0.978)

(3)
(4)

where: ePl is the permanent deformation of the whole
structure measured in mm, EsG and E~~ are the resilient
modulus
of the subgrade
and the aggregate
layer
respectively measured in MPa and Eg is the resilient
modulus of the geotextile measured in KPa, H,~ is the
thickness of the aggregate layer expressed in cm for
equations (1) and (3) and in mm for equations (2) and (4)
and N is the number of standard load repetitions applied to
the pavement,
Care has been taken so that equations (1) and (3) yield
consistent results.
The limitations of the formulas obtained are: EsG t 50
MPa and Hag z 60 cm.
A sensitivity analysis conducted on the derived formulas
showed, as expected, that the single most important
parameter affecting the required pavement thickness is the
deformation behavior of the subgrade. Of most interest for
this research is the sensitivity of the design equation to the
thickness of the granular layer of the pavement and to the
resilient modulus of the geotextile: permanent deformation
is four times more sensitive to the parameter “thickness of
aggregate layer” than to the parameter “modulus of the
geotextile”.

Apart 13-omthe field experiments, the whole procedure
involved laboratory experiments for the determination of
the interfactional characteristics between the geotextile and
the surrounding material, the determination of the stressstrain relationship of geotextiles when acting in isolation
and when they are confiied
in the soil-aggregate
environment of the project It is this confined resilient
modulus (EJ that has been used in the analysis. To obtain
E~ a large shear box (30 X 30 cm) has been properly
modified so that it could include and stress a geotextile
specimen.
The specimen
was kept in contact with
representative
soil been laid underneath
and graded
aggregate been laid on top of the specimen, The geotextile
specimen in this soil-geotextile-aggregate
system was
subsequently stressed whilst been compressed by loads
equivalent to the traffic and dead loads which really apply
to the system. Apart from few difficulties which arose and
easily confi-onted this procedure
of determining
the
confined stress-strain behavior of geotextiles could be
regarded as successful (Kokkalis and Papacharisis 1989).
From the derived stress-strain diagram, the values of E~
used were those corresponding
to the actual strain the
geotextile develops in situ.

3

COST IMPLICATIONS
INCLUSION

OF GEOTEXTILE

Geotextile reinforced pavements, apart from offering certain
technical
advantages,
may consist
an economically
competent alternative
as well. Numerous
factors are
affecting the relevant economic
analysis,
so that a
generalized solution is unattainable. Each case study has its
own prevailing
economic
parameters.
It should be
mentioned herein that, fi-om a literature review it can be
concluded, that in cases of soft subgrades, geotextile
reinforced pavements usually present economic advantages.
The economic analysis of the reinforcing action of
geotextile is based on the obvious fact that the stronger the
geotextile, the greater the thickness of the subbase layer
which could be replaced so that the two structures have
identical load-permanent deformation behavior.
Apart from the substitution of part of the aggregate layer,
geotextiles been laid on soft subgrades might also indirectly
affect certain cost items by:
1. speeding up the construction,
2. creating a more solid working surface,
3. facilitating construction practice,
4. extending working periods,
5. reducing maintenance cost,
6. reducing vehicle operating cost,
7. making marginally rejected soil materials acceptable,
8. attaining higher factors of safety and
9. making the removal of soft surface layers not necessary.
It worth’s mentioning for item 5., that maintenance cost
for Greek secondary roads amounts up to 60% of the

original construction cost over the whole design life of the
road (Nikou 1988).
As it has been previously reported, all the above potential
indirect savings are very difficult to be included in an
economic analysis. In the analysis presented herein three
cost items are taken into account, i.e. purchase cost of
geotextiles and aggregate, transport cost and application
cost. It should be commented that the application of
geotextiles does not demand any specific machinery which
should otherwise be included as a cost item. These three
cost items have been applied to a number of pavement
construction
projects in Greece, where there were a
geotextile inclusion. It is obvious that the range of unit costs
is broad, whilst they are simultaneously critical for the
results of the evaluation. Typical unit costs used are (1 ecu
= 1.15 U.S. dollars):
1. purchase and transport cost of geotextiles: 1.0 ecu/m2,
2. application cost of geotextiles: 0.1 ecu/m2,
3. supply cost of aggregates: 0.08 ecu/m2/cm of layer
thickness,
4. transport cost of aggregates: 0.001 ecticm
of layer
thickness,
5. construction cost of aggregate layer: 0.02 ecu/m2/cm of
layer thickness,
From the above figures and through the equations (1) and
(3) it can be derived that, assuming the mean transportation
distance of aggregates as being 10 km, the reinforced
pavement would be cost-effective if the geotextile could
replace more than 10 cm of the thickness of the aggregate
layer. This is the case when Es~ z 40 Mpa. If Ese K 25 Mpa
then the reinforced pavement becomes less expensive even
if there is an adj scent source of aggregates. It is obvious
that as the subgrade becomes sofler, (in which case
geotextile inclusion becomes more effective) and as
acceptable aggregates can be only obtained from sources
being farther away, geotextile reinforcement
becomes
economically advantageous. The economic influence of the
resilient modulus of geotextile can hardly assessed, since it
means both higher purchase cost and higher replacement
potential. The quotation of the cases where geotextile
reinforced pavements are cost effective can not be farther
described, since the result depends on each specific data set.
Woven geotextiles possess much higher resilient modulus
and are simultaneously more expensive. It would have been
interesting
to evaluate the cost efficiency
of their
application on the base that they, obviously, could replace a
thicker layer of aggregates. However, the amount of bond
that a geotextile can develop with the surrounding soil sets
limits to the exploitation of very high modulus. In relevant
full scale trials slip surfaces evidently developed for large
deformations. It is accepted (Palmeira and Cunha 1993)
that, in the long term, the use of a highly tiictional medium
modulus (like non-woven geotextiles) reinforcements may
be capable of producing greater overall cost savings than
the use of high modulus geotextiles.
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CONCLUSIONS

The main conclusion drawn is that the cost implications of
geotextile inclusion in pavements depend on the specific
conditions of each project. In general, the thickness of the
unbound subbase, which the geotextile could replace, costs
as much as the supply and application of the geotextile
itself, provided that a non-woven product is selected.
Woven geotextiles
present
certain
problems
which,
combined with their higher supply cost, make their
application rather expensive.
The most important parameter affecting the economic
analysis is the load-deformation behavior of the subgrade.
As the subgrade becomes softer the geotextile inclusion
solution becomes cost-effective. Availability of acceptable
aggregate material is the next important parameter. The
economic influence of the resilient modulus of geotextile
can be hardly assessed, since it means both higher purchase
cost and higher replacement potential.
It should be mentioned that the analysis is limited in the
direct construction cost elements of the pavement. If other
indirect savings and conveniences, such as providing a more
solid roadbed, a shorter construction time, facilitation in
construction methods, savings in maintenance and vehicle
operating costs, increased factors of safety, acceptability of
marginal materials, were included in the analysis, the
economic supremacy of geotextile reinforced pavements
over weak subgrades is expected to become evident.
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ABSTRACT: This paper reports on the achievements in test research of applying needle-punched geotextile to prevent and
repair road frost boiling and its application and dissemination in Daqing. The indoor simulated tests and outdoor road repairing tests have been begun since 1990. By these tests and analysis of gained da~ the key technical question for preventing and repairing the road frost boiling have been solved and a complete set of design and construction methods also
have been summed up. Theory and facts have proved that it is the ideal method by applying geotextile to prevent and repair
road frost boiling in the seasonal freezing zone. This method is convenient for constructio~ excellent effect and notable
economic and social benefits.
KEYWORDS: Freeze/thaw Behavior, Geotextiles, Geomembranes, Road Construction, Separation
1

INTRODUCTION

Daqing Oil Field is situated in the middle of Songnen plain

in China, which is a seasonal freezing zone. During spring
thawing period, under harmful factors, frost boiling becomes so severe that about 20 km road needs to be repaired
in Daqing annually.
Many methods were tried to prevent and repair road frost
boiling for many years, but its effects are all unsatisfactory.
In 1990, a new way was found for preventing and repairing
road frost boiling, which is to employ geotextile. Facts have
proved that it is of excellent effat and notable economic
benefit to apply geotextile to prevent and repair road frost
boiling.

2
REASONS AND PREVENTIVE
ROAD FROST BOILING

METHOD OF

Road ffost boiling is a peculiar phenomenon in the seasonal
freezing zone . Frost effect increases the water content in
subgrade in winter, and the extra water can not be drained
off during spring thawing penw which makes subgrade be
over-moistured, and reduces its load-bearing capacity. Under the load of running trucks, there appears springing,
chapping, bulging and mud pouring, then the whole road is
destroyed.
Frost boiling results from the comprehensive effect of 5
factors such as water, soil, temperature, pavement and the
load of running trucks. According to several years experience on repairing road ftost boiling, it is believed that water
is the major factor of 5 factors. In Daqing the water in the
subgrade mainly comes tlom underground water, so the key
of preventing road frost boiling is to cut off the ascent of

capillary underground water. In order to solve this problem,
the test research of applying geosynthetics to prevent and
repair road frost boiling was carried out.

3

INDOOR TESTS

Two kinds of material, geotextile and geomembrane, were
used in the indoor tests.
3.1

Separating Water and Isolated Heat Tests

The selected soil sample was a clay with medium liquid
limit, a typical soil in Daqing. Its water content was 18.5%
and its dry density before test was 1.68 g/cm3. The soil
sample was put into five round freezing containers(shown
in Figure 1). Then the freezing containers were sent into
No.1

g

No.2

No.3

y~y!y

No.4

No.5

MT

supplyingwater

&

Figure 1. Sample model type.

heze room. The samples were froze from the top of fkeezing containers while supplying enough water to the bottom
of samples. Freezing continued 310 homx simulating the
soil sample’s natural state. At last, the test ended when the
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whole samples were frozen. All the measured data is listed
in Table 1.

Table 1.

The

measured

data

Sample for comparison
Content

Upper 10cm
Under 10cm

Upper 10cm
Under 10cm

No. 1
No.2
No.3
Measured value
Frost heaving amount
(mm)
(mm)
(mm)
(mm)
(mm)
9.0
11.7
11.6
3.4
1.7
12.8
8.1
17.1
14.9
12.0
Water content after freezing
(%)
(%)
(%)
-!/0
(%)
26.6
26.6
20.5
13.9
16,7
29.9
31.6
27.8
34,8
30.8
Temperature in the middle of samples
(“C)

At the be-

~2,7

ginning

Temperature
at top is -1
Air ;empera-

of
sample.
GeeGeomemb textile
rane
No.4
No.5

~.4

(“C)

(“c)

12.8

13.0

1.4

1.1

(“C)
-(”c)
AM.132 AT.12,5
BM11,7 B,T,13,6
A.M.-II A,T,1,1
B,M.-l,5 B,T,2,0
A.M.-2,1 AT,-2,6
B.M.-O,9 B,T,-1,0
AM-1,1 A,T,-1,1
B,M,-0,8 B,T..0,8

-35
-3.2
-2.7
ture is -9
Atthe end of -10
-1.7
-1.1
test
Note: A.M. is the abbreviation for above the membrane, B.M, is
the abbreviation for below the membrane; A.T. is the abbreviation
for above the textile B.T. is the abbreviation for below the membrane.

From Table 1 it can be seen that, after freezing under the
condition of saturation water, the water content of the upper layer soil sample in container No. 4 and 5 is eviden~y
less than that of the sanmles for comtmrison. and the frost
heaving amount decrew-s more than- 60’?40,
while the temperature under the geomembrane and the geotextile is
clearly higher than that of samples for comparison. Therefore, geomembrane and geotextile are rather effective to
separate water, and geotextile can particularly isolate heat
to a certain degree.

3.2 Freeze-thaw Resistance and Corrosion Resistance
Tests
A freeze -thaw test was carried out under the temperature
from -200 C to 10” C. After dipped into water, polyester
geotextile was made to undergo 300 freeze-thaw cycles. Its
tensile strength only decreased 2 l% as much as the original
tensile strength, which mean polyester is good at freezethaw resistance.
In the corrosion resistance test(resisting acid and alkali),
the polyester geotextile was soaked into the water solution
of different pH values, and measured its strength which is
listed in Table 2. The polyester textile was also dug out,
which was buried in soil (pH = 9) for two years, and its
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measured strength only decreased 1.9°/0. The above tests
proved that the polyester textile has a certain corrosion resistance.

Table 2. Measured strength of polyester textile in corrosion
resistance test.
pH value
Soaking
7.00
9.26
1.54
4.24
11.81
time
(days)
Tensile strength (N/5 cm)
775
877
805
786
723
90
738
795
787
786
649
180
Strength deCr=se ‘er
180 &lyS

7.8

0.7

1.7

1.9

19.0

(’%)

Notes: The original tensile strength of geotextile (500 g/m2) is
801 N/5 cm,

4

TEST ROAD

The test road section is on an Oil Field main line which is
10 m wide in subgrade and 7 m wide on bituminous concrete pavement. Most of the road sections are wet or overwet because of the high underground water level and the
water beside the road all the year. Moreover, a busy trtilc
of heavy trucks can be found on the road. There was always
frost boiling since the road was built up in 1984. Up to
1989, the severe frost boiling stopped traffic. It was determined to repair this road thoroughly and to build a test road
in the road section where frost boiling was most severe. The
test road was began to build in June 1990, and was completed in July. To meet test conditions, there was no drain
beside the road, and the height of subgrade embankment
was less than the standard so that the road was over-wet.
4.1

Test Plans

In view of the reason of road frost boiling, three tests by
sealing, separating and replacement were carried out.
4.1.1 Sealing in this plan
Ice gathering

zone in subgrade was wrapped

with imper-

meakle geornembrane in order to form a water-tight zone
for water in the vertical direction, to protect this zone from
water on the ground, to cut off the ascent of capillary underground water, to cut down the height of ice gathering
zone, to lighten the freeze and subsidence of subgrade, to
improve the whole strength of subgrade and prevent frost
boiling.
4.1.2 Separation in this plan
Separation, drain filtration and reinforcement chamcteristics of the geotextile were introduced to prevent road from
frost boiling.
During spring thawing period, the water content of the
subgrade is high and the strength is low. Under the repeat-

edly load of running trucks, base course material is easily
pressed into the subgrade soil, while the mud is easily
squeezed upwards. With these two acting together, then
there appears frost boiling. After geotextile has being laid,
there is no frost boiling. Having dug the road, it can been
seen that base course material does not mix with the subgrade soil. It is the geotextile that plays the role of separation.
The test road was dug to be obsesved the water content of
subgrade soil during spring thawing period. The result is
there was less ice grains in the soil above geotextile than
below it, and the water content in the latter was 1.1 times
that of the former. Both indoor test and field observation
prove that geotextile can cut off the ascent of capillary underground water from positive temperature zones to negative temperature zones.
Geotextile can drain water away in both vertical and
horizontal directions, The measured coefficient of permeability of the soil and the geotextile in the test road were
respectively 1.98X 10“4crrds and 5.5X10-1 crrds, the latter
being more than 2700 times of the former. Thus water can
be drained away along the cross slope through geotextile
when the water content of the soil below the geotextile is
high. In addition, geotextile laid between structural layers
and it can bear load together with road surface and subgrade, and spread stress. Therefore, geotextile reinforces
the road.
4.1.3 Replacement method
Replacement method, an usual method, is to replace the
frozen subgrade soil with non-freeze or weak freeze material in order to reduce the water content of the subgrade,
prevent subgrade from freezing and subsiding, keep the
stability of subgrade and protect road horn frost boiling.
4.2

Sections of Test Road and Pavement Structure

Based on the severity and contrast condition, the 550 m
long test road was equally divided into 11 sections in which
4 sections were for sealing test, 4 sections for separating
test and the other for replacement test.
The pavement structure was designed along with the 3’d
class road standard. The structural composition and thickness were determined referring to the requirement of
strength and freeze-thaw resistance, see Table 3.
4.3

The Selection of Gemynthetics

Table 3. Test

road
structural tvoe

Thickness
of the base
course

Sealing

structure.

pavement

Replacing embankment

Separation

~;l)

II-1 II-2 III-l III-2 III-3
~c~) (cm) (cm) (cm) (cm) (cm)

15

15

20

15

-

-

-

-

Lime soil
Soil

15

15

30

-Pm

20

40

-

-

-

30
One layer

-

-

-

Slag lime
soil
Gravel
lime soil

by

20

20

20

15

15

-

15

20

40

30

-

.

.

.

-

-

-

20

-

-

geo-

membrane
Soil
Geotextile
Sand and
gravel

-

Note: The road surface course is 9 cm thick bituminous concret%
the allowable rebound deflection of pavement is 0.57 mm (The
standard axial loading is 60 kN).

The mechanism of separation is similar to filtration
mechanism in irrigation works, requiring the effective
opening size of geotextile matches the grain diameter of
subgrade soil in order to protect soil horn capillmy rising
and drain water off without blocking. Then the following
formulation should be satisfied:
(1)

dls<Oga<d8s

where: 090, the effective opening size of geotextile; dls and
d85 are respectively diameter of protected soil grain with
85°/0and 15°/0passing on standard screen.
Strength according to reference, the tensile strength
should sati~ following formulation:
0.75<

transverse tensile strength
longitudinal tensile strength

<1,25

(2)

The selected geotextile should meet strength requirements, and should be durable enough to resist aging and
erosion by acid and alkali. Considering the widespread saline soil in Daqing, on the basis of indoor tests, field observation and relevant references on polyester geotextile, the
polyester geotextile was selected as working geosynthetics.

4.3.1 Geomembrane

4.4
The geomembrane is made of polyvinyl chloride(PVC),
whose density is 200 g/m2.
4.3.2 Geotextile

The selection of the geotextile is the key of the separating
plan. Geotextile should play roles of separation, draimge,
filtration and reinforcement, so its effective opening
size(EOS) and strength are very important.

The Determination of Location of Geosynthetics

Another key in both sealing and separating plans is to determine the location of the geomambrane and geotextile in
the road cross section. We believe geosynthetics should be
laid in the place with the most water content in the subgrade. Referring to the geological reference, the location is
0.6-0.8 m below the road surface, which was also proved
by field test. The detailed direction in construction is
shown in Figure 2.
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to be adopted.
The separating plan met the designed strength requirement with a little reduction of strength. For example, the
rebound deflection during spring thawing period in 1995
was only 7’%.more than that in 1994. Besides, it had a thin
structural layer, little amount of work, low cost ($17 per
square meter) and an excellent effkct. Especially, structure
of type II-1 is a structure with advanced technology and better economic benefit for preventing and improving road
frost boiling in freeze area.

+

I

--l1.5m

1.5mk

Type I
Figure 2. Road cross-sectional

Type II
profile.

5

TEST EFFECT AND ECONOMIC

5.1

Test Effect

5.2

.

BENEFIT

From the completion of the test road up to the end of 1996,
most of the sections worked well except some damaged
parts of the road surface on a few sections of sealing plan,
though the real traflic volume was 45’% more than the designed traffic volume. Since this road was built two year
systematic observation and three year detailed obsemation
on road surface streng@ evenness, crack, tkeze-thaw,
subgrade water content and freeze depth at 527 observing
places have been carried out , and more than 20,000 data
have been obtained. The measured rebound deflection during spring thawing period which is one of the major effect
factors on the roa~ is listed in Table 4.

Table 4. The measured rebound deflection of road surface.
Type
III-1
II-1
I-2
Mileage
250m-300m
300m-350m
350m-400m
1990 Oct.
1991 Apr.
1992 Apr.
1993 May
1994 Apr.
1995 May
1996 my

(mm)

(mm)

(mm)

0.094
0.395
0.391
0.350
0.365
0.409
0.388

0.129
0.352
0.418
0.378
0.509
0.545
0.494

0.160
0.481
0.556
0.556
0.793
0.973
0.845

The sealing plan resulted in a low road surface strength
and a large rebound deflection which were far from the design requirement. Especially the rebound deflection of type
I-1 road section during spring thawing period in 1994
reached 1.1 mm, and a 5 mz local part on road surface was
damaged. In addition, there were many underground pipelines across road in the Oil Field. The geomembrane will be
destroyed when these underground pipelines are dug out.
So, the sealing plan is unsuitable for using in Daqing Oil
Field.
The replacement method resulted in a thick pavement
structure layer and a greater reduction of strength. The rebound deflection during spring thawing period in 1995 was
12.1% more than that in 1994. Moreover, it had a too great
amount of work and too much cost ($18 per square meter)
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Economic Result

Referring to the settlement of test real the separating plan
saved $1 per square meter than the replacement method.
Because the test road worked effectively during the first
spring thawing period after its completio~ this technique
was disseminated in the same year, and the construction
method was improved, so $1.3 per square meter was saved.
In the past seven years, more than 640,000 m2 geotextile
have been applied to 45 roads(total length 50 km), and
saved $928,000 (direct expense). Besides, because preventing road from frost boiling and avoiding detours during the
construction period, the transport efficiency was improved
54%, and $600,000 transport expense was saved annually.
Therefore, both economic benefit and social benefit are notable.

6

CONCLUSION

Facts have proved that this is a new technique with convenient construction, excellent effect and notable economic
benefit and social benefit to apply geotextile to prevent and
repair road frost boiling in severe cold area. We believe that
the selection of textile and laying elevation are two keys of
this technique. In Daqing, the suitable geotextile is polyester geotextile with 500 g/m2, effective opening size being
0.08-0. lmm and laying elevation usually being about 0.7
m below the road surface.
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ABSTRACT
: While geosynthetics were considered for pavement reinforcement, the R and CBR properties are no
longer sufficient to govern the pavement thickness design.
Resilient modulus testing has replaced static penetration
testing as it more accurately simulales the in situ conditions on the pavement.
Usiog geogrids of different types, this
research studied their reinforcement effects on the subgrade, and the variatioo in rcioforcemcnt effects when gcogrids
were placed in varied depth during the application of repeated loadings.
Repeated load test results show that geogrid
reinforcement is highly effective as reflected in factors relaled to foundation stiffness and the amount of deformation
And it was found that improvement of the foundation stiffness is
associated with repeated addition of heavy loads.
significantly related to the stiffness and initial modulus of the geogrid.
KEYWORDS:

1

Bearing Capacily, Geogrids. Pavement, Reinforcement.

BACKGROUND

The function of geosynthetics in pavenlent reinforcement is
to reduce the amount of deformation when a pavemeni is
subject to loadings. Among various geosynthctics, geogrid
is preferable for pavement
reinforcement
under high
This is principally due to the interlocking
loadings.
between the geogrid and the soil.
The fimdamental

properties of geogrid, such as light weight, resiliency, ease
of installation, high modulus to strain resistance, acid
resistance,
and longer life span, make it an ideal
geosynthetic for such applications.
Previously,
the capacity of a reinforced
pavement
structure was determined
by static penetration
tests.
However, the actual loadings by vehicles are dynamic. and
such static tests my no longer meet today ’s requirements.
In this study. the effects of geogrids
in pavenlent
reinforcement
are examined
under d~mamic loadings.
Dynamic tests of this type are not yet in conmon practice.

2

COEFFICIENT

OF SUBGRADE

REACTION

The coefficient of subgrade reaction was originally
by Trezaghi (1955) :

defined

(1)

For cohesive soil. then

in

which

()

A+l
2A

ks=kp

ks = coefficient

of

subgmde

reaction,

y = deformation

under static pressure [m].
Coefllcient of subgrade reaction is frequently applied in
foundation engineering for the computation of stiffness of
subgrade.
Upon actual application. this coefficient needs
to be calibrated as provided by Terzaghi (1955).

soil, then

2

(3)

kp = coefficient of subgrade reaction derived

in which

from the test ; A = area of foundation.

: A p = area of

plate :
When the loading plate is of rectangular
2

shape, [hen

()

m +

ks=kp

0.5

(4)

1.5

in which m = size of the rectangular plate = L/B.(B:
width of foundation)
Many indirect ways andlor empirical formula are
available for calculating the coeftlcieot of subgrade react ion.
For example, from consolidation tests

1

ks =
mv

q = uniform loadings, Kpa :

(2)

For cohesionless

Y
[KN/m3] :

Ap
—
A

ks=kpx

in

(5)

XH

which

m v =

cocfllcient

of

volumetric

: H = 0,5B - 1.OB.( B: width of foundation),
or by CBR and the like. From the above. it can be seeu
that size. shape and rigidity of plate, soil properties, and
other variables can affect the coefflcieot of subgmde
reaction.

compressibility
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3

BEARING

CAPACITY

RATIO

( BCR )

5

TESTING SYSTEM SETUP AND
PROCEDURES

For more suitable application in pavement reinforcement
design , Bearing Capacity Ratio (BCR) is then suggested
by Mandal and Sah (1992) as follows :

BCR = ~
qm
qr=
in which
reinforcement

ultimate

bearing

: q ~lr = ultimate

‘\/-’\

(3)
=(1)

bearing

capacily

afler

capacity

before

I

by

MATERIALS

111this study,

weathered

weathered
Table 1

mudstone

is used to provide

General
nmdstone are shown in Table 1.

soil subgrade

layer

for the testing.

properties

the

of

Properties

Values
(% )

34,3

Plastic limit,
(% )
Plastic Index
Maximum dry density.
( g/cn13 )

21.6
12,7
1.68

Optimal Moisture Content
O.M.C. (%0)
Cohesion, (kg/cnlz)
Specific Gravity

17,5
0,5

Internal

2.7

frlCtlO1l allfde

17 “

The specimen was prepared usiog 95% compac[ ion and a
moisture content of 0. M. C.+2%, to lhe in situ condition.
As for geosynthe[ics, flexible geogrids of two different
strength levels are used and are identified as the H-gcogrid
and the L-geogrid.
Their general properties arc sho~vn in
Table 2 below.
Table 2

General Properties of Geogrids
H-Geogrid

Characteristic
Material
Size of opening
EIOIlgatlOII at breaking, %
Ultimate rib strength [kN/m]
Tensile modulus [kn/m]

L-Geogrid

flexible
flexible
polyester
polyester
2cnl x 2C111 2C111x 2C111
14
17
107.9
232.0
1657.1
634.7

: Rib tensile strength test was based on the method

of GRI-GG 1.
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system(2)Air tad

General properties of weathered mudstone
Liquid limit,

Notes

/—

(6)

reinforcement.
Using this ratio, the eflecl of reinforcement
geosynthetics under static pressure can be dclcrmincd.
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(3) Vdw (4)Prcs.viirtigauge
(.f)f/,]@wI (6)Test bOX ( 7)L[Jczd cc?!i
(A’)LVDT
C@i?d?r
(1 O)Bewn
(1 l) Electromagnetic
valve
(9)P1’m.Y/11’c
(1.I)ADKIA converter (14)Tune control cord
(12)/lmpl!jkr
Plate
(15)( ‘m?pulcr (16)L&serprrnter (17) Rod (l,Q)Loding

Figure 1. Layout of test system
The testing system used in this study is arranged according
to the resilient modulus testing device provided by Chang et
al, (1991), and the layout is given in Figure 1. A metal
box with a dimension of 0,457 m(length) X 0.457 m(width)
x ().762 m(hcight)
is used for molding soil specin~en.
Ncwmark Charts (Newmark, N. M., 1942) were used to
compute Ihe transfer of stress below the circular plate. To
enable the stress to decrease to the lowest level of 6%
undcmeath the center of circular’ plate, the thickness of the
soft specimen should be al least three times the width of
plate. For a plate of 0.1 ()16 m in diameter, the depth of
mudstone computed in [his test ~vas 0.3 m.
To cope with the pneamat ic system used in this test,
plates of t~vo differcn( dialnetcrs ().()5N3 m and 0.1016 m
were used.
The test w’as initially perfornled for each
geogrid in four runs at 4 different embedded depths, which
are 0.2. 0.4. 0.6 and 1.0 in terms of D/R (embedded
depth/radius of plate), Thedetermined best ratio was used
for the rest oft he tests.
AASHTO T274-82 (1983) method was followed to
perform the dynamic loading with levels of 19.6(0.2).
39,2( ().4),

58,8(0.6).

78.4(().8).

98.() (1.[)),

117.6(1.2),

137,2(1.4),
and 156.8(1.6)
Kpa(kg/cn12).
As this test is
related to the study of pavement reinforcenlent,
the typical
M~ Test delails were followed in Ihe selection of frequency

of loading, contact interval. and loading waveform. In this
case. the frequency is ().33 Hz, the contact interval is O. I
sec.. i)nd the loading is oft rian~~tlilr
waveform.

6

RESULTS

6.1

Effects of Stress
Embedded Depth

AND DISCUSS1ONS
Levels,

Loading

Numbers

and

Typical results are illustrated in Figure 2.
A higher
dynamic coet%cient of subgrade reaction was observed
under smaller stress, because smaller deformation resulted
under the smaller stress.
Under stress at the range
between 19.6(0.2) to 117,6(1 .2) Kpa(kg/cn12), the dynamic
coetlicient decreased abruptly,
When tbe stress is greater
than 117.6(1 ,2) Kpa(kg/cn12), the dynamic coetTcient
becomes constant,
To demonstrate [he trend of this curve,
more tests have been performed ming loading stresses of
29.4(0,3), 5S.8(0.6), 88.2(0,9). 117.6(1.2), and 147,()(1.5)
Kpa(kg/cn12).

increase
gradlmlly.
Reasons for this phenomenon could
be tbat:fi)tbe plate was not in complete contact with the
mudstone surface, resulting in a larger deformation at the
beginning: (repeated
loadings will compact the mudstone,
and when tbe mudstone is compacted to a certain extent,
the dynamic loading stress will transfer to a lower elevation
in the. mudstone.
After 150-200 loadings, a certain
degree of compaction will result, and the coet%cient of
s~lbgrade reaction becomes stable accordingly.
After 200
loadings. although the coefficient curve still shows some
uncertainties, generally speaking, the value is close to a
The occurrence of uncertainties
is relatively
Constanl.
rare in the case of a large plate,
This is because tbe effect
of uneven compaction on a large plate is insignificant in
comparison to that on a small plate,

.
Loading
120 -

plate diameter-5

.08cm

~

NO reinforcement

—

I [-(;cogrid

110 -

1(I3

-

—

:

80 -

o

3

~

00

Ido:iding plnte diameter-5.Oflcm

[

90 -

04

Loading

08

12

16

100 200 300 400 500 600 700 800 9(K31000

Number

20

stress ( kg/ cm2 )

Figure 2.

Responded dynamic coefficient of subgrade
reaction wit]] and without reinforcement

According to Cbang et al (1991) study. in the first c~clc
([he first 200 loadings) of the test. {he MK values could vav
in an irregular way, Several groups of tests have been
conducted to verify this phenomenon. and the results are
shown in Figure 3. Only H-geogrid, and 5.08cn~-plate were
used in these tests for determining number of loading for
the rest of the program.
It can be seen that doring the first
200 loadings, the dynamic coefficient of subgradc reaction
increases gradually. and afler the first 2[N loadi rigs, thc
dynamic coefficient of subgr%de reaction becomes stable
although
slight deviations
are still obsen’cd.
To
neutralize these de~riatioos, an averaged value was taken
from loading no. 201 to loading no. 500 as tbe dynamic
coefficient of subgrade reac(ion,
Regardless of whether the loadings are applied by tbe big
plate or tbe small plate, during the first 200 loadings, the
readings of tbe dynamic coefficient{ of subgradc reaction

Figure 3.
performance
6.2

11-Gcoglid

Significance

of

Loading

of loading

numbers

for

the

Effects of Geogrid Strcng[h

Figure 4, indicates that the best reinforcement occurs when
D/R = (),2. The effects diminish for deeper embedded depth.
For D/R 2 0,6. the effect of reinforcement
becomes
negligible.
These findings are eqllivalent to the studies by
Mi]ndc] and Sal] (1 992),
A series of tests were carried out at tbe best embedded
depth (i.e., D/R = 0.2). to compare
the effect of
reinforcement
by geogrids of different mesh sizes and
Findings indicate that the
plates of different dimensions,
strength of H-geogrids is two times that of L-geogrids;
~vhcreas tbe dynamic coefticienl of subgrade reaclion after
rcil~forcenlcnt by H-geogrids is more or less the same as
that by L-geogrids (Fig.5 and Fig.6). 11could be concluded
that the effect of reinforcement is not direclly related to the
strength of geogrids bill {bc tensile modulus (or stiffness) of
[hc geogrid materials.
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(1 )Tbe effect of geogrids
con firmed.

late diameter-1(1.lr$cm
-C.eogrid
-—
+
—

03

0.9

06

12

15

in pavement

reinforcement

is

(2)Tbe best reinforcement occurs when D/R = 0,2. The
effects diminish for deeper embedded depths,
For D/R
>0.6, the effect of reinforcement becomes negligible.

DIR=O. 2
r)/11=0.4
DIR=(I,6
Dm=l.o

(3)Botb tbe dynamic coefficient of sobgrade reaction and
[hc amount of permanent deformation can be used for
the determination of tbe effect of reinforcement.
The
effect of reinforcement
is not directly related to the
st rcngtb of geogrids but to tbe S1iffness of the geogrid
materials,

18

Loading stress (kg / cm2 )
Figore 4. Effect of different embedded depth for 10. 16CIU
diameter plate

t6-

CONCLUSIONS

(4)Tbe
Ie\el of tbe d!namic
coefficient of subgrade
reaction is related to tbc size of the plale, deformation of
gcogrids, and the interface properties between geogrid
and mudstone (such as interlocking. friction).
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Performance prediction model for asphalt overlays with geotextile interlayers
on cracked pavements
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model for the prediction of reflective cracking
on asphalt overlays with the use of a geotextile as interlayer, considering only the effect of traflic loads. The model is based
on an interpretation of laboratory experimental data obtained by Majidzadeh et al (1984). The finite element method and
concepts of ffacture mechanics are used in this process. It is shown that different mechanisms for the reflective cracking
process must be considered in fhnction of the temperature and a proposition is made of a general model.
ABSTRACT:

KEYWORDS:
1

The paper presents

the development

of a mechanistic-empirical

Reflective crack prevention, Pavements, Geotextiles, Finite element analysis, Asphalt overlay
q=

INTRODUCTION

Reflective cracking in asphalt concrete overlays placed over
cracked or jointed pavements is a major concern for design.
The interface between the overlay and the cracked
pavement is the best place to apply remedial measures,
since it is at this location that the controlling stresses for the
reflective
cracking
process
occur.
Geotextile-asphalt
interlayers are an effective solution but a comprehensive
design method is still lacking for cost-benefit evaluations. A
model is suggested for practical application and it is the
result of a mechanistic interpretation of laboratory test data
obtained by Majidzadeh et al (1984).

2

EXPERIMENTAL

DATA

Majidzadeh et al (1984) conducted repeated load tests on
beams supported by elastic foundation (Figure 1) with the
purpose of evaluating reflective cracking life of asphalt
concrete overlays applied over cracked pavements. They
performed tests with and without the presence of an asphalt
impregnated geotextile membrane interlayer placed between
the overlay and the cracked asphalt concrete (AC) or
Portland
cement concrete
(PCC)
layer. Tests were
performed at two temperatures (4.4°C and 22.2°C). The
asphalt concrete mix was a FAA P-401 with 5.9°/0 in weight
of AC-20 asphalt and 3.4% air voids. The existing crack
was sawed to a width of 3.2 mm. Several combinations of
layer thickness (h,, h~) and applied surface vertical pressure
(q) were considered for each test configuration.
Three
geotextiles were considered and designated as being of low,
medium and high tensile moduli. The performance of these
geotextiles on the increase of reflective cracking life was
nearly the same, with a slightly greater beneficial effect with
the ones of higher moduli. For this reason, the analysis here
performed employed the average of the test results for all
geotextiles considered. According to Majidzadeh et al
(1984), this result would be a consequence of the asphalt
impregnation with different rates (fi-om 0.3 to 0.9 l/m2) of
the three geotextiles, which tended to saturate them, leading
to a more uniform behavior.

O.17-O.35MPa

Asphalt
layer

hl
h,

PCC

$/

I

concrete

Geotextile-asphalt

II

orAC

Rubber

base

‘crack

(a = 3.2

Figure 1. The experiment of Majidzadeh

3

ANALYSIS

mm)

II

et al (1984).

OF TEST RESULTS

Two dimensional finite element modeling (plane stress) was
employed in the simulation of the test configuration of
Figure 1. Only standard constant strain triangle elements
were utilized for all materials, with a special mesh
refinement at the crack tip, Each analysis had the objective
of evaluating the stress state at the critical point in the
asphalt concrete overlay. This point is situated immediately
above the existing crack, on the underside of the overlay.
The parameter chosen for this evaluation was the distortion
energy density (Ud), which includes only the strain energy
due to shear, leaving out the volumetric strains, since these
latter strains are not related to fatigue cracking. Besides,
this parameter is known to be less susceptible to suffer
inaccuracies in the finite element method, when compared
to stresses or strains. For these analyses, the asphaltgeotextile membrane interlayer was not included on the
finite element mesh. So, even in the tests were the geotextile
was present, the calculated values of ud referred to a
situation where the
overlay was placed without the
geotextile. The observed number of load cycles to a
complete reflection of the crack (Nf) was correlated with the
calculated values of ud by:

Nf=A;

()

B

(1)

d

where A and B are material
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It was also analyzed the possible effect of the inclusion
on this regression of the overlay thickness (h I), in the form:

Nf=A1

()

B

(2)

h;

Ud

Regression results are shown on Tables 1 and 2, together
with the coefficient of determination (r*) and the standard
error of estimate (s). It can be seen that parameter ud is
strongly correlated with reflective cracking, independently
of support conditions, applied load and overlay thickness.
Besides, for T=22.20C the inclusion of hl on the regression
was significantly beneficial, while for T=4.4°C that is not
the case. At 4,4°C the correlation between Nf and ud is
stronger than at 22.2°C and, for this latter temperature, it is
highly desirable to include h] on the model. So, while ud
alone is sufficient to explain reflective cracking at 4.4°C,
there is an effect at 22.2°C that is controlled by hl. A
possible interpretation for these results is that there is a
stable crack progression through the overlay thickness with
load repetitions after the occurrence of fracture at the
bottom of layer, for the temperature of 22.2°C. At 4.4°C the
asphalt concrete mixture would be a Ilagile material,
making the crack progression to be of little importance in
relation to the period necessary for fracture beginning at the
critical point.
The inclusion
of a geotextile-asphalt
interlayer
significantly increases reflective cracking life, specially for
the lower temperature, as indicated by parameter A. At
4.4°C the influence of ud on Nf is strongly affected by the
inclusion of the geotextile interlayer, since the inclination of
the logud x logNf line changes from 1.883 to 0.8589. It is
impossible, therefore, to consider geotextile action as of a
Stress Absorbing Membrane Interlayer (SAMI) type, since
there would not be a well defined reduction factor that
could be applied to the calculated values of ud for the case
of overlay without geotextile in order to predict the greater
reflective cracking life with the inclusion of the membrane.
A definition of such reduction factor would require, instead,
the use of a reduction function (a reduction factor varying
with Ud), implying in a non linear SAMI action. This
hypothesis must, however, be discarded, in light of the
excellent correlation observed between Nf and the ud values
calculated without the inclusion of the geotextile interlayer
on the finite element analyses.

Table 1. Overlay without geotextile
T = 4.4°C
Eq. (2)
Eq. (1)
9.2624
4.3616
A
2.119
1.883
B
-----0.9074
c
0.874
0.851
r2
0.4906
0.4606
s
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interlayer
T = 22.2°C
Eq. (1)
8.765
2.051
-----0.784
0.6413

Conference

(9 points).
Eq. (2)
0.1514
1.8048
2.732
0.957
0.3095

on Geosynthetics

Table 2. Overlay with geotextile interlayer (6 points).
T = 4.4°C
T = 22.2°C
Eq. (2)
Eq. (1)
Eq. (2)
Eq. (1)
0.2356
A
1.178x104
1.307x104
15.87
2.4193
1.6227
B
0.8589
0.8796
------0.0967
-----3.6547
c
0.728
0.965
0.874
?
0.964
0.871
0.641
s
0.1291
0.1476

OVERLAY WITHOUT GEOTEXTILE

4

Several studies have shown the validity of Paris’ law for
fatigue cracking prediction on asphalt concrete (Luther et al
1976). According to this law, crack progression can be
predicted by a model of the form:
dc
x

b
= aK’

(3)

where c is the crack length, N is the number of cycles of the
stress intensity factor Kl, and a and b are material
properties. The stress intensity factor is a parameter that
describes the stress field in the vicinity of a crack tip.
The irregular path followed by a crack that goes around
aggregate particles puts doubts, however, as to the
relevance of stress intensity factors calculations on this so
heterogeneous material. The crack progression could be
viewed, maybe, as a sequence of discrete ruptures of
aggregate particles bonds along this irregular path. Besides,
the results on Tables 1 and 2 indicate that reflective
cracking life is controlled, to a high degree, by the
distortion energy applied at the critical point on the
underside of the overlay. Combining these two arguments,
one could describe the process of consisting of two stages.
During the first one, there would be happening the tlacture
under repeated loads of the aggregate bonds at the critical
location. Conventional fatigue laws under controlled stress
would be suftlcient to predict duration of this stage. Tensile
strength of the asphalt concrete is the major controlling
factor in this case. The fracture occurrence would imply in
the rupture of bonds of aggregate particles on the critical
location and an initial length for this original crack would
be on the order of magnitude of the maximum particle
diameter ($~w). After this, there begins a new mechanism
were the crack thus formed serves as a means to redirection
the dissipated energy to the formation of new free surfaces,
resulting on the extension of the crack. A low speed for
crack progression depends on the ability of the material to
dissipate strain energy through plastic distortion rather than
through formation of new free surfaces at the crack tip.
Therefore, a ffagile material will have a faster crack
progression than a more ductile one.
These considerations can be expressed by the following
model:

(4)

Nf =NO(l+FP~)P

%r =

~(h,-Lmx)

NO=M:

()

(5)

n12

where ER is the resilient modulus and v is the
ratio. For the asphalt concrete employed, values
10545 MPa at 4.4 “C and 3515 MPa at 22.2”C.
ratio was not measured and a typical value of
adopted, as is usual in pavement analysis.
Therefore, the following correspondence
established between equations (6) and (7):

where: No = number of load cycles for the tiacture on the
critical location of the overlay, where the distortion energy
density is equal to U~; Fm = crack progression factor (2 O);
a = mixture parameter related to crack progression under
repeated loads; M and n = fatigue parameters of the asphalt
concrete mixture.
This model implies in the fact that crack reflection life
(Nf) is controlled by the fatigue life of the critical region on
the underside of the asphalt concrete layer (NO),and that the
formed crack must propagate through the entire overlay
thickness (h,) from the initial fi-acture, whose length is of
the order of magnitude of $~... Crack speed progression is
controlled by parameter u, which is equal to zero when the
material has a fragile behavior and increases tlom zero as
the material becomes of a visco-elasto-plastic nature. If IX=O
(crack propagation is unstable) the value of ~ has not any
influence on Nf, but if u > 0 the value of ~ will influence
crack reflection life. Therefore, 13 is related to the stable
crack progression process and has the meaning of a tiacture
material parameter, in the same sense as with the fi-acture
parameters of Paris’ Law.
Parameters M and n of equation (6) must be determined
from stress controlled bending fatigue tests, which are well
known to represent ffacture formation at the critical zone
and do not incorporate significant crack propagation effects.
From analysis of several tests of this kind, the following
relations can be stated:
n

(7)
() E

n = 1.813 –0.104610ge K

(8)

where E is the maximum tensile strain applied. Parameter n
must be measured in repeated load or creep tests and
parameter K can be calculated by equation (8). In the state
of pure bending the following relation is valid:
1

‘=

[1
E~(l+u)

[1
E~(l

M=K

3ud

can

be

(6)

d

No=K~

Poisson’s
of ER are
Poisson’s
0.33 was

~
(9)

+ u)

“’2
(lo)
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Applying this relation to the values of M determined by
regression of data fi-om tests at 4.4°C without geotextile
(Table 1, equation 1), results: K = 6.8273 x 10-’ and
n=3 .77. Substituting this value of K on equation (8) the
predicted value for n is 3.78, which is nearly the same value
determined from regression. This implies that u = O for
T=4.4”C. At this temperature the asphalt concrete mixture
is, as expected, a fragile material.
Considering now the experimental data for T=22.2°C and
overlay without geotextile, the fitting of the model was done
varying u as the basic parameter and determining M, n and
~ by linear regression analysis. For any fixed value of cxthe
model adjustment to the experimental data is the same
(r2=0.957 ands = 0.3095). The absolute error of estimate is
the same as for the direct regression of equation (2). Results
are shown on Table 3 were it can be seen that exponent n of
the fatigue law is the same for all values of a and equal to
3.61, Only for a = 0.143 there is agreement between the
value of M predicted by equations (8) and (10) and the
value of M determined by regression to the experimental
data, as can be seen at the rightmost column of Table 3. The
resulting value of ~ is equal to 5.246.

Table 3- Model fittitw for T = 22.2”C.
Mn
K (x 10-s)
a
P
0.100
1.544
3.61
6.561
4.0731
0.120
1.428
3.61
5.833
3.7673
0.143
1.313
3.61
5.246
3.4587
0.150
1.278
3.61
5.103
3.3725
0.200
1.078
3.61
4.373
2.8446
0.500
0.494
3.61
3.054
1.3036

5

GEOTEXTILE

K(eq. 8)/K
1.178
1.089
1.000
0,975
0.822
0.377

EFFECT

The model for overlay without geotextile can be applied to
help in the interpretation of the data for the tests with
geotextile. The increase in reflective cracking life due to the
geotextile inclusion is given by:
AN =Nf

(11)

–Nov
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Tests

where Nf is the reflective cracking life with geotextile and
Nov is the predicted reflective cracking life for the overlay
without geotextile, as given by equation (4). Figure 2 shows
the calculated values of AN for the tests conducted by
Majidzadeh et al (1984), where it can be seen a clear
dependence of AN with Ud, the distortion energy density at
the crack tip on the overlay calculated without the inclusion
of the geotextile.
There is a trend for convergence for low values of ud of
the relations between AN and ud for the two temperatures
considered, allowing the proposition
of the following
model:

with

Gaotextile-Asphalt

Interlayer

looo -

‘4

(X%o)
1oo-

+T=440C

●
❑

++

❑

lo-

❑T = 22,20C

A

J

❑
3

❑

❑

❑

J

11
0

0.002

0.004

0.00s

0.008

0.01

0.012

0.014

Ud (MPa)

Figure 2. Increase in reflective cracking life with geotextile.
u,

~

(12)

AN = 5.0 x 105 —
() l!-cpa

where: ~ = -0.677 for T = 4.4°C (with mean error of 16 Yo)
and ~ = -2.10 for T = 22.2°C (with mean error of 27 ‘A).
There are several experimental evidences showing that
extension of reflective cracking life with the inclusion of
geotextiles is a consequence of a crack arrest process, in
which dissipated energy is deviated tlom the formation of
new fi-ee surfaces at the critical zone on the overlay to
propagation of a horizontal crack at the geotextile-pavement
interface (Montestruque 1996). In this way, the possibility
of writing equation (12) as an expression of experimental
data would be a result from a stable horizontal crack
progression, which could be described by a law analogous
to Paris’

6

CONCLUSION

Reflective cracking life of asphalt overlays with the
presence of an asphalt-geotextile membrane interlayer can
be predicted by first estimating reflective cracking life
without the interlayer (equation 4). This number of load

cycles is then added to the delay predicted by equation (12).
The model should be applied to field data in order to better
evaluate it’s consistency. Material parameters relevant for
the model are: a (degree of fragile behavior in fimction of
temperature), n, ~~m and E~ for the asphalt concrete, and ~
for the geotextile-pavement bond, at design temperature.

:=A

where 1 is the horizontal crack length, and A and B are
fracture parameters for the geotextile-pavement
bond. This
hypothesis will be valid only if B >0, since horizontal crack
progression speed must increase with the distortion energy
supply on the crack tip region. Integrating equation (13) and
considering that U,.i varies only slightly with horizontal
crack extension (since this horizontal crack is of small
length), one could write:

(14)

where l.ri( is the critical length reached by horizontal crack,
after which dissipated energy goes to the generation of new
fi-ee surfaces at the crack tip on the overlay.
Comparing equations (12) and (14) one concludes that
&=-B. Since ~ z O the condition B >0 is satisfied, giving

support to the hypothesis that increase in reflective cracking
life can be interpreted as the result of a deviation of
dissipated energy from the critical zone of the overlay to the

976-1998

generation of a small localized rupture between geotextile
and overlaid pavement.
Parameter
B influences
the
horizontal cracking process and is temperature dependent.
Since the bond and the other materials involved are of
asphaltic nature, this dependence is conceivable.
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EFFECTIVENESS
OF
BITUMINOUS PAVEMENTS
G. DONDI
D. I. S.T. A.R.T. DEPARTMENT
UNIVERSITY OF BOLOGNA,

SYNTHETIC

INTERLAYERS

IN

ITALY

ABSTRACT
The insertion of interlayers in bituminous pavements is quite widespread, although designers tend to use a wide range of
synthetic interlayers, from nonwoven low-modulus to high strength polyester geotextiles, not always on the basis of their
technical properties.
This paper describes the results obtained in an experimental
study carried out by our Department,
based upon a series of dynamic tests. In order to simulate the road pavement, full-scale square samples were employed: in a

steel box, partly filled with rubber, two bituminous concrete layers with different interlayers were placed. In some
specimens, deep artificial grooves were made in order to examine a damaged existing pavement. The specimens were
dynamically loaded up to failure, with the aim of achieving a simulation of fatigue failure, allowing to better understand
sample behaviour. Static tests were carried out at intermediate stages during the dynamic loading. The results of the
reinforced specimens, in terms of displacements and rut depths, demonstrated the advantages of interlayers insertion:
geosynthetics appear to be able to delay the surface cracking due to reflection of fissures from the underlying layers. Failure
cracking patterns can now be reported due to the completion of laboratory experimentation. Such patterns, which may be
very different in the case of overlays standing on pre-fissured bases, show the benefits of interposing geosynthetics in
pavements.
KEYWORDS:

Pavements,

Fatigue, Reinforcements,

Reflection, Cracking,

Prevention

The interposition of geosynthetics
as inter-layers in
asphalt pavements (often referred to as “reinforcement”), to
prevent the mentioned phenomena, is quite widespread and
has generally proved to be successful. Nevertheless, an
overall accepted design method still does not exist. There
are a lot of questions still pending regarding the best and
worst type of interlayer (nonwoven geotextiles, geogrids,
etc.), the appropriate
position of installation and the
opportunity of the insertion of interlayers also in new
projects.
A reply has not yet been given to all these questions;
however, with the laboratory experimentation described in
this paper and the information obtained in situ with another
experiment
underway, an attempt has been made to
contribute
to the assessment
of the behaviour
of
bituminous pavements containing
synthetic interlayers.
Only macro-reinforcement
we will be considered in this
article (Fig. 3); i.e., the interlayers that are well defined in
the bituminous mix. This subject has already been studied
in the past, fi-om a theoretical point of view by our
Department (Dondi and Righi, 1990), (Dondi, 1994) and,
more recently, a large number of experiments were carried
out. In an initial stage, for a preliminary static evaluation,
some “three point bending” tests on asphalt beams: without
interlayers (UR), with nonwoven geotextiles (GX) and with
polyester (PET) geogrids (GG). Then created 24 specimens
(1 .4x1 .4m) were created, having many different types of
interlayers and degrees of disturbance (Fig. 2).
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was, for many reasons, the three point bending test since
stresses and strains are more realistic. The samples were
100 mm wide, 85 or 100 rnm high, and 600 mm long. The
interlayer, when present, was placed 35 mm over the
bottom
of the sample.
The rate of loading was
approximately 50 mm/min’, as also suggested by Kunst e
Kirschner ( 1993) and all the tests were carried out using a
grade
bituminous mix, with a 5’?4. of 80/100 penetration
bituminous binder.
The grain size

Figure 2. Sample preparation:
artificial cuttings can be seen.

in some, the longitudinal

it’s well known that the reinforcement
of asphalt
requires high temperature resistant polymers: indeed, with
modified binders, during compaction, the mix reaches high
temperatures (140- 150 ‘C and higher). For this reason, it
was considered that the use of at least PP or PET
geosynthetics would be necessary.

curve of the aggregate is
distribution
represented in Fig. 4, with the binder fuse of the Italian
National Roads Administration.
As interlayers,
we employed
two geosynthetics
currently
used
for road pavements:
a nonwoven
polypropylene geotextile (Grab Test, ASTM D-4632: 18
kN/m, c~55?40); and a polyester woven geogrid (Tensile
strength: 60 kN/m). The tack coat was obtained with a
cationic emulsion containing 70% of 80/100 bitumen,
modified with 5 % Styrene-Butadyene-Styrene
(SBS-R)
modifier with radial structural arrangement.
Results showed that the most important improvement
with interlayers was the increased capability of bearing
high loads even ailer failure, i.e. a higher ductility.

0,01

0,10

1,00

Sieve diameter

10,00
(mm)

100,00

Figure 4. Grain size curve of the bituminous mix.
Figure 3. Detail of a polypropylene
specimen.

geogrid insertion in a
3.

The insertion of nonwoven geotextiles in a flexible
pavement generally causes a strength decrease, despite a
better overall behaviour. For this reason, some stiffer
geogrids or composites may be preferred. Furthermore, the
latter theoretically appears to provide a better solution since
it improves the linking with the upper bituminous
layer
also without any tack coat upon the interlayer surface.

2.

PRELIMINARY

PHASE

In the preliminary stage of the research, it was verified that,
according to Judycki (1990), the best loading methodology
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LABORATORY

DYNAMIC

TESTS

In a second stage described in this paper, we carried out
more specific dynamic tests in order to better simulate
traffic loads and boundary conditions (Dondi 1996). The
first step of this research project consisted in a comparison
of the results obtained with numerical models such as
BISAR (De Jong 1973) and F.E.M. non linear models (Fig.
5), such as FENLAP (De Almeida 1993).
FENLAP is a computer program written in FORTRAN
77 language by J.R.de Almeida. This program performs a
finite element calculation of an axi-symmetric solid and is
designed for the structural analysis of pavements. It can run
both on mainframe and on personal computers. FENLAP
uses rectangular elements, distributed over a rectangular

grid. A mesh with up to 23 columns

and 23 rows,
corresponding to a maximum of 484 elements (22 in each
direction) may be analysed. The maximum number of layer
which can be considered is 5. Due to the axi-symmetry, all
nodes on the left side of the mesh are assumed to be on
rollers, allowing vertical displacements
but preventing
radial ones. For the vertical boundary on the right side and
for the lower boundary, several boundary conditions may
be adopted as options. Nine different material models are
given as an option for the stress-strain relationships of each
laye~ the main models and
the corresponding
elastic
constants follow:

1) Linear elastic isotropic (all type of materials): 5
parameters, vertical Young’s modulus E and Poisson’s
ratio v;
2) Brown’s (free grained soils): 4 parameters, initial
Young’s modulus Ei ,v, A and B
As non-linear models can be used in FENLAP, the program
follows an iterative procedure in which the elastic
properties are successively adjusted, for they depend on the
values of stress computed. At each iterations, an error check
is performed by comparing the new elastic moduli with the
elastic ones determined in the previous iteration. If failure
criteria are considered the stresses are also compared with
the values obtained in the previous iteration. When both
errors fall below an admissible tolerance specitled by the
user, converge is said to be achieved and the iteration
procedure is stopped.
In particular, we tried to establish the different behavionr
of semi infinite and conllned multilayered system with trial
moduli. It was discovered that, in order to avoid
signitlcative boundary effects, the minimum dimension of
square specimens was approximately 1.5x1.5 m.
Consequently, we created a bituminous concrete strip,
approximately 36 m long, in two stages (two layers): after
completion of the first one, artificial cuttings were also
realised in some areas to represent the rehabilitation of a
fractured pavement.

x
015
I 0,05
0.00I
0.10

0.25

050

075

r (m)

~

0.00
002
005
0.10

I#lFF1-a

Table 1. Characteristics

of specimens tested

a) Non Lesioned bituminous concrete (NL)
a. 1) Unreinforced Specimen (UR);

a.2) Specimen with nonwoven geotextile interlayer (GX);
a.3) Specimen with hi-directional woven polyester (PET)
geogrid (GG) intertayer;
a.4) Specimen with hi-directional polypropylene (PP)
geogrid @A) interlayer;
a.5) Specimen with polypropylene (PP) geocomposite
(GT=GX+GG) interlaver.
b) Lesioned bituminous concrete
b. 1) Unreinforced Specimen (lJR);
b.2) Specimen with nonwoven geotextile interlayer (GX);
b.3) Specimen with hi-directional woven polyester (PET)
geogrid (GG) interlayer;
b.4) Specimen with hi-directional
polypropylene
(PP)
geogrid (R@ interlayer;
b.5) Specimen with polypropylene
(PP) geocomposite
(GT=GX+GG) interlaver.
GX: tensile strength S, = 18 kN/m (long.), 8 kN/m
(trans.); yield strain S,= 55% (long.), 40% (trans.).
GG: tensile strength S, = 60 kN/m (long,), 54 kN/m
(traUS.): vield strain E,,= ld~o (lOIl$Z~.
RA: tensile strength S, = 20 kN/m (long.), 20 kN/m

1
0.16

0.36

z (m)

Figure 5. Numerical mesh (of the samples) for numerical
analysis.

(trans.); yield strain ~ = 13% (long.), lo% (trans.).
GT: tensile strength S, = 20 kN/m ~ong.), 20 kN/m
(trans.): vield strain s,, = 13’%.floruz.1 10Y.(trans.).

0.26

0.46

Subgmdeof infimtestithess

Various kinds of interlayers were then insertd, these
specimens have the characteristics described in Table 1.
A steel box was then built to contain the asphalt
specimens and the underlying layers (Fig. 6). The load was
applied by means of a circular steel plate, with a diameter
of 0.3 m standing on a rubber layer with the fiction of
minimizing stress concentration related to plate stiffness.
To enhance only the behaviour of asphalt, and with the aim
of reducing the uncertainties as much as possible, we
decided to build the foundation bed with rubber.
This allows to minimise uncertainties related to resilient
behaviour of granular materials and increases the
reproducibility of the tests (Fig, 6).
Besides the traditional mechanical tests, other
experiments were carried out in order to assess the complex
modulus (EC)and the phase shift angle (q) of the asphalt
specimens.
From the laborato~ results of a simple static creep test,
we obtained at a temperature of 25”C: Ec = 800 MTa and q
= 40°.

All the asphalt specimens, made outside in a single 36
meters long strip as described previously (see also Fig, 2),
were then cut away, brought in the laboratory. and placed
directly on the rubber (settled down)in the steel box.
Hence, as far as stiffness is concerned, , the rubber
represents both the foundation and the subgrade layers. The
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asphalt specimens have a total thickness
arranged as follows (Fig. 6):

of 160 mm,

1. a 60 mm-thick asphalt layer bottom, in some cases
fissured (indicated in the text as “LE”, whereas the
other non-fissured samples are referred to as “NL”,) by
cutting it with a steel tool to a depth of 50 mm;
2. the interlayer, when present, fixed with a cationic
bituminous emulsion (1000 gr/m2 approximately ) tack
coat;
3. a 100 mm-thick asphalt layer top.
In order to evaluate the minimum thickness of overlays,
since some practical applications suggest that such a limit
exists, we also realised some “REVERSE’ samples (RE) in
which the bottom asphalt layer was 100 mm thick (instead
of 60 mm) and the overlay 60 mm thick (instead of 100
mm).
The load was applied with a hydraulic jack, controlled
by the data acquisition system, at a tlequency of 5 Hz. The
shape of the loading wave is approximately sinusoidal and
has an initial amplitude (AVO) of 60 kN, in the range 5-65

kN. During the tests and in some cases with very high
displacements, it was necessary to reduce this amplitude in
order to maintain the original frequency.
Two reference grid patterns, 10OX1OOmm and 50x50
mm in the central portion, were sketched on the surface of
the samples previously covered with white paint, to allow
reporting the failure pattern vs. number of cycles.
Surface displacements, at different distances from the
loading plate, were monitored with inductive transducers
connected to an Instron data acquisition system (Fig. 6 )

STEEL PL4ri

D.

4.

INTERPRETATION

OF RESULTS

At the end of the tests (each one is approximately three
days long), all the samples showed highly significant
permanent displacements (Fig. 7), although the degree of
damage was very different. Furthermore, cracks appeared
later in specimens and their extension was much smaller
than in samples without geosynthetics.

4.1 Cracking Pattern
As previously described, it is to be pointed out that the

failure behaviour of the various types of samples differs
substantially.
In non-lesioned samples (NL), cracking starts in radial
directions on the fkee surface: this behaviour was
previously observed by other authors (Kief et al., 1994, and
therefore we could assume that this is normal for

x

Y

Figure 7. A specimen after 5x 105 loading cycles

pavements whose unique factor of degradation is repetitive
loading. In lesioned samples (LE), the cracking pattern, as
shown in Fig. 9 for 5 x 105 cycles, follows the alignment of
artificial cuttings.
The estimation of the benefit brought by the interlayers
can be made by analysing the tables reported in this
paragraph.

Joomm

4.1.1 Normal Samples

RUBBER S.300mm

Figure 6. Sample composition.
In some tests, the acquisition
of the temperature
gradient to which the specimen is exposed during and after
the test, by means of a temperature survey in several points
980-1998
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The tables (Tab. 2 and Tab. 3) refer respectively to the
specimens NL and LE.
These tables summarize the percentages of damaged
surface (Al.,) in comparison to the total area (At), and the
decrease of cracking (AA1.,) in the different situations (UR,
GX, GG, GT and RA) in respect to the unreinforced the
specimen (UR) at the end of every single test, after 5x105
loading cycles.

The surface under the loading plate was not included in
the calculation of the total area.
Table 2. Percentages of the damaged surface in comparison
total surface o the specimen (PJL specimens).

to the

[

I

4m

E

~...

Table 3. Percentages of the damaged surface in comparison
to the total surface of the specimen (LE specimens).

Without

—

+-

r,, tt, ngs

-–

“~

—-

I

firir, th”,, t c,, ttlng>

Sample
LE-UR
(%)
38
-

Al,,lAt
AAl,,lAt

LE-GX
(%)
13
-66

LE-GG
(%)
10
-74

LE-GT
(%)
9
-76

LE-RA
(%)
17
-55

Figure 9. Cracking after 5 x 105 cycles in two samples: one,
on the left, has an interlayer (LE -GX) and the other does
not (LE -UR).
4.1.2

The benefit had by the interlayer seems extremely
high for all the type of interlayers and it is not excessively
influenced by its modulus. In particular if we consider the
NL specimens, we may observe a maximum improvement
of 60 0/0 (GG-PET and GT) while, for the remaining
synthetic interlayer, the benefit proves to be quite steady at
a range from 450/0 to 50°/0.

A

Reverse Samples

Also in these samples, characterised as previously specified
by a thin overlay, the insertion of an interlayer reduces the
cracking set, although the benefit is much more moderate
than in the previous case.
Table 4. Results of “REVERSE” (RE-NL) specimens.
RE
RE
RE
RE
Sample
RE
NL-UR
NL-GX NL GG NL GT NL RA
(%)
(%)
(%)
(%)
(%)
Al=,lAt
AA1.,JAt

--)

43
-

n.d.
n.d.

31
-28

28
-35

34
-21

The benefit achieved by the interlayer comes to a
maximum improvement
of 35
(GT) while, for the
remaining materials, the benefit proves to be quite steady
at a range ti-om 210/0 to 28°/0. Furthermore, with regard to
the “reverse” series and unlike specimens with normal
section, a very prominent, circular crack appears, at the
edge of load mark, from which the previously mentioned
radial cracks depart.
This confirms that the insertion of interlayers near the
surface, as was foreseeable, must be taken into account
with extreme caution.
0/0

–+.

–-.

~4LJ _

I 200
+–——

200
-

PaL1ern
,- Uttmg

vi

d.,,,

Figure 8. Cracking after 5 x 105cycles in two samples: one,
on the leil, has an interlayer (FJL -GX) and the other does
not (FJL-UR).

4.2 Settlements

Instead, with regard to the LE series we obtain an
maximum improvement of 74-76V0 (GT-PP and GG-PET)
while, for the remaining materials, the improvement is
sufficiently homogeneous with values between the 55°/0
and the 66°/0.
Therefore, the improvement is more evident for the LE
specimens although, also in this case, it is not strictly
proportional to the strength of the interlayers.

When analysing deformations settlement of non-fissured
samples (NL), it is necessary to point out the difference
(visco-plastic
between
permanent
deformations
and
reversible
deformation)
ones
(visco-elastic
deformation).
4.2.1 Visco-plastic

settlements

Permanent deformations, in the case there are no artificial
cuttings, depend on the presence of interlayers, as is
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pointed out by Fig. 10. In this case, it appears evident that
their extent is related to the modulus of the interlayer.
o
-5

-lo
v~

-15

G
.-o
3

-20

$

:;

8

L

-35
-40

-45 -~ -—--–+-

-- – t —–-—t—-

--–t-–— -4

0,00E+OO 1,00E+05 2,00E+05 3,00E+05 4,00E+05 5,00E+05
Number of cycles

Figure 10. Permanent
vs. No. of cycles.
4.2.2 Visco-elastic

deformations

Table 5. Continuous
logging of temperature
in the
specimen.
Probe 1 Probe 2 Probe 3 Probe 4
Load
Air
Cvcle
Temp.
Co
c“
c“
c“
x-l03
cO0
21.7
21.3
22.2
21.7
21.6
50
22.0
21.3
22.4
22.6
21.7
100
22.7
23.3
22.4
21.8
21.3
23.9
22.7
21.8
21.2
150
22.3
23.1
21.0
200
21.9
24.5
21.9
23.6
21.2
21.7
25.4
22.2
250
23.9
21.1
21.4
25.8
22.3
300
24.2
22.4
21.1
350
21.1
26.2
24.5
22.6
21.2
400
21.6
26.6
24.8
22.8
21.3
450
22.0
27.0
25.0
22.9
21.4
22.5
27.2
500

under loading surface

We now consider:
1. Lesioned specimen, without interlayers (LE-UR).
2. Lesioned specimen, with a nonwoven geotextile as
interlayer (LE-GX).

settlements

Instantaneous deformations, with analogy to the previous
case and in the same non lesioned condition, are also
influenced by the presence of inter-layers.
Hence, it’s possible to assert that, when there are
synthetic interlayers, NL specimens
stiffness (not the
resistance) increases in strict proportion to the modulus of
interlayers. The improvement is made much more evident
by increasing the number of loading cycles. This can be
explained can be explained, order than by the fatigue
behaviour, also by taking the specimens temperature into
account. In fact, this conspicuously increases while the test
is being carried out (Tab.5): this is due to the dissipation of
the deformation
energy, which is transmitted
by the
hydraulic jack.
oI-

In this case, maximum deformations (under loading) are
surprisingly similar for specimens with (GX) and without
interlayers (UR), while pseudo-elastic deformations follow
a different behaviour: atler 4 x 105 cycles, instantaneous
settlements significantly
increase in LE-UR specimens
while they tend to be constant in the LE-GX specimen (see
Fig. 12)
When analysing the total settlement of fissured specimens
(see Fig. 12), the two curves for UR and GX samples are so
close that no differences can be noticed.
So, contrarily to the NL case, we don’t record any
stiffness

increase

nonwoven

consequent

geotextile

to

the

introduction

Def under loading LE-UR
Def. under loading

_Perm.

-5
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g
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Numberof cycles
Figure

a

BEST FITTING CURVE

1
—

.:

of

in this case.

11

Instantaneous

deformations

under

O.OE+OO 1.0E+05

2.0E+05

3,0E+05

4.0E+05

5.0E+05

6.0E+05

Number of cycles

loading

surface vs. N“ of cycles.
It’s also particular interesting to compare the details of
the results obtained on two LE specimens, for which the
behaviour appears significantly different in comparison
with NL ones.
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Figure
cycles.

12. Settlement

under

loading

surface

vs. No of

When taking into consideration the elastic fraction of
the displacement, we can see that, prior to a certain number

of cycles (i.e. approximately 4x105, Fig. 12) the curves are
quite similar. After this limit, there is a rapid increase of
settlements in UR samples.
We can conclude that with LE specimens there is no
reduction of permanent deformation but that the overall
behaviour of LE-GX sample is better, considering the
increase of pseudo-elastic stiffhess.

5.

These cuttings were regularly
represent existing cracks (Fig. 15).

spaced

at 500 mm to

IN SITU TESTS

In order to validate laboratory
tests, we have created an
in a lane of the Centro
experimental
field by reproducing,

Padane Motorway S.p.A., A21 Piacenza-Cremona-Brescia
(Fig. 13), some sections very similar to those tested in the
laboratory.

Figure 15. Detail of the distance between the grooves.
Then interlayers of different types, similar to those
previously employed in laboratory tests, were laid down
only on some parts of the lesioned field, on a bituminous
tack coat (Fig. 16).
Finally, the lane was repaved with a layer of 90-100
mm thick asphalt. In order to evaluate the real traffic

volume and composition, we also arranged in the vicinity a
digital axles counter and an inductive load-measurement
device.

Figure 16. Detail of the reinforcement laying.
The experimental field, after nine months, performs
well and there is no evidence of cracking reflection, neither
in sections with deep cuttings and without interlayers, but
the test is still continuing
months.
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6.

CONCLUSIONS

The insertion of “high modulus” geosynthetics in upper
bituminous layers requires a correct sequence of the
following operations:
thorough cleaning, through blowing and brushing, of the
laying plane, or better through hydraulic jetting;
sealing of the possible cracks through bituminous coat
casting;
laying of a fwst bituminous emulsion tack coat, possibly
with elastomer;
laying of the interlayer by means of a roller, equipped
with clutch, able to provide low pretensioning stress;
settlement of the surface by means of a clipper shearing
machine for removing protrusions, resulting from a not
perfectly homogeneous laying;
laying of a second bituminous emulsion tack coat,
possibly elastomer (it is not necessary if geogrids are
used);
laying and compaction of the subsequent asphalt layer.
When summarizing
that:
●

●

●

●

●

●

●

●

the achievable

benefits, we may state

are particularly
outstanding with geogrids
and composites in critical conditions, such as heavy
loads and for overlays of intensely fractured pavements;
there is a significant improvement of the ductility of
bituminous layers;
with polyester geogrids, there is also a slight increase in
ultimate strengths, without interlayer failure;
in any case, also with nonwovens insertion with a good
tack coat, the presence of an interlayer delays the
cracking reflection and guarantees the durability for the
overlays;
the pseudo-elastic stiffness of the pavement is slightly
increased and the degree of cracking is, in any case,
much lower;
with regard to the reduction of cracking ratio, the
benefit brought by the interlayer seems extremely high
for all types of interlayers and is not strongly influenced
by the strengths and the moduli of this ratio. For the LE
specimens and therefore with regard to the reflection of
pre-existent cracking, the improvement is much more
evident than for the NL specimens;
it is absolutely unwary to place the interlayers too near
the surface: the minimum coverage is 70 – 80 mm
thick;
recycling is allowed.

advantages

When designing a reinforcement, the following criteria
should be followed.
When the geosynthetic is placed into the bituminous
layers, it is necessary to observe some simple, but basic
instructions during the laying of the interlayers: the laying
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stage is, in fact, fundamental,
principally in order to
guarantee a monolithic pavement. It’s well-tested, in fact
that an inadequate link between the layers, especially when
geosynthetics with high bitumen absorption capacity are
used, i.e. nonwovens and composites, can cause a quick
failure of the pavement.
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Geotextile Within Asphalt Overlay on a Brazilian Road: A 13-Year Case
Study
P.R Aguiar
MULTIGEO Eng. Associados, S?io Paulo, Brazil
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Professor, Geotechnical
Brazil

and Transport Engineering
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ABSTRACT: This paper examines the use of geotextile within an asphalt overlay on a rural road with medium traffic
13 years after application. Testing was carried out using four 300m long experimental sections of the road. Each one
was fimther divided in tsvo areas: a field test area with geotextile use and a control covered with ordinary asphalt.
Different thicknesses of asphalt overlays were used. Data concerning the current pavement surfiwe and structural stages
are presented and compared with the original ones. Finally, some conclusions about the four sections are drawn and the
concept of the techniqge employed is evaluated.
KEYWORDS:
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INTRODUCTION

The SP-52 in Siio Paulo, Brazil, carries medium traffic
from the city of Cruzeiro to the boundary between the
states of Silo Paulo and Minas Gerais. Local
temperatures range from 10”C to 38”C.
In 1984 asphalt overlays were laid on the road
in order to overcome severe pavement deformations.
Four experimental
sections with similar pavement
structures were chosen for this study and each section
was further dhidecl in two areas: one of them received a
geotextile reinforced overlay, while the second one was
covered with conventional pavement for comparison.
The present work examines the current road
compares
deflection
conditions
and
surface
measurements carried out in 1984, in 1985 and in 1997,
13 years later.

reflective crack prevention.

patches. To solve these problems the pavement needed
improvements in the base course and drainage system as
well as repairs to the cracked surfiwe course.

Figure 1: Previous pavement transversal section

*

3.50

3.50

;

Asphalt concrete (0,03 m)
Wet-mix macadam granular (0,15 m)
I Sub-base reinforced with chosen soil (0,20 m)

2

PREVIOUS PAVEMENT CONDITIONS

The transversal section of the SP-52, built in 1967,
cunsisted of a 0.03m thick asphalt concrete layer over a
O.15m thick wet-mix macadam granular base and a
0.20m thick sub-base reinforced with chosen soil, as
shown in figure 1.
In 1981 the Average Daily Traffic (ADT) was
1121 vehicles, 29% of which were commercial (trucks
and buses). In 1983 the pavement presented many
surface deformations
such as longitudinal
cracking,
alligator cracking, sinking, potholes, holes and localized

Four 300m long sections were chosen fw the
experimental design. Pavement structural conditions
were done by means of Benkelrnan beam deflection
measurements, taken in 1984 (before the overlay), in
1985 (4 months later) and in 1997 (13 years later).
Figures 2 and 3 show the internal and external lane
deflections, respectively.
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Figure 2: Internal Lanes-Deflections
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3

THE OVERLAY

INSTALLATION

Since there were no project criteria considering
geotextile reinforcement conditions in Brazil in 1984,
the sections were designed according to the usual
method based on USACE and thus ignoring the
geotextile reinforcement properties.
Each 300m long section was divided in two
areas with similar characteristics. The compositions of
the pavement sections laid on each of them between
May and June, 1984, are shown in figure 4.
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A 100 Y. polyester non-woven continuous
filament geotextile called BIDIM OP-20 (RHODIASTER S/A) was employed (200 g/m2, 15 kN/m wide
width tensile NF G-38014, 30-35’%.elongation). In the
beginning and at the end of each section the geotextile
was attached to the previous pavement with metallic
staples in order to avoid sliding.
Table 1 summarises the main occurrences
during installation (left and right sides of the road were
named considering the Mo Paulo (Cruzeiro) - Minas
Gerais direction), whereas figures 2 and 3 show
deflection measurements done in 1985.

Figure 4: Overlays transversal sections
4

300 m

~

K

300m

b;

-eotextile

m

n

1

m4
(),()3m

L 0,03 m

Binder

UIulI Previous Pavement
A-Section with Geotextile
B-Section without

Table 1: Main Occurrencesduring overlay installation.
Sections Lane
1‘T Tack Coat 2m Tack Coat Observations
1.A

0,90
Right
Len
0,87
2.A
Right
0,80
0,70
Lefl
3.A
Right
0,70
Lefl
0,60
4.A
Right
0,50
0,70
Left
(*) S50 PaulcA4inas Direction
(**) Cationic Asphalt Emulsion

4

0,50

0,94
0,90
0,62
1,00
0,90

1,40
0,90

Great number of wrinkles,some of them removed.

Right side without wrinkles; lefl side with few winkles,
eliminated by brushing; deteriorated base without any treatment.
Section in curve, with ocurrence of wrinkles in its internal side.
The geotextile was cut and juxtaposed with prior pavement.
Wrinkles removed by means of cutting and juxtaposing it with
prior pavement.

13 YEARS LATER

In 1995 an analysis made by the Departmentof Roads
of St?ioPaulo State (DE~ 1995) considered the pavement
with
14V0 of cracking,
0.05V0 of
area to be g@
potholes and 0.30?? of sinking. The ADT was then 1936
vehicles, 27°/0of which were commercial.
However, a more recent evaluation carried out
in 1997 showed that there was an accelerated pavement
damage in the last two years (figures 2 and 3). The
current surface conditions were considered regular, with
32% of cracking severity, 5% of potholes and 30% of
patches.
Table 2 summarises the observations during the
1997 evaluation.

5

CONCLUSIONS

The last deflection measurements presented in figures 2
and 3 as well as the surfhce deflations
observed
(table 2) lead to the conclusion that most of the analysed
sections are at the end of their expected lifdime. These

results differ somewhat fiwm the ones obtained in 1995,
when the pavement condition was considered good.
Comparing areas lB to 1A and 2B to 2A one
can conclude that the geotextile inlay acted as a
reflective cracking barrier, albeit there were no
significant differences either between areas 3A and 3B
or between 4A and 4B.
Although sections 1 and 4 had the same asphalt
concrete thickness, the former is very damaged while
the latter is in good conditions. The reason for this
disparity may lie on their positions on the road. Section
1 is located on a hill and immediately afier a road police
station, whereas section 4 presents no obstruction for
flee flow of commercial vehicles.
An intensive surface damage with alligator
cracking was observed in a small segment of area 1A.
Some small asphalt concrete pieces could be removed
and it turned out that in the damaged area the course
thickness was only 0.02m instead of the specified
0.03m. Therefore the asphalt concrete has come apart
from the pavement after 10 years in operation.
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Table 2: Conditions of the Sections in April 1997
Section Lane
(MG-Cruzeiro) (Cruzeiro-MG)
1A

Observations

Concevt

OK
BI
Block cracking
TT
Regular
TB
AI
TL+TT Ml
lB
TB
Al
ht.
Block cracking, alligator cracking
TB
AI
Regular
J
MI
Ext
AI
J
2A
OK
Int
MI
Several segments in good state and others Regular
TB
TL+T BI
AI
Ext
in regular state with alligator cracking
J
T
TL+T Ml
2B
Int
Transversal and longitudinal cracking
TL+TT
BI
Regular
T
few segments with alligator cracking
AI
TL+TT
MI
Ext
J
TT
3A
Int
BI
Segments in good state and others with
OK
Regular
OK
Ext
AI
alligator cracking
J
TT+T BI
3B
Int
OK
Segments in good state and others with
OK
Regular
L
Ext
AI
BI
TL+J
alligator cracking
TT+T
L
4A
Int
Gocd state
OK
OK
Good
BI
OK
TL
Ext
4B
Good state
OK
OK
Int
Good
Ext
OK
OK
TB: block cracking
TL: longitudinal cracking AI: high intensity
BI: low intensity
Ext: External lane
MI: medium intensity Int: Internal lane
J: alligator cracking TT: transversal cracking
OK Good
Regular: 25 to 50 Y. of surhx defects Surfhce cracking length lower than 3,5 m. PSI between 2,0 and 3,0.
Good: 5 to 25 ‘Y.surfhce defects. PSI between 3,0 and 3,8.
Int

Ext

Residual asphalt fbr geotextile impregnation
was used in much smaller amounts than in the USA, in
order to keep the geotextile drainage capacity and avoid
the usual exudation that occurs in tropical countries.
There are still few overlays with geotextile in
Brazil. A rise in such applications is expected, since
some highways are now private and their owners take
only high cost-benefit solutions. From our results it is
thus possible to advise a 20% increase in the asphalt
emulsion fix the forthcoming geotextile applications.
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Fracture Behaviour of Geosynthetics in Asphalt Layers
R. Lugmayr
Technical Consultant, Polyfelt Geosynthetics.,

Linz, Austria

ABSTRACT: The fracture behaviour of different overlay systems was determined due to a research from TscheS
et al
(1998). Using a new wedge splitting procedure with deep notchd drilling cores the fracture properties of the interfaces
geosynthetic reinforcement - asphalt layers and the resistance to crack growth of reflection cracks in three different overly
systems was determined in this paper. The test was carried out with a polypropylene needle-punched nonwoven geotextile, a
flexible geocomposite interlayer consisting of polypropylene needle-punched nonwoven reinforced with high streneti glass
filaments and a stiff polypropylene geogrid with a nonwoven fixed on the junctions. The result of the research of Tschegg et
al (1998) was evaluated and discussed in this paper from the practical engineers point of view.
KEYWORDS:
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INTRODUCTION

Formation
and propagation
of reflection
cracks
in
bituminous pavements are unsolved problems in theory and
practical application
until today. It is necessary
to
characterize the fracture behaviour of the basic components
in order to be able to calculate, model and simulate cracks.
The fracture behaviour and bond strength of bonds between
the asphalt layers, has to be determined.

Geogrids

Geosynthetic Interlayer is placed normal to the plane starter
notch and linear support. A deep notch simulates the
reflective crack up to the geosynthetic of the wearing course.
A crack is forward to (through) the interface into the
overlayer of the specimen during the fracture test due to the
splitting force (loading condition: bending).
Loadfmn king
‘F/
lM

Ga% Holder

h+zdire

/we@

The fracture behaviour of bituminous overlays and the bond
strength was basically investigated due to the research at the
Technical University in Vienna, Austria (Tschegg et al
1995a,b, 1997). [n order to characterize
the fracture
behaviour
of different overlay systems using typical
geosynthetic products further research (Tschegg et al. 1998)
was also done. The propagation of reflective cracks of the
whole

system

and crack

propagation

of the interface

7’

1/

was

The determined results are of great scientifical
and practical interest. The results are evaluated
and
discussed in this paper from the practical engineers point of
view. Preliminary a short description
of the research
procedure (Wedge splitting test and experimental details)
Tschegg and Co-worker (1998) is shown.
investigated.

if

Figure
1: Test arrangement
(according to Tschegg 1986)
2

PRINCIPLE

OF THE TESTING

properties

of

the

crack

Aquslmmt

‘C+mlentkw

drill

core-specimen

METHOD

In Figure 1 a core specimen of asphalt pavements with
mounted loading device and displacement gauge is depicted.
Specimens are placed on a narrow linear support in a
compression testing machine.
The specimen has a rectangular groove with a starter notch at
the bottom of the groove. For interface tests (fracture test of
the adhesive bond) , the specimens are oriented in a way,
that the interface is aligned in the plane defined by starter
notch and linear support. In order to characterize the fracture
mechanical

for

h4351a-b

propagation

the

Two load transmission pieces are placed in the groove and a
wedge is inserted between them. The wedge transmits a
force FM from the testing machine to the specimen. The
slender wedge exerts a large horizontal force component
and a small vertical force component
The force FM is determined

FH

FV on the specimen.

with a load cell in the testing

machine. More details of the testing method is described
Tschegg et al 1995a and Tschegg 1997.
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3

EXPERIMENTAL

DETAILS

3.1

Material,

shape and size

specimen

of +/- 0,5°C for approximately
temperatures were -10”C, 0°, and +lO°C.

accuracy

From a bituminous base layer sample, of Austrian standard
type BT I 16 (crushed aggregates, maximum grain size 16
mm, binder content 4.8-4.9 % of 100 pen-bitumen), plates of
70 - 80 mm thickness were produced. Compaction was
performed with a vibration roller. Thus the asphalt aggregate
mixture and production of the layer was similar to that, which
is used in road construction. The plate surfaces were treated
with a water jet until all binders and fine aggregates were
removed from the surface. In this way a road with traffic was
simulated.

Further drilling cores with a diameter

of 200mm and a
height of 120mm with and without interlayer
were
produced. In order to simulate a reflective crack the wearing
course was then cut down of 10mm above the interlayer.
Additionally two 50mm deep side notches were cut to
eliminate border influences of the specimen. The ligament
area has a dimension of 100x55mm and is large enough that
the size effect has no influence -on the test results. Two
stone plates were glued onto the front face of the drilling
core parallel to the starter notch. They act as a groove for
taking up the loading device. In the case of the stiff geogrid
interlayer it was distinguished between specimen with one
and two bars (Fig. 2) in order to evaluate the influence of
different bar number in the ligament area on the fracture
behaviour.

Investigated
interlayers
producer recommendations.

24 hours. Testing

were installed
according
the
Used interlayer systems were:

A) Geotextile,
flexible
polypropylene
needle-punched
nonwoven ;
B) Geocomposite, polypropylene needle-punched nonwoven
reinforced with flexible high strength glass fibers;
C) Geogrid,
stiff pre-stressed
deformation
resistam
polypropylene grid with nonwoven fixed on the junctions;
D) Control specimen without interlayer.
The complied load-displacement
curves (in the following
LDC) are characterizing the fracture behaviour fully, so this
curves were used as a basis for the following test evaluation.
The fracture energy (energy which is necessary to split the
specimen completely) describe the resistance against crack
propagation. The area under the LDC is proportional to the
fracture energy. The fracture energy can be obtained simply
from the LDC. After dividing the established fracture ener~
with the area of fracture (projection) the specific fracture
energy was obtained. This result is a parameter which is
independent of shape and dimension of the specimen.

3.3

Interface fracture behaviour

The different fracture behaviour of the four interface types
is best described by the shape of the post-peak section of
the LDC in Fig.3. Withou~ interlayer the curve drops ven
quickly after the maximum values has been reached.
compared to geotextile interlayer. This means that wih
increasing crack mouth opening, without inrerlayer no more

1 Web-specimen

2 Web-Spedmen

Figure 2: One and two bar specimen

3.2

Testing conditions and evaluation

The vertical load of the testing machine is the transfered
into the sample via a wedge (rr/2=1 5°) and two load
transferring pieces. The load is applied over a roller bearhg
in order to eliminate any friction forces which would
influence the results.
Testing was performed with a mechanical compression
testing machine with a load capacity of 5 IcN. Unstable crack
growth was not observed in any of the tests. The cross-head
velocity was 2 rnm/min in all tests. Before testing, the
specimens were stored in a cooling chamber with a control
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forces are transmitted, whereas with the fibers of the
nonwoven geotextile probably bridge the crack and allow a
transmission of forces (bridging effea). The surface
structure of the geotextil interlayer and rhe .geocomposite
interlayer do not differ considerably. Therefore the
geotextile shows a more shallow shape of the curve than
geocomposite only in the very late post-peak section of the
LDC. Due to the included glass fibers of the geocomposite
the stiffness increased slightly and reduces insignificantly
the bridging effect in the interface crack.
The nonwoven component fixed on the geo.gid is extremely
stiffened by the geogrid. The fibers are coarser, and the
fiber structure is more dense, which results in a smoother
and less felted surface of the nonwoven. With the geo~d.
the binder cannot guarantee the bonding of the fibers to the
base course. The bridging effect is thus small, as the
nonwoven can be easily delaminated from the base course.
This results in a much lower resistanm against crack
propagation compared to the other interiayer systems.

The area under the LDC represents
crack

propagation.

Figure

3 describe

the resistance
against
qualitative
the high

resistance
against interface crack elongation
of the
“Geotextile and the flexible Geocomposite”.
The low
resistance of the “Control and stiff Geogrid” specimen can
be also obtained from Fig. 3.
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3.4 Reflective Cracking Behaviour
\

The LDC of reflective cracking tests give the best overview
of high resistance against crack propagation of interlayer
systems. The fracture energy for the crack opening obtained
from the LDC are determined till the crack meet the overlay
surface.

!
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Figure 3: Load-displacement-curve
The obtained specific fracture energies Gf is direct
proportional to resistance against crack propagation. They
are drawn up as G4Gm, (Gtispec.
fracture energy of
specimen “Control”) in figure 4. The figure point out very
clear the excellent
performance
of geosynthetics
to
resistance of crack propagation at temperatures - 10°C to
- + 10°C. The “flexible Geocomposite” perform best of all
investigated geocomposites. Gf -values of the “stiff geogrid”
are not determined in the investigation Tschegg et al (1998)
due to the low adhesion bonding of the interlayer. At
temperatures O°C and 10“C the adhesive bond strength is
reduced due to the stiff geogrid. In fact, the specimen were
detached during testing and the determination of LDC was
not possible (’Ik.chegg et al 1998).
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For the long term behaviour of an asphalt wearing course
the energy which is consumed at the beginning of the crack
formation is decisive, where the cracked pavement can still
fulfill its function. Therefore the specific fracture energies
consumed up to a crack opening width of 4 mm at the
testing temperature of - 10C have been plotted in figure 5.
This figure point out very clear the highest values of the
consumed energy and the best resistance against crack
opening of the flexible Geocomposites.
This could be
observed from small to large openings of cracks. Under
equal conditions of loading the expected lifetime of the
system with flexible Geocomposites versus the other tested
systems is much longer.

0

-lo”c

O“c

+1

(YC

Figure 4: Specific fracture energy Gf/G~

More detailed information of increasing the resistance
against crack propagation in asphalt overlayers can be
found in the publication Tschegg et al (1998).

c!.{OD

[mm]

Figure 5: Supplied fracturt energy ace. to Crack-openingdisplacement
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DISCUSSION

AND CONCLUSION

The fracture mechanical parameters differ considerably for
different interlayer systems. A high resistance against crack

propagation is achieved by interlayers with flexible (low
stiffness) and a good bonding to the asphalt layer by the
polymermodified bituminous binder.

The described wedge splitting method is suitable for the
description of interface cracking and reflection cracking in
overlay systems. Drill cores can be used as specimens,
which are easy to be gained and handled, and need only
slight modification. The testing procedure is simple and can
be performed in a straight forward an inexpensive way.
For the practical engineer, this fracture test method can help

Maximum force values (Fmti ) from the LDC of the four
investigated overlay systems (taken from Figure 3)
considerable differences were found at O°C. The Fvalue
is comparable with the values of the pull-of-test. Specimen
without interlayer (“Control”) show the highest values.
However the highest resistance against crack propagation in
the interface are achieved with Geotextile and flexible
Geocomposite. The conclusion is that the adhesion bonding
(calculated of max. strength) gives no statement of the
fracture behaviour. Only the parameter Gf and a sound
evaluation of the fracture behaviour results in a respectable
statement of adhesive bond strength.
The normalized specific fracture energy GdGm (resistance
against reflective crack propagation versus bonding without
geosynthetics) shows the different fracture behaviour of
overlay systems much more precisely than the strength
values (calculated from F.m ) taken from the LDC.
A high resistance against crack propagation was achieved
with the flexible geocomposite interlayer with high strength
glass fibers at temperatures of - 10”C and O“C. At higher
temperatures, the differences were smaller.
The Load-displacement-curves
show the consumption of
energy during crack propagation as a function of Crackmouth-opening-displacement
and allow the judgement of
the crack retarding effect of interlayers. The optimum
performance is achieved by interlayers which consume most
of the energy in the early post-peak section. If this effect
starts at high Crack-mouth-opening-d isplacement
values
(i.e. in the late post-peak section) the overlay is already
cracked and the interlayer has no significant beneficial
effect.
It could be proven by the experiments (Tschegg et al 1998)
that interlayers with good bonding to the asphalt show the
highest resistance against reflective crack propagation.

5

SUMMARY

On different overlay systems, the fracture behaviour of the
interface between interlayer and asphalt layer have been
investigated with regard to reflection crack propagation
using the wedge splitting method according to Tschegg.
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to control and judge the construction quality of pavements
with regard to crack formation.
With reference to the maximum splitting force F~ti best
performance is shown by the conventional homogeneous
system without interlayer.
Due to the most inhomogeneous system the largest decrease
is given with the stiff geogrid interlayer.

The best resistance against reflective crack propagation
illustrated by the flexible geocomposite
geotextile interlayer.

interlayer

is
and the
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ABSTRACT: The use of Expanded Polystyrene (EPS) Geofoam instead of traditional “heavy” sand for pavement sub-base
can reduce or even eliminate the additional load on the subsoil, thus decrease or eliminate the settlement of pavement
structures on a compressible subsoil. The experiences with EPS geofoam are very promising but a uniform design procedure
does not yet exist for this type of structure. Optimisation of the existing EPS pavement design guidelines and their improvement has demanded materials research on EPS, the use of three dimensional finite element pavement models and in situ
fill-scale measurement. Extensive materials research provided data for the stress-strain response of EPS under representative

loading and environmental conditions. 3-D modelling enabled critical evaluation of existing design methodologies by
analyzing pavements with different roadbases, different EPS types and different asphalt thicknesses. In situ measurements
by means of built-in strain transducers in asphalt provided data for verification of the 3-D modelling.
KEYWORDS: Geofoam, Road Construction, Soft Soil, Finite element analysis, Material Tests
1

INTRODUCTION

This paper deals with the use of Expanded Polystyrene
(EPS) Geofoam as a light-weight sub-base material in pavement structures. In comparison with other sub-base materials
EPS has, besides an extremely low density and a low modulus of elasticity, a low water absorption and a low thermal
conductivity. Through a substantial reduction of the pavement’s weight, EPS as a sub-base material offers a major
new solution for reduction of the settlements of new road
structures and roads to be widened in areas with soils of
poor load-bearing capacity. Such areas are present in the
western and northern parts of the Netherlands. The application of EPS however affects the performance of the overlaying structure. To investigate, on one hand, to which
extent the EPS characteristics influence the overall pavement
behaviour and, on the other, the long term durability of EPS
in relation to varying environmental conditions, materials
research on EPS, in- situ measurements and numerical analyses of the structural behaviour of pavements with an EPS
sub-base have been carried out. Based on the research
findings the current Dutch design guidelines have been
revised and optimized.

2 MATERIALS

RESEARCH

The extensive testing of the EPS material involved the characterization of the elastic and permanent deformation behavior under both repetitive and static loadings, the water ab-

sorption of EPS, as well as the mechanical properties of
EPS 15 and EPS20 after water absorption and freeze-thaw
cycles (Du5kov 1997). Summarizing the experimental results
it can be stated that:
Cl EPS absorbs water very slowly and to a limited extent.
The maximum percentage of water, that EPS20 will
absorb, is 2’?40v/v. The maximum percentage will rapidly
increase, however, if EPS is overloaded and its cell
structure is damaged.
Cl The dynamic E modulus of EPS20 under the loading
conditions corresponding
to the maximum
expected
values for pavement sub-base conditions, has the values
which are somewhat larger than the value of 5 MPa
which is normally used in pavement design procedures.
Ci The Poisson’s ratio value of EPS20 of 0.10 seems to be
appropriate for design purposes.
Cl Low temperatures, water absorption level and exposure to
fi-eeze-thawcycles, separately or combined, have no negative influence on the mechanical behaviour of EPS.
Cl Under a static stress of about 20 kpa corresponding to the
dead weight of the pavement toplayers, the creep of
EPS20 amounts a few tenths of a percent. The practical
consequence is a small additional permanent vertical
deformation of the pavement structure caused by creep of
the EPS sub-base layer. The main part of this creep however occurs during construction of the overlaying layers.
Cl The ultrasonic test method has potential to be used on site
to determine the elastic modulus at various positions of
EPS blocks for quality control purposes. Additional work
has to be done, however, to validate the test procedure.
1998 Sixth International

Conference

on Geosynthetics

-993

3

IN SITU MEASUREMENTS

In order to get an insight into the structural behaviour of
flexible pavement structures with an EPS sub-base, asphalt
strains and surface deflections have been measured on the
Matlingeweg in Rotterdam. The considered pavement
structure was of interest for investigation because of its subbase, which consists of a 1.0 m thick EPS layer, combined
with a heavy trat%c loading. The measurements were carried
out by means of the Falling Weight Deflectometer (FWD)
and four strain transducers built-in at the bottom of the
asphalt layer. Overlaying of the pavement structure has
taken place much earlier than it was originally planned
because severe cracking occurred at the pavement’s surface
within a few weeks after reconstruction.
The temperature dependent behaviour of the asphalt layer
disables a direct comparison between the measured strain
values. It implicates that those values have to be translated
to a reference temperature before comparison. The back-calculated E-values in the pavement structure layers were used
to transform the measured asphalt strain values to a reference temperature and to present the trend of the transformed strain values as a function of the pavement structure
age.
The following conclusions and recommendationsregarding
the pavement condition in general (after 3 years in service)
and the elasticity moduli of the pavement layers in
particular are drawn:
D The back-calculated
very low E-values for the sand
capping layer (from 40 to 65 MPa) and the crushed masonry/concrete base (from 80 to 85 MPa) before overlaying highlight the inability of the EPS to provide a proper support to the roadbase in the considered pavement
structure with a 130 mm thick asphalt layer. Correspondingly insufficient support of the roadbase to the asphalt
layer resulted in a critically high asphalt strain of about
192 pm/m (T=20”C). Use of overestimated E-values for
the roadbase materials was probably the main reason for
the inappropriate pavement design.
Ci Open joints between the EPS blocks in a sub-base
can
have very serious consequences for the design life of
pavement structures, and thus have to be avoided by all
means. The joints between the blocks in various layers
should not coincide with each other. Open joints are especially risky in the case of an EPS sub-base which consists
of only one EPS layer. The longitudinal joints between
the EPS blocks should not be close to a wheel track. An
adequate (lateral) support of the blocks is necessary to
prevent any movement of the blocks.
Cl The back-calculated E-value of the EPS sub-base ranges
from 10.4 to 19.7 MPa, which is somewhat higher than
the elasticity moduli found in literature for the EPS types
under consideration (EPS25 and EPS30).
Ci The back-calculated
E-value of the asphaltic concrete
layer varied between 5,000 and 25,000 MPa, due to the
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temperature range of 0.2°C to 3 1.O°C, during the various
FWD measurements. The E-modulus was about 10,500
MPa for the reference temperature T=20”C.
Ci The E-value of the crushed masonry/crushed
concrete
base ranged from 140 to 600 MPa after overlaying. The
modulus found for the sand varied between 70 and 150
MPa. In some measurements the values found for the
crushed masonrylconcrete base were lower than could be
expected for this unbound material. In order to design an
appropriate pavement thickness on an EPS sub-base the
E-values obtained in this study for the unbound base and
sand layer are suggested to be used as input data in calculations of the design life.
Ci The asphalt strain remained more or less constant in the
3-year period after overlaying. The constant value of the
strain is a sign of a good condition of the pavement structure, The maximum horizontal tensile asphalt strain
amounts to about 85 pm/m at the reference asphalt
temperature of 20°C.

4

3-D FINITE ELEMENT

4.1

Modelled Pavement

ANALYSIS

Structures

The three-dimensional (3-D) finite element analysis of pavement structures with an EPS sub-base layer is necessary
since it allows modelling of the block structure in the EPS
sub-base, in contrast with two-dimensional or axial symmetric pavement models. Three separate 3-D analyses were
carried out. Firstly, a 3-D pavement structure model was
developed with a single vertical interface layer next to the
wheel load. Secondly, a polder road was analyzed: in this
case a much more complex model was developed to analyze
the effects of a) different block patterns, b) various EPS
types in the sub-base and c) a concrete capping layer, on the
stress and strain values in the pavement layers. Finally,
using experiences from the previous analyses, a model for
a motorway pavement structure was designed with a simplified EPS block structure to investigate the consequences of
implementation of EPS (instead of sand) on the behaviour
of (Dutch) motorway pavement structures.
The analysis of single-joint pavement structure model was
performed to investigate whether the existence of an open
joint in the sub-base does affect the pavement behaviour. In
this particular analysis one interface layer was used to
model the vertical joint. The wheel load was placed just
adjacent to the joint to enforce maximum shear forces in the
layer above the EPS sub-base. Also the effects of using a
concrete (capping) layer above the EPS sub-base and a
somewhat different EPS type were determined.
The polder road analysis was carried out because in the
western part of the Netherlands a great number of polder
roads are located in areas with a low bearing capacity
subsoil. These polder roads, constructed in the traditional

way on soft, saturated subsoil, are subjected to (uneven)
settlements. The use of EPS, particularly in the sub-base of
these roads, is likely to offer a solution for the settlement
problems by reducing the weight of the pavement structure.
Once designed, the 3-D polder road model enabled the
analysis of the effects of different block patterns in the subbase on the pavement structure behaviour. The complexity
of the model was defined by the need of modelling different
block patterns by means of a single mesh,
The last finite element analysis was performed on a model
for a motorway pavement structure with layer thicknesses
corresponding to the usual values for Dutch motorways (see
Figure 1). 3-D modelling of the heaviest loaded road type
was done to determine to which extent building-in of EPS
blocks in the sub-base influences its structural behaviour.
The reference was an identical structure with a sand subbase layer. Additionally, the effects of a concrete capping
layer above the EPS blocks were investigated. Based upon
the results of the previous analyses the motorway model was
simplified compared to the polder road model. A single
vertical joint was designed in the EPS layer and the axle
load was placed next to that joint.

Figure 1. Resulting deformations due to a 100 kN axle
load in a motorway pavement structure with an implemented EPS sub-base

All described models and analyses were realized by the
means of the three-dimensional version of the finite element
program CAPA ~omputer
Aided ~avement ~alysis)
(Scarpas 1995). The implemented
interface elements allowed a
flexible simulation of mechanisms
in joint faces making this
program one of the best of its kind.

4.2

Concluding

Remarks on 3-D Finite Element Analyses

Cl Open joints between the EPS blocks in the sub-base significantly affect the behaviour of pavement structures
with an unbound roadbase. The wide joints make it impossible to support properly the above-laid unbound base.
This results in insufficient support of the roadbase to the
asphalt layer. Consequently, higher stress and strain values occur in the asphalt layer under the wheel load with
as final result a shorter life of the pavement structure.
Ci Implementation
of a concrete capping layer above the
EPS sub-base neutralizes the (negative) influence of the
joints between the EPS blocks on the pavement behaviour. Such a capping layer ensures enough support to the
unbound roadbase layers above this layer, also in the case
of existing open joints between the EPS blocks.
El The maximum vertical stress values occurring in the EPS
sub-base layers under the 100 kN standard axle load do
not exceed the linear-elastic region experimentally determined for this material.
Cl Application of a denser (and more costly) EPS type with
a somewhat higher elasticity modulus in the sub-base has
only a very limited influence on the horizontal strain
values at the bottom of the asphalt layer and, therefore,
on the overall behaviour of pavement structures with an
EPS sub-base.
Cl In the case of the polder roads the existence of open vertical joints in the EPS sub-base results into approximately
10% higher horizontal asphalt strains under the 100 kN
standard axle load when a wheel load is located above
such a joint. Accordingly, if longitudinal open joints coincide with a wheel track it could lead to a reduction of the
pavement life with about qo~..
where the blocks are laid in various patCl EPS sub-bases
terns deform somewhat different under traffic load. Different sub-base behaviour occurs along the joints between
the EPS blocks. However, the absolute deformation differences are so small that the effects on the structural pavement behaviour are of no practical importance.
Ll The (negative) influence of the division of the sub-base
into two sublayers seems to be very limited. Still,
building-in the EPS blocks in at least two sublayers in the
sub-base is recommendable to avoid continuous vertical
joints. Avoiding open joints between the EPS blocks demands accurate laying and in order to do this it is easier
to use less thick blocks because block dimensions always
deviate somewhat.
Cl In case of the polder road, pavement strengthening by increasing the asphalt layer thickness with so~o (extra 50

mm) or by building-in a 150 mm thick cement treated
capping layer above the EPS sub-base appeared to be similarly beneficial with respect to the horizontal asphalt
strain. The realized asphalt strain reduction amounts to
approximately 30°/0 resulting in a 6 times longer pavement life.
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ClThe horizontal strain values at the bottom of the asphalt
layer of the motorway pavement structure with the sand
sub-base are approximately 40°A lower than the corresponding values above an open joint in the EPS sub-base.
As a result of this the reduction of the pavement life
would amount to about 12 times if the EPS sub-base has
been built-in with a wide joint exactly along the wheel
track.
D The implementation of a concrete capping layer above the
EPS sub-base enables the design and construction of
light-weight pavement structures with an EPS sub-base,
suitable for heavily loaded motorways. Its design life is
even longer than that of the corresponding traditional
structures with a sand sub-base.

5

DESIGN GUIDELINES

5.1

Current Dutch Design Guidelines

Generally speaking, the current Dutch design procedure for
pavement structures with an EPS sub-base includes three
steps. In the first step the list of requirements is being
established by defining both the boundary conditions and the
design starting points. In the next step it is checked whether
the implemented light-weight sub-base assures sufficient
reduction, if not elimination, of settlements without danger
of upward movements due to buoyancy. Repeated calculations for different sub-base thickness values in the assumed pavement structure lead iteratively to the optimum EPS
layer thickness. Finally the durability of the considered pavement structure and built-in materials is checked for the
expected traffic loading during the design life. Based on
these calculations the thickness of the upper pavement layers
above the EPS sub-base has to be determined.
The boundary conditions are: in-situ subsoil conditions,
groundwater level and traffic intensity. Important subsoil
conditions are the geotechnical profile, the density and
thickness of the layers, the sensitivity to settlements, the soil
mechanical history (settlements in the past) etc. The starting
points, i.e. arbitrarily defined preconditions, are: the pavement design life expressed as the number of 100 kN standard axle load repetitions, the street level, and pavement
material characteristics of the previously selected type of
pavement structure.
This design procedure differs to a certain extent from the
Dutch design procedure that is followed in the case of
application of a traditional sand sub-base. The differences
regard the weight-balance and the buoyancy calculations.
Both calculations serve the purpose of determining the
proper thickness of the EPS sub-base. With “proper EPS
sub-base thickness” is meant such a thickness that subsoil
settlements are eliminated or reduced to an acceptable
amount; water absorption in the EPS sub-base is taken into
account in the subsoil stress calculation by assuming an EPS
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density of 100 kg/m3. The excavation depth for the EPS
material may be restricted by considering the buoyancy
forces for the case of highest possible ground water level.
Even if areas are flooded the upper pavement layers must be
heavy enough to keep the EPS sub-base in position. In the
buoyancy calculation the dry density of the EPS sub-base
material is used. The minimum safety factor recommended
for buoyancy calculations amounts to 1.1 (De Wijs and
Hengeveld 1988).
Once the proper EPS layer thickness has been determined
the design procedure continues with calculation of the pavement design life based on the Shell Pavement Design Manual (1978). This mechanistic
procedure
is the main
pavement design method used in the Netherlands. The Shell
Pavement Design Manual considers the horizontal tensile
strain at the bottom of the asphalt layer and the vertical
compressive strain at the top of the subgrade to be of
critical importance for the design. The asphalt strain value
has to be limited in order to prevent asphalt fatigue cracking
while the limitation of the vertical strain serves to prevent
excessive permanent deformation in the subgrade. In the
Manual strain values are given as a function of the
allowable number of load applications. So, by knowing the
strain values, one is able to determine the pavement design
life expressed as ‘allowable number of 100 kN axle load
repetitions’.
5.2

Shortcomings

of Current Design Guidelines

The missing part in the discussed current design procedure
for pavement structures with an EPS sub-base is a design
criterion regarding the EPS material. There is no established
maximum value for either strain or stress occurring in the
EPS layer due to the traffic load, the limit value which
should not be exceeded because of negative effects on the
material behaviour.
The strain occuming in the EPS layer is a result of the
dead weight of the upper pavement layers, on one hand, and
the traffic loading, on the other. Generally speaking, the
higher the (static) strain component due to the deadweight,
the lower the (dynamic) component due to the traffic
loading. The static strain due to the dead weight of a thin
pavement structure (where a relatively high dynamic strain
can be expected) amounts to about 0.2’% (DuFikov 1997).
Cyclic loading test results point out that EPS 15 does not
accumulate permanent deformations under combined static
and cyclic stress of 15 kpa and 20 kPa respectively. The
related total strain amounted to O.6°/0. EPS20 resisted a
cyclic stress component of 30 kPa, i.e. undergoing cyclically
a total strain of about 0.7’Yo,without permanent deformation.
Based on the results reviewed above it may be stated that
as long as the elastic deformation in the EPS sub-base due
to repeated (traffic) loads is limited to 0.4’?40,then permanent
deformation of the EPS blocks is negligible and will have
no influence on the pavement behaviour. Therefore, the

design criterion for the EPS layer should be a maximum
strain value of 0.4’%0.
In completed pavement structures the strains in the EPS
sub-base due to the traffic loads are unlikely to be critical.
More problems can be expected in the construction phase
before all layers are built-in. If the EPS layer is overstressed
by the construction traffic driving on (unbound) base layers,
the effective EPS elasticity modulus is reduced and the
water absorption increases.
Pavement analyses by means of both multi-layer (Du3kov
199 1) and finite element models (Du3kov 1996) pointed out
a negligible influence of the EPS thickness on the structural
pavement behaviour. Due to the low elasticity modulus the
EPS block layer simply does not contribute to the load
distribution and fi.mctions only as a fill material.
Since the stress and strain values in the pavement layers
are independent of the thickness of the EPS sub-base it is
possible
rying

to determine

out settlement

the pavement

design

and buoyancy

value an unit EPS thickness,

life before

calculations.

During construction much attention should be paid to
proper placement of the EPS blocks. All joints should be
closed and load transfer across the joints should be promoted. As in the case with concrete block pavements,
filling of the joints with jointing sand is strongly recommended. In order to be able to fill the joints a V type
joint is recommended (Figure 2). Blocks with such joints
can be easily made.
The EPS thickness has a negligible influence on the
structural behaviour of the pavement. Therefore, first the
upper pavement layers should be designed by using an
unit EPS thickness, e.g. 0.5 m, and then, when the exact
dead weight of the upper pavement layers is known, the
weight-balance calculations should be performed and the
proper EPS thickness determined. The revised design procedure, including the e~Ps criterion, is shown in Figure 3.

car-

As input

e.g. 0.5 m, could be applied.

of such an approach is that the upper pavement layers can be designed first and their total weight thus
is known before carrying out the weight-balance calculation
and determining the thickness of the EPS layer.

The advantage

5.3

Revised Design Guidelines

, ——..

water. EPS 15 blocks will absorb more water, probably
about 3°/0v/v. Although these volume percentages are low
it means a considerable increase in weight which has to
be taken into account when designing roads with EPS
sub-bases. The usually assumed maximum density of
saturated EPS of 100 kg/m3 contains a high safety factor,
a density of 50 kg/m3 seems to be a more realistic value.
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Based on the considerations given in the previous chapters
the following guidelines for the design of pavements with
an EPS sub-base are given.
b In designing the pavement it must be realized that EPS20
blocks in contact with water will absorb about 2’7. VIVof
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Figure 3. Flowchart of the revised Dutch design procedure (incl. EPS strain criterion) for flexible pavement structures with an EPS sub-base

Figure 2. Filling up of joints between deviated blocks
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life. The EPS block
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longitudinal

pattern

joints

are

between the wheel tracks.
Q AS long as the elastic deformation due to repeated (traffic) loads is limited to 0.4Y0, then permanent deformation
of both EPS 15 and EPS20 blocks is negligible and will
have no influence on the pavement behaviour. Therefore,
the vertical strain value of 0.4~0 should be used as the
design criterion for the EPS layer.

o During the construction phase, which is the most critical
phase, special measures (such as steel planking) should or
could be taken to ensure that the maximum allowable
EPS strain value of 0.4% is not exceeded. Overloading

b

0

D

Q

b

EPS results in a lower modulus of elasticity and a higher
water absorption.
The presence of an EPS sub-base in a pavement structure
has a significant influence on the stress and strain development in the pavement. Ifgranular materials areplaced
immediately on top of the EPS layer then the stiffness of
such a layer is low and in fact much lower than is
normally expected. Consequently, unbound material modulus values reduced up to 50% should be used as input
data for design purposes.
Unbound base materials that have the potential to
develop a high stiffness do not pay off. Also relatively
expensive self-cementing
materials (e.g. blast fismace
slags) seem to be not adequate above an EPS sub-base as
cementing does not develop because of a significant
amount of movement in the structure caused by the heavy
traffic loads.
For design purposes a minimum elastic modulus of 5
MPa can be adopted for EPS20. In the case of EPS 15 a
minimum modulus of 4 MPa should be used.
Neither the modulus of EPS nor its other characteristics
will deteriorate due to environmental
influences like
repeated wetting and freeze-thaw cycles.
The application of denser (and more expensive) EPS
types with a somewhat higher elasticity modulus has no
significant effects on the overall pavement behaviour. The
use of EPS 15, the lightest EPS type, instead of EPS20
can reduce the material costs considerably. However, one
has to realize that the vertical strains in EPS15 will be
about 1.25 times greater than those in EPS20, while the
criterion e~P~ S().4Y0 is still valid.
Application of a cement treated capping layer on top of
the EPS sub-base has a tremendously beneficial effect on
the performance of the pavements. Such a capping layer
neutralizes the effects of open joints between the EPS
blocks, guarantees sufficient support to overlaying unbound base material even under high traftlc intensity and
eliminates any restriction for use of cheaper low-density
EPS types. A cement treated capping layer is therefore
strongly recommended.

998-1998

Sixth International

Conference

on Geosynthetics

o Although additional work needs to be done to validate the
test procedure modulus testing by means of the ultrasonic
method is very promising for quality control of the blocks
on site.
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Particles Washout Associated
Graded Soils By Geotextiles

With The Retention

Of Broadly
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ABSTRACT: E@neering sense suggests that the filtration opeuing size OFof a tilter does not need to be smaller than the smaller
particla of a retained base to fidfill its function. Research on the filtration of broadly graded soils has shown however, that some
finer particlesare washedout in the prowss of soil filter bridge formation near the interface zone. The model proposed by Lafleur
et al. (1989) relates the mass of washout and the associated settlement to the retention ratio of the combination RR (= O#dI ) and
to the broadness wefiicient of the retained soil Cn(= O#dO). Compatibility tests between square mesh sieves and and three diiferent
broadly graded bases were made. The results have confirmed the validity of the existing model.
KEYWORDS: Filtration, piping, Gradient Ratio tm woven geotextiles, seepage control.
1

INTRODUCTION

The main function of a falter is to retain soil pmticles without
alteringthe flow of water. Current selection criteria are based on
geometic and hydraulic considerations supplemented by
experimental evidence from which success or failure has been
aasewed.Successinvolves implicitly that there is no washout of
soilparticles.Girand (19%) admits however, that soil retention
does not require that the migration of ~ soil particles be
prevented. Soil retention simply requires that the soil behind
the jilter remains stable. The amount of washout has been
recognized as an important factor in the interpretation of
compatibility tests (Austin et al., 1997, Fannin et al., 1994,
Honjo et aL, 19%, Lafleur et al., 19%, Bhatia et al., 1996). The
overall pdormance of a drainage structure is related to the
washout that produces two detrimental effects:
●

●

fbrmatmn
“ of voids and caverns near the filter interface, that
transmit uneven subsidence at the surface;
ftig
and clogging of downstream water conveyance
systems.

The severity of the loading is not the same for every application.
For example, a dynamic environment such as beneath roads or
erosion control applications is more agressive on the particles
than a static, continuous flow. The consequences of washout
may also vary. In dams, concentrated washout and piping lead
to the formation of sinkholes at the crest. Austin et al. (1997)
have demonstrated that a 150 mm diameter and 100 m. long
drainage pipe with a 3% slope can be completely ffied at the
lowest point m the profde when washout is in the order of 0.25
kglm’.
2

PREDICTION OF WASHOUT

Befine a tilter/base combination attains equilibrium, appreciable
washout can occur, especially in broadly graded soils. Latleur et
al. (19%) have shown that for nonwoven geotextiles, the

particles migration is less than 2.5 kg/mz provided that for
internally stable soils,

where:
&=
retention ratio= OJd,
OF= fdtration opening size obtained from hydrodynamic
sieving
dI = base indicative size
= d,, for nnifinm soils (Cus 6)
= d50 for broadly (CU> 6) linearly
graded soils
= d,O for broadly wncave upward graded soils
= d~ for broadly gap graded soils (d~ is the lowest
size of the gap)
For internally unstable or suffosive soils, the filtration
pmwss is different. Suffosive soils are broadly graded with
gradation curves that are markedly concave upward or that
show a gap below 30°A passing. It has been shown by
Kenney and hl (1985) that for such soils, finer piUtiCkS CSU
move within the warser grains skeleton. These movable
particles can form a cake near the baadilter interface ifO,
is too small. This phenomenon is called blinding or external
clogging. To avoid this risk the falter must have a minimum
opening size. At the other extreme, to avoid piping, OF must
be less than a given value, d, = d,. and

I

I< RR<5

Laflenr et al. (1989) have studied the self-filtration or
bridging that develops near the interface zone separating
broadly graded soils from falters. They presented a model to
evaluate the amount of base washout MP induced in the
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I

process and the associated settlement AFL Some assumptions
had to be made:

m

the combination is compatible i.e. the retention ratio is
smaller than 5;
the soil near the interfaee is divided into m layers, with

m-

[ II
logcB
—
bgR;

and C*= broadness
wseffKient
= OJdO

all the fines smaller than the opening size of each upstream
layer am washed out. The wmstriction size of the remaining
particles is equal to their minimum grain size divided by the
ratio R~ taken equal to 9 (Sherard et al., 1984).
1

‘Ile induced settlement is given by

Fig. 1 Filtrameter for screen tests

JS (D)

pj = percent m -

finer
than(o#Rfyoriginallypresent in the

jthlayerandi=j-1

The mass of washout is equal to
Adp - PD.

AH

I

where p~=drydensityof the base

The soilswere reconstituted either tim natural surrounded
pmticles(G) or sphericalglassbeads (B) comprised between
0.1 and 19 mm in size. Their gradations are described on
Fig. 2 and Table 1: mctilinem (R), gap-graded (D) and
eancave upward (C). They are internally stable and broadly
graded. Although their coefficients of uniformity varies
between 7 and21, their coefficients of curvature do not lie
beween 1 and 3, so they cannot be classified as “wellgraded”. Their indicative size d, (arrows on Fig. 2) varies
between 0.7 and 3.0 mm.

An extensive testing program was designed to bring some
experimental support to the above model and to veri@ the
accuracy of the assumptions.
100

3

XI

TESTING PRGGRAM

The program involved

so

broadly graded soils with diffkrent

--W
square mesh sieves. The filtrameter shown
on Fig. 1 was used. Its diameter is 197 mm such as to minimize
wall cihcts far samples containing coarse particles. Four lateral
piezometers at distances of 55,90, 130, 180 mm respatively
fium the inter, allowed the evahwdon of the local permeabilities.
Water was circulated downward at an overall gradient of 5
through the soils. The downstream part of the fiitrameter was
submerged to maintain positive pressure head throughout the
samples. TIE *X
W=
19.1,9.52,4.76
and 2.00 mm
and the filters designated 19, 10,5 and 2 respectively.

70
60
50
44
30
m
10
0
0.01

0.1

1

10

103

Particles size (mm)

Fig. 2 Gradation curves of tested bases
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Table 1 Base soil gradation properties

base

d10
mm

d 85
mm

d,
mm

c“

cc

R

0.29

6.6

1.8

6.9

0.77

D

0,22

11.8

0.7

20.0

0.31

c

0.37

13.6

3.0

18.9

3.59

Physically, when
the ratio
between the solid retention
structure
(filaments) andthe openingvoids is higher, there is datively
more surhce to retain particle so that bridging and retention
are easily promoted. Girvud (19%) arrived at similar
conclusions when he demonstrated that fm nonwoven
geotextiles with given thickness and fibres diameter, the
opening size is smaller with lower porosity.
Table 2 Tests results and comparison

The tests lasted 150 minutes and vibrations were applied by
@p.ti ~
a rubber hammer on the sides of the Permeameter.
awm~mtibof the shape of the local
penneab@ curves. At the end of the tests, the mass of passing
particles was recoded and the samples were cut fm gradation
analyses into 5 slices, limited at the top and at the bottom of the
sample and at the level of the piezometers.
4

RESULTS

The Table 2 gives an overview ot the test results. The retention
ratiol?~of the COmbilMltbSVlllkS
between 0.7 and 27 and those

for which the model applies (RA< 5), have been highlighted.
One can apreciate the convergency between the model and the
mmmmments, from the computed relative errors A. It appears
that, although the meamwmnts are in the same order of
magnitude as the calculation% the model ~~aates
the
amountof washout. The shape of the particles may have played
a role since fm a given opening size, the washout is nearly the
double with the spherical grains (tests B). These are more
mobile than the surrounded particles G and thereby, more
susceptible to washout.
The Fig. 3 is a logarittunic plot of the mass of washout versus
the retentionratio for all the tests of this program: Mp increases
regularly with Rfi At the critical R=-value of one, the plot
&die@esthatMp varies between 8 and 50 kg/m2, which is more
than the previously rnedonned limit of 2.5 kg/m2. This
discrepancy can be selated to the structure of the filter. The
metallic mesh sieves used in the tests are similar to a woven
geotextile and they have a large Percent Open Area (POA),
varying between 62 and 750A. This is much more than the
cmmntwoven g@extibibr which POArangesbetw~l
and
20%
(Mlynarek and Lombt@ 1997), For purpose of
compthe results of compatibility tests made by these
authom (designated ML) have been reported on Fig, 3. They
have been&ssi6edaslowPOA
(s 10’%0)
and high (40%> POA
> 1
obvious: for a R~-value of one, Mp is
expudto 0.24 kghuz for POA <10 and to 0.92 kg/m2 fmPOA >
(lo/o).

The

irdhence

R,

M, (kg/al’)

AH (mm)
mess

talc

A‘Yo

mess

Calc

A%

GR19

10.6

137.0

201.0

GR1O

5.6

52.9

88.4

GR5

2.8

15.5

13.4

-14

27.1

18.6

-31

GR2

1.1

5.1

11.3

+122

7.5

15.7

+109

BR19

I 10.6

394.8

BR1O

5.6

366.0

BR5

2.8

23.9

9.4

-61

41.0

14.5

-65

BR2
%

1.1

6.8

7.3

+7

12.0

11.1

-8

27,1

76.0

128.8

GD5

7.1

9.7

17.4

GD2

2.8

6.8

9.5

-19

BD19

27.1

zBDIO

14.3

105.8

187.0

BD5

7.1

18.5

34.0

BD2

2.8

10.2

8.4

-57

GC19

6.3

51.9

Gclo

3.3

13.3

5.1

-62

24.4

8.0

-67

GC5

1.7

4.8

4.4

-8

9.0

6.1

-32

GC2

0.7

2.2

3.8

+73

5.4

5.4

0

13C19

6.3

BCIO

3.3

126.6

4,9

-96

220.0

7,3

-97

BC2

0.7

6.7

2.6

-61

17.0

4.1

-76

GD19

6.7

-1

11.8
393.7

5.2

-49

19.4
87.1

394.0

is

10.
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Fannin et al. (1994) have performed modiiied Gradient Ratio
teats on nonwoven geotextiles and dii%rent soils. Their results
(FVS) have also been plotted on Fig. 3 separating uniform (U)
and wei@raded (WG) base soils. The shape of the MP-R~ curve
is MKzent for well graded soils it is gradual, for uniform soils,
itahows asharpquasivertical break around R== 1.

Maas of washout

vs mtantion

Austin, D.N., Mlynarek, J. & BlonL E. (1997). Expanded

anti-clogging criteria for woven filtration geotextile.
Geosyntheti~ ’97,IFAI, Long Beach CA, USA Vol. 2,
pp. 1123-1144.
Bhatia, S.K., Moraine, J., KeitiL K. & Smith J.L. (19%).
Comparative performance of granular vs. geotextile
filters in the laboratory. GEOFZLTERS ’96 edited by

ratio

1

Lafleur & Rolliw Montr6t& QC, Cans@ pp. 449-460.
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Fig. 3 Mass of washout versus retention ratio
5

DISCUSSION AND CONCLUSION

The amount of washout asswiated with the fihration of broadly
graded soils was evaluated Mm screen tests using square
conventiontd sieve mesh with different opening sizes.
The results have confirmed the validity of the approach
suggested by Lafleur et al. (1989). The retention ratio RR
between the opening skm of a filter and the indicative size of the
base, is the most important factor intervening in the amount of
washout. The experimental nAationship between MP and RK is
gradual for broadly gradedsoils while for uniform soils, it shows
amarkedbend around RX =1. lltesucces
aorfailureof afilter
for broadly graded soils is therefore quite subjective because it
depends on the amount of tolerable washout. Fimdly, the results
have discloaedthat the Percent Open Area and by extension, the
porosity, play a role in the rearrangement of the particles near
the interface. The lower the value, the lower the washout.
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Geotextile Characteristic
Parameters

Opening Size: The Influence of Some Test
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ABSTRACT: Designing a geotextile for filtration applications requires information on the characteristic opening size of
the geotextile. Several techniques are available for measuring the characteristic opening size, but there is no one
universally accepted. Three test methods are usually used: dry sieving, hydrodynamic sieving and wet sieving. The wet
sieving test method was used to study the influence of some test parameters (soil granulometry, water flow rate and
vertical amplitude) on the results of opening size measurement. For this purpose six nonwoven geotextiles were used. The
results showed that the test conditions can indeed influence results of the measurement of characteristic opening size.
KEYWORDS:
1

Geotextile,

Wet sieving test method, Characteristic

INTRODUCTION

Where geotextiles are used as filters they must perform
two functions simultaneously.
One is to retain fme soil
particles and the other is to allow the seepage of water
from the retained soil. The ability of the geotextile to filter
is a function of the size and distribution of the pores and
the porosity. However, the distribution of the pores within
the geotextile is difficult to determine. As a result, several
indirect
test methods
have been developed.
Three
techniques
are used: dry sieving, standardised
in the
United
States, United
Kingdom,
Belgium
and the
Netherlands;
hydrodynamic
sieving,
standardised
in
Canada, France and Italy; and wet sieving, standardised in
Germany, Austria and Switzerland. For a given geotextile
the results obtained are dependent on the test method used
(Bhatia & Smith, 1995).
In order to obtain a unified standard in Europe, the
different existing national standards are being harmonised
under the auspices of the European
Committee
for
Standardisation (CEN). An index test has been developed
based on the wet sieving technique. A specific parameter,
the Characteristic
Opening Size (COS also called 090),
indicates the size of the largest grain size particle that can
pass through the geotextile.
A final draft European Standard was authored by
Technical Committee 189 and was recently submitted for
formal vote to the European countries (prEN ISO 12956).
Before becoming a standard the test method was validated.
It was necessary to clarify the influence of some specific
parameters, in order to detemline the best test conditions.
harmonisation,
standard
During
the
work
on
intercomparision
tests
were
performed
in several
countries. The results obtained have shown that 090 can be
affected by test conditions. as reported by Faure (1996).

Opening Size

In this context, a test programme has been carried
out in Portugal’s National Civil Engineering Laboratory
(LNEC), to study the influence of some test parameters,
namely the soil granulometry, the vertical amplitude and
the water flow rate.

2

DESCRIPTION

OF THE TEST PROCEDURE

The tests were performed based on final draft of the
European Standard prEN 1S0 12956 (Geotextiles
and
products–Determination
of
the
geotextile
related
characteristic opening size).
The principle of the test is to sieve a well &y_aded
granular material (usually soil) through a geotextile
specimen. The specimens are soaked in water at laboratoq’
temperature and leave it to saturate for at least twelve
hours. Then they are placed in the clamping device on the
sieving apparatus (figure 1). For each specimen, a soil
mass of 7,0 kg per square meter of exposed sieving area is
spread on the geotextile and watered by means of a spray
nozzle. The water supply is open and it is adjusted by the
operator in order to spray uniformly over whole specimen
ensuring that all soil particles are wetted, but do not allow
the water level to rise above the granular material, The
amplitude of sieving is adjusted to a sufficient level to
agitate the soil particles. During 10 minutes of sieving all
water and soil passing through the specimen are collected.
The passed soil is dried and weighed. The particle size
distribution is plotted on a semi-logarithmic
graph with
sieve size on the horizontal axis and the cumulative
percentage of the combined passed granular material on
the vertical
axis. The Characteristic
Opening
Size
corresponds to the dgo of the particle size distribution
curve (Ogo=dgJ.
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standard deviation (s) = 4,.51L111
coefficient of variation = 5,2 %
Based on these values the repeatability of the test
method was judged to be good.
During the tests several problems occurred:
- the soil tended to agglomerate on the surface of some
specimens, preventing the soil from passing through the
geotextile, When this happened, the water flow rale was
increased until the agglomerate was broken up;
water accumulated
above some specimens. In these
cases, the water flow’ rate was reduced to avoid soil
particle loss.
Following
the repeatability
tests, the 09(, test
conditions were studied. Firstly three geotextiles were
tested with several soils. Then another three geotextiles
were tested with different amplitudes and two water flow
rates. Table 2 shows the parameters analysed and the
geotextiies used.
-

-

rial
ial

e
r

u

collection device

Figure l. Exampleofapparatus

MATERIALS

3

Table 2. Parameters

TESTED

Geotextilc
Sixnon!\oveng eotextiles\ vereusedi
presents the fabrics tested.

ntilis\vork.T

able

1

analvsed

Repeatahilitv

Soil
grano 1.

An~plitude

A
Table 1. Geotextiles
Geot.

I

~

tested.

Manufacturing

B

I

Polymer type

Needlepunched

polwropylene

Needlepunched

polypropylene

I

Mass per
unit area

●

c

5

D

●

E

●

F

●

TEST RESULTS

Water
flow
rate

●

●

●

●

●

●

AND DISCUSSION

~
5.1

I

4

nonwoven

I

-

I

TEST PROGRNVIME

Before
the
experimental
programrne
started,
the
repeatability of the test method was studied. Geotextile B
was selected to evaluate the 090 of over forty-eight
specimens. The tests were performed with a vertical
amplitude of 0,75 mm and with an average water flow rate
of 1,4 l/rein (at a pressure of 200 Wa). The soil used was
the Soil 2 (see figure 2), The 090 obtained was:
- average = 84 }ml
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Influence of Soil Granulometry

on Og”

Three soils were used (figure 2 a). According to the CEN
draft test method, the soil used must fulfil the following
requirements:
it must be cohesionless:
the unifornlity
coefficient (C.) must be greater than 3 and smaller than
20; the soil must not be gap-graded: and the assumed 09C)
must be between dzOand d~o. Table 3 presents the features
of the soils used.
Soil 1 was initially analyscd using the ASTM series
of sieves, which has fewer sieves than the 1S0 series. As
result, the soil granulometry was not well defined for the
particle sizes used to estimate 09,,. Therefore, a new soil
(Soil 2) was made up. The difference in ptarticle size
distribution obtained for Soils 1 and 2 (see figwre 2 b)
show how important it is to use a higher number of sieves,
to define properly the soil granulometry.

geotextiles D, E and F, when tested with Soil 3. TIN wet
sieve pan outlet did not drain the water quickly enough.
The solution adopted was [o decrease inftow and the
amplihldc until the water drained;
- it was diftlcul[ to keep the amplitude constant for some
spccimcns
of geotextiles A, B and C tested with Soils 1
and 2, Clmges
occurred without any apparent cause.
When this occurred, the operator had to adiust the
amplitude manually.

100
80
60
40
20
0

Table 4. Variation of 09[, with the soil gr,anulometry.
I

100
1000
10
Particle size (microns)

10000

Soil 2

Soil 1

Soil 3

090(~lm)

Geotextile

op~(pm)

D

119

125

113

E

11s

122

111

Op”(~ml)

(a)

-1

Table 3. Characteristics

I

d,O= 532 l.un

I

of the soils

d,,= 5S3 pm

I

d,,= 218 Km

I

118

116

I

I

110

Influence of Amplitude on 090

5.2

Figure 2: (a) Particle size distribution of the soils used; (b)
detail on difference of Soil 1 and Soil 2.

I

F

The tests started with geo(cxtile B c,arried out with three
vertical amplitudes of 0.75 mm, 1 nun, and 1,25 mm,
keeping the water flo~v rate constant (2,4 l/rein, at a
pressure of approximate!
200 IcPa). Since the time
available to perfom~ the tests was very limited and
because the results obtained with geotextile B showed a
vev small difference in 090 for amplitudes higher than
1 mm, the geotextiles A and C were tested only with
amplitudes of 1 riuu (and 1,25 nun. Nevertheless,
it is
believed that the results for geotexliles A and C would
also follow the same trend, thus producing similar results
to those given by geotextile B for amplitudes bello~v
1 mm.
Soil 2 was used in the tests. The overall results are
presented in figure 3.

I

150

............... ................. ................ ........... .....

Tllll

130

The tests were perfomled with an average water
flow rate of 1,8 l/rein (at a pressure of 200 lcpa). The
amplitude selected was 0,75 mm. The results obtained are
presented on table 4.
It seems that the 090 values are dependent on the
soil used, especially for geotextiles with smaller mass per
unit of area, since the one with higher mass per unit area
only showed a slight difference in O%.
Several problems occurred during the tests:
- water accumulated above some specimens of geotextile F
when tested with Soil 1, and above some specimens of

~
.0
.9
&
g

o

110. —

—

A

_

PO

B “

c

70

~oL--J---J
0,5

~
I ,0
Amplitude

J
1.5

(mm)

Figure 3. Variation of 090 with the amplitude
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The results showed only a slight variation in 090
with the increasing amplitude for amplitudes above 1 mm.
Several observations were made during the tests:
- the same problem with soil agglomeration on the surface
of the geotextiles previously reported also occurred with
some specimens of geotextiles A and C, when tested with
the amplitude of 1 mm, and with some specimens of
geotextile A at an amplitude of 1,25 mm. In these cases,
the solution adopted was to increase the water flow rate
until the agglomerate was broken up;
- the difficulty with accumulation of water, also occurred
with some specimens of geotextile C, when tested with
both amplitudes, and with some specimens of geotextile B
during the tests performed with an amplitude of 1,25 mm;
once more the water flow rate was reduced;
it was difficult to keep the amplitude constant when
some specimens of geotextile A were tested, It decreased
without any explanation. When this occurred, the operator
had to adjust the amplitude manually.
5,3

Influence of Water Flow Rate on 090

The tests were performed with two water flow rates:
2,4 l/rein (at a pressure of approximately
200 kpa) and
3,0 lhnin (at a pressure of approximately
300 kpa),
keeping the vertical amplitude constant (1 mm). Soil 2 was
used in the tests. The results obtained are presented in
figure 4,

150

.

. . . . . .. . . .

. . .. .. .. . .

progressed,
soil agglomerates
moved freely over the
geotextile specimens;
water accumulated
above some specimens
of the
geotextile C, due to air that was trapped inside the top
chamber. When this happened, the test was stopped and
the water was allowed to flow through the inlet pipe,
before the test was continued.

6

CONCLUSIONS

Based on the test results the following was concluded:
(1) for nonwoven geotextiles, soil granulometry
seems
only to influence 090 values for geotextiles with small
mass per unit area. However, only a few geotextiles were
tested, therefore, it is difficult to know if this influence
may be attributed to the variability of the nonwoven
geotextiles themselves;
(2) for nonwoven geotextiles, the 0,0 appeared not to be
influenced by amplitude, when the amplitude was higher
than 1 mm,
(3) for nonwoven geotextiles, the 0,0 seemed not to be
affected by the water flow rate.
These conclusions must be seen in the light of the
small number of tests that were performed,
and the
experimental difficulties encountered. The authors suggest
that more tests should be carried out using different types
of geotextiles.
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ABSTRACT: Inconsistencies in design of geotextile filters are reported, with reference to current regulatory guidance.
Results of laboratory Gradient Ratio tests are then described, and used to illustrate the role of a unified approach to
interpretation of soil-geotextile compatibility that accounts for hydraulic gradient, permeability, and excess water head (or
porewater pressure) across the filter.
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1. INTRODUCTION
Design requirements
for a geotextile
in filtration
applications
include soil retention,
permeability
and
strength. The permeability requirements are intended to
promote an unimpeded flow of water through the filtration
zone. Approaches
used in design are derived from
empirical relationships comparing the permeability of the
geotextile filter (1+) to that of the soil (ks). The USFHWA
(Christopher and Holtz, 1985) and Canadian Foundation
Engineering
Manual (CGS, 1993) require that for
filtration of fines in critical or severe applications:
k~>l Oks

(1)

and for filtration of clean medium to coarse sands:
k~ > ks

Seepage Control

In laboratory testing, the relative permeability of the soil
and the permeability of the geotextile are evaluated to
ensure compatibility. One example is the Gradient Ratio
test (ASTM D510 1) which allows the permeability of the
soil-geotextile composite zone (k,~) to be compared with
that of the soil (ks). Piping of material adjacent to the
geotextile yields a value of GRAs~~ <1, while in contrast
clogging yields a value of GRAs~~ > 1, where ports 3, 5
and 7 define GRAsm = i57/i35(see Fig. 1). The basis for a
unified interpretation
of the GR test was presented
(Fannin et al., 1994a), in which the historic limiting
criterion of GRAsw <3 for compatibility of geotextile and
soil was shown, from continuity of flow, to yield an
implicit permeability ratio given by:
k~~>0.33 k~~

(2)

More recently Giroud (1996) has proposed separate
design criteria for the pore water pressure, to limiting
value of 10°/0 of the compressive
stress, and for an
excessive reduction in flow rate, to a limit of 10OAof that
in the soil without a filter. The limit values of 10°/0 in the
criteria, which are arbitrary and based on judgement, yield
the following relationships:
k~> 10ks is

(excessive pore water pressure)

(3)

k~ > ks

(excessive flow rate reduction)

(4)

(5)

This criterion for clogging, proposed by Haliburton and
Wood (1982) and later adopted by regulatory agencies,
differs markedly from the companion empirical criteria
for permeability reported above, most notably that of
Giroud (1996) for excessive pore water pressure. In this
paper, results are presented to illustrate the development
of this composite zone with time. The objective is to
assess the implications of apparent contradictions in the
permeability and clogging criteria advocated for filter
design.
2. GRADIENT
A program
combinations

RATIO (GR) TEST RESULTS
of tests was performed
on selected
of 10 soils (4 uniformly graded and 6
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Table 1 Properties of the soils
Description

Code

D~5
(pm)

D50
(pm)

D15
(~m)

Cue

Kg5b
(m/s)

Silt with
sand

BML74

246

43

12

5.5

1X10-6

Silt

BML90

57

22

9

4,1

1X104

‘Coefficient of uniformity (D@lO)
bTypical value

Table 2 Properties of the nonwoven

Water

*

1~
:=
_

GRm<l
l<:GRAsN<3
GRmx >3

head

b?>xs

km=(O.33tol)Ks
tiO.33Ks

Fig. 1. Schematic
ratio test.

port

7

unified interpretation
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Thickness
(mm)

150

1.6

‘MD =
direction

Machine

Mass/unit
area
(g/m’)

Grab
strength (N)
MD/CMD’

Elongation
(%)
MD/CMD

677/720

53/102

199
direction;

CMD

=

Cross-machine

km>Ks
GRmcu<
1
l< GFAn*7.4 !w=(O.14tol)Ks
k-O.14Ks
GRMo07.4

of the gradient

broadly
graded)
and 4 needle-punched
nonwoven
geotextile~ (Shi,” 1993; Fannin et al., 1994a). The GR
permeameter was modified to include 3 ports in addition
to those specified in the ASTM test method, as follows:
port 6 is located only 8 mm above the top surface of the
geotextile specimen, port 4 is located midway between
ports 3 and 5, and port 2 is located 13 mm above port 3.
Measurements were taken of the water head at each
port, and the resulting flow rate, at four values of imposed
system hydraulic gradient in the range i17= 1 to 10.
Values of permeability in the soil (k~j) and in the very
thin soil-geotextile
composite
zone (kG7) were then
deduced, together with a G&O~ given by k3&7 (= i67/i35).
A similar approach has been reported by Austin et al,
(1997).
Results are reported for two of the broadly graded soils
(BML74 and BML90)
with one nonwoven
needle
punched geotextile, for which material properties are
reported in Tables 1 and 2. The variation of permeability
with time, see Fig. 2, shows a permeability
in the
composite zone which is greater than of the soil for
BML90 (a silt with trace of sand) but less than that of the
soil for BML74 (a sandy silt). The behaviour appears
independent of system gradient. The stable response over
time is attributed in part to the technique used in sample
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i17=l.4
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02448

Time,

Fig, 2, Permeability

‘i ours

%

“’’’”

120

of soil and soil-geotextile

preparation, which ensures till saturation
geotextile (Fannin et al., 1994b).

14

composite.

of the soil and

3. EXCESS WATER HEAD LOSS
A relationship
for excess water head loss Ah was
presented by Shi et al (1996), where with reference to
Fig. 1:
Ah= h,~ -ho
from which it can be shown that:

(6)

~

= 10i~7 (GRmod - l)(lly - 10)

(7)

IE!GEEl
..o.
~..

10 (GRmOd – 1) + /17

,.e . . ..o. ..o.

and all dimensions are in millimeters.
It is almost independent
of the thickness of the
upstream soil (/17) when /17 exceeds 1000 mm, see Fig.
it iS proportional to G&Od and i,,, see
3(a), however,
Figs. 3(b and c).
Typical values of the hydraulic gradient equivalent to
il, are reported after Giroud (1996) and Luettich et al
(1992) in Table 3. Assuming that 11~ = 1000 mm, the
water head loss is calculated for G&Od = 7.4; the losses do
not exceed 120 mm for hydraulic gradients less than 2.0.
An excess water head loss of 596 mm is predicted for an
hydraulic gradient of 10.

.. Q..

.@. ..q.

& - .& -A . & - A--A-A.-A

Q

..@. ..q

~7=l(J

-.4-- .4il7=o.o

~ilT

=1.0
I
5,000
10,OOO
Thickness of upstream sail, mm
1

(a)

Table 3 Typical hydraulic gradients and corresponding
excess water head loss (PIT = 1000 mm, G&O~ = k~~~, =
7.4).
Application

Typical
hydraulic
gradient

Standard dewatering trench
Inland channel protection
Pavement edge drain
Vertical wall drain
Landfill leachate collection/
detection removal system
Landfill leachate collection
removal system
Darn toe drains
Dam clay cores
Shoreline protection
Liquid impoundment with
clay liners

1.0
1.0
1.0
1.5
1.5

Excess
water head
loss Ah
(mm)
60
60
60
89
89

1.5

89

2
3to>lo
10
>10

119
178 to 596
596
>596

VLfzL_I
o

3
Gradient

6

9

Ratio

(GRmad )

12

(b)
60

Notes:
Typical hydraulic gradients developed
after
Giroud (1988) and Luettich
et al (1992), critical
applications may require designing for higher gradients
than those given.

Values of Ah determined for the two Gradient Ratio
tests described above are reported in Table 4. Given the
average gradient ratio (G&~) of 1.7 developed in testing
soil BML74 with the geotextile, Ah is found to be in the
range 8 to 10 mm, for a system hydraulic gradient (il,) of
1,4 and /,T varying from 100 to 10,000 mm. The range is
50 to 60 mm when il, = 8.6. The losses are associated
with a partial clogging of the geotextile filter zone.
In contrast, an average gradient ratio (G&O~) of 0.8
developed for soil BML90 with the geotextile. A gradient

01
o

,

,

I

3

6

9

J
12

System hydraulic gradient

(c)
Fig. 3. Variation of excess water head (from eqn. 7).

ratio less than unity indicates the soil-geotextile composite
is more permeable than soil being retained, yielding
negative values of Ah.
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Table 4 Excess water head loss
BML90 with TS550 (mm)
!

(~m)
100
1000
10.000

4.

BML74 ‘ -TS550
i,, = 1.4
i,, = 8.6
8.2
50.6
9.6
59.2
9.8
60.1

CONCLUDING

for soils BML74
BML90
i,7 = 1.4
-2.6
-2.8
-2.8

and

-TS550
i,, = 8.6
-15.8
-17.1
-17.2

REMARKS

The gradient ratio test provides a means of evaluating
the compatibility of a soil and geotextile with reference
to permeability of the soil being retained.
2. The excess head loss (Ah) in the soil-geotextile
composite zone is shown from theoretical analysis to
be ahnost independent of thickness of the upstream
soil, but proportional to the system hydraulic gradient
(i,,) and gradient ratio (GR).
3. A series of trial calculations
indicates the value of
excess water head loss (Ah) induced by a GR > 1 is
relatively small for applications governed by a system
hydraulic gradient between 1 and 2, and gradient ratio
GI&O~ <7.4 and therefore GRAs~~ <3.
4. There is a need to better link design criteria for k~ and
ks, with laboratory performance ‘data from Gradient
Ratio tests yielding values of k,~. It is proposed that
excess water head loss (Ah), which can be used in
design assessments
of performance
and related
stability analyses, is the most appropriate parameter.
1.
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ABSTRACT: A methodology to obtain the parameters to design needle-punched nonwoven geotextiles filters based upon
probabilistic analysis and in-suspension filtration tests is proposed. The superposition of theoretical pore size distribution
curve and that obtained by in-suspension filtration tests allows one to estimate the distance between confi-onts, essential to
use the probabilistic theory. This paper presents tests results and analysis for thin geotextiles (mass per unit area less than
200 g/m2) and a design procedure that shows the versatility of this method.
KEYWORDS:
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INTRODUCTION

The good performance of geotextiles in filtration functions
has been reported in practical engineering thus becoming
one of the most popular geosynthetics applications in the
world. In recent years, research has been conducted at
several laboratories in order to obtain a better knowledge of
mechanisms
and parameters
associated
with filtration
problems.
Filter design is usually based on Terzaghi’s proposition,
different
empirically or semi-empirically
adapted by
authors. However, these design procedures don’t allow a
complete understanding of the filtration phenomena. It is
impossible to estimate the filter thickness needed to retain
the soil particles.
Silveira( 1965) proposed a probabilistic analysis to study
the carrying of soil particles in a filter. This analysis gives
us the filter thickness needed to retain the soil particles, if
the filter pore size distribution curve and the average
distance between confrontation
particle/filter
voids are
known.
This paper presents a procedure to obtain the necessary
parameters
to design thin needle-punched
nonwoven
geotextiles filter (mass per unit area less than 200 g/m2),
combining
Gourc’s(l 982)
and
Silveira’s(l 965,1993)
propositions, to estimate the distance between confronts.
Some results are presented and examples discussed to show
the relevance of the adopted procedure.

2

THEORETICAL

ANALYSIS

From a probabilistic analysis of carrying spherical particles
through a protective filter, Silveira(1965)
proposes to
establish
the necessary
filter thickness to retain a
determined diameter soil particle.
This proposition analyses the particle path through the
filter. Taking the cotildence level as P‘, the probability, P,

of a defined diameter particle, d, to be retained by a pore
size smaller than it, before a number N of voids confronts,
assuming that each contlontation is a independent event,
necessary to satisfi the condition:
P’=l-PN

(1)

In other words, it is possible to determine the number of
pore confronts necessary to warrant the particle retention
when it tries to cross the filter tilckness by:
N=log(l-P’)/log

P

(2)

Considering the average distance between confi-onts as s,
the total fiber thickness, tG~,
necessary to retain a defined
particle diameter is given by:
tGT=s N

(3)

Therefore, to carry out this analysis it is necessmy to
know the average distance between confronts and the
probability of the particle finding a pore size smaller than
itself, represented by the pore size distribution curve. Both
these parameters are difilcult to obtain.
The filter pore size distribution curve has been evaluated
by several experimental methods. Several of them are
discussed by Bathia et al.(1994) and Fisher et al.(1993).
Some are very complex, others are not compatible with
geotextiles.
proposed
to realise in-suspension
Silveira(l 993)
filtration tests with different filters thickness and to evaluate
the pore size distribution curve by retro-analysis using his
probabilistic theory. In this case, it is necessary to estimate
the average distance between con ffonts.
For the granular filters, the average distance between
cotionts
can be evaluated in ti.mction of granular filter
particle
diameters.
In the case of geotextiles,
this
supposition can not be used because the geotextiles fibres
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are not necessarily in contact, and the Silveira(l 993)
proposition can not be directly applied.
To solve this problem, the Silveira’s proposition was
combined with a theoretical analysis to obtain the filter pore
size distribution
curve for needle-punched
nonwoven
geotextiles, proposed by Gourc(l 982) in which case the
accumulated probability, Q, of finding a pore size smaller
than a defined diameter, d, is obtained by the expression:
Q=l-exp

[-(q

nd2/4+Ld12)/n~,

]

(4)

HGT is the geotextile porosity and the parameters
and 1 can be calculated fi-om the tibre diameter, d! by:

q

where

Tl=8(lL=

nG~)/(TC2d~)

(2+4/z)

Table 2. The theoretical pore size distribution curves
obtained from Gourc( 1982) are presented in Figure 2.
Some results of the in-suspension filtration tests are
presented on Figure 3.
Table 3 presents an abstract of experimental
and
analytical values. 0g5,Sf
is the 95 YO opening
size
measured in suspension filtration tests. The distances
between confronts presented were obtained considering a
confidence level, P‘ = 98 0/0, and theoretical pore size
distribution curves in Figure 1.

(5)

(q-n@’

-

(6)

)/df

water
supply
thermometer

3

TESTS AND MATERIALS

ge otextile

B

stairiless
steal
mesh

To carry out this work the authors analysed several fabrics
available in Brazil. This paper presents results obtained
with thin fabrics, usually employed in filtration fi.mctions,
and separated into three groups, each one having the same
production characteristics, as shown in Table 1.
Table 1. Needle-punched
characteristics
product
filament
A
continuous
B
staple
c
stade

nonwoven

geotextiles

group
Figure 1, The test apparatus scheme.

polymer
PET
PP
PP

d~(mm)
0.022
0.030
0.026

All
fabrics
were
analysed
for
their
physical
characteristics: thickness, mass per unit area, and fibre
diameter. Specimens with 150 mm diameter and having
physical characteristics close to the average value were
selected and submitted to a special in-suspension filtration
tests described in Urashima and Vidal( 1997).
These tests, illustrated on Figure 1, were conducted to
evaluate the bigger particle passing across the filter on the
first one seepage front, under severe flow conditions (the
particles are been transported by flow). These results can
be compared to the hydrodynamic opening size tests results,
where the particles are submitted to several seepage front
(2000 cycles).
The soil particle used in these tests were obtained fi-om a
granite powder, selected after analysis in repeated sieving
tests, compounded from uniform single fractions (105/88,
88/75, 75166, 66/53, 53/44, 44/37, <37 pm].

4

RESULTS

Physical characteristics
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Table 2. Geotextiles physical characteristics
geotextile
MA
C.V.
tGT
C.v.
(%)
(#m’)
(%)
(IIIII4
AA
158
7.7
1.33
7.4
AB
181
6.3
1.55
5.3
BA
167
3.9
1.67
5.4
BB
198
5.9
1.86
3.7
129
8.9
CA
0.93
8.3
CB
135
8.0
1.00
5.8

ncr
(%)
91.4
91.5
88.9
88.2
85.6
85.0

Table 3. Experimental and analytical results
geotextile
thickness
Ogj,,f distance between
(mm)
(mm)
confronts (mm)
AA
1.33
0.070
0.459
AB
1.55
0.059
0.448
BA
1.67
0.044
0.234
BB
1.86
0.041
0.219
CA
0.93
0.062
0.345
1.00
CB
0.054
0.347
These
provides
confronts,
Fabrics

results show that the adopted methodology
a very close evaluation of distances between
for fabrics with same production characteristics.
with mass per unit area greater than 200 g/m2

present distances
between
cordi-onts increasing
with
thickness. For example, to the BC geotextile (t~~ = 2.28rnm)
and CC (tcr = 1.74mm) this distance was 0.367 and 0.518,
respectively. Their analysis has been improved to confirm
and comprehend this tendency.

5

particle diameter can retain the soil particles smaller than
itself, two attitudes can be adopted:
a) to determine the thickness necesswy to retain dg5
particle diameter for the geotextiles groups analysed,
b) to determine the retention cotildence
level of this
particle diameter for a specified geotextile.
From equations 2,3 and 4:

CALCULATIONS
(7)

t~~= s log (1 - P’)/log (1 -Q)
The procedure to specifi geotextiles satisfying retention
criteria, can take several paths:
a) Defining a soil particle diameter to retain (for example,
ds~ in well graded soil or d50 or an other value in
fi-mction of soil characteristics),
and choosing
a
curve, distance
geotextile
(pore size distribution
between cofionts
and thickness known) to obtain the
retention confidence level of this diameter;
b) Defining a soil particle diameter to retain, to determine
the necessary thickness to retain this diameter with a
given conlldence level, for each geotextile group (for
example, A, B or C);
c) For a chosen geotextile with pore distribution curve,
distance between confronts and thickness known, to
verifi the soil particle to be retained with a specified
confidence level;
With the retention or clogging criteria verified, it is
necessary to analyse the permeability and survival criteria to
complete the geotextile specification.
A well graded soil with d~~ equivalent to 0.11 mm can be
used to demonstrate a case of needle-punched nonwoven
geotextile filter design, satisfjfing the retention criteria.
In this case, if it is possible to consider that this soil

for a confidence level P’ equal to 99.9 ?4., Q obtained from
Figure 1 or equation 4 and s obtained from Table 3, we
have for:
geotextiles group A: tG~ > 1.38 mm
. geotextiles group B: tc~ > 0.84 mm
geotextiles group C: tGT> ().75
mm
and the geotextiles AB, BA and CA can be adopted.
If the geotextile AA (t~~ = 1.35 mm) is available, the
retention cotildence level to retain the d85 soil particle,
determined from equations 2, 3 and 4 is 99.88%.
Comparing these results with a traditional retention
criteria like the one proposed by the French Geotextiles and
Geomembranes Co&m~ttee (CFGG), considering the best
soil condition, the geotextile hydrodynamic opening size
needs to be lower than O.138mrn. In this case, the
geotextiles of the group A can not be adopted (AA - 095,s+
=0.21 mm, AB - 095,H =0.17 mm).
It is necessary to remember that Silveira’s proposition
takes into consideration the most critical situation, i.e. the
particles are been transported by flow.
●

●

100

90
80
70

/

A’ /’55

60

-4-A
-c-B,

,+c~

10
o

&P@’
0

0.05

0,15

0,1

0.2

pore size (mm )

Figure 2. Theoretical

pore size distribution for the analysed geotextiles groups.
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filtration tests.
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Filter behaviour of hydraulically and mechanically damaged geotextiles
YH Faure, Y. Kehila
LIRIGM, University Joseph Fourier, Grenoble, France
ABSTRACT : In this paper, a geotextile filter is considered hydraulically (<damaged N when it is clogged by soft soil and
mechanically damaged when it is punched or tom by gravels during installation. Specific tests were performed to damage
hydraulically non-woven filters by filtration of fme soil in suspension (critical conditions for clogging). Physical properties
and filtration characteristics of filters like filtration opening size are analysed to show their influence on velocity of clogging.
Clogging occurs when the filtration opening size is smaller than the dmax of the tine soil and the velocity of clogging is very
sensitive to the geotextile density (or porosity). Three levels of damage action were applied to damage filters mechanically.
A lot a perforations are necessary to produce variation of filtration opening size when it is determined by sieving method
(wet sieving or hydrodynamic sieving). A very deformable geotextile is less damaged than a rigid one.
KEYWORDS
1

: Filtration, Degradation,

Clogging Tests, Non-woven fabrics

INTRODUCTION

2 HYDRAULIC DAMAGE: FILTRATION
LOADED WITH SOIL IN SUSPENSION

A lot of studies have been carried out in the past in order to
analyse geotextile filter behaviour and, in general, clean
undamaged specimens are tested. However, during on-site
installation, geotextiles are laid mostly on a soft, saturated
fine soil and, as a result, filter pollution (or clogging) occurs
when operatives walk on the geotextile. Moreover, when the
gravel layers are subsequently
placed on the filter,
mechanical damage may occur, such as punctures or tears.
[n both cases, the geotextile filter is considered to be
hydraulically or mechanically damaged.
This paper presents the experiments carried out and the
results obtained, indicating the filter behaviour of different
textile structures.

OF WATER

In order to study the effect of hydraulic damage, a filtration
test was performed on a sample of water loaded with soil in
suspension. This test, presented in a previous paper by
Faure et al. (1993), reproduces the critical conditions
encountered when installing the geotextile on site: the soil
in the trench is often very muddy and the geotextile must
filter the soil carried in suspension in the water without
clogging. Then, when the soil has consolidated and is in
close contact with the filter, the water is no longer charged
with particles in suspension, or contains only very little (on
condition that the internal stability of the soil to be filtered
is established). It is necessary to check that the clogging
level during the initial stage is not too high, and it would be
beneficial if the circulating clear water could help unclog
the geotextile, thereby ensuring better subsequent operation
of the system.
2.1 Description of the filtration test

LR

1: pump
2: suspension
3: clear water
4: pressure sensor
5: geotextile
6: piped soil in constant water level tank

Figure 1: Diagram
soils in suspension

d

of the test assembly used for filtering

The test assembly consists of the following components two upstream reservoirs, one for supplying water loaded:
with soil particles in suspension, and one constant-level
reservoir to ensure the circulation of clear water (a threeway valve is used to switch instantaneously
from one
reservoir to the other),
- a constant discharge pump to provide a constant solid and
liquid flow when clogging is not too high,
- a sample holder (effective diameter: 50 mm),
- a constant-level downstream reservoir.
A pressure sensor is connected to the circuit 0.15 m
upstream of the geotextile. This sensor monitors the timedependent increase in pressure due to filter clogging.
2.2 Soil used
The retention criteria for geotextiles filters are based on the
characteristic “geotextile filtration opening” size, Of. If the
value of Of has been correctly chosen, the granular skeleton
of the soil is retained (Giroud, 1996) and the risk of
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clogging during the initial operating period of the filter is
due only to the fine elements in the soil. This is the reason
why the retention
criterion
of the CFG (French
Geosynthetics Committee) requires a filtration opening Of
greater than 80pm, in the case of coherent soils, to allow
particles smaller than 80 ~m to pass through the geotextile.
For the filtration tests on loaded water, a clayey soil was
used with upper particle size limited to 80 ~m. The particle
size range of this pottery-type clay (Figure 2) was measured
without deflocculant because, during the test, it is used
without de flocculent.
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of geotextiles tested

All the geotextiles are made of non-woven polypropylene.
The distinguishing parameters (cf. Table 1) are mass per
unit area p,~, thickness T~ and fibre diameter df. Porosity
can be then calculated by mean of:
Pg
l-—
pfT~

where pf is the density of the fibres.

Table 1: Characteristics

2.4 Test procedure
After installing the test sample and saturating the system,
soil particles are tipped into the reservoir filled with water
(capacity 25 Z). The concentration Co of the suspension is
0.5, 1 or 2 g/1. A mechanical stirrer ensures that the
suspension remains homogeneous at all times. The flow rate
is imposed by the pump with a speed of 40 mm/s. When the
particles come into contact with the filter, recording of the
pressure <<u j) starts. This pressure gradually increases
Then, when the clogging level is too high, the pressure
suddenly increases at a much faster rate until the safety
valve is tripped. (Figure 3). Overpressure is defined by the
difference : u -u. (UO is the measured value of u at the
beginning of the test with clear water).
2.5 Influence of geotextile structure

Figure 2: Particle size range of the soil for filtration tests of
soil in suspension

n.

~
SF geotextiles are made with short fibres while CF materials
are made with continuous filaments. The HB geotextiles are
heat-bonded.

100

d (w@

2.3 Characteristics

The density of the geotextile is : p~ = ~

Figure 3 shows that the mass per unit area is not the main
parameter governing the clogging rate: when Of is greater
than d~~. of the soil (cf. CF300b and SF300), no clogging
occurs: the pressure has hardly increased after all the water
has flowed through. On the other hand, with a filtration
opening size Of< d~,X, clogging occurs all the faster as the
porosity is lower (HB300 and CF300a).
The density pg (= Vg / T~ ) was calculated for each geotextile
sample. This parameter
gives an indication
of the
compactness of the fibrous medium (like the porosity).

of geotextiles tested (mean values)
Structure

G60textile

dpb

Lirigm name

T~

df

n

090 (Hyd. S)

mm

mm

0/0

~m

CF130a

nw-needlepunched.

126

1.1

26

87.5

85

CF130b

nw-needlepunched.

127

1.3

37

89.4

155

HB130

heatbonded

137

0.5

42

70.2

140

SF130

nw-needlepunched.

134

2.5

31

94.2

175

CF300a

nw-needlepunched.

292

2.6

26

87.8

65

CF300b

nw-needlepunched.

286

2.8

37

88.9

105

HB300

heatbonded

294

0.8

42

60.1

65

SF300

nw-needlepunched.

269

3.9

31

92.5

100

CF400a

nw-needlepunched.

400

3.45

26

87.4

61

CF600a

nw-needlepunched.

633

4.5

26

84.7

59

CF600b

nw-needlepunched.

617

4.4

37

84.8

50

CF800a

nw-needlepunched.

816

5.9

26

85.0

60

SF] 100

nw-needlepunched.

1119

7.8

49

84.7

101
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2.7 Unclogging
The ease with which a geotextile is likely to become
clogged is controlled by the injection of clear water, always
with a flow speed of 40 mnis, as soon as the pressure
reaches 10 kPa. The graphs in Figure 4 illustrate this
phenomenon and clearly show the role of compactness (for
CF400a filters). A high density filter remains
less
permeable than a low density filter although its clogging
level was the same as the low density filter.
50
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3
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Figure 3: Influence of geotextile
geotextile density (or porosity)
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Figure 4: Clogging - Unclogging curves
To study the clogging phenomenon, the clogging rate was
defined by the slope of the straight line tangent to the
clogging pressure curve before the “elbow” (Vc = Au/ At)
Figure 5 shows the variation in Vc / Co (to compare
tests conducted with different concentrations
Co) as a
fimction of p~ for CFa geotextiles of the same tibre diameter
and same needle-punched structure. Despite the dispersion,
the compactness (or the porosity) would indeed seem to be
the parameter most influencing the filter clogging rate,
regardless of the weight per unit area. Clogging therefore
occurs mainly on the surface or in the first layers of tibres.
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If a geotextile incurs mechanical
damage, during the
installation
procedure
(punctures,
tears), its filtration
characteristics, permeability and filtration opening size are
modified: the permeability
increases and the filtration
opening size as well. The question is to know whether these
variations will disturb the filtering behaviour
of the
geotextile and, if so, in what proportions, and is it still
operational after this damaging action?
- The permeability increases: this is a positive effect with
regard to the permeability condition required by the filter
criteria. However, a permeability test after a damaging
action enables the level of filter damage to be estimated.
- The filtration opening size increases: the geotextile is now
not so efficient at retaining the soil. To estimate the damage
incurred on a geotextile, is the transmission observation
method objective?
Damaging action tests were conducted with three stress
levels and the filtration opening size of the damaged
samples was then measured by wet sieving and by
hydrodynamic sieving
3.1 Levels of damaging actions
Level 1: Tests were carried out according to the draft
European Standard Procedure for simulating site damage. A
geotextile specimen is laid between two gravel layers
(corundum SD 5-10 mm) and subjected to cyclic loading of
900 kPa with a frequency of 1 Hz for 200 s (Figure 6).
Level 2: The test device used is the same as before. The
damage is produced by a 230 mm square plate with 57
ASTM punches (ASTM D 5494 standard), Figure 7. The
point of each punch has a pyramidal shape and the base is
circular (25 mm diameter). Together, they form a triangular
arrangement with a side length of 25 mm. The geotextile is
laid on an 80 mm thick layer of sand (O-2 mm). The crosssection of the cell containing
the sample is small
(250 x 250 mm), slightly larger than the punch plate. The
punches are in direct contact with the geotextile. A load of
380 kPa is applied (i.e. 0.35 kN per punch), for 200 cycles
at 1 Hz.
Level 3: The punches consist of 23 mm high cones with
an apex angle of 40° (Figure 8). 19 cones are fixed on a
support plate in a triangular arrangement with a 60 mm side
length. A load of 0.60 kN per cone, or an equivalent
pressure of 150 kPa, is applied at 1 Hz for 200 cycles.

role of geotextile density
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Appliedcyclicload
to 900kPa, 1Hz
1
1/
Grave~(Corundum)

1/
!

Loadingplate(100x 230)
geotextilespecimen

//
30 mm
70 nun

Rigidsupport

Figure 6: Test device for the level 1 damage test

wt

15mm

shining a light through the sample, although the size of the
holes varies depending on the geotextile.
For the highly deformable SF300 and SF 1100, the cone
hole diameter~ are much smaller than those of the CF300a,
in which the holes are more like cuts. However, it is worth
noting that although the holes are several millimetres in
size, the values of 090 remain well under 1 mm. There are
two reasons for this:
- after the damage test, with the samples at rest, the
perforations and cuts in the needle-punched material tend to
close with time, a feature that is not found in heat-bonded
geotextiles,
- the number of perforations (only 7) inside the sample
(200 mm diameter) tested by wet sieving or hydrodynamic
sieving is not suftlcient. During sieving, a small quantity of
soil passes through the holes and the proportion of large

12S mm

] ■ Refer

I

❑ Level 1 ❑ Levd 2 E Level 3 I

I

I

I

@

25 mm
lJ

230 mm

Figure 7: ASTM punches for the level 2 damage test
60 mm

w
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D

Support plate

Figure 9:090

histogram after the damaging action

Figure 8: Cones for the level 3 damage test

4

3.2

This study of the hydraulic behaviour of geotextile filters
atler incurring hydraulic
or mechanical
damage has
highlighted the role played by characteristic parameters.
Hydraulic damage (water loaded with soil particles in
suspension): filter clogging is delayed when the filtration
opening size is greater than the dnr,. value of the soil in
suspension. With an Of value equal to or slightly lower than
the value of d~,, of the tested soil in suspension (here
d
= 80 pm), the risk of clogging increases when the filter
p~?osity is smaller,
Mechanical
damage: the filtration opening size of
geotextile filters is not modified at level 1. In order for the
filtration opening size test to be sensitive to the filter
damage, the number of perforations must be sufficiently
great like with the level 2 damage test.

Results (Figure 9)

Not all the geotextiles were systematically subjected to the
same stress levels. Depending on the results obtained, a
higher or lower level was not necessarily applied. For
example, when the HB 130 geotextile suffered considerable
damage at level 2, it was not considered necessary to apply
level 3.
Level 1 : With level No 1 damaging action, only the
HB 130 geotextile would appear to have suffered any
damage: many of the filaments are broken and perforation
marks are visible. However, measurement
of the 090
opening by the wet sieving test shows only a slight increase
in 090: from 117 to 142~m.
For the other geotextiles no damage was observed or
measured.
Level 2: With level 2, of the 130 g/m2 geotextiles, only
the SF130 kept the same 090 value, although it suffered
considerable strain. The heavier geotextiles (300 g/m2),
despite showing the marks of the punches after the test,
have suffered only minor damage and their 090 value has
hardly increased, even for HB300.
Level 3 : With the stress applied at level 3, all the
geotextiles are perforated: cone holes are clearly visible by
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Large-scale Performance Tests to Evaluate Filtration Processes
Th. Kossendey
LGA-Geotechnical

Institute, Nuremberg, Germany

G. Karam
Du Pent de Nemours, Luxembourg, Luxembourg
ABSTRACT: The long-term filter performance of 5 geotextiles differing in perrnittivity, thickness, mass per unit area
and type of polymer was studied experimentally in large permeameters supplied with three different soils. In three test
series, the geotexdle samples of 500 mm diameter were submitted to steady state seepage under ditTerent hydraulic
gradients for 6 to 24 months. In the first two performance tests, the water flow was in the direction of gravity. The third
test series simulated the case of upward water flow. Although the geotextiles differed in their parameters, their filter
performance exhibited ve~ similar characteristics and satisfied the requirements for stable filter performance. A detailed
microscopic investigation into the soil structure directly above the geotextiles contl-med that the geotextiles formed an
internal soil filter with a bridging network.
KEYWORDS: Long-Term Filtration, Clogging tests, Performance Evaluation, Microstmcture
1

INTRODUCTION

Geotextile filters fimction adequately when they retain a
majority of the soil particles at the interface between a
finer and a coarser soil and permit the flow of water
through the pores of the soils and the geotextile filter
without any water pressure build up upstream of the filter,
Many investigations were carried out to obtain reliable
criteria for the design of geotextile filters, but it is difilcult
to predict the long-term filter behaviour. The long-term
performance of geotextile filters depends primarily on the
following factors:
●
the properties of the filter,
.
the properties of the soils.
●
the tYx3 of water flow.
Since these major factors are variable, it is not possible
at the present time to predict the long-term filter
performance of different geotextiles quantitatively on a
theoretical basis. The long-term filter performance can
only be evaluated correctly on the basis of either field
experience or large scale performance tests under well
defined boundary conditions which can be related to the
in-situ situation.

was a loess from a road construction site in the Central
Hesse area, about 30 km north of FmnMmM&u “n.
The soils A and B were blended from diHerent quartz
tiuctions. Thus, it was possible to design cohesiordess soils
with gradation curves which met the above-mentioned
criteria for a “problem soil” with respect to geotextile
filtration.
The soils used in the permeation tests fully satisfied all
criteria for a “problem soil”, The grain size distributions
are shown on Figure 1. Details of the soil parameters used
in the tests are given by Kossendey et al. ( 1996b),
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Figure 1. Grain size distributions of the soils used in the
long-term permeation tests
2,2

According to the geotextile filter criteria currently applied
in Germany (FGSV 1994). a soil is called a “problem soil”
regarding the geotextile filtration, if any one of the
following criteria applies:
a) C,, = d Jd,0 < 15 and the soil contains some tines
< ~,06 mm
b) >50 % content of the grain size fraction 0.02 mm
<d< O.lmm
c) [1,< 15 % (if not available: content of clay / content
of silt < 0.5)
The tine-grained silt used for long-term filtration test

Geotextiles

5 different nonwovens (3 heat-bonded. PP and 2 needlepunch~ PET) geotextiles were selected for the long-term
performance tests. They comprised geotextiles of various
polymers and different manufacturing technologies in a
wide range of their properties. Details of the selected
geotextiles are given in table 1. Their properties were
determined by index tests at the laboratory of the LGAGeotechnical Institute. The results of these tests sewed as
reference data for the evaluation of changes in the
geotextile properties after the long-term permeation.
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2.3

Permeameter circuit

content of de-aired water was met in the filtration tests.

The test equipment used in these test series consists of 3
supply containers and 4 permeameters per circuit arranged
radially around the supply container. They have a
diameter of 50 cm and a height of 167.5 cm. A detailed
description of the permeameters was given previously by
Gartrmg et al. (1994) and Kossendey et al. (1996b).
2.4

Test conditions

In total, three long-term filtration test series differing in
their boundary conditions were carried out. For the first
two test series, a mesh was placed upon the conical bottom
plate with a discharge opening at the centre in each of the
permeameters. The geotextile sample was installed above
the mesh and attached to the permeameter by a fixing
ring. The soil layer was placed on the geotextile. The first
long-term test series was carried out under a hydraulic
gradient of i=3 regarding the soil layer above the
geotextiles. This hydraulic gradient falls into the range of
typical hydraulic gradients for drainage applications under
steady-state flow conditions, as noted by Davindenkoff
(1976) and Luettich et al. (1992). During the second test
series the hydraulic gradient was selected as i = 12 to
observe the permeation behaviour under higher hydraulic
gradients. The permeation of the tests was in direction of
gravity. In order to examine the filtration behaviour of a
system geotextile/soil under conditions of upward
permeation against the direction of gravity, a third test
series was implemented with a hydraulic gradient i = 2,5
(figure 2). The soil layers of each test implementation
were only slightly compacted to test the filtration
behaviour for the worst case.
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Figure 2. Schematic
permeation

sketch of the test with upward

The test liquid (tap water) permeated uniformly through
the system geotextile/soil. The determined values of
dissolved oxygen in the different circuits were between 4.2
ppm and 5.5 ppm. Following the definition of de-aired
water (maximum at 6 ppm), the criterion for the oxygen
1022-1998
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2.5

Analysis of the microstructure

In order to analyse the microstructure at the interface
geotextilehoil influenced by the interaction between
geotextile and soil, microscopic sections were prepared.
The undisturbed soil samples taken after the end of the
tests were saturated by a resin in the same way as by water
in the filtration tests to prevent the soil samples from any
disturbance. The viscosity of the resin was similar the
water that permeated the system geotextile/ soil.
3

TEST RESULTS

3.1

Performance tests with a hydraulic gradient i = 3

During an initial period of approximately four weeks, an
increase in the system permeability of the permeameters
with the loess soil was observed. In spite of the increase in
permeability, no soil particles were detected by the
collecting glass. After about four weeks, the permeability
of all permeameters began to decrease. With increasing
test duration, the permeameters showed only small
differences in the system permeabilities. They followed the
same trend towards constant values. The system
permeabilities of the permeameters are given in Figure 3.
The coefficient of permeability of the Ioess soil tested by
small scale index test was 1.2 “ 10”*rnk The observed
permeabilities of the large scale system geotextilek+oil
never fell below this value, so the permeabilities of the
system soil / geotextile were higher than that of the small
soil sample at all times. The reason for the discrepancy
may be local variations in the density of the large
permeameter sample, and associated inhomogeneities in
the distributions
of the coefficient of hydraulic
conductivity.
The behaviour of the system permeabilities in the
permeameters with soil A and soil B are similar to the
results of the tests described by Kossendey et al. (1996a.
1996b). In permeameter with geotextile NP 1 an additional
load of 20 kpa was applied. The system permeabilities
began to increase in all permearneters. In contrast to the
test with the loess soil, the initial period of increasing
permeabilities lasted only a few days.
Except for a slight cloudiness of the test liquid which
could not be quantitled, no particle migration was
observed in the test circuit with soil A at the begirming of
the tests. Although the geotextile FIB1 was not
dimensioned with respect to the criteria of FGSV, it
satisfied the requirements
for a sufllcient filter
performance. The greatest amount of migrated soil
particles of NPl was detected during the first 2 hours.
With increasing test duration. the geotextile showed a
stabilization like in the other permeameters, The reason
for the higher amount might be details in the filling
procedure of the permeameter. The cumulative amount of
the migrated soil particles is given in table 1.

Table 1. Cumulative amount of migrated soil
Geotextile

*

Amount of migrated soil [g/m*]

Soil

ml

19.02

A

HB2

14.80

A

HB3
Np 1*

5.97

A

78.38

A

HBl

24.27

B

HB2

9.15

B

with

20 kPa load

After that initial period, the flow rates became
consistent and the various permeameters showed only very
small ditTerences. As a result of higher compaction of the
soil layer, the measured
permeabilities
in the
permeameters with geotextiles NP 1 and FIB2 (soil A) were
lower. The system permeabilities of the permearneters with
soils A and B stabilized to equilibrium conditions after
100 days, and then they varied only in a very small range
for the remainder of the test period. Like in the test with
the Ioess soil, there were no discernible differences in the
performance between the types of geote.xtile. The system
permeabilities are given also on figure 3.
The permeameters which were filled with soil B and the
permeameter with the geotextile HB 1 and soil A showed
a slight decrease in their permeabilities after 300 days,
while all of the other permeameters were constant in their
permeabilities. After the monthly addition of a disinfectant
against microbiological growth. an immediate increase in
the permeabilities of the treated permearneters was
observed. Although a biofilm of algae was not observed at
the surface of the soil layer, probably a microbial growth
within the pores of the soil had to lead to a reduction of
the system permeabilities. The measured permeabilities of
the dismantled geotextiles were smaller than those of the
virgin geotextiles by a factor of 10 at maximum. but they
never fell below the permeability of the test soils.

3.2

Performance test with a hydraulic gradient i = 12

Two heat-bonded and two needle-punched nonwovens
were selected for a second test series to evaluate the filter

performance under a hydraulic gradient of i = 12, In a
first step, a layer of soil A with 5 cm thickness installed
without compaction in the permearneters was permeated.
The development of the permeabilities of both tests
under the hydraulic gradient i = 12 was similar to the
results of the first test series. After an initial period of
increase, the permeabiiities began to decrease slightly. The
measured amount of migrated soil was higher than in the
test with a hydraulic gradient i = 3, but after 2 hours
permeation no measurable amounts of soil were detected.
After a test duration of 85 days, the soil layer in the
permeametexx was brought into suspension to simulate the
extreme case of the destruction of the internal soil filter.
Like in the first test, there were no discernible differences
in the performance between the geotextile types. The
measured amounts of migrated soil were higher than the
results before the disturbance, but piping of the soil
stopped within 3 hours. A distinct trend of a better
performance of thicker products regarding the retention of
particles was not obsemed. The system permeabilities and
the cumulative amount of migrated soil particles are given
on Figures 4 and 5,

3.3

Performance tests with upward permeation

Four nonwovens (two heat-bonded and two needlepunched) were selected for a third test series to evaluate
the filter performance with upward permeation under a
hydraulic gradient i = 2.5. The behaviour of the
permeabilities was similar to the results of the two test
series mentioned above. During an initial period of about
10 days, the permeabilities
showed a nonuniform
permeation behaviour. After that initial period, the
permeabilities in all permeameters adjusted to constant
flow rates. In order to simulate the frequent case of
interrupted water flow in a subsurface drainage system.
the upward permeation of the test system was stopped after
40 days. After the renewed start of the permeation,
following an initial period of instability, the system
permeabilities remained again relatively constant with
time. The system permeabilities are given on Figure 6.

Table 2. Geosvnthetics used in the long-term permeation tests

heat-bonded

needlepunched
I
~

O ~O,w k, (20 kPa)
[In/s] 2
[mm]’

Permittivity (20 I@a)
,s.,] 2

Geotextile

Polymer

Mass per unit area
[g/m’]

Thickness
(2 kPa)
[mm]

HBl

PP

113

0.44

0,18

4.0 ‘ 10-’

1.34

HB 2

PP

195

0.56

0,13

2.4

10”4

0.55

HB3

PP

300

0.82

0,09

3.2 “ 10”4

().42

NPl

PET

250

2.97

0,10

2.2.10”’

0.83

NP2

PET

365

4.02

0,09

2.3 .10-3

0.55

bywet slevmg (dralU)IN

60500-6)
relaled to 10“ Celsius and I geotextde layer. surcharge loads are gwen m brackets
measured
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MICROSTRUCTURAL

ANALYSES

During the dismantling of permeameters of the test series
permeated downward, undisturbed geotextile/soil samples
were prepared for microscopic analyses. In all analysed
microscopic sections, it was observed that soil particles

formed an internal soil filter in the form of a bridging
network above thegeotextiles.
Thegeotextile
filter layers
acted as a catalyst for the formation of this internal filter
system of the soil. The thickness of the bridging-zone was
dependent on the hydraulic gradient. The thickness of the
bridging-zone observed in the tests under the hydraulic
1998 Sixth International
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gradient i = 3 was 5 mm at maximum and about 1 cm in
the tests under a hydraulic gradient i = 12. A trapping of
finer soil particles by the filter layer was noticed only in
tests with the needle-punched geotextiles. However, the
penetration was about 0.5 mm, so that the phenomena of
deep filtration discussed by Heerten (1993) was not
obsemd. The microstructure of soil A and the geotextiles
HB2 and NPl are given on figures 7 and 8.

●

.

.
●

5

geotextile filter acts as a catalyst for the formation of
an internal soil filter based on a bridging network
the phenomenon of deep filtration was not obsemed
no measurable migration of soil particles occurred
atler 48 L stable hydraulic conditions were obtained
in all permearneters
even relatively
openly
designed
geotextiles
performed successfully
no failure of the geotextile filter by clogging was
found during the performance tests

CONCLUSION

Although the tested geotextiles differed in their material
parameters, their filter performance exhibited essentially
the same characteristics. They satisfied the requirements
of stable permeation conditions. A review of the test
results published by Kisskalt (1992), by Gartung et al.
(1994) and by Kossendey et al. (1996a, 1996b), revealed
that this obsemation applies to the geotextiles and test
soils studied by Kisskatt and by Kossendey et al. as well.
The test duration of up to 800 days and the large scale of
the test equipment admit the application of these findings
to conditions which are encountered in engineering
practice (steady-state-flow conditions and lower hydraulic
gradients). The opening size OW,W(measured by the wet
sieving method) of most of the recently obtainable
nonwovens fatls into the region from 0.07 to 0.13 mm.
Following the obtained test results, it has to be assumed
that geotextiles which meet the retention criterion based
on OgO,W,
will perform successfully under these boundary
conditions.
Along with the results of previous research
investigations (Kisskah 1992 and Kossendey et al.. 1996a,
1996b), the tidings of these long-term studies in filtration
with 25 different geotextiles and 6 critical soils regarding
filtration are a wide basis for the assessment of the longterm filter performance. All results confirmed that the
thickness of a geotextile layer is not a relevant criterion
for filtration under steady-state-flow conditions and the
retention criterion based on OgO,W,
has proved to be a
reliable basis for the dimensioning of geotextile filter
layers, Field examinations of geotextiles installed up to 15
years ago (Rollin et al., 1994 and Mylnarek et al., 1994)
confirm the results with respect to the long-term
performance.
The test results of the long-term test series reported in
the present paper and compared to results of previous test
series carried out at the LGA-Geotechnical Institute can be
summarized as follows:
. all permeameters showed the same flow behaviour
with increasing test duration
stable flow conditions were obtained in all
permeameters
the system permeability was independent of the type
of geotextile
the thickness of a geotextile filter layer had
definitely not any infhsence on the filtration
behaviour under test conditions described above
the microscopic analyses indicated that the
●

●

●

6

Davidenkoff, R. (1976) “Anwendung von Filtem im
Wasserbau”, W. Ernst& Sohn, Berlin, Germany.
draftDIN 60500-4 (1997) “Priifung von Geotextilien.Bestimrnen des Wasserdurchlassigkeitsbeiwertes
&~O~,
senkrecht zur Geotextilebene
unter Autlast bei
konstantem hydraulischen Hdhenunterschied”
draftDIN
60500-6
(1994)
“Bestimmung
der
OiTnungsweite Dw (O ~)”
FGSV
Forschungsgesellschatl
fiir
Strat3en- und
Verkehrswesen (1994) “Merkblatt fir die Anwendung
von Geotextilien und Geogittem im Erdbau des
StraJ3enbaus”, FGSV, Cologne, Germany, 72 p.
Gartung, E., Kossendey, Th. & Murray, H. R,( 1994)
“Long-term filter function of nonwovens: large scale
performance tests”, 5, Int. ConJ on Geotexti[es,
Singapore, Vol 2, pp. 729-732
Heertem G, (1993) “A contribution to the improvement of
dimensioning analogies for grain filters and geotextile
filters”, Geofilters’92, Balkema, Karlruhe, Germany,
pp. 121-128.
Kisskalt, J, (1992) “Kunststoffe in der Geotechnik Deponiebau mit Geokunststoffen-”, Vero~fen[lichungen
des Grundbauinstitutes
der Landesgewerbearssra[t
Bayern, Vol. 68, LGA, Nuremberg, Germany, 405 p.
Kossendey, Th., Gartung, E. & Lawson, C.R. (1996a)
“LOng-term performance tests for verification of current
filter criteria”,
GeoJkers ’96, Bitech
geotextile
Publishers Ltd., Montreal, Canada, pp. 275-284
Kossendey, Th. & Karam, G. ( 1996b) “A Critical Review
of the Current Filter Criteria on the Basis of Long-Term
Performance Tests” , EuroGeo f, Balkema. Maastricht,
The Netherlands. pp. 961-968
Luettich. S. M., Giroud, J. P. & Bacchus, R. C. (1992)
“Geotextile filter design guide”, Geo[extiles and
Geomembranes, Vol. 11, SpeciaI issue 1992:355-370.
Barking: Elsevier Science Publisher
Mlynarek, J., Bonnell, R. B., Broughton, R. S. & Rollin,
A. L. (1994) “Long-term effectiveness of subsurface
agricultural drainage systems”, 5. Int. Conf on
Geotextiles, Singapore, Vol 2, pp. 725-728
Rollin, A. L,, Mlynarek, J., Hoekstra. S. E. & Berkhout,
H. C. (1994) “Geotextile thickness: A relevant filter
design criterion”, 5. Int. ConJ on Geotextlles,
Singapore, Voi 2, pp. 795-698

●

1026-

1998 Sixth International

Conference

REFERENCES

on Geosynthetics

The Performance of a Geotextile Filter in Tropical Soil
M.G. Gardoni
Civil Engineer,

University of Brasili% Brasilia, Brazil

E.M. Palmeira
Associate Professor, University of Brasilia, Brasilia, Brazil
ABSTRACT: Problems with granular filters in residual soils from quartzite is well known by the Federal District Highway
Department, Brasilia, Brazil. These soils are structurally formed by clusters of fine particles. However, geotextile filters
have been used successfully under these conditions. This paper investigates a geotextile drain in residual soil ffom
quartzite that have been performing well for the last 10 years. Soil and geotextile samples were collected from the drain
and tested in the laboratory. Chemical and microscopic analyses were performed on the residual soil and on samples of the
geotextile. Current filter criteria were also used and the results obtained suggest that the accuracy of a criterion prediction
may be a fimction of the procedure used to obtain grain size distribution of the soil and on cluster resistance to high
gradients. In general the drain is in good operational conditions.
KEYWORDS:
1.

nonwoven geotextile, filter, residual soil, geotextile permeability,

INTRODUCTION

Geotextile draining systems have consistently performed
well in highways around Brasilia, Federal District, Brazil.
In several similar situations granular filters have clogged
when in contact with residuals soils from qurmzite, which is
very common in the region. Besides, local government
environmental
agencies have been very strict on the
exploitation and use of natural materials such as sand and
gravels.
This causes these materials
having to be
_rted
from distant places for drain construction,
wluch increases signMcantly the cost of granular drains in
comparison to synthetic drains. Because of these reasons
geotextile drains have become increasingly competitive in
comparison to natural drains and the Federal District
Highway Department
has increased the acceptance of
geotextde drainage systems in the region.
This paper presents a study of a 10 years old geotextile
drain built in the BR-020 highway, close to Brasilia, in a
region of residual soils from quartzite. The study involved
the inspecion of the geotextile in situ, collection of
geotextile, soil and water samples for laboratory tests.

fflter criteria.

A trench was excavated alongside the drain to collect
soil and geotextile samples for testing. Undisturbed soil
samples as well as geotextile samples on the side and on
the top of the drain were collected. Visual inspection
showed that the geotextile layer was in good state not
being observed any damage that might have been inflicted
to the geotextile during construction.
The drain, as a
whole, was in very good operational conditions. At this
stage it was also very clear the fgeater contamination
of
gravel material not protected by the geotextile. Water
samples were also collected for analyses.

0.1

Y

0.3

d

non woven geotextile
<

1.1
2.
CHARACTERISTCS
OF
THE
MATERIALS AND EQUIPMENTS USED
2.1

residual soil

DRAIN,

k

Dil)e

Drain characteristics

The drain in the BR-020 highway was constructed in a
region of residual soil and weathered rock ffom quartzite,
with the presence of meta-siltstone
and meta-claystone.
The drain is 400 m long at each side of the road and was
constructed in a 0.6 m wide and 1.5 m deep trench. Figure
1 shows schematically the drain geometrical characteristics.
2.2

Z gravel

Soil, water and geotextile characteristics

Dimensions

k~

in meters

Figure 1. Drain characteristics.

on the
Standard
kiborato~
teStS were uerformed
residual soil samples for the determi&ion
of grain size
distribution
void ratio, moisture content, etc. Table 1
summarizes the main characteristics of the soil. The soil is
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a fine sand (83°/0 of sand particles) and its grain size
distribution is shown in Figure 2. Two curves for the grain
size distribution of the residual soil are presented in this
figure. One is the cume obtained with the sedimentation
test using defldant
(standard pmmdure) and the other
is the result with the sedimentation test without the use of
deflocculant.
The
reason
for the
latter
type of
sedimentation test is due to the fact that soils in this region
are commonly structurally composed of clusters of soil
particles, forming strong larger grains, which may be
loosened by the action of the deflocculating agent used in
the tests but not necessarily by water flow in a drain or in
filtration tests. Therefore, for the use of filtration criteri%
the grain size curve obtained
without the use of
deflocculant
may be the appropriate
one under these
circumstances. Figure 2 shows a marked ~erence
between
results of sedimentation tests with and without the use of
deflocculant.

Chemical and mineralogical tests were also performed
in the residual soil such as methylene blue and X-rays
diftlactometry. These tests yielded to results of tilcient
of activity for the fine fraction of the soil eqyal to 6.88 g/g
specific surface of 7.35 m2/g and cations exchange
capacity of 0.8 meq/100. Results of the chemical analysis
are presented in Table 2. The soil can be then classified as
a low activity lateritic soil. This was cx-miirmed by the
presence of kaolinite as the predominant clay mineral in
the soil fine fraction in X-rays diffractometry tests.

Table 2. Chemical composition
substance
Si02
F~03
A1203
CaO
M&

of the soil.
Percentage (Yo)
89.10
1.12
2.53
0.13
0.06

Tesls with samples of the underground water in the
region revealed a pH equal to 7.95 and low values of
turbidity (0.7 NTU) and iron content (0.23 m@l). These
values are close to the values observed for distilled water.
A nonwoven needle punched geotextde,
made of
polyester, commercially available under the name Bidim
0F20, was used to envelope the gravel material (Fig. 1).
Table 3 presents the main characteristics of the geotextile
used
0.001

0.01

1--1o

0.1

Particle diameter, mm
-s+ eail, without deflocculant

+

coil, with defl~ulant

* soil, after a filtration teat (with deflocculant)
● protected gravel
-9 unprotected grawel

Figure 2. Grain size distributions

11.4

22.6
0.33
2.71
80X 104

It is important to note that depending on the grain size
distribution choosen for filter design the values of grain
diameters obtained can be significantly ditlerent. The same
applies to the value of the coefficient of non-tiormity
of
the soil (CU) which may lx 1.4 or 19, depending on the
curve used The latter value suggests that if the pack of
grains is destroyed by the action of the water the soil can
be highly sensitive to suffhsion.
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0.130
0.12-0.21
2.2
0.55

~, Cm.k
Notes: FOS - filtration opening size (AFNOR G 38017);
AOS - apparent opening size -(ASTM D4751-87); ~~ geotextile thickness&
- geotextile permeability coefficient
normal to its plane (ASTM D4491-89).

of the soils.

Table 1. Soil properties.
Natural moisture content YO
Specific gravity (in situ), kN/m3
Void ratio
Density of the soil particles
Permeability coefficient Cm/s

Table 3. Geotextile characteristics.
FOS, mm
AOS, mm
~T,mm
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2.3

Experimental

Filtration tests with undisturbed soil samples and the same
type of geotextile used in the drain were performed in the
laboratwy as well as geotextile permeability tests with
exhumed
horn
the
drain.
A
geotextile
samples
permeameter
similar to the one presented by Calhoun
(1972) was employed for the filtration tests, which is
composed of a pvc cell that can accommodate 100 mm
A total system gradient of 2 was
diameter soil samples.
adopted for the filtration tests. The equipment also allows
the execution of gradient ratio tests. However, for the
present case the definition of gradient ratio may be
irrelevant due to the fti that undisturbed samples, rather

than reconstituted samples, were tested. So, heterogeneities
in the undisturbed soil mass can affect the value of the
Nevertheless,
the general
gradient
ratio obtained.
procedure recommended by ASTM (1991) for gradient
ratio tests (ASTM D 5101-90) was followed in the present
case.
For the conformance of the cylindrical external face of
the soil sample to the cylindrical internal
tiace
of the
permeameter cell the soil sample side was covered by a
layer of paraflin which was then trimmed appropriately to
achieve a satitiactory
match between
soil and cell
diameters. The internal wall of the permeameter cell was
greased to avoid any preferential flow along the soil-cell
interface. Filtration tesls with durations as long as 2500
hours (= 3.5 months) were performed.
Distilled water was used in the laboratory tests and its
composition after having crossed the soil sample was
monitored during the test to assess variations in pH,
turbidity. total iron and electrical conductivity.
To assess the loss of permeability of the geotextile in
the drain after 10 years of operation the carefidly exhumed
geotextile samples were subjected to permeability tests in
the laboratory. The equipment in this case is similar to the
one presented in ASTM ( 199 1) for the determination of the
permeability of geotextiles normal to its plane (ASTM D
4491-89).
Investigations of the state of the exhumed samples of
geotextile
were
also carried
out using
electronic
For this analysis
samples
of exhumed
microscoW.
geotextile were firstly totaly impregnated by polyesterene
resin under vacuum. Slices of these samples could then be
cut for the analysis by an electronic microscope.
Additional information on materials, equipments and
methodologies can be found in Gardoni (1995).

3.

RESULTS OBTAINED

3.1

Filtration test

Figure 3 shows the remit of a filtration test with an
undisturbed residual soil sample and the same geotextile
used in the drain. Approximately
2000 hours were
necessary for the stabilization of water flow conditions.
At the end of the long term filtration test the soil mass
close to the geotextile (one third of the original sample
height) was tested for void ratio determination.
It was
observed that the void ratio increased from 0.33 to 0.53 in
that region. This suggests that some level of suflhsion
occwred during the long term filtration test. This can be
also inferred from the grain size distribution of the soil
sample close to the geotextde after the filtration test, which
is also presented in Figure 2 (grain size analysis with the
use of defloccukmt). This indicates that the mobility or
dispersion of soil clusters maybe dependent of the gradient
used in the test.

Figure 2 also shows the grain size distributions of the
gravel materials enveloped by the geotextile and on top of
the drain (Fig. 1). It can be observed that the unprotected
gravel was signitlcantly contained
by the fines from the
residual soil while the gravel inside the drain was clean.

OL
0

lmo

Xm

am

lime, hours

Figure 3. Flow rate versus time in a filtration test.

The analysis of the water that passed through the soil
sample in comparison
to the standard distilled water
showed high values of turbidity and increases on iron
content and PH, as shown in Table 4. These results suggest
that there was iron precipitation
under
laboratory
conditions.

Table 4. Water composition at the entrance and at the exit
of the soil sample (end of the test).
(2)
(3)
(4)
(1)
ph
Stage
3.10
0.38
1.8
0.028
Entrance
6.8
10.6
7.4
7.1
2.22
82
Exit
Notes:
(1) - total iron (m@l); (2) - turbidity @TU); (3) electrical
conductivity
3.2

(pS/cm) and (4) - total dissolved solids (m@l).

Geotextile permeability

The geotextile samples taken from the drain side and top
as well as the sample used in the filtration test discussed
above were tested to assess their loss of permeability under
field
and
laboratory
conditions.
Firstly,
for this
comparison
a series of geotextile permeability tests were
performed on virgin samples of the same geotextile in
order to determine its average permeability coefficient and
the scatter of test results. As the mass per unit area of thin
geotextiles can vasy markedly along the geotextile layer,
several samples of varying mass per unit area were tested.
The results of normal geotextile permeability of virgin
samples versus geotextile mass per unit area are presented
in Figure 4 where a rather constant average normal
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permeability with mass per unit area can be observed as
well as a significant scatter of test results.
The results of permeability
tests with geotextile
samples fkom the drain and from the filtration test are also
presented in Figure 4 and in Table 5. A reduction of
geotextile permeability of 50 to 60% with respect to the
average permeability of the virgin samples can be observed
for the exhumed geotextile samples. The geotextile sample
used in the filtration test retained only about 5’?’0of its
original normal permeability. These results suggest that
much more severe conditions occurred in the laboratory
filtration test than in the field (larger gradient, for
instance).
Nevertheless,
the values
of permeability
coefficient or geotextile permittivity are still significantly
high for practical purposes, as shown in Table 5.

1

●

c

/

/

range of tests with virgin
geotextile samples

jo.ol~
200

400

300

Mass per unit area,

Figure 4. Geotextile permeability

g/m2

test results.

Table 5. Geotextile permeability tests results.
Geotextile
bT
‘A
~
J,
specimen
(mm)
(g/m2)
(c~s)
0.24
340
1.50
1.6
Drain top
0.19
1.6
264
1.19
Drain side
0.03
0.15
242
Filtration test
2.0
Notes: %T = geotextile thickness, MA = geotexdle mass
per unit area, ~ = geotextile coefficient of permeability
and v = geotextile permittivity.

3.3

Evaluation

of filter criteria

As mentioned earlier in this work for a proper application
of filter criteria the grain size characteristics of the soil in
contact with the geotextile have to be well determined. In
the case of the residual soil investigated in the present
work the value of relevant grain diameters depend on the
use or not of deflocculant
in the sedimentation
test.
Because the soil mass is mainly composed of coarse
“grains” composed of clusters of particles that mayor may
not be dispersed by water flow or migrate through the soil
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mass, the designer has to decide which grain size
distribution curve should be used for design purposes. The
aim of this section is to evaluate the results obtained by
some design criteria available in the literature for the drain
under investigation.
The following filter criteria were
French
Committee
on Geotextiles
and
employed
Geomembranes
(CFGG, 1986), Cmadian
Geotechnical
Society (CGS, 1992), Carroll (1983), Chrkopher
and
Holtz (1985), Giroud (1982), IRIGM (Grenoble)/Ecole
Politechnique de Montreal (Faure et al, 1986), Mlynarek
et al (1990), Ontario Ministry of Transportation
(OMT,
1992), University of British Columbia - UBC (I%nnin et al,
1994), United States Federal Highway Administration
(USFHW~
Christopher
and Holtz, 1985) and United
States Army Corp of Engineers (USACE, 1977). Table 6
summarises the results of filter criteria evaluation. It can
be observed that most of the criteria would lead to the
acceptance of the use of geotextile while only two would
reject its use as filter for the residual soil. It is interesting
to note that the criterion presentedbyGiroud(1982)
would
not be entirely applicable for the grain size distribution
curve obtained in the sedimentation test with delkculant
because to some extent the soil could be considered as a
gap graded soil by that criterion. Nevefieless,
if the
criterion was also applied in this case the geotextile would
have failed to meet filter requirements. The geotextile may
fail or not by the criterion presented in Mlynarek et al
(1990) depending on the value of the apparent opening
size used for the geotextile (maximum or minimum value
in Table 3).
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Table 6. Evaluation
Criterion

of filter criteria
Grain Size Analysis
Without
With
defldant
dd-kxcdant
F
F
CFGG (1986)
P
P
CGS
P
P
tirrOfl (1983)
P
P
Christopher & Holtz (1985)
P
NA/F
Giroud (1982)
P
F/p
Mlynarek et al (1990)
F
F
HUGM/EPM
P
P
OMT (1992)
P
NA
UBc
P
P
USFHWA
P
P
USACE
Notes: F - geotextile fhile@ P - geotextile paw@ NA criterion is not applicable, F/P - failed or passed (see text
for comments) and NA/F - Not applicable or failed (see
text for comments).

‘

‘

From the results presented in Tables 1 and 5 it can lx
observed that the permeability coellicient of the exhumed
geotextile samples is of the order of 25 times the soil
satisfies
current
permeability
coefficien~
which

permeability criteria such as the ones presented by Carroll
(1983), Giroud (1982) and Christopher and Holtz (1985)
3.4
Microscopic
samples

investigations

of exhumed

geotextile

The exhumed geotextile samples were observed under
optical and electronic microscopes and photographs
of
some of the specimens are presented in Figures 5 to 8. In
general it could be observed that the geotextile was in good
conditions with the sample taken fkom the side wall of the
drain with a greater degree of clogging but still maintaining
a large amount of its openings *
from soil particles, as
shown in Figure 5. This is reasonable since water flow is
more (or only) signifkant along the sides of the drain.
Figure 6 shows that the grains retained in the geotextile
were formed by clusters of soil particles, as commented
earlier in this work. Figure 7 shows a detail of one of these
clusters. These results emphasyses the ditlkxdty related to
the choice of appropriate soil particle diameters to use in
filter criteria for residual soils. Figure 8 shows that clay
particles or clusters were also found bonded to individual
geotextile fibers. Some level of damage of the geotextile
fibers could be identitled and may have been caused during
drain construction or by the action of microorganisms.
Figures 5 to 8 show that after 10 years of existence the
geotextile layer is in good operational condition.

The geotextile was able to retain the fines from the
residual soil and the enveloped gravel material in the drain
was very clean in contrast to the contained
gravel
material in regions where geotextile layers were not used.
GtxXextile permeability tests suggest a 70% loss of the
original permeability under field conditions for the drain
investigated
The permeability
loss observed
in a
laboratory filtration test was signMcantly greater than in
the field which was probably due to the soil-geotextile
system in the laboratory having been wbjected to more
severe conditions than the ones found in the field The
destruction of soil clusters and the consequent intensity of
suflision is also likely to be dependent of the gradient of
flow.
The investigation
of the condition of the geotextile
pores after 10 years of operation showed that a large
amount of free pores is still available.
Geotextile filter design for soils formed by clusters of
~cles
is a complex task. The results presented in this
work shows that the acceptance or not of a geotextile filter
by current criteria or the applicability of some criteria can
be even dependent of the procedure adopted in the grain
size analysis of the soil. Soil chemical and mineralogical
analises are useful tools for the understanding of long term
behaviour of geotextile drains in tropical soils. In spite of
the encouraging
results obtained in the present work
fbrther research is required for a better understanding
on
the behaviour of geotextile filters in tropical soils.

Figure 5. General view of the geotextile openings.
Figure 6. Clusters of particles retained in the geotextile.
4.

CONCLUSIONS
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Figure 7. Detail of a cluster of particles.

Figure 8. Fine particles bonded to a geotextile fiber.
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ABSTRACT: During the placement of the geotextile filter, some free space can be left between the in-situ soil and the
filter fabric. There is the possibility that the soil particles that separate from the soil matrix will accumulate on the surface
of the filter geotextile and create an impermeable layer, which is called blinding. The aim of this study was to observe
whether such blinding process really occurs. This was investigated by preparing samples with cavities of cylindrical shape.
The diameters and the heights of the cavities varied. Two types of geotextiles, one of them needle-punched and the other
spun-bonded, that are most commonly used as filters were used in the tests. Permeability tests conducted on the samples
revealed that the presence of cavities did not cause any reduction in the permeability for the given clay and two geotextiles
that have been used, compared to the permeability of the samples without cavities.
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INTRODUCTION

Geotextiles used for filtration and related applications
should have similar
functional
criteria to those of
aggregate filters. The fabric to soil system should permit
free liquid flow across the plane of the fabric without
clogging while preventing the escape of soil particles.
There are several modes of failure that need to be
considered in the design of a geotextile filter. The design
for filtration, retention and long term clogging properties
of geotextile
filters
has been
studied
by many
researchers. (Giroud, 1982, Luettich et. al., 1994) Another
possibility of failure is blinding. During the placement of
the geotextile filter, some free space can be Iefi between the
in-situ soil and the filter fabric. There is the possibility that
the soil particles that separate from the soil matrix will
accumulate on the surface of the filter geotextile and create
an impermeable layer. The aim of this study (Baran, 1996)
was to observe whether such blinding process really occurs.
This was investigated by preparing samples with cavities of
cylindrical shape. The diameters and the heights of the
cavities varied. Two types of geotextiles that are most
commonly used as filters were used in the tests. One of the
geotextilcs was a nccdlc-punched
and lhe other a spunbonded geotext ile. Hydraulic
conductivity
tests were
conducted on samples prepared with cavities.

2

METHODOLOGY

A mixture of kaolinitc and bentonite clay was used in the
tests. The percentages of kaolinite and bentonite were 75%
and 250A, respect ivcly. Gcotcchnical propcrt ies of the clay
mixture used in this study are given in Table 1.
In each sample, the geotcxtilc tiltcr was placed over gravel,
and the soil sample with a cavity was placed over the

geotextile. The gravel used was a uniform
passing No. 4 sieve.

sized gravel

~

. Properties
. .. .............. ................ .. ... .. .. .. . .. ..Values
...... . . .. ............ . .
15.2
Dry unit weight(kN/m3)
Optimum water content(%)
23
2.69
Specific gravity
0.29
Activity
47.1
Smaller than 2 pm
85
Liquid limit(%)
25
Plastic limit(’XO)
60
~

...............

Two types of geotextiles were used in all tests. The first
one was nomvoven, needle-punched and the other one was
nonwoven, spun bonded. The basic characteristics
of the
geotextiles used are listed in Table 2 and 3.
. .Table 2. Propcrtie~~
. .. —
Properties
Test Method
ASTM D3776
Unit weight “Thickness
under
2 kpa pressure
Tensile strip test
Permeability

Unit
g/ln2

.—
Values
—68

ASTM D 1777

~un

0.36

BS/6906/l
EMPA/ITF

kN/m
m Is

3.3
25E-04

The clay samples were prepared
in an air-dried
condition as a powder and mixed with each other properly
before adding water to it. Then water was gradually added
to the samples until the desired water content was reached.
The samples prepared were allowed to sit for 24 hours to
allow for the moisture to dist ributc evenly. All thc samples
were compacted at two percent dry of optimum. The
compact ion was conducted according to Standard Proctor
compaction method as outlined in ASTM Standard D 69878, Method A.
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~nched
Properties
Unit weight

geotextile
Unit
Values

Test Method
ASTM D3776

Thickness
under
2 kpa pressure
Tensile strip test
Permeability
under
vertical
pressure 2 kN/m2
Permeability
under
vertical
pressure
200
kN/m2

ASTM D 1777
ASTM D 4595
Franzius
Inst.
10 cm
water
head
Franzius
Inst.
10 cm
water
head

g/m2
mm

95

kN/m
cm/s

5.9
0.5

cmls

0.06

1.0

In preparation of samples which had cavities, special
mold-bases as shown in Figure 1a, were laid down at the
base of the compaction mold. Different mold bases with
va~ing heights and diameters were used.
101 mm

I

The chosen heights and diametersof
the cavities were
as follows: mold bases with height (h) of four mm and with
height of six mm; For each height of cavity, there were
three different diameters (d). twenty, forty and sixty mm.
After compaction, the mold bases under the samples
were removed carefully leaving the cavities in the sample.
The samples were placed over geotextile which was laid
over a gravel layer because in a subsurface drainage
installation,
the downstream
side of the geotextile is
usually supported by gravel or rock. Cross section of a
typical test sample is shown in Figure lb.
Falling head permeability tests were conducted on the
specimens in the molds in which they were compacted.
Hydraulic head was on the average 135 cm. Measurements
of the permeability tests were continued until permeability
values reached an equilibrium condition.

3

i

Inu

TEST RESULTS

Permeability tests which were conducted on the samples
which did not have a cavity, are given in Table 3.

u

Table 3, Result of permeability
cavities
-e
type
Soil only
Soil with spun-bonded

-’

geotextile

Table 4, Result of permeability
~e~_
~

————
—._
———
———
_
.——
—
———
HI

.. Height
.. . . . (mm)
. . .. ..
4
6

————
———
il
———
1}
11—-—————41
e

———

Permeability
5.14X10-8
5.58x10”B

—.

without
(cm/s)

The results of the tests with varying cavity geometry
and type of geotcxtile used are given in Table 4 and Table
5,

(a)

———

tests on samples

SOIL SAkfPLE

_

———
—.—
_
——_
———
———
—.—
_
————
———
11
jl

. . . .. . . .. .. . .
6.8OX1O-*
8.48.X10-8

tests on samples with spun40

60

. . . . . .. . . .. .. . . . .. .
9,03 X10-8
8.55x10-*
1,07X 10-7
9.77 X10-8
1.06x10-7

II–––––-–-11

I

I

GE13TEXTILE
GRAVEL

Figure 1. a) Special mold bases used to form cavities,
b) Cross-section of a typical test sample
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Table 5. Result of permeability tests on samples with
needle pun~Permeabilit~
40
60
Diameter (mm)
20
Height
(mm)
.. .. . . .. .
. . . . . .. .. ..... . . . . . .. .. .. .. .. .. . .. .. .. . ..... ..... .. .
8.35x10-8
9.74 X1O-*
4
9.55 X10-8
9.8.3 x10-8
1.10XIO”7
1.31 X10-8
6
1.38x10-7
Permeability test results versus surface area of the
cavities can be seen in Figure 2 for spun-bonded
geotextiles and in Figure 3 for needle punched geotext iles.
Surface area is described as the surface through which the

water leaves the soil and enters the cavity. Therefore, the
surface area is calculated as the sum of the circular section
plus the peripheral area of the cylindrical cavity. For spunbonded geotextiles, increasing the diameter, increased the
permeability value slightly. Further increase in diameter of
the cavity did not result in further increases, instead a
slight decrease was observed. Increasing the height of the
cavity resulted in higher permeabilities for all diameters.
When needle punched geotextiles were used, increasing the
diameter revealed similar results with those of spunbonded geotexiles
when cavity height was 0.4 cm.
However, increasing the cavity diameter iimther caused an
increase in permeability for the cavity height of 0.6 cm.

shown in Figures 4 and 5 for spun-bonded and needlepunched geotextiles respectively, Similar conclusions can
be drawn from these figures,

‘3”0-;

:

1

i-

10

12,5

15

x
x

g 7.0
n
(u
E
d!

13.0

5,0

o

2.5

5

7.5

17.5

20

Cavityvoiume(cm3)

Figure 4. Permeability
bonded geotextiles

versus

cavity

volume

for spun

15,0
3.0
0

5
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15

20

25

~

35

~
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/::
.....................
.. .....
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Figure 2. Permeability
bonded geotextiles

x

versus cavity surface area for spun

x

g 9.0
n
m
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:
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I +wsapple

!with~t

cavity

~
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~
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12.5

15

17.5

;

w
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x

o
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5

7.5
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x

Figure 5. Permeability
punched geotextiles
5.0 ~
051015202530

3540

4

versus

cavity volume

for needle

CONCLUSIONS

Cavity surfaca area(cm2)

Figure 3. Permeability
punched geotextiles

versus cavity surface area for needle

Permeability results for both types of geotextiles were
also plotted against the volume of the cavity. The
permeability
results versus volume of the cavities are

Permeability tests conducted on the samples revealed that
the presence of cavities did not cause any reduction in the
permeability for the given clay and the two types of
geotextile
that have been
used compared
to the
permeability of the samples without cavities. A slight
increase of the permeability was observed for smaller sized
cavities. It was determined that the increase in the height
of the cavity causes consistently
an increase in the
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permeability. An initial increase in the permeability was
measured with an increase in the diameter. For spun
bonded geotextiles, increasing the size of the cavity causes
an increase in the pertneability
for up to a maximum
permeability level. Increasing the size of cavity beyond this
point slightly decreases the maximum permeability value.
For neddle punchedgeotextiles,
the trend is similar for the
cavity height of 0.4 cm. However, for a cavity height of
0.6 cm this reversal in behaviour is not observed and a
further
increase
in permeability
is measured
with
increasing cavity size. This indicates that the danger of
blinding is even less for neddle punched geotextiles, for the
given cavity sizes.
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ABSTRACT: This paper presents a description of the structure of nonwoven geotextiles, including the constriction size
distribution curve and the opening size distribution curve, and a theoretical model that leads to a minimal required number
of constrictions to ensure homogeneous opening size of the geotextile. Then, an analysis of the mechanism of filtration is
presented, which quantifies the probability for a particle to be retained by (on or in) a nonwoven geotextile filter or to pass
through the filter. This analysis shows that a needle-punched nonwoven geotextile filter having the minimal required
number of constrictions is preferable to a thicker nonwoven geotextile filter. This leads to the concept of a two-layer
geotextile filter where filtration is provided by a layer of needle-punched nonwoven material constructed with fine fibers
and mechanical properties are provided by a layer of needle-punched nonwoven material constructed with coarse fibers.
KEYWORDS:
1

Geotextiles, Nonwoven,

Filtration, Opening size, Theory.

INTRODUCTION

Ever since geotextiles have been used as filters, filter
thickness has been a subject of discussion.
This paper
sheds some light on the subject while providing
a
theoretical
basis for the development
of a two-layer
geotextile filter. In Section 2, an analysis of the structure
of nonwoven geotextiles shows that the opening size of
nonwoven
geotextile
filters decreases
with increasing
thicknesses of geotextiles made from the same nonwoven
material.
In Section 3, an analysis of the mechanism of
filtration shows that the probability for a particle to be
retained by a geotextile filter depends on the thickness of
the geotextile. It is concluded in Section 4 that a relatively
thin needle-punched
geotextile filter is desirable in many
practical cases. However, a thin geotextile filter may not
have the required mechanical
properties
to withstand
mechanical damage and to resist deformations that could
alter its opening size. To that end, a two-layer filter has
been developed. This filter associates two layers of needlepunched nonwoven material: a layer constructed with fine
fibers and having a thickness selected to provide optimal
filtration characteristics;
and a layer constructed
with
coarse fibers providing the required mechanical properties.

Figure 1. Constriction

size.

2

STRUCTURE

2.1

Basic Definitions

OF NONWOVEN

FILTERS

2.1.1 Constrictions
To pass through a nonwoven geotextile filter, a particle
must pass between fibers.
A constriction is a passage
delimitated by three or more fibers which are nearly, but
not necessarily exactly, in the same plane. The size of a
constriction can be defined as the diameter of the sphere
which can just pass through the constriction (Figure 1). A
constriction is different from a pore. Whereas a constriction is strictly defined, a pore is a loosely defined portion of
the pore volume, i.e. the volume located bet ween the fibers.
2.1.2 Constriction

Size Distribution

Curve

If a block of nonwoven material is considered (i.e. a threedimensional sample, not a quasi two-dimensional
sample
such as a geotextile), and if this block is large enough to be
representative,
it contains a representative
set of the
constrictions
which exist in the considered nonwoven
material.
This set of constrictions is represented by a
constriction size distribution curve (Figure 2, Curve C).
The constriction size distribution curve is an intrinsic
characteristic of the nonwoven material.
Therefore, it is
related to parameters
that characterize
the nonwoven
material (e.g. the porosity, n, and the fiber diameter, d( ),
but it is not related to parameters that depends on the
geotextile, such as the geotextile thickness. Constriction
sizes range from CO, the size of the smallest constriction in
the considered nonwoven material, to C,m, the size of the
1998 Sixth International
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than it is. Unless it diverts the particle, this constriction
stops the particle. The level at which a particle is stopped
depends on the filtration path (Figure 3): this is an
important consideration
in the analysis of the filtration
mechanism.
Of course, if the considered particle is not
stopped by a constriction, it passes through the geotextile.
2.1.4 Opening Size

0
Constriction

size or opening size

Figure 2. Constriction size distribution curve (C) and
opening size distribution
curve (0) for a nonwoven
geotextile.
largest constriction in the considered nonwoven material;
C,m is such that 100% of the constrictions in the considered
nonwoven material are smaller than or equal to C,m.
One could argue that the size of the smallest constriction
is CO= O because there is always the possibility that three
fibers will meet at the same point, thus delimitating a
passage with a zero size. However, from the viewpoint of
tiltration, constrictions with a size that is zero or very small
should not be considered because a particle that meets such
a constriction will not be stopped; instead, it will be
diverted laterally. (The particles do not have to follow a
straight path, and they naturally select the path of least
resistance.)
2.1.3 Filtration Path
A soil particle that travels in a nonwoven geotextile filter
follows a certain filtration path (Figure 3). A filtration path
is tortuous, but its general direction is approximately
perpendicular to the plane of the geotextile.
As it travels
along a filtration
path, a particle
passes
through
constrictions until it meets a constriction which is smaller

L

Particle
~Fiber

I

t GT
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2.1.5 Opening Size Distribution

Curve

In a nonwoven geotextile filter, there are many filtration
paths, and these paths are all different. A given particle can
be stopped in a certain filtration path, but it may pass
through the filter if it follows another path. Each filtration
path is characterized by its opening size. Therefore, a
geotextile
filter is characterized
by an opening size
distribution curve (Figure 2, Curve O). The size of the
openings of a nonwoven geotextile (i.e. the sizes of the
openings of the various filtration paths of the geotextile)
range from 00, the size of the smallest opening in the
considered nonwoven geotextile, to O,W, the size of the
largest opening in the considered nonwoven geotextile. It
will be shown in Section 2.2.4 that 00 is equal to CO; O,w is
such that 1009Z0of the filtration paths in the considered
geotextile have openings that are smaller than or equal to
o ,m. In other words, 100% of the openings of a geotextile
are smaller than or equal to 0,~.
The opening size
distribution curve is a characteristic of the geotextile and, in
particular, the largest opening, O,m, is a characteristic of
the geotextile, called the opening size of the geotextile. The
opening size of a geotextile is the size of the largest particle
that can pass through the geotextile provided it migrates
individually through the geotextile and it is not attracted
electrostatically or otherwise to the geotextile fibers.
2.2

Relationship

Between Constrictions

and Openings

2.2.1 Influence of the Thickness of a Nonwoven

Figure 3. Filtration paths (~, = geotextile thickness).
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In each filtration path, there is a constriction that is smaller
than the others. This constriction plays an essential role: it
determines the size of the largest particle that can pass
through the geotextile following the considered filtration
path. This constriction is called the controlling constriction
of the considered path, a terminology proposed by Kenney
et al. (1985) for sand filters. In a given filtration path, the
size of the controlling constriction is the opening size of the
filtration path; therefore, the opening size of a filtration
path is the size of the largest particle which can travel
through the geotextile filter following this filtration path.
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Filter

The constriction
size distribution curve is an intrinsic
characteristic of the material that constitutes a geotextile
whereas
the opening
size distribution
curve is a

characteristic of the geotextile.
The relationship between
the constriction size distribution curve of the material that
constitutes a geotextile and the opening size distribution
curve of this geotextile depends on the thickness of the
geotextile. Toestablish therelationship
between these two
types of curves, three nonwoven geotextiles with different
thicknesses are considered.
These three geotextiles are
assumed to be made with the same nonwoven material (i.e.
a material characterized by a given fiber diameter, a given
porosity, and a given type of fiber arrangement).
Two extreme cases will be considered first, the case of a
nonwoven geotextile with a zero thickness (Section 2.2.2)
and the case of a nonwoven geotextile with an infinite
thickness (Section 2.2.3); then the case of a nonwoven
geotextile
with a finite thickness will be considered
(Section 2.2.4).
2.2.2 Infinitely Thin Nonwoven Geotextile
In a hypothetical infinitely thin nonwoven geotextile, each
filtration path has only one constriction.
Therefore, the
opening size of each filtration path is equal to the size of
the unique constriction of this filtration path. As a result, in
the case of a hypothetical
infinitely thin nonwoven
geotextile, the opening size distribution curve is identical to
the constriction size distribution curve (Figure 4, Curve 4).

Constriction size or opening size
Figure 4. Opening
size distribution
curves for four
geotextiles made from the same nonwoven material, but
having different thicknesses: (1) infinitely thick, (2) thick,
(3) thin, and (4) infinitely thin.
(Curve 4 is also the
constriction size distribution curve for the four geotextiles.)
2.2.3 Infinitely Thick Nonwoven

Geotextile

In a hypothetical infinitely thick nonwoven geotextile, each
filtration path contains an infinite number of constrictions.
Therefore, in this case, there is a 100% probability that all
constriction sizes are present in each filtration path. Thus,
each filtration path contains the smallest constriction, CO.
When a filtration path contains the smallest constriction,
this constriction is the controlling constriction.
Therefore,

in a hypothetical infinitely thick nonwoven geotextile, all
filtration paths have the same controlling constriction,
hence the same opening size (00 = On = O,w = CO, where
0< n < 100). As a result, the opening size distribution
curve of this geotextile is a vertical line (Figure 4, Curve
1). In other words, in a hypothetical infinitely thick
nonwoven geotextile, all filtration paths have the same
opening size, which is the opening size of the geotextile
and which is equal to the smallest constriction size.
2.2.4 Nonwoven

Geotextile

Having a Finite Thickness

The case of a nonwoven geotextile having a finite thickness
is considered. Elementm-y calculations show that, in typical
nonwoven geotextiles, the number of filtration paths is
greater than 1000/cm2.
Therefore,
if the considered
specimen is large enough to be representative, it contains a
very large (quasi infinite) number of filtration paths. The
probability that at least one filtration path contains the
smallest constriction is virtually 100%. When a filtration
path contains the smallest constriction, CO, this constriction
is the controlling constriction, i.e. the opening size of the
filtration path. A filtration path which has an opening size
equal to the size of the smallest constriction is, of course, a
filtration
path that has the smallest
opening
size.
Therefore, 00= CO(Figure 2).
In a given filtration path, the number of constrictions, in
the case of a typical nonwoven geotextile, is not very large
(for example, between 10 and 50, as indicated in Section
2.3.3). Therefore,
the probability
that the smallest
constriction is present in all filtration paths is smaller than
100%. As a result, a certain number of filtration paths have
a controlling constriction (i.e. an opening size) greater than
CO. Therefore, On> CO.
The largest constriction size is C,w; therefore, the largest
possible opening size is C,m. However, for a filtration path
to have such an opening size, would require that all the
constrictions of this filtration path be equal to C,m. But, in
a given filtration
path, the probability
that all the
constrictions are identical is virtually zero. Therefore, the
maximal opening size that a filtration path may have (i.e.
the opening size of the geotextile) is smaller than the
maximal constriction size. Therefore, O,m < C,M.
The relationship,
demonstrated
above, between the
constriction size distribution curve and the opening size
distribution curve of a nonwoven geotextile having a finite
thickness is illustrated in Figure 2. The opening size
distribution curves of two nonwoven geotextiles with a
finite thickness are shown in Figure 4: Curve 2 for a
relatively thick geotextile and Curve 3 for a relatively thin
geotextile. In Figure 4, it is important to note that Curve 4,
which is the opening size distribution
curve for the
hypothetical infinitely thin nonwoven geotextile, is also the
constriction size distribution curve for all four nonwoven
geotextiles made with the same nonwoven material.
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2.3

Theoretical

2.3.1 Description

Model of Nonwoven

Geotextile Filters

of Chart

A theoretical
model of the structure
of nonwoven
geotextiles (Giroud 1996) made it possible to develop a
chart (Figure 5) that provides relationships between the
following parameters: the geotextile opening size, O,w, the
thickness of the geotextile, t.,, the diameter of the fibers,
d,, and the porosity of the geotextile, n (solid curves for a
given value of the porosity, and dashed curves for a given
value of W#(pf d~) where v~~ = geotextile mass per unit
area, p~= fiber density, and d~= fiber diameter). This chart
is in good agreement with the results of numerous tests
performed on needle-punched
(and some heat-bonded)
nonwoven geotextile filters (Giroud 1996). The chart also
gives an approximate value of the average number of
constrictions,
m, that a particle traveling through a
nonwoven geotextile filter can be expected to pass through
(dotted curves in Figure 5).

Geotextile

thickness/ Fiber diameter, tG,/d,

Figure 5. Chart giving three relationships between the
geotextile
opening
size/fiber
diameter
ratio and the
geotextile thickness/fiber
diameter ratio for nonwoven
geotextile filters.
2.3.2 Size of Constrictions
The chart in Figure 5 shows that, for a given nonwoven
material characterized by its porosity, n, the opening sizes
of geotextiles having different thicknesses made with this
nonwoven material decrease for increasing thicknesses
(solid curves) and tend to reach an asymptote as the
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geotextile thickness (and the geotextile mass per unit area)
tend toward infinity. The horizontal asymptotes of the solid
curves in Figure 5 correspond
to the case of the
hypothetical infinitely thick nonwoven geotextile used in
the demonstrations presented in Section 2.2.3. Therefore,
the geotextile
opening size that corresponds
to the
horizontal asymptotes in Figure 5 is a theoretical value of
the smallest opening size, 00, and the smallest constriction
size, CO(00= CO, as demonstrated in Section 2.2.4). On the
other hand, the chart does not provide information on the
size of the largest constrictions
(Clm ) because
the
theoretical model used to establish the chart presented in
Figure 5 is not valid for extremely small values of the
geotextile thickness/fiber diameter ratio (e.g. t~, / df e 10);
in other words, the chart presented in Figure 5 cannot
represent the case of the hypothetical
infinitely thin
nonwoven geotextile discussed in Section 2.2.2.
2.3.3 Influence of the Number of Constrictions
In Section 2.2, the parameter used to compare geotextiles
was the geotextile thickness. This was appropriate because
the geotextiles considered had the same porosity and fiber
diameter. In Sections 2.3.3 and 2.3.5, it will be seen that
nonwoven
the
appropriate
parameter
to compare
geotextiles
having
different
porosities
and/or
fiber
diameters is the number of constrictions.
The difference O,W–OO between the geotextile opening
size, O,m (i.e. the size of the largest opening of the
geotextile), and the value of the asymptote of the solid
curves in Figure 5, 00 (i.e. the size of the smallest opening
of the geotextile), characterizes the homogeneity of the
geotextile filter with respect to opening size: a small value
of O,m– 00 indicates an homogeneous geotextile, whereas a
large value indicates an heterogeneous
geotextile.
The
chart in Figure 5 shows that, for less than approximately 15
constrictions (m < 15), O,w,– 00 is large, whereas, when the
number of constrictions is greater than approximately 25 to
30, O,m– 00 is small and does not significantly decrease
with increasing geotextile thicknesses. Therefore, it may be
qualitatively said that: (i) to avoid using an heterogeneous
geotextile filter, the number of constrictions should be
greater than 15; and (ii) in cases where a very homogeneous
geotextile filter is required, the number of constrictions
should be greater than approximately 25-30.
A very homogeneous filter is required in cases, such as
bank protection systems, where a large amount of particles
must pass through the filter to ensure filtration while
minimizing the risk of clogging. Indeed, in these cases, if
the range of opening sizes of the filter is large, there is a
high probability that the filter will stop some particles
smaller than the geotextile opening size, O,m.
An attempt to quantitatively
determine the required
value of the number
of constrictions
consisted
of
performing the four following calculations
(not shown

here, but to be published elsewhere): (i) the derivative of
(O,m -00)/d,
with respect to tm / d, ; (ii) the derivative of
(0,~ - O.) / d, with respect to y.. / (p, d, ); (iii) the ratio
(O,m -00)/d,
; and (iv) the ratio (O,m - O.)/ 00. These
four calculations
gave four relationships
between the
geotextile porosity and the minimal values required for the
number of constrictions, m, to ensure that O,w – 00 does not
vary significantly
as a function
of the considered
parameter, i.e. t~, / d,, p.,/ (p, d, ), d,, or 00. A parametric
study, based on these four relationships, showed that the
required minimal number of constrictions is of the order of
15 to 40 depending on the geotextile porosity and the
considered parameter, with numbers of constrictions equal
to or greater than approximately 25-30 being required to
obtain a very homogeneous filter.
2.3.4 Influence of Geotextile Porosity
The chart presented in Figure 5 shows that the porosity of
the nonwoven material has a large influence on the
geotextile opening size. Nonwoven materials that have the
same porosity and fiber arrangement are said to have the
same structure.
They are represented by a curve n =
constant in Figure 5. Nonwoven materials that have the
same structure differ only by the diameter of the fibers; and
their constriction
sizes are proportional
to the fiber
diameter.
Thus, for nonwoven geotextiles made with
nonwoven materials that have the same structure, the
constriction size distribution curves: (i) are proportional to
the fiber diameter; and (ii) consequently, in the traditional
semi-logarithmic
axes, are derived from one another by
translations.
Nonwoven geotextiles that have the same
structure differ in general by their thickness;
these
geotextiles have the same constriction size distribution
curve but different opening size distribution curves.
A parametric study, based on the theoretical model
described in Section 2.3, showed that the geotextile
porosity has a significant influence on the opening size
values that can be achieved. The usually required opening
sizes (e.g. 70 to 200 pm) can be provided economically
(i.e. using relatively fine fibers and relatively small masses
per unit area) by a nonwoven geotextile that has the
minimal number of constrictions
mentioned in Section
2.3.3 (i.e. 25-30) if the geotextile porosity is in the 0.85 to
0.95 range, which is typical for needle-punched nonwoven
geotextiles, whereas nonwoven geotextiles with porosities
smaller than 0.7 would require very coarse fibers and/or
very large masses per unit area to have the usually required
opening sizes while meeting the above minimal number of
constrictions.
The parametric study also showed that, with
the typical
porosities
of needle-punched
nonwoven
geotextiles, it is possible to obtain geotextile opening sizes
of the order of 80 Lm by using fibers having a diameter of
25 pm, and of the order of 150 pm or more by using fibers
having a greater diameter (e.g. 30 to 50 pm).

2.3.5 Importance

of Constrictions

A parametric study, based on the theoretical model
described in Section 2.3, showed that nonwoven geotextiles
having the same number of constrictions and the same
opening size (Olw ) have approximately the same opening
size distribution curve regardless of the values of the
geotextile porosity and fiber diameter (provided, of course,
that the appropriate relationship exists between porosity
and fiber diameter to achieve the given O,m ).
This
important finding shows that the number of constrictions is
the most significant parameter for comparing geotextile
filters.
Also, when two nonwoven
geotextiles
have
approximately
the same opening size distribution curve,
they have approximately
the same constriction
size
distribution
curve
because
approximately
identical
cumulative
probability
curves (i.e. the opening
size
distribution
curves) must be based on approximately
identical statistical sets (i.e. the constrictions).

3

ANALYSIS

OF THE FILTRATION

3.1

Filtration Probabilities

MECHANISM

Consider the two curves defined in Section 2.1, the
constriction size distribution curve (which characterizes the
material of which the geotextile is made) and the opening
size distribution curve (which characterizes the geotextile).
Both curves are cumulative probability curves. Thus, the
constriction size distribution curve gives the probability,
P=, that a particle of size d will be retained at the surface of
the geotextile and, correlatively, the probability, 1 – PC,
that the particle will not be retained at the surface of the
geotextile (Figure 6). The particles which are not retained
at the surface of the geotextile either are retained in the
geotextile or pass through the geotextile, and the opening
size distribution curve gives the probabilities related to
these two possibilities: the opening size distribution curve
gives the probability, PO, that a particle will be retained by
(on or in) the geotextile and, correlatively, the probability
1 – PO that a particle will not be retained, i.e. will pass
through the geotextile (Figure 6). Thus, the following
probabilities can be defined: probability that a particle will
pass through the geotextile, P,A,, = 1 – PO; probability that a
particle will be retained in the geotextile, P,. = PO – PC;
probability that a particle will be retained on the geotextile,
PO, = PC; and probability that a particle will be retained by
(on or in) the geotextile, Pm,.m = PO = Po. + P,..
Four situations can be considered depending on the size,
d, of a particle relative to the extremities of the two curves
(0,, O,m, C, and C,m): (i) if d > C,w, the particle is retained
at the surface of the geotextile because, in this case, there
is no constriction larger than d (Pw~N~ = PO~= 1 = 10WZO,
P ,~,, = O); (ii) if O,w e d c C,m, the particle cannot pass
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Constriction size, opening size, and particle size
Figure 6. Probability that a particle will pass through
geotextile or will be retained in or on the geotextile.

to scsle for O,N = 125 pm

a

through the geotextile because there is no filtration path
with an opening size greater than d, and the particle either
moves into the geotextile until it meets a constriction that
stops or it remains at the surface of the geotextile if it
happens that the constriction that stops it is at the geotextile
surface (PW~A1~
= PO~+ P ,~ – 1 = 100%, P,,,, = O); (iii) if 00
<d< O,W, the particle has all of three possibilities, it can
be retained in or on the geotextile or it can pass through the
geotextile (PO. + P,, + P,m, = 1 = 100%); and (iv) if d c
00, the particle passes through the geotextile (PWA,. = O,
P,A,, = 1 = 100%).
3.2

Influence of Number of Constrictions

on Filtration

In Section 2.3.3, it was shown that a minimal number of
constrictions
of 25-30 was required to ensure that the
geotextile filter is very homogeneous. The filtration analysis
that follows shows that a greater number of constrictions
may be more detrimental than beneficial.
The probabilities indicated in Section 3.1 and illustrated
in Figure 6 can be used to compare the mode of particle
retention by different geotextiles.
Retention is a complex
mechanism that includes the retention of skeleton particles
and the non-retention
of fine particles (Giroud 1996).
Therefore, two particles will be considered: a skeleton
particle of size d,, which should be retained (Section 3.2),
and a fine particle of size dP, which should not be retained
(Section 3.3). As indicated by Giroud (1996), skeleton
particles are retained by a filter if the filter opening size is
equal to or less than kd,, where k is a factor greater than
one that accounts for particle bridging (hence a “factored
size”, Ad,, for the skeleton particles).
Two nonwoven geotextiles with the same opening size,
O,m, are compared in Figure 7. This is a typical situation
faced by a designer who has to make a choice between two
These two
apparently
equivalent
geotextile
filters.
geotextiles are assumed to have different opening size
distribution curves and, consequently, they have different
values of 00 and O,m – 00. Therefore, they have different
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Figure 7. Probabilities of retention of two particles, one
being a skeleton particle of size, d,, the other being a fine
particle of size, d,, by two nonwoven geotextile filters
having the same opening size, O,w, and having: (a) 30
constrictions ; (b) 60 constrictions.
numbers of constrictions, according to Section 2.3.3. The
geotextile represented in Figure 7a has 30 constrictions, i.e.
a number of constrictions
sufficient to ensure that the
geotextile filter is very homogeneous (see Section 2.3.3),
whereas the geotextile represented in Figure 7b has 60
constrictions.
These two geotextiles, having a different 00,
have different
constriction
size distribution
curves.
Combining the demonstrations presented in Sections 2.3.4
and 2.3.5 shows that the two constriction size distribution
curves must be derived from one another by translation in
the traditional semi-logarithmic axes. It is seen in Figure 7
that a particle of size d, such that its factored size is greater
than the geotextile opening size (Ad, > O,w ), as should be
the case if the filter is properly designed, is: (i) more likely
to be retained on the geotextile in the case of a nonwoven
geotextile filter having 30 constrictions than in the case of a
nonwoven geotextile filter having a greater number of
constrictions;
and (ii) correlatively
more likely to be
retained in the geotextile in the case of a nonwoven
geotextile filter having 60 constrictions than in the case of a
nonwoven
geotextile
filter having
30 constrictions.
Skeleton particles move less and, therefore, the skeleton
structure is less disturbed if more particles are retained on
than in the geotextile filter (see Section 2.1.3 on the level at
which a particle is stopped). Also, if, as a result of a design
error or an unexpected variation of the soil characteristics,
the skeleton particle factored size is smaller than the filter

opening size (Ad. e O,w ), Figure 7 shows that less skeleton
particles pass through the geotextile filter in the case of the
filter having 30 constrictions than in the case of the filter
having more constrictions.
From the above analysis, it appears that a nonwoven
geotextile filter having 30 constrictions
is preferable to a
nonwoven
geotextile
filter having more constrictions
because: (i) in the normal case where the soil skeleton
particle factored sizes are greater than the geotextile
opening size, the nonwoven geotextile filter having 30
constrictions
retains soil skeleton particles with less
disturbance of the skeleton structure than a nonwoven
geotextile filter having more constrictions; and (ii) in the
case where (as a result of a design error or an unexpected
variation of the soil characteristics)
the soil skeleton
particle factored sizes are smaller than the geotextile
opening size, the nonwoven geotextile filter having 30
constrictions is more likely to retain skeleton particles than
a nonwoven geotextile filter having more constrictions.
3.3

Influence of Porosity and Fiber Diameter

As pointed out at the beginning of Section 3.2, it is
important not only to retain the skeleton particles, but also
not to retain the fine particles that must pass through the
filter to prevent clogging.
To that end, the smallest
geotextile opening size, 00, must be larger than a minimal
value which can be determined as follows.
According to Mitchell (1970), grout particles flow easily
through a soil being grouted if they are smaller than 1/25
times the dl~ of the soil, i.e. smaller than 1/5 times the size
of openings between the soil particles, since openings in
granular
materials
are approximately
equal to d,,/5
according to Kenney et al. (1985). This may be adapted to
geotextile filters as follows. The soil particles most likely
to cause filter clogging are the particles that may exhibit
cohesion and may, therefore, adhere to fibers or to other
Particles that may exhibit cohesion are the
particles.
particles smaller than approximately 5 pm. Therefore, 00
should be greater than approximately 25 pm.
A parametric study based on the model presented in
Section 2.3 showed that 00 significantly depends on the
geotextile porosity and fiber diameter and that, for usual
values of needle-punched
nonwoven geotextile porosity
and fiber diameter, 00 is always significantly greater than
25 pm. Therefore, the typical particles likely to cause
clogging should pass easily through usual needle-punched
nonwoven geotextile filters. Thus, it appears that the nonretention of fine particles is a criterion that is easily met by
usual needle-punched nonwoven geotextile filters.
In conclusion, the comparison
between two needlepunched nonwoven
geotextile
filters should be made
essentially on the basis of the retention of the skeleton
particles and not on the basis of the non-retention of fine
particles. This approach is used in Section 3.4.

3.4

Retention of a Non-Uniform

Soil

The method illustrated in Figure 7 can be extended to the
case where the size of the skeleton particles ranges within
two known limits (non-uniform
soil). This case is
illustrated in Figure 8, which shows that the various
retention probabilities are proportional to areas delimitated
by the constriction size distribution curve and the opening
size distribution
curve.
Figure 8 leads to the same
conclusions as Figure 7: (i) in the case where all of the
skeleton particles are greater than the opening size of the
filter (d, > O,m ), the skeleton particles are more likely to be
retained on a nonwoven geotextile having 30 constrictions
than on a nonwoven geotextile having more constrictions;
and (ii) in the case where the range of skeleton particles
includes sizes that are smaller than the opening size of the
filter (d, < O,w ), the amount of skeleton particles likely to
pass through a nonwoven geotextile filter having 30
constrictions is smaller than through a nonwoven geotextile
filter having more constrictions.
Essentially,
Figure 8
shows that a nonwoven
geotextile
filter having 30
constrictions is more reliable than a nonwoven geotextile
filter having more constrictions because it is less sensitive
to variations of the soil particle size distribution curve.
~
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Figure 8. Probabilities of retention of skeleton particles by
two nonwoven geotextiles having the same opening size,
O,w, but having different numbers of constrictions : (a) m
= 30; (b) m = 60. Two soils are considered: (1) all of the
skeleton particles are larger than O,W ; (2) some of the
skeleton particles are smaller than 0,~.
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4

IWO-LAYER

GEOTEXTILE

4.1

Concept of Two-Layer Filter

FILTER

Based on the analyses and discussions
presented
in
Sections 2 and 3, a needle-punched
nonwoven geotextile
filter having approximately
25 to 30 constrictions
is
recommended for applications where a very homogeneous
filter is required.
However, while such a geotextile can
provide adequate filtration performance, it may not have
the required mechanical properties to withstand mechanical
damage and to resist deformations
that could alter its
opening size. Based on these considerations, a series of
two-layer
filters has been developed.
These filters
associate two layers of needle-punched nonwoven material:
a fictional
layer constructed with tine fibers and having
the required thickness to provide approximately 25 to 30
constrictions for optimal filtration characteristics;
and a
protective layer constructed with coarse fibers providing
the required mechanical properties to protect the layer of
fine fibers. For example, in one of the filters of the series,
the fiber diameter is 25 pm for the fine fibers and 50 pm
for the coarse fibers, each of the two layers having a mass
per unit area of 200 g/m2, hence a total mass per unit area
of 400 g/m2 for the two-layer nonwoven geotextile filter.
4.2

Opening Size of a Two-Layer Geotextile Filter

To minimize the risk of clogging, particles that pass
through the layer of fine fibers should pass easily through
the layer of coarse fibers. To that end, the opening size of
the layer of coarse fibers must be significantly larger than
the opening size of the layer of fine fibers. If this condition
is met, only the layer of fine fibers must be considered
when filter criteria are used, i.e. there is no need for special
filter criteria for two-layer geotextile filters if there is a
large difference of opening sizes between the two layers;
the relationship between the opening sizes of the two layers
depends on several parameters (such as porosity, thickness,
and fiber diameter) and it is necessary to check on a caseby-case basis that the opening size of the layer of coarse
fibers is much larger than the opening size of the layer of
fine fibers. This can be done using the chart presented in
Figure 5. For example, in the case of the two-layer
geotextile filter described in Section 4.1, the following
values are obtained: (i) for a fine fiber layer having a mass
per unit area of 200 g/m2, a fiber diameter of 25 pm and a
porosity of 0.87: number of constrictions, 25; thickness, 1.7
mm; and opening size, 70 ~m; and (ii) for a coarse fiber
layer having a mass per unit area of 200 glm2, a fiber
diameter of 50 ~m and a porosity of 0.87: thickness, 1.7
mm; and opening size, 190 ~m (the number of constrictions
is irrelevant for the coarse fiber layer). It appears that, for
the considered
two-layer geotextile,
there is a large
difference between the opening sizes of the two layers.
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CONCLUSION

This paper shows that the performance
of nonwoven
geotextile filters is significantly influenced by the porosity
of the nonwoven
material and the thickness of the
geotextile,
Both parameters
govern
the number
of
constrictions, i.e. the number of passages between fibers
that a particle has to go through. An analysis of the
structure of nonwoven geotextiles (Section 2) shows that a
number
of constrictions
equal to or greater
than
approximately 25 to 30 should ensure homogeneity of the
filtration characteristics.
An analysis of the filtration
mechanism (Section 3) shows that the probabilities for soil
particles to be retained by, or to pass through, a geotextile
filter can be derived from a comparison of the constriction
size distribution curve of the geotextile material and the
opening size distribution curve of the geotextile.
The
analysis shows that, in the practical situations reviewed, a
better performance may be expected from a nonwoven
geotextile filter with approximately
25-30 constrictions
than from a nonwoven
geotextile
filter with more
constrictions.
These considerations led to the development
of two-layer nonwoven geotextile filters.
However, in
addition
to providing
the theoretical
basis for the
development of two-layer filters, this paper shows that
considerable information is now available regarding the
structure of nonwoven geotextiles and the understanding of
filtration mechanisms in geotextiles.
In particular, this
paper shows that, to analyse filtration mechanisms, it is
necessary to use the entire opening size distribution curve,
and not only the geotextile opening size, and that it is also
necessary to use the constriction size distribution curve.
This should open up the way to new filter design methods.
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ABSTRACT: Particle removal in municipal water treatment involves adsorption, sedimentation and filtration. The particles
vary from materials in true solution to coarse suspensions and range in size from colloidal materials to coarse particles. This
research explores the use of nonwoven geotextiles to enhance a pretreatment, screening procedure prior to rapid sand
filtration. Laboratory and filed tests were conducted to determine long term filtration efficiencies for a polypropylene,
needlefelt fabric at a municipal water treatment plant.
Removal efficiency of particles was determined by particle counting. Scanning electron microscopy was used to elucidate
the filtration process. A variety of capture phenomena are involved for suspended particles less than 20 ,um: entrapment,
surface attraction and aggregation. This research shows that a non woven fabric with openings of 300 wm can successfully
remove particles less than 10 ,um. This innovative work represents new technology and is an opportunity for new markets
for traditional needlefelt and new geotextiles. In this application these textiles would be better named aquatextiles.
KEYWORDS:

1
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INTRODUCTION

Since their inception in the early 1970’s geotextiles have
become widely used in geotechnical applications. New
markets for geosynthetics have concentrated on third
generation: textiles designed for specific installations. Use
of woven and nonwoven geotextiles has increased in what
have now become traditional applications. This research
project was designed to study new uses for conventional
geotextiles in water treatment engineering rather than in
geotechnical engineering. Innovative applications could
open new markets for standard and new geotextile fabrics.
The objective of this research was to explore the
possibility of using geotextile materials in titration
operations in municipal water treatment. Geotextiles have
been used successfully in subsurface drainage applications
since 1970 and it appeared possible to transfer that
technology to the area of water treatment. Geotextiles
appear to be promising filter media due to the variety of
fibers and fabric constructions available commercially.
Liquid-particle separation in potable water treatment
involves a wide range of techniques broadly divided into
filtration and sedimentation.
The main purposes of
separation are to decrease waterborne disease through
reduction in the number of harmful microorganisms and to
increase aesthetics through reduction of suspended solids.
Filtration in water treatment differs markedly from
subsurface filtration/drainage applications in that the
concentration of suspended particles is low and the volume
of water flowing through a filter is very high.

Nonwoven

Fabrics, Environmental

Engineering.

The research project involved four components:
development of a laboratory protocol for using textiles as a
water filtration medium, testing a variety of geotextiles as
possible media choices, development of a long term, field
testing protocol and field testing at a municipal water
treatment plant. The objective of this paper is to report the
results of field testing where geotextiles were used for
particulate removal at a municipal water treatment plant.

2

MATERIALS

2.1

Screening Studies

AND METHODS

In the initial laboratory evaluation of potential fabrics a
filtration device was designed which consisted of a simple
filter apparatus with a constant pressure drop (Richards et
cd., 1997). The particulate suspension used was the test
dust for the American National Standard/NSF International
Standard for Drinking Water Treatment Units at a
concentration of 10 mg/L Eleven polypropylene
geotextiles were tested in the laboratory and six fabrics
were selected for additional laboratory testing at a water
treatment plant. One fabric was chosen for further testing
and the filtration device was modified to meet the demands
of long term, field testing (Figure 1). The apparatus
consisted of a peristaltic pump set to give a constant flow,
the filtering device, a surge tank and a constant pressure
drop tank. Change in pressure was measured with a float
device in the surge tank, which was connected to a
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Lakewood datalogger, The filtration device consisted of an
enclosed glass funnel with exit ports for air bubbles. The
fabric sample was placed at the center of the funnel, resting
on a wire mesh.
Su
tar
Air vents

Conslant
~ head tank

Head ris
1.

Reference
Ikwel

7
filtered
‘W’W water
“f

K..p’pd

F’-”--

suspended particles. The water is softened with lime and
the calcium carbonate precipitate over 20 ~m in size settles
through tube settlers in a still basin. There are additions of
carbon dioxide to adjust the pH after softening, of chlorine
for disinfection and of fluorine prior to final settling in the
contactor basin. Filtration through a sand filter is the final
treatment step prior to distribution to the city.
For this experimental program the influent was taken from
the beginning of the contactor basin, after the addition of
carbon dioxide, chlorine and fluorine. Of interest in this
research were the particles in the water after softening,
predominantly calcium carbonate, with sizes 20 ~m or less,
not including submicron sized particles. The influent was
pumped from the still basin to the equipment, in excess of
that needed for the testing, to keep the velocity of the
influent constant at 10 m3/(m2/hr). Testing was conducted
from October to December in 1996 at the Aqualta Rossdale
Water Treatment Plant in Edmonton, Alberta, Canada.
2.4

Figure 1. Profile view of experimental equipment tor he
te;ing in a municipal water treatment plant.
Fabric

2.2

The fabric selected for long term testing was a
needlepunched, nonwoven, polypropylene fabric. The
fabric mass and thickness as measured in the laboratory
were 457 glmz and 4.14 mm under a load of 2 kPa. The
manufacturer’s specification states a permittivity of 0.7 sec
1at a flow rate of 34 L/(m2s) and an apparent opening size
of 300 #m. This is a relatively thick, standard goetextile
which is commonly used for underground drainage
applications.
Experimental

2.3

The treatment steps at the Rossdale Water Treatment Plant
located on the Saskatchewan River follow a standard
procedure for municipal water purification (Figure 2). A
coarse screening to remove large debris is followed by
alum/polymer flocculation and coagulation to remove
➤~zk3=waT-–
. ....–-—-------- _---–;Z___
.
.._
lime

alum/polymer

I

screening

Removal

Filter performance is measured by effluent water quality.
Removal efficiency, expressed by percent removal for the
number of particles of a given size, was determined by
particle counting with an HIAC/ROYCO Model
8000A particle counter. Particles less than 20 Km were

W+

Riverwater
I

The influent remained relatively constant with respect to the
distribution of particle sizes, from 1 @m up to and including
20 ,um, but varied with respect to the number of particles
from day to day and within a given experiment. During the
testing period the total number of particles/mL varied from
2,090 to 20,370. The distribution of particles showed a
peak at the five Lm size, with the number of 15 and 20 pm
particles remaining relatively constant. During each run of
6 to 11 hours there would be a change in influent over time
with one or two peak periods. There was no consistency for
the time during the day for the peaksand they did not relate
to plant operations. Figures 3 illustrates the change in
influent over time for Run 30.
2.5

Procedure

Influent Characteristics

C12, FI
I

1

—potable
water

flocculation

I

I

L-

CaC03

I

for field
experimentation

flow

Figure 2. Steps in the municipal water treatment process at the Aqualta Rossdale Water Treatment Plant, Edmonton,
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Alberta,

counted. Four and five pm particle removals were of
particular interest as the Cryptosporidium parvum cyst
which causes Cryptosporidiosis (diarrhea) is about 4 ~m
in diameter.

Examination of removal curves for all runs shows a
similar pattern. The removal pattern is not smooth but
shows a zigzag shape, especially after 4.5 hours. It
appears that when the particulate loading on the filter
reaches a critical level, particles detach from the fibers.
The fabric is then able to capture particles more
efficiently with a subsequent increase in removal
efficiency. When the fabric is again unable to hold more
particles the particles are detached. However, gradually
the removal efficiency of the filter decreases with time.
Varying the thickness of the filter layer by using
additional layers of fabric increased the removal
efficiency slightly.

6000

%

2

g 2000
z

3.2

O

2

4

6

8

10

There was an increase in headless with time as shown in
Figure 5. As the number of layers of fabric increased, the
headloss increased. An examination of the patterns of
increased head required to maintain a constant flow
velocity showed variations between runs as well as with
the number of layers of fabric. An examination of
headloss increase with the cumulative number of
particles captured showed a consistent pattern. The
cumulative number of 2 to 5 ~m sized particles increased
and then levelled off. The cumulative number of
particles over 10 pm continued to increase with time.
When this data is compared to the patterns of headloss it
is the larger particles, the 10 to 20 ,um particles, which
determine headloss.

12

Elapsed Time (hours)
Figure 3. Change in influent particle size over time, Run
30, December 12, 1996.
3
3.1

Headloss

FIELD TEST RESULTS
Removal

Removal of particles varied with time. For each
experimental run there was an initial period of
adjustment, followed by an increase in removal to a peak
of removal efficiency, and then declining removal. The
time of peak removal for different runs varied between
0.5 to 3.5 hours (Figure 4).

3507
2 layers
tilter #1

300
i
1

90480

i

70

1 layer

50

60

0 1

50

O

-t-—~—+

2

4

6

8

10

12

40
Elapsed Time (hours)
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Figure 5: Pattern of headloss with one and two layers of
fabric for concurrent tests, Run 30.
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Figure 4. Removal efficiency over time showing the
periods of initial adjustment, peak removal and declining
removal for one layer of fabric, Run 30.

3.3 Scanning Electron Microscope
An Hitachi 2-2500 scanning electron microscope was
used to examine fabric specimens after filtration.
Examination of the photomicrographs
showed an
increasing number of particles captured with time (Figure
6). At the end of a filtration run the fabrics were loaded
with calcium carbonate particles which were attached to
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the surface of the fibers. Cracks or roughness on the
surface of the fibers also served as anchoring points for
the calcium carbonate. As time increased an aggregation
of small particles was observed.

4

DISCUSS1ON

While particle counting is a useful technique for
measuring filtration efficiency it is the SEM analysis
which elucidates the capture phenomena. SEM analysis
shows a variety of removal phenomena of the suspended
particles. It is postulated that the transport mechanisms
of interception, inertia and sedimentation occur. The
attachment mechanisms involve surface attraction
between the calcium carbonate and the polypropylene
fibers. In addition there appears to be entrapment of the
calcium carbonate between adjacent fibers and
aggregation of the particles on the fibers and between
adjacent fibers. Detachment mechanisms were thought to
be the result of particle shearing and scour due to an
increase in interstitial fluid velocity.
The retention of particles less than 10 ,um by nonwoven
fabrics suggests that these fabrics could be used to
enhance traditional water treatment practices when the
influent contains suspended particles. Mile ideally a
filter medium would remove a[l 4 and 5 Vm sized
particles to ensure removal of the Cryptosporidium
parvum cysts, removal of 40’%. of this sized particles puts
a decreased load on the sand fiker. By placing a
needlefelt fabric upstream of a sand filter the filtration
run of the sand filter can be extended, thus increasing run
length and efficiency.
5

geotextiles
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CONCLUSIONS

1. Nonwoven

performance, for limited time periods, to be of interest as
a potential medium for removal of 2 to 10 micron
particles in water treatment applications. It is suggested
that these textiles be termed aquatextiles, rather than
geotextiles.
2. The removal over time of 2 to 10 micron particles is a
function of the particle size. There appears to be a limit
to the amount of particles that a nonwoven fabric can
hold that is specific to each particle size. Near this limit
the retention of particles becomes some what unstable.
3. A polypropylene fabric with an apparent opening size
of 300 microns effectively captured 2 to 20 micron
particles. The influence of fabric structure and fiber
composition on removal will be a promising area of
filtration research.
4. Increasing the thickness of the fabric layer through
using two layers of fabric increased particulate removal.
5. The use of nonwoven textiles in water treatment
filtration applications will offer new markets for
traditional geotextile fabrics as will as an opportunity to
develop new fabrics with better capture properties.

show sufficient removal

Various times of capture of calcil ~m carbon ate particles a) 1.0 hour (R.un
291, b) 10.75 hour; (end, Run 29). c) Capture phenomena of surface attachment +, entrapment D- , and aggregation ~ .
graphs.
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ABSTRACT: The falling head test is elaborated theoretically. A closed form solution is presented for the course of the
head loss in time during such a test, neglecting the contribution of inertia. Furthermore the influence of the mass of the
oscillating water column is investigated. The governing equations are presented. Simulations with these equations show
good agreement with the results of measurements. The results of calculations show that dynamics can have a distinct influence on the result of the test. Not only if oscillations are observed in the head loss over the geotextile, but also if only a
monotone descending head loss is found in the test.
KEYWORDS:
1

Laboratory tests, Permeability,

Falling head test, Forchheimer,

Inertia effects.
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THEORY

2.1
Turbulence
Using the Forchheimer relation and neglecting dynamic
terms, the relation between head loss and specific discharge can be written as:
(1)

h=a~q+b~q2

Where h is the head loss, q the specific discharge and ah
and bh are coefllcients determining the permittivity of the
geotextile with dimensions ofs and s2/m respectively.
In a falling head test there is a relation between the change
in head loss and the specific discharge:

in

tube

the test and

level in both sides of the

tube. At the beginning of the test the valve is opened
and the water starts to flow. Continuous
monitoring of
the pressure, with the pressure gauge shown, allows to
monitor the water level in the tubes as a function of
time, from which the head loss over the geotextile
be calculated.

The water flow capacity

can

of the geotextile
h

tested on is determined
by the head loss over the
geotextile and the flow through the geotextile.
Evaluation
of the results of a falling head test is
nowadays
program,

automated
in which

loss is calculated

flow

The

In this paper
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Figure 1: Sketch of a falling head apparatus.
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dh
(2)
‘–%
cx depends on the geometry of the falling head apparatus,
For the normal apparatus with two equal tubes, as shown
in Figure 1, u =0.5. If there is a constant head at the down
flow side (this is the case if there would be no tube right
from the valve in Figure 1), u = 1. Inserting equation (2)
in (1) and rearranging leads to the following differential
equation:
q

ct2b~ (:-)2

– (xaJ~)

– h = O

Since !!< ~ (it is a falling

~

0.1 : -

(3)

0,0
O

head test), this can also be

1“’’1’’’’1’’”1
2
4

6

dt

8

10

12

14

time (s)

written as:
dh
l–~l+4b~h/a~
——
dt –
2ctbb la~

(4)

Substituting
(5)

z=l–

7 l+4b~h/ab
the differential equation reads:

Figure 2: Falling head test on a less permeable geotextile
(G2, see Section 2.2) and tit using Equation (8), a~=2.44 s,
b~=148 s2/m.
such tests equation (1) was extended with a term that includes inertia of the water column in the falling head apparatus. Taking this into account equation (1) reads:
L dq
—
g dt

h=ahq+bhqq+–
(6)

dz–idz=$
z
Taking

h

at

t = O, z = Z.,

assuming that h=~

and calculating

Z. from (5),

at t=O, (6) leads to:

t
—=z–zo–ln
wiih

Z
Zo
Substituting back equation
between t and h:

The absolute sign is now necessary because the possibility
of flow reversal. Using (2), (9) can be written as:
dh
J#-cx-y=

dh
cx2b; (~)2-txa
(7)
Where b~=b~if

(4) leads to the final relation

(8)
Figure 2 shows the result of a comparison between measurements on a relatively impermeable geotextile (the influence of dynamics in the test was expected to be small) and
a Calculation using Equation (8), in which ah and bh were
obtained by non-linear regression on the measurement
data, showing almost perfect agreement.

(9)

q>

L d2h
g dt

(lo)

h

Oandb~=–bhif

q<().

In this

way the absolute sign in equation (9) is incorporated.
This equation was solved using an explicit finite difference
scheme, using the foIlowing approximations:
dh
hi+, – hi
—=
and
dt
At
Where hi is the head loss
increment between 2 time
can be written as:

d2h
hi+, –2hi + hi_,
(11)
—
dt2 =
At2
at time step i and At is the time
steps. Inserting (11) in (1 O), hi+l

–B+JB2–4AC
(12)

hi+, =
2A
with:
b;
A=cx2—
At 2

2.2
Dynamic effects
If the geotextile is very permeable, the inertia of the water
column cannot be neglected. The head loss not only contributes to overcome the flow resistance in the geotextile,
but also contributes to accelerate or decelerate the water
column. An extreme example is the falling head test on a
circular plate as was performed in the CEN round robin
test (Dierickx, 1995), but it was also found in some permeable geot extiles, see Figure 3. To describe the results of
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L
B=–ct

2cx(:)2hi
[

C=(CL*+C+

+%+—
At
*
hi – l)hi

gAt 2

1

+ct ~
gAt

(13)

(2hi

- hi., )

0.6
0.5
0.4
g
W 0.3
j$j
:
0.2
~

0.1
0.0
-0.1

reCt, then a’h and b’h should be equal to the input values for
ah and bh.
This procedure was performed for the 3 different values
of ah and bh, describing the permeability of the materials
mentioned before. Table 1 shows the results of this procedure,

~:,:5~
%----------.-.-...
.
.
.--.-.--.-.--.--—-.--+<---------\................
“

->8+
>
.
.
+“”””””””””””””””~

Table 1: Calculated values of the Forchheimer coefficients
ah (s) and b (sZ/m) and the velocity (VI) (m/s) and head
loss (HI) (m) index. See also text.
Perf. Plate
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Figure 3: Measured and calculated piezometric head for a
perforated plate (inox) and two different geotextiles.
Using these equations it is also possible to simulate the
measured head loss in a falling head test as a function of
time also for very permeable material quite accurately, see
Figure 3. This figure shows measurements and calculations
for 3 different geotextiles: The perforated plate used in the
CEN tests and two geotextiles with different permeability.
UCO (Terrasafe) 4000, which will be referred to as G1, a
needle punched slightly head bonded nonwoven with a
thickness of approximately
3.8 mm and Lotrak 16/15,
referred to as G2, a woven geotextile (tape/tape) with a
thickness of approximately 0.5 mm. The permeability of
G2 is clearly less than that of G1. The whole curve of G2 is
shown in Figure 2.

3

INFLUENCE

DYNAMICS

ON PARAMETERS

In the CEN norm “Water flow capacity normal to the
plane, without load”, prEN 12040, dynamics is not taken
into account. Time t=O is the time the valve is completely
opened and the first time dh/dt=O is taken as the end of the
test. The permeability of the geotextile is determined in
this part of the curve, assuming that the difference in the
head loss is zero when dh/dt=O, see Figure 4, which is a
modified version from the figure in the norm. Figure 3
shows that the head loss can be less than zero due to dynamics. If this is the case, the curve is shifted along the Yaxis before the evaluation, to obtain a head loss of zero at
dh/dt=O.
Taking one value for the parameters ah and bh in equations (12) and (13), it is possible to calculate the influence
of dynamics by changing the length L of the water in the
tube. The larger this length the larger the influence of
dynamics. The CEN procedure described above and the
non-linear regression technique can be used to obtain values for a’ ~ and b’ h, (the accents indicate that the parameters
are determined in a different way) using the solution without dynamics, Equation (8). If the CEN procedure is cor-

1.6

0

1.6

D
ah,a’h
0.01
bh,b’h
3.5
w (*10-3) 120
HI (*10-3) 1.6

3

1.6
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1.6
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0.0
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120
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0.0
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1.5

1.6
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D

0.0 0.65 0,63 0.16 2.4 2,3
3.6 2.8 2.8 4.6 148 148
120 61 62 88 12 12
1.5 14 14 5,0 108 106

2.2

151
12
105

The column with D presents the parameters ah and ~ used
in the calculation incIuding dynamics (equations (12) and
(13)), resulting in the fits of Figure 3. When values for ah
and bh were found, calculations were run with the same ah
and bh for various lengths of the water column L (O, 1.6
and for the perforated plate also 3 m). The results of those
calculations were used as an input for determination of a’h
and b’h (presented in the columns with L = O, 1.6 and 3 m
without D). The method described in prEN 12040 has been
used to obtain the part of the curve appropriate for calculations and Equation (8) and non-linear regression to obtain
the parameters a’h and b’h. For the theoretical cme L=O (in
reality the length of the column must always have a certain
length, but this value is used to exclude the last term in
equation (9)) there is no influence of dynamics. In that
case the p~EiSIIete13 a’h and b’h should be the same as ah
and bh used in the dynamic calculation (D). In this case the
procedure is just a check of the accuracy of both solutions.
If L has a realistic length, there can be deviations. The
calculation with L=l.6 m shows the influence of dynamics
on the result of the test for the equipment used. The values
for a’h and b’h mentioned for L=l.6 m are the values that
will be found using the procedure of prEN 12040, thus

t—
Figure 4: Sketch from prEN 12040 (modified)
the water flow capacity.
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neglecting dynamics.
The procedure of prENl 2040 was slightly changed.
The time the valve is completely opened is never known
exactly and therefore the part of the curve with the steepest
gradient is taken as the beginning of the test. In case the
results are influenced by dynamics, this is a bit later than
the moment the valve is open. A difference of approximately 0.3 s was found in the tests.

not dynamic effects have an influence. The influence depends on the apparatus, but is significant (errors of more
than 14 % and up to 180Yo) for the apparatus shown in
Figure 1, with a water column of 1.6 m length, when the
head loss reaches values close to zero between 1.5 and 4
seconds.

5
4

DISCUSSION

ON THE RESULTS

Table 1 shows that the parameters used in the numerical
calculations are in close agreement with a’h and b’h when
the numerical results for L=O are fitted with equation (8).
This means that without dynamic effects both solutions
correspond to each other, as could be expected. Small deviations occur due to the finite differences used in the numerical method. The small value of ah, used to simulate the
behaviour of the perforated plate, could not be found when
the result of the numerical calculation with L= O was used
to obtain a’h. The influence of such a small value of ah can
be found in the damping of the oscillations (for time>2 s in
Figure 3), but is negligible in the first part of the curve,
where turbulent flow is dominant.
The results of the non-linear regression on the numerical simulations with a finite length L (and therefore influenced by dynamics), result in different values of a’h and b’h
compared with the results for L=O. Remarkably the difference is only small in case the parameters for the perforated
plate are used, but significant for geotextile G1 and still
perceptible for the much less permeable geotextile G2. The
parameters a’ h and b’ h differ considerably from ah and bh
for G1. It is known that slight changes in the results of
falling head tests can lead to relatively large changes in the
parameters ah and bh (Bezuijen et a]. 1994). However, idSO
the velocity index and head index differ significantly. For
G] the This means that the procedure as suggested in
prEN 12040 will not lead to the right values of ah and bh
when there is an influence of dynamics. If dynamics has an
influence, the flow capacity of the material is overestimated. Neglecting dynamics for geotextile G1 leads to a
velocity index VI that is 30 ?ZOtoo high and to a head loss
index that is 180 % too low.
For geotextile G2 the influence is only small. However,
simulations has shown that for geotextiles with a velocity
index of 34 mm/s, dynamics has still a considerable influence for an apparatus with a length of 1.6 m water column.
For such a geotextile there will be hardly any overshoot in
the head loss below zero, as is still present in geotextile G1
(see Figure 3). Neglecting dynamics for a geotextile with a
velocity index of 34 mm/s leads to a VI that is 14% too
high and a Hl that is 47 % too high.
From this it can be concluded that is not sufllcient to
look at overshoot in the head loss to determine whether or
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CONCLUSIONS

This study has led to the following conclusions:
1. The results of a falling head test on geotextiles can be
described with Equations (12) and (13). In case dynamic effects can be neglected Equation (8) can be
used.
2, The procedure as presented in prEN 12040 to deal with
dynamic effects that occur in a falling head test on
permeable geotextiles can lead to inaccurate results,
even if no overshoot is visible in the head loss versus
time plot. Considerable errors (from 14 % up to 180 %)
were found when the head loss reaches values close to
zero between 1.5 and 4 seconds.
3. The error found when using the procedure of prEN
12040 was largest in the head loss index.
4. It is advised to include the influence of dynamics in the
interpretation
of a falling head test when relatively
permeable geotextiles are tested, or to use a constant
head test.
5, More tests are needed to determine the entire range
where dynamics has an influence.
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ABSTRACT:
Effects of various testing parameters on the hydraulic transmissivity
of geocomposite
drain systems
commonly used in leak detection and leachate collection systems of modern landfills are investigated. A laboratory testing
program was performed utilizing different geonet, geotextile, geomembrane and geosynthetic clay liner (GCL) products.
The test results indicate that, the configuration of the geocomposite system, the intensity and the duration of the sustained
vertical stress, and the hydraulic gradient can strongly influence the hydraulic transmissivity of a geocomposite drain.
KEYWC)RDS: drainage, geonets, geocomposite,

1

transmissivity,

INTRODUCTION

Modern landfill liner-system design commonly includes
leak detection and leachate collection systems, which often
consist of a geonet sandwiched between two geotextile
layers, or between a geotextile and a geomembrane layer
(both configuration herein are referred to as geocomposite
drains). Hydraulic transmissivity of a geocomposite drain is
known to be affected by various factors including: (i)
physical characteristics of the geonet, geotextile, and when
applicable, geomembrane components, (ii) the intensity and
duration of the applied vertical stress, (iii) the hydraulic
gradient, and (iv) presence of an overlying geosynthetic
clay liner (GCL). The effects of these parameters on the
hydraulic
transmissivity
of geocomposite
drains were
studied with a laboratory testing program utilizing different
geonet, geotextile, geomembrane
and GCL products in
various geocornposite drain configurations.

2

TEST EQUIPMENT

Q

where, $ is the hydraulic transmissivity (mZ/s), Q is the
volume of discharged fluid per unit time (m3/s)., L is the
length of the specimen (m), B is the width of the specimen
(m), and h is the difference in the total head across the
specimen (m). The hydraulic gradient is equal to the ratio
of h to L.
Constant Head
Upstream Reservoir

~

rl ‘er’iclLOad
T ‘?::;esew
+

ti~

1
Specimen

Figure
setup.

1. Schematic

diagram

3

TEST MATERIALS

of the test equipment

and

AND SETUP

The constant head hydraulic transmissivity
test method
described by the American
Society for Testing and
Materials (ASTM) test standard D 4716 was utilized in the
testing program. A simplified schematic diagram of the test
equipment and setup is presented in Figure 1. Referring to
the figure, hydraulic transmissivity is calculated utilizing
the following equation:

o=——
B X (h/L)

laboratory testing

(1)

One geomembrane, two different geonets, three different
geotextiles and one GCL product were used in the testing
program. Table 1 provides general information on each
product.

4

TEST SPECIMEN

Referring
to Figure 2,
configurations were used:
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Table 1. Test material general information.
Test Material
Designation Type
Trade Name
GM
Geomembrane Gundline HD
GN I
Geonet
Tensar NS140551
GN2
Geonet
NSC PN 3000
GT 1
Geotextile
LINQ Typar 3601
Amoco 4557
GT2
Geotextile
GT3
Geotextile
Polyfelt TS750-Reg
GCL
GCL
Claymax
/: thickness

(mm),

W,:

mass

Remarks
High density polyethylene, smooth, f= 1.5 mm
Polyethylene, t=5.O mm, 0=1E-3 mVs @ rs= 720 kPa and z=l,0
Polyethylene, ~5.O mm, 0=1E-3 mVs @ cr= 720 kPa and i=l,0
Polypropylene, nonwoven, A4~=203g/mj, AOS=O,1 mm, and yz=O,1 S-I
Polypropylene, nonwoven, M~=407 g/mj, AOS=O.15 mm, and W]. 1 S-I
Polypropylene, nonwoven, M~=349 g/mz, AOS=O.15 mm, and ~1,3 s-I
Primary backing: Amoco 4034, polypropylene, woven, Jf~=98 ghn?
Secondary backing: Chicopee (a very thin woven geotextile)
per unit area (glm~), AOS: apparentopeningsize (mm), v permittivity(s-I),a: vertical stress (kPa), arrd i: hydraulicgradient(-)

Configuration
I - a geonet sandwiched between two
geomembranes
to evaluate
the baseline
hydraulic
transmissivity of the geonet.
Configuration
II - a composite of a geotextile and a
geonet sandwiched between two geomembranes to evaluate
the effects of a single geotextile layer over the geonet on its
transmissivity.
Configuration
III - a GCL placed over the geotextile
component of a geocomposite
drain (secondary backing
against the geotextile)
to evaluate the effects of an
overlying GCL on the transmissivity
of a geocomposite
drain.
Configuration IV - a GCL directly placed over a geonet
(primary backing directly against the geonet) to evaluate
the effects of an overlying GCL on the transmissivity of a
geonet.

duration (i.e., the period of applied vertical stress) varied
from several days in the case of Tests 1 through 7 to
approximately 120 days in the case of Tests 8 and 9.
Table 2. Summary of laboratory testing program.
Test configuration (from top to bottom)
Test
Config.
top
bottom
No.
No.
GM GCL GTI GT2 GT3 GN1 GN2 GM
1
1
x
x
x
x
x
2
II
x
x
x
x
3
11
x
x
4
11
x
x
x
x
11
x
5
xx
x
111
xxx
6
x
x
7
111
xx
xx
x
8
111
xxx
x
x
9
Iv
xx
x
x

6

Figure 2. Schematic
configurations.

5

diagram

of

four

different

test

TESTING PROGRAM

Nine transmissivity tests were performed, as presented in
Table 2. The tests were performed utilizing vertical stresses
ranging from 24 to 766 kpa and hydraulic gradients ranging
from 0.1 to 0.5. These boundaries
were selected to
encompass commonly encountered field conditions. Test
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TEST RESULTS

The test results are graphically presented in Figures 3 to 7.
The results and the observations made during the tests are
summarized in the following paragraphs.
Hydraulic gradient - Referring to Figures 3, 5 and 6, it
appears that higher hydraulic gradients result in lower
measured transmissivity values. This suggests that as the
hydraulic gradient increases the flow regime becomes
turbulent and Darcy’s law may not be fully applicable
(Williams, et al., 1984 and Cancelli, et al., 1987).
Geotextile - Referring to Figure 3 (a), it appears that
presence
of a geotextile
over a geonet reduces its
transmissivity.
This is likely due to penetration of the
overlying geotextile into the geonet channels (Williams, et
al., 1984 and Koerner, 1990).
As illustrated in Figure 3 (b), the type of the overlying
geotextile may have a significant impact on the hydraulic
transmissivity of a geocomposite drain. For the geonets and
geotextiles used in this investigation,
the test results
indicate that the hydraulic transmissivity may decrease by
approximately
half an order of magnitude
when the
heaviesthhickest geotextile is used.

I

I

I
-1

(b)
0.50

0.25

0.00

HyrlraulicCradient,i

Figure 3. Effect of geotextile
geocomposite drains (cJ=766 kPa).

on

I

0.00

0.75

(-)

transmissivity

of

Vertical Stress - The effect of the vertical stress on the
transmissivity of geocomposite drains is depicted in Figure
4, Referring
to the figure, hydraulic
transmissivity
decreases as the vertical stress increases. The decrease in
the hydraulic transmissivity is likely due to: (i) compression
of the geonet ribs, and (ii) increasing penetration of the
overlying geotextile into the net (Williams, et al., 1984 and
Fannin and Choy, 1995). As presented in the figure, for the
geotextiles and geonets used in this investigation
the

II

-.-s...-TcstNo5

.)

0,25
0.50
HydraulicGrtilen~ i (-)

0.75

Figure 5. Effect of GCL on transmissivity of geocomposite
drains with mrious geotextiles (cr=766 kPa).
transmissivity may decrease by 30 to 60’XOas the vertical
stress increases from 24 to 766 kPa. In general, the
heavier/thicker the geotextile the stronger the decrease in
the overall transmissivity of the geocomposite drains.
GCL - As illustrated in Figures 5 and 6, presence of an
overlying
GCL may reduce the transmissivity
of a
geocomposite drain by 30 to 70 ‘Y.. Referring to Figure 5,
the effect of GCL on the transmissivity
is generally
dependent on the type of geotextile used to separate the
GCL from the geonet. For the materials used in this
investigation, the reduction in the transmissivity was less
when a heavier/thicker geotextile was used. It should be
noted, however, that this observation contradict the results
presented in Figure 3 (b). Thus, more research in this area
is needed before a final conclusion can be drawn.
As presented in Figure 6, direct placement of a GCL on a
geonet results in approximately
an order of magnitude
Notwithstanding
the
reduction
in its transmissivity.
transmissivity reduction, direct placement of GCL on a
geonet may be an economical approach for some landfill
designs. It should be noted, however, that the geotextile
backing of the GCL placed against the geonet should have
appropriate mechanical
and physical properties to: (i)
withstand potential damage under the applied vertical stress
and construction
activities, and (ii) limit migration of
bentonite from the GCL into the geonet.
Duration of vertical stress - The effects of the duration of
sustained vertical stress on transmissivity of geocomposite
drains are presented in Figure 7. Referring to the figure, the
transmissivity of a geocomposite
drain decreases as the
duration of the applied vertical stress increases. For the
geocomposite
drains and test duration used in this

‘---1
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Figure 4. Effect of vertical stress
transmissivity
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(i= O.25).
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Figure 6. Effect of GCL on transmissivity of geocomposite
drains wth or without geotextile (6=766 kPa).

Figure 7. Long-term effect of applied vetical stress on the
transmissivity (IS=766 kPa, i= O.25).

investigation most of the reduction occurred in the first 50
to 60 days. The maximum transmissivity reduction was
approximately
30 to 40Y0. The observed decrease in the
transmissivity is likely due to: (i) creeping of the geonet
ribs (Smith and Kraemer, 1987), and (ii) creeping of the
over] ying geotextile into the geonet channels.

(vii) long-term application of vertical stress may reduce
hydraulic transmissivity of a geocomposite drain.
The authors
recommend
that the actual
design
configurations be simulated, as closely as possible, in the
laboratory
to determine
representative
field hydraulic
transmissivity values.

7
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(iii) an overlying geotextile may reduce the hydraulic
transmissivity of a geonet due to possible penetration of the
geotextile into the geonet channels;
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of the geonet; and
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ABSTRACT. Working on harmonizing tests, there were 3 different test available. They differ in specimen size, lateral
pressure material, water input to specimen. These standards were tested in comparison on a set of identical materials
with different hydraulic gradients. The results are given in plots flow us hydraulic.
KEYWORDS:

1

Hydraulic transmissivity,

In-plane flow, Drainage capacity, Drainage, Transmissivity

INTRODUCTION

World wide trade needs generally accepted technical
values for the products traded. The work on international
standards in the International Standard Organisation 1S0
is accelerated in the geosynthetic area by the Viemacontract, which states a common speed and a mutual
acceptance of standards between 1S0 and the Comit4
Europc$enne de Normalisation
CEN. For drainage
applications of geosynthetics the drainage capacity is the
design parameter. This property may be tested by prEN
ISO 12958 November 1995 or ASTM D 4716-87 or an
old German Proposed
made by Franzius
Institute
(DIN 60500 T7). This comparison included 10 Materials
and the 3 standardised methods.
2

3

TEST METHODS

The 3 methods described in
prEN 1S0 12958 November
ASTM D 4716-87
Franzius Institute method
-

1995

are synoptic shown in fig. 1,2 and 3.

DIN 60500 T 7

DEFINITIONS

In-plane water flow capacity: The volumetric in plane
rate of water per unit width of the GTX or GRP, at
defined gradients and loads, in a direction parallel to the
plane of the prodact.
165
4
specimen size
L x W (mm)
pressures (kPa)
hydr. gradient i=Ah/l
pressure platen

Transmissivity & The in-plane water flow capacity of
the GTX or GRP under Iaminar conditions at a hydraulic
gradient of unity.
Hydraulic gradient Ah: Ratio of the head loss in the
GTX or GRP to the distance between two measuring
points.

Figure

1:

b
165 X 100
2-200
1
hard, plane

Schematic
sketch
DIN 60500 T7
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ASTM D4716-87

-Random wire mats
-Oriented wire mats
-extruded geonet
-Cuspated sheet
-nowowen composite
-PE foam-particle

4

● 100”

300

specimen size
Lx W(mm)
pressures (kPa)
hydr. gradient AM
pressure platen
Figure

2:

400 x 100
25-250
0,1-1,0
soft, plane
of

RESULTS

The results of comparison tests are given in figures 4 to
8.

b

Schematic
sketch
ASTM D4716-87

Number
of Materials
4
1
2
1
1
1

Influence of pressure on drainage materials

test

condition

The generic products show different behaviour, the lines
of flow vs stress drop rapidly for random wire products,
show less decrease for oriented wires and again less for
geonet and cuspated film type products. Be aware that
the flow axis is scaled differently, the flow at 2 kpa for
wire products is very high.

prEN ISO 12958
In+bw
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~
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8,0H3

+.3,0
I

4,0EU5
~
2,caM3

o,OE+m
.
o

300

specimen size
L x W (mm)
pressures (kPa)
hydr. gradient Ah/l
pressure platen

1C12

tm

ml

=Lw!xL

Figure 4: Oriented PA wire between nonwowens
(Sterz, Breuer 1995, Ehler, Rohde 1995)

300 x 100
20-200
0,1-1,0
soft, plane

ln-@lewabxrlW-

The differences are specimen size, water input direction
to specimen, kind of confining plate material.

I

I

I

I ‘-

A wide set of materials covering typical products for
drainage application were tested, the generic description
is given hereunder.
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Figure 5: Random PP wire between nonwowens
(Sterz, Breuer 1995, Ehler, Rohde 1995)

Influence of gradient
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The dependence from gradient is not always linear (see
fig 9), so if a value measured at a gradient not equal to 1
is than calculated for Transmissivi~ at gradient 1, the
mistake is significant.
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(Sterz, Breuer 1995, Ehler, Rohde 1995)
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Influence of hard/soft platen

O,OE+OO
o

The soft (cellular rubber) platen of CEN simulating sofl
soil pressure on the geotextile filter leads to a strong
decrease of the curves ( see fig 7) by confining the flow
section,
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Figure 9: PE foam-particles

with nonwoven

Influence of test method
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From the curves given in fig 4 ..8 tables were derived,
giving the comparative values for the 3 standard
methods for 3 materials (see table 1,2, 3). Roughly
evaluated the test according to ISO and CEN leads to
product specific correlation values, a factor, valid for all
materials is not extractable.
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Figure 7: Cuspated sheet with nonwowen
(Sterz, Breuer 1995, Ehler, Rohde 1995)
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<0,0001

0,0024
<0,000 I

Table 2. Random wire mat between nonwowen
Breuer 1995)
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1

0 (CEN)
m2/s

k;a
I

2

I

20
200

0,0009

0 (ASTM)
mzfs
I

0,0007
<0,0001

-

0 (Franzius)
mzls
I

0,0063

0,0014

0,0049

0,0001

0,0009

Table 3. Extruded geonet with nonwowen
1995)

I

(Sterz, Breuer
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ABSTRACT: The geocomposites of needle punched
and spunbonded(SB)
nonwovens having reinforcement and
drainage fimctions were manufactured by thermal bonding method. The physical properties (e, g. tensile, tear and bursting
strength, permittivity) of these multi-layered nonwovens were varied by processing parameters - temperatures, pressures,
by thermal bonding method. Therefore, it is very meaningful to optimize the
bonding periods etc. - in manufacturing
processing pammeters and physical properties of the geocomposites by thermal bonding method. An algorithm has been
developed to optimize the process of the geocomposites using an artificial neural network (ANN). The geocomposites were
employed to examine the effects of manufacturing methods on the analysis results and the neural network simulations
have been applied to predict the changes of the nonwovens performances by varying the processing parameters.
KEYWORD:
1

Multi-layered

nonwovens,

Thermal bonding method, Processing parameters,

INTRODUCTION

The fimction of nonwoven geotextiles are reinforcement,
sepemtion, filtration,
drainage and liquid barrier (Ingold
1994; Koemer 1994). MuIti-layered nonwovens as a kind
of geocomposites are manufactured by needle punching or
thermal bonding to develop the above one or two functions
of geotextile (Lunenschloss
and Albrecht 1981; Gourc,
Faure, Rollin and LeFlear 1982). Especially, in the case of
application
to
thermal
bonding
to
manufacture
geocomposites (multi-layered nonwovens), the processing
parameters
e.g. temperature,
pressure, time etc, were
affected by the physical properties of geocomposites. From
this view, it is very reasonable that the optimization
analysis is applicated to examine the deviations and
correlations
between these parameters.
Process optimization is one of the most important topics
in modem
non-woven
research
because
it directly
influences many physical properties of the thermal bonded
nonwoven geocomposite. It has been known that there
exist very complicated
interaction
between processing
The popular
parameters
and material
properties.
regression approaches always neglects some significant
interactions between processing parameters in order to
simpli~ the model and often have some ditliculty in
finding a reliable multivariable
nonlinear model which
must be considered as a model.
Very recently, the feed-forward multi-layered
neural
network approach has been widely used in many areas of
engineering and science (Hornik 1989). Commonly, the
neural networks can be employed in order to analyze some
The recent
of the most complex non-linear
system.
theoretical work has proven that neural networks can be

Optimization

analysis.

succes.sfidly applied to express most classes of continuous
fimctions with bounded inputs and outputs with any
specified precision (Sharpe 1994).
In this paper, a neural network algorithm for optimizing
the correlations between physical properties and processing
parameters of multi-layered nonwovens to be manufactured
at the different processing conditions was used and the
optimum condition of these was derived from analytical
results.

2

EXPERIMENTAL

2.1

Manufacturing

of Geocomposites

Spunbonded(SB)
nonwoven(18g/m2)
of polypropylene
filament
and
needle
punched
nonwoven
(163g/m2) of polypropylene staple fiber ( 12d) were used as
raw materials for geocomposites
composed of multilayered nonwovens. A special designed thermal bonding
apparatus was used to bind geocomposites and the plate
which are available to heat and press was adapted to
thermal bonding apparatus.
2.1.1 The processing conditions
Processing
conditions
of
thermal
manufacturing
geocomposites composed
nonwovens are as follows:

bonding
for
of multi-layered

(1) Temperatures: 180-190 ~ (at 2 C intervals)
(2) Pressures: 4,5,6 kgt7m2
(3) Times: 2,3.4 seconds
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2.1.2 Types of geocomposites
The following types of geocomposites
at the above conditions:
(1)
(2)
(3)
(4)
2,2

NP-thermal
NP/SB
NP/NP
SB/NP/SB

were manufactured

bonded

Physical Properties

Physical properties
of multi-layered
estimated
in accordance
with the
methods:

nonwovens
were
following
ASTM

Tensile strength for MD (machine direction) and
CD (cross direction)- ASTM D 4632-91
(1) Tear strength - ASTM D 4533-91
(2) Bursting strength - ASTM D 3786
(3) Permittivity - ASTM D 4491-92

(1)

3

NEURAL NETWORK

In this paper, the feedforward back propagation algorithm
is applied to model manufacturing process of non-woven
materials. A basic multi-layer neural network structure is
shown in Figure 1 depicting the hidden layer, and output
layer.

Input layer

Hidden layers

Output layer

This neural network has one input layer, one output
layer, and any number of hidden layers. Each network
consists of nodes (neurons). The input layer of the neural
network takes information from the outside world and
sends it to the nodes in the hidden layers. Similarly, the
output layer of the neural network transmits the processed
information to the external world.
To apply an m-variate signal input to a one-layer neural
network consisting of n neurons each having m weights,
we mulfiply an m-variate vector X (xl, X2, ... X,l,.l, 1) with
the (nxm)-variate weight matrix W. The result is an nvariate net input vector s (sl, s2,
k),
Then, we can
show how each components] is calculated for layer 1:

SJ =~Wji
1=]

V, +b,

=wjT.

v+bl

,j=l,2,.,...k

(1)

The index j spans the n neurons, while i spans the m
weights in the jth neuron. The number of weights in the
neuron is one of more than the number of input variables,
xi; the remaining one input variable is the bias, which is
always equal to 1.
The quantity sj is processed by an activation fimction to
give the output oj of the jth neuron:

(2)

Oj = f(s, )

The input consists of process variables such as pressure,
temperature and processing time. The network output are
predicted values of physical properties at possible process
conditions.
The network training is performed using the
The error at the output
nonlinear least square methods.
neuron can be defined as

E=;(t~

where

–Ok)2

t~ is the target value of the output neuron.

(3)

The

backpropagation
algorithms
make use of the gradient
descent methods for minimizing
E.
The error signal
defined by

(4)

leads to the result of general delta rule
AWji = ~~joi

Figure 1. Architecture
layers.
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(5)

where q is an adaptation gain and fij is computed based on
whether or not neuron j is in the output layer. If neuron j
is one of the output neurons, then

5, =(t-o,

)o, (l-o,)

(6)

On the other hand, if neuron is not in the output layer,

properties in such a way that permittivity, tensile, tear
strengths are maximized and tensile strength difference is
minimized. From this, it is known that the optimum
condition is found to be 182[’C, 3sec and 4.9 kgf/cm2,
respectively,

(7)

For a fast convergence, the momentum
be introduced by following equation:
Aw,, (k + 1) = T@,O1

+cxAw,,

(k),

with gain a

will

(8)

(, where k is the iteration step. )

4

RESULTS AND DISCUSSION

The feedforward back propagation algorithm based on the
generalized delta rule and the minimum mean squared
error (MSE) principle were used for the data sets. In a
feedforward network, the processing units can be divided
into several layers: input layer, hidden layers and output
layer. The input components consist of process variables
such as pressure, temperature and processing time which
are considered to be the important parameters. Outputs of
the network are the predicted physical properties at the
given process condition. The number of units in the hidden
layers were set to be 16 following a series of optimization
experiments. The networks have been used for training
hundreds of experimental
datid sets, namely, pairs of
process conditions and physical properties of different
multi-layered nonwovens produced by varying the process
conditions.
The prediction results are shown in Figures 2-5. As
shown in the figures, several physical properties were
predicted quite well with small errors.
Figure 2 shows
predicted permittivity
at different process conditions.
From this, it is known that a high permittivity value can be
obtained when geocomposites are made at 180°C
Same
tendency like this is observed for short processing time and
lower temperature ranges. But in very high pressure and
long processing
time, the property
is deteriorated
significantly below unacceptable region. Figure 3 shows
effect of process condition on tear strength of nonwovens.
It was clearly seen that process time affects significantly
the tear strength in such a way that longer process time
enhances the tear strength over whole temperature regions
investigated. But pressure effect is really negative, that is,
high pressure caused the decrease of tear strength of
nonwovens. Tensile strength difference and burst strength
of geocomposites represented in Figure 4 and Figure 5,
show the same tendency of the case of tear strength. In
Figure 4, tensile strength difference between MD and CD
doesn’t depend on processing conditions except for 190 “C.
Using a simulation model, we tried to find some optimal
process conditions
which
optimize
several physical

190 ‘c
6
5,5

4
5
4.5

Pressure(kgflcmz)

42

Figure 2. Prediction of permittivity

E2103J

nme(sec)

using neural network.

““’”’””..”$

‘w’” ‘

Pressure(kgflcm2)

42

Time($ec)

Figure 3. Prediction of ttiar strength using neural network.
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5

CONCLUSION

The optimization analysis by neural network were used to
examine the relations between processing parameters and
physical properties of multi-layered nonwovens. Using this
tool, we developed an algorithm for optimization of the
geocomposite performances without a significant loss of
physical properties. The simulated response surfaces were
found to be highly effective in predicting the qualities of
resulting geocomposites without actually producing them.

190 ‘c

A

REFERENCES
I

j 0,034

180°C

m
E

1’ 0,03
6L

‘;W4

Prewure(kgflcm2)

Time[Sec)

—
Figure 4. Prediction of tensile strength difference.

4 “2

Timt(Sec]

Pressure(kgflcml)

Figure 5. Prediction
net work.
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Static and Cyclic Behaviour of Sand Reinforced by Mesh Elements
J.C. Morel
Research Scientist. Ecole Nationale

des Travaux Publics de l’Etat. Lyons, France

J.P. Gourc,
Professor, Lirigm. University Joseph Fourier, Grenoble, France
ABSTR4CT: The technique involving micro-reinforcement
of sand by mesh elements is used for surface soil layers that
are likely to be subjected to cyclic loating mditims.
Based on tk triaxjd test. a comparative study of reinforced and
non-reinforced sand is carried out. The behaviour of the sand is enhanced by the presence of the micro-reinforcement
elements: under low cyclic loading, the reitiorced
soil has a higher elasticity: under Mgh cyclic loading the mesh
elements take up the load and the compressive strength is improved.
KEYWORDS:
1.

Micro-reinforcement.

Triaxial test, Cyclic loading.

INTRODUCTION

This research paper concerns the change in behaviour of a
sand when it is reinforced with small polypropylene mesh
elements with external dimensions of 100 mm x 50 mm.
Each individual mesh is a 10 mmx10 mm square. This
type of reinforcement was designed by Mercer (Mercer et
al., 1984) and optimised by Hytiris (Hytiris, 1986). The
basic concept
is the same as that of short-fibre
reinforcement. However, the structure of the grid changes
the implementation procedure and behaviour.
This type of reinforced sand has been the subject of a
number of studies at the Lirigm, using the large shear box
@Aorel et al., 1997), and the biaxial compression
test
(Gourc et al., 1994, Morel et al., 1996) in plane strain
conditions. The additional study presented here relates
mainly to the behaviour of this material under cyclic
compression using a triaxial testing apparatus.
Reinforced soils are reputed to have improved resistance
to dynamic loading and fatigue compared to the same nonreinforced soils. Moreover, one of the main applications of
this type of reinforcement
concerns the surface layers
subjected to repeated loading. for example as a result of
traffic (this type of reinforcement can be used for unpaved
roads). A comparative study of a sand with and without
mesh elements would therefore seem to be of interest,
especially
as Lirigm was able to provide
a highpetionuance triaxial test apparatus for cyclic loading.
Note that, in the case of the surface layer application,
the reinforcing inclusions are required not only to improve
the bearing capacity of the layer. but also to preseme its
permeability,
especially as this layer often serves as a
draining layer. The compressibility
under cyclic loading
must therefore be reduced by the presence of the mesh
elements.

2.

EXPERIMENTAL

CONDITIONS

The cyclic triaxial test apparatus at the Lirigm (Billet et
al., 1990) can be used to test cylindrical samples of 70 mm
diameter circular cross-section. The slenderness ratio (ratio
of height to diameter) chosen here is equal to 1.9. The
apparatus enables both the axial stress q and the lateral
stress m to be cyclically slaved. During the tests described
here, only 01 will vary cyclically. The cyclic loading is
sinusoidal with time (frequency of 0.5 Hz in this case).
This apparatus has already been successfidly used to study
the liquefaction of geotextile-reirrforced
sand (Billet et al.,
1994; Richa. 1992; Vercueil et al., 1997). The lateral
confining stress is kept constant at 100 kpa in all the tests
presented.
The sand used for these tests has already been studied on
numerous occasions at the University of Grenoble. It is
known as Hostun RF sand. a siliceous sand of mean
diameter
DSO= 0.35 mm
and
uniformity
coefficient
~ = 1.7. The grain density is p = 2.7 Ikfg/m3.
Triaxial “static” compression tests were conducted for a
unit weight value of 15 kN/m3, corresponding respectively
to void ratios of e = 0.73 and 0.66. All the “cyclic”
for
e = 0.73,
compression
tests
were
performed
corresponding to a relative density D, = 560A.
The proportion of mesh elements added to the sand is
characterised by the “reinforcement density, u
whichj in
%, is equal to the ratio of weight of mesh element with
respect to the weight of the sand. It has been shown
elsewhere (Gourc et al.. 1994), that L = 0.4°A was the
reinforcement
density providing
the best compromise
between:
. the favorable
effect of the increase in number of mesh
elements. implying a greater quantity of mesh elements
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subjected to tensile stress and thus improved overall
stren@ of the reinforced soil.
the unfavorable
effect of the increase in number of
mesh elements, involving disarrangement
of the sand
grains and thus a reduction in sand strength.
All the tests presented are for a value of&=
0.4V0. The
sand - mesh elements mixture is made after having
moistened the sand (sand water content w = 10°/0) in order
to obtain isotropic distribution of the inclusions. To make
allowance for the scale of the test sample, the meshes are
cut into 50 mm x 25 mm elements, without any asperities
to avoid piercing the test sample membrane.

3.

BIAXIAL TRIAXL4L

COMPARISON

(STATIC)

The Lirigm
biaxial
compression
prototype
testing
apparatus can be used to perform tests in plane strain state
(Gourc et al., 1994) but, with its present set-up, it cannot
be used for cyclic compression
tests. As a previous
publication by the same authors described a study of meshelement reinforcement
based essentially on the biaxial
apparahls, it seemed of interest to mmpare triaxial test
results with biaxial test results, under the same “static”
compression conditions. The test sample for the biaxial test
was 340 mm long in the main vertical compression
direction,
150 mm wide and 60 mm thick. Another
experimental
difference is that the biaxial test samples
have lubrication on the ends whereas the triaxial samples
do not.
a 1/03
11 1
10
9
8
7
6
5
4
3
2
1 ..
0
0.00

[

only in the small strain range. For large strains, localised
failure occurs and the mechanism involved is a block-onblock sliding mechanism (Desrues et al., 1985). as shown
on photo 1 for a reinforced sand sample at the “end of the
test. In such cases it is more proper to present U1/cr3 as a
function of axial displacement:
the curves obtained in
biaxial and triaxial tests have much closer slo~es in the
large strain domain.
Generally speaking, the ductility of reinforced sand is
clearly apparent. For the large strains reached, very few of
the mesh elements had failed.

1

1

Photo 1: Reinforced
<<static )>triaxial test.

\

0.05
axial

Figure 1: Comparison
biaxial tests

0,10
strain

,

I

0.20

0.15
&1

of {( static>} tests,

sample

after failure

at a

I

4.

,

sand

triad

and

Lee (1970) and subsequently other authors showed on a
non-reinforced sand that the angle of friction in the biaxial
test is greater than the angle of friction in the triaxial test.
This fact is confirmed by the tests described here.
Figure 1 compares the results obtained at Lirigm for a
non-reinforced or reinforced (d~ = 0.40A) sand, presenting
conventionally al /cJ3 as a fiction
of axial strain El. The
test is performed
for an axial compression
rate of
2 mmhnin. In actual fact, this presentation can be justified
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BEHAVIOUR

UNDER CYCLIC LOADING

The test procedure is similar in all cases:
●
the confining pressure is kept constant (100 kPa),
●
the first stage of the test ?static”)
corresponds to an
increase
in the deviatoric
stress
(G1 - a3)
of
200 M%hnin.
●
the second stage of the test corresponds to 500 cycles of
0.5 Hz frequency and 100 kpa amplitude from the initial
value of the predefine
deviatoric stress,
●
the third s$age of the test (“static”) corresponds to the
continued crushing of the test sample at a verticaI
displacement rate of 9.6 mm/min.
Figure 2 shows the change in axial settlement of the test
sample during the cyclic loading stage, for three initial
values of the deviatoric stress : 100 kpa, 200 KPa and
500 kpa. The behaviour of non-reinforced
and reinforced
sand is compared, except for the 500 kpa initial deviatoric
stress because the non-reitiorced
sand ftiled
for a
deviatoric stress of 350 kpa under “static” conditions.
+ Settlement on initial loading (N= 1) systematically
reaches a greater value for the non-reinforced sand.
+ The increase
in vertical
displacement
with the
number of cycles is also systematically higher for the
non-reinforced sand.

+

reinforced sand, dm=O.4Y0, cycles of 500-600kPa

F=
+reinforced
+

sand dm=O 4’% cycles of 200-300kPa

reinforced sand, dm=O.4’Yo,cycles of 100-200kPa

3

reinforced sand (500-600 kPa). The samples show a
clear deviation ffom elastic behaviour.
The cyclic loading domain (0-100 lcpa) is interesting
because it corresponds to a possible range of use (surface
layer) of this type of reinforcement.
Both the reinforced
sand and the non-reinforced sand are a long way from their
ftilure state. Figure 3 adopts the same presentation
as
figure 2, except that the displacement under initial loading
(N= 1) is not taken into account. The displacement scale
is obviously ditTerent from that in figure 2. Two tests
performed under the identical conditions are presented on
the same graph, thereby showing the good repeatability of
this relatively difficult type of test.
Vertical displacement for the reinforced sand is halved
buL more surprisingly, the variation is no longer linear for
values of N greater than 100 cycles.

5.

INFLUENCE
BEHAVIOUR

OF CYCLIC LOADING

ON STATIC

0
100
10
number of cycles N

1

Figure 2:
displacements

1000

Cyclic loading stage: variation in vertical
as a fimction of number of cycles.

Figure 4 compares the behaviour of non-reinforced
and
reinforced test samples under triaxial compression with
and without transient cyclic loading of 500 cycles between
200 and 300 kPa: for the reinforced sand, it is found that
the test curves with or without transient cyclic loading
coincide after the cyclic loading stage as if the material
had somehow “forgotten” its loading history.

k

---------------sand alone, static test
-..
reinforced sand, static test
—
Saud alone, cyclic test
—
reinforced sand. cvclic test

0.04

800
700
.

I

g%’
:400

Y 300
T)2(30

0.02

100

“<

/’

“7+=R

0
o

0

1

100
10
number of cycles N

1000

stage
(0-100lcPa):
loading
Cyclic
Figure 3:
variation in vertical displacements as a fimction of number
of cycles, as from an initial loading of 100kPa
A soil is generally considered to show acceptable
behaviour under cyclic loading if the relationship
between vertical displacement and log N is linear. In
this case, it was found that this law is not obeyed for
the non-reinforced
sand (200-300 kPa) nor for the

0.1

0.2
axial strtin

0.3

0.4

61

Comparative overall behaviour with and
Figure 4:
without transient cyclic loading (500 cycles) for reinforced
or non-reinforced sand.
Figure 5 concerns only the reinforced sand and it is
found that contrary to the previous case, the cycles (500600 kPa) well beyond the strength limit of the nonreinforced sand, have an effect on the post~cle
strength :
the strength of the sand is increased through cyclic loading
which has no doubt contributed to the mesh elements
taking up the tensile stress. In a real-life situation, this
could doubtless be obtained by controlled compacting.
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I

—

I
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I
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I
I

I

_./<

For a given axial strain q, the deviatoric stress is
notably higher for the sample with mesh elements
arranged horizontally.
The strain values obtained under
cyclic loading
conditions
are also much lower for
horizontal mesh elements. However, the tests were not
continued long enough to obtain sufficient strain values to
achieve a possible coincidence of the curves corresponding
to the tests with or without cyclic loading.

7,

200

0
0.1

0

0.2
axial strain d

0.3

0.4

Figure 5:
Comparative overall behaviour with and
without transient cyclic loading (500 cycles) for reinforced
sand.

6.

MESH-ELEMENT

OF

INFLUENCE
ORIENTATION

In the triaxial compression te~ the direction of maximum
strain is horizontal. The preferential
orientation of the
~inforcing inclusions should increase their efficiency. To
ver@ this, a series of tests was conducted @g. 6) in which
the mesh elements are no longer placed randomly but in
regularly spaced horizontal layers. In this case as well, the
behaviour was compared for cases with and without cyclic
loading. The reinforcement
density (k= 0.4%) is the
same for the mesh elements oriented horizontally
or
randomly.
crl-a3 (kPa)
“
12007
I
I
I
,,,I
,./
1000
,/
,.,
800
!;

600
----

400

- reinforced

sand

————reinforced sand, cycles
of 200 to 300kPa
. .. .. . . ~or~onta~
s~ee~~

200

horizontal sheets,
cycles of 200-300kPa

0
!3

0.1

0.2
axial strain

0,3

0.4

E1

Figure 6:
Comparative overall behaviour with and
without
transient
cyclic
loading
(500 cycles)
for
horizontally or randomly reinforced sand.
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CONCLUSIONS

Triaxial compression tests under cyclic loading conditions
were undertaken and show that reinforcement using mesh
elements is a high-performance
metho& not only under
loading
but also under
<(’’cyclic” loading
“static”
conditions. These observations should be used to improve
their
implementation
procedures
(pretensioning
on
compaction) and to find new applications.

8.
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ABSTRACT: The use of fiber reinforcement (geofibe~s) for stabilization of earth slopes was investigated by laboratory
testing of non-reinforced and fiber-reinforced clay sods in the direct shear and trlaxlal shear apparatus. Fiber contents
included 0.2 and 0.25 percent by dry weight for this study. The test results show increases in maximum shear stress (~’) at
failure in the range of 20 to 50 percent for the fiber-reinforced specimens. Slope stability analyses were performed for a
highway interchange embankment in Beaumont, Texas, USA, which had experienced repeated slope failures. The stability
analyses produced an increase in calculated factor of safety from essentially one (imminent failure) for the non-reinforced
case, to above 1.5 for the fiber-reinforced case. The slope was repaired with fiber-reinforced soil at a dosage rate of 0.25
percent, and has performed well to date.
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INTRODUCTION
/“-

The use of geofibers for earth slope reinforcement has
attracted significant interest in the past five years. Geofibers
consist of relatively small fiber inclusions, distributed as an
additive throughout the soil mass in the reinforced zone.
Accordingly, the geofibers may be categorized as microreinforcement. Planar or continuous-sheet
reinforcement
elements, such as geotextiles and geogrids, are placed at
discrete locations (usually horizontally)
within the soil
mass, with non-reinforced
soil intervals between. Planar
materials may be categorized
as macro-reinforcement.
Geosynthetic macro-reinforcement
materials provide an
effective solution to a wide variety of slope reinforcement
problems, but have limitations in applications where the
zone
is not available
due to
required
anchorage
obstructions, as illustrated in Figures 1(a) and 1(b). Microreinforcement materials do not have these limitations since
they reinforce the entire soil mass as a soil additive. The
large anchorage zone is not required, and it is only
necessary to extend the fiber-reinforced zone approximately
0.3 to 0,6 meters beyond the critical failure surface as
illustrated in Figure 1(c). Therefore, micro-reinforcement
geofibers can provide ideal solutions to slope stability
conditions which previously
were not practical with
geosynthetics. The geofibers used in this study consisted of
fibrillated
polypropylene
(FIBERGRIDS
, Synthetic
Industries, Chattanooga, Tennessee, USA) in nominal 25
mm and 50 mm lengths.

2

2.1

BEAUMONT

SLOPE

Project Description

The highway interchange embankment (Beaumont slope) is
located at the intersection of U.S. Highway 69 and F.M.
347 in 13eaumont, Texas, USA. The embankment
is
approximately 6 m in height at the tallest section, and has a
slope ratic] of 2.5 horizontal to 1 vertical (2.5H: 1V) at the
steepest section.
The fill soil in the slopes consists of a brown clay with
some sand, gravel, and shells. The embankment soil has a
liquid limit of 50, and a plastic limit of 17, with 68 percent
passing the US No. 200 sieve. The material classifies as fat
clay (CH), in accordance
with ASTM D 2487. The
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r
----------
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.
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Figure 1. Anchorage-zone limitations of planar reinforcement compared to reinforced zone for geofibers.
embankment
slopes on the northeast
and northwest
quadrants of this intersection had experienced
repeated
slope failures over the years. The failure-surface geometry
typically consisted of a near-vertical scarp near the slope
crest, a central failure surface about 1.5 to 2 m deep parallel
to the slope, with an exit point about 1 to 1.5 m above the
toe. These failures were typically repaired by excavating the
failed areas and recompacting the same soil back into the
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slope without the use of soil additives or reinforcement. In
the fall of 1995 both the northeast and northwest slopes had
failed again. The northeast slope was repaired as previously
described,
without
reinforcement
or additives.
The
northwest slope was repaired with geofibers reinforcement.
The laboratory testing program, slope stability analyses, and
slope repair details are presented in subsequent sections.
2.2

Conceptual Model

A conceptual model was developed of the slope failure
mechanism for use in planning the laboratory testing
program and slope stability analyses. Embankment slopes of
clay soils, with height ranges of 6 to 10 m and slope ratios
in the range of 2.5H: 1V to 3H: 1V, often experience shallow
failures within a few years after construction.
The
compacted soils initially have relatively high shear strength
values throughout, and may have a significant level of
preconsolidation stress induced by the compaction process.
Slope stability analyses using the “as compacted” shear
strength properties do not predict the shallow failures. From
these analyses, it is apparent that the initial as-compacted
shear strengths deteriorate with time in the shallow zone.
The strength loss is caused by a number of factors such as
desiccation, shrink-swell, water infiltration, and down-hill
creep. The principal author has investigated a large number
of shallow slope failures in clay soils. The loss of shear
strength is not uniform throughout the shallow zone. Three
distinct soil zones are usually present, consisting of a weak
zone along the failure surface, a weathered zone above the
failure surface, and the relatively undisturbed zone below
the failure surface. The actual failure surface may be less
than 10 mm thick in many cases. The material in the thin
failure zone is usually of a soft, paste-like consistency, with
a high moisture content. This zone has obviously lost the
preconsolidation
stress induced during the compaction
process, and has degraded to a normally-consolidated
condition at the shallow overburden
pressure.
Consequently, under effective-stress conditions, the soil in the
failure zone will have c’ = O. The principal author has found
similar thin, paste-like weak zones paralleling the surface at
depths of about 1.5 to 2 m in adjacent embankments which
had not experienced slope failures, but which later failed.
Accordingly,
it is believed that the weak normallyconsolidated zone is created prior to actual failure by the
weathering processes previously discussed, and by stress
concentrations at the base of the weathered zone due to
down-hill creep. The weathered soil in the zone above the
failure surface generally contains many desiccation cracks
and secondary weathering features, and the soil mass in this
zone has a substantially lower shear strength than when
initially compacted. However, this zone may still retain
some long-term cohesion, and will exhibit a higher mass
shear strength than the failure zone. The embankment soil
below the failure surface in the deeper zone may remain
relatively undisturbed and retain most or all of its initial
shear strength. The laboratory testing program and slope
stability analyses were performed in a manner consistent
with the three distinct soil zones.
3

LABORATORY

TESTING

3.1

Sample Preparation

PROGRAM

and Testing

The laboratory testing program included non-reinforced
(control) and fiber-reinforced
soil specimens. The direct
shear tests were performed as consolidated-drained
(CD)
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tests, and included nominal 100-rnrn and 300-mm square
specimens, and the ICU triaxial tests were performed on
nominal 70 mm-diameter by 150 mm-length specimens. The
direct shear tests included specimens prepared by standard
compaction methods (95 percent ASTM D 698), and slurry processed normally-consolidated
(SPNC) specimens. All
triaxial tests for this study were performed on specimens
prepared by standard compaction methods. A consolidation
test was also performed on a compacted specimen of the
Beaumont clay, to determine the preconsolidation
stress
induced by the compaction process. The preconsolidation
value was used in interpreting the direct shear test results.
The SPNC specimens were prepared by blending the soil
in a mixer with sufficient water to form a thick slurry. The
slurry was then partially consolidated in a 150-rnm diameter
CBR apparatus under approximately
70 percent of the
normal stress to be used in the direct shear device.
Following a consolidation period of about 24 hours, the
sample reached a thick paste-like consistency, at which time
it was removed from the CBR apparatus and trirnrned into a
100-rnm square shear box for testing. The remainder of the
consolidation
stage was completed
in the direct shear
machine, with the final consolidation stress equal to the
normal stress to be used during the shear test. The normal
stress range was selected to represent conditions along the
actual failure surface in the slope. This procedure assured
that the specimen would be normally consolidated during
the test, to model the condltlon along the actual failure
surface. Standard-compaction
specimens were prepared
using a controlled weight-volume relationship and static
compaction techniques. The reinforced specimens were
prepared by mixing the fibers and soil in a heavy-dluty 19liter mixer. Detailed descriptions of the sample preparation
methods are available in a design guide for fiber-reinforced
slopes (Gregory 1996).
3.2

Test Results

A total of 86 direct shear specimens and 32 triaxiid shear
specimens of clay soils were tested for this study. Twenty one of the direct shear specimens were tested in the 300 mm
square shear device, and the remainder were tested in the
100 mm square shear device. Twenty of the direct shear
specimens and 12 of the triaxial shear specimens were
performed for the Beaumont slope project. The remainder
of the tests were performed for other slope projects or for
research purposes.
Direct shear test results performed on 12 specimens of the
Beaumont clay are presented on shear stress-normal stress
plots in Figure 2. These tests were performed in a 100 mm
square by 30 mm deep shear box. The geofibers were 25
mm in length for the reinforced specimens. The strain rate
was 0.0076 mm/minute for all direct shear tests.
Figure 2 contains results for 8 specimens prepared with
standard compaction methods. Figure 2 (a) was plotted
using a bilinear fit. The first three points on each envelope
have normal stress values below the preconsolidation stress
induced by compaction (PC. ), and the fourth point is above
the PC. value. Clay sods during shearing, with normal
stresses below the preconsolidation
stress, may exhibit
significant effective cohesion (c’), while those with normal
stress values above the preconsolldation value exhibit c’ = O
(Gregory and Deane, 1996). Accordingly,
the strength
envelopes in Figure 2(a) were fit with a bilinear line to
obtain shear strength parameters in both the preconsolidated
and normally consolidated (NC) ranges of normal stress.
The test results show an increase of approximately 35
percent in c’ for the reinforced specimens compared to the
non-reinforced.

Four mechanisms are believed to be involved in the
increased shear strength of fiber-reinforced
soil. These
mechanisms are : (1) friction between individual fibers and
the surrounding soil, (2) adhesion between individual fibers
and the surrounding soil, in soils exhibiting significant
cohesion properties, (3) micro-bearing capacity of the soil
mobilized
during pull-out resistance
of looped fibers
crossing the shear plane, and (4) increased localized normal
stress in the soil across the shear surface resulting from the
pull-out resistance of the fibers during shearing of the soil.
The individual
interaction
and contribution
of these
mechanisms to the apparent increase in shear strength is
complex and difficult to determine accurately. However, the
combined effects, including any synergistic ell’ects, is
relatively easy to determine by conducting shear strength
tests on both non-reinforced and reinforced specimens, as
was performed for this study.
A summary of average direct shear and triaxial shear test
results ti-om all specimens tested during this study is
presented in Table 1.

Increases in $’ were 15 and 27 percent, respectively, for the
preconsolidated and NC ranges of normal stress.
Figure 2(b) contains results performed on 6 specimens
prepared by SPNC methods. The results in this figure were
plotted with a linear fit since all specimens were normally
consolidated
during the tests. These results show an
increase in $’ of 33 percent for the reinforced specimens
compared to the non-reinforced. Triaxial shear test results
performed on 6 specimens of the Beaumont clay are
presented in Figure 3. These specimens were prepared using
standard compaction methods, and were performed as ICU
tests, with pore-pressure measurements.
A strain rate of
0.015 mntiminute was used for these tests.
Figure :3(a) contains the results of three non-reinforced
specimens plotted on a mohr-coulomb shear stress-normal
stress diagram. Figure 3(b) contains the results of three
specimens reinforced with 0.25 percent, 25 mm-long fibers.
The test results on the specimens reinforced with 25 mrnlong fibers in Figure 3(b) show an increase in $’ of 16.5
percent, and an increase in c’ of 8.5 percent, when
compared to the control test results.
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Table 1. Summary of Direct Shear and Triaxial Shear Test
Results (Average ;alues, including 0.2 and 0.25 % fibers)
Test Description
Number of
Specimens
(D!;.)
(k~a)
Direct Shear – 100mm
Non-Reinforced
25
32.6
6.6
Direct Shear – 10Omm
Reinforced – 25mm Fibers
40
38.0
10.0
Direct Shear – 300mm
Non-Reinforced
6
27.7
3.1
Direct Shear – 300mm
Reinforced – 25mm Fibers
9
27.3
6.7
Direct Shear – 300mm
Reinforced – 50mm Fibers
6
22.8
9.5
Triaxial Shear
Non-Reinforced
9
22.0
14.8
Triaxial Shear
Reinforced – 25mm Fibers
16
24.4
15.9
Triaxial Shear
Reinforced – 50mm Fibers
7
30.8
15.4
It should be understood that the results in Table 1 are
average values, based upon a range of fat clay (CH) and
lean clay (CL) soils tested for this study. The averages for
the direct shear tests in the 100mm device show increases of
approximately 17 percent and 52 percent in +’ and c’,
respectively, for the reinforced specimens. The averages for
the direct shear tests in the 300mm device show essentially
the same $’ values, and an increase in c’ values of 116
percent for the specimens reinforced with 25mm fibers. The
average results from the 300mm direct shear device also
show a decrease of21 percent in $’ values and an increase
of 206 percent in c’ values for the specimens reinforced
with 50mm fibers. The triaxial shear test average results
show an increase in $’ values of 11 percent and an increase
in c’ values of 7 percent for the specimens reinforced with
25mm fibers. The average triaxial results with the 50mm
fibers show an increase of 40 percent in +’ values, and an
increase of 4 percent in c’ values. In all cases where one
shear strength parameter increased only a small amount or
decreased slightly, the other parameter increased by a
relatively large amount. Averaging the results in Table 1 for
all clay types tested resulted in considerably more scatter
than was observed for each individual soil type tested.
4

SLOPE STABILITY

4.1

Slc]pe Geometry

ANALYSES

The geometry of the existing slope, slide geometry, and
subsurface stratigraphy were obtained from observations
and measurements in the field, and from existing data and a
new soil boring provided by the Texas Department of
Transportation (TxDOT).
4.2

Soil Parameters

The soil parameters were obtained from the laboratory test
results, adjusted in accordance with local practice. The unit
weight values for the in situ soils were obtained from thinwall tube samples taken from the boring. The unit weight
values of the compacted soils were taken as 95 percent of
maximum density as determined by ASTM D 698. Soil
shear-strength parameters selected for the analyses are
presented in Table 2. The labels and soil type numbers
match those on the graphical output sheets from the
1076-1998

Sixth International

Conference

on Geosynthetics

computer analyses, presented in subsequent sections. The
unit weight values are not included in Table 2, in order to
conserve space. Unit weight values of 18.9 and 20.9 KN/m3
were used for moist and saturated unit weights, respectively.
4.3

Analysis Methodology

Slope stability analyses of the Beaumont slope were
performed using the computer program GSTAE]L7, an
enhanced version of PCSTABL6 (Humphrey and Holtz,
1986), modified by the principal
author. The limit
equilibrium method, using a sliding-block search routine
and the Modified Janbu method (Janbu 1954, 1973), was
used in the analyses.
Table 2, Soil Parameters Selected for the Stability Analyses
Analysis of Initial Failure (Non-Reinforced)
Label
Soil type
No.
(k;;)
(De~~ees)
Surface-CH clay
1
9.3
24
Shoulder-CH c~ay
2
9.3
Weak-CH clay
(failure surface)
3
0.0
32
Fill-CH clay
4
11.1
24
Base-CH clav
5
11.1
24
Deep-CH cl~y
6
11.1
24
Analysis of Repaired Slope (’Fiber-Reinforced)
Surface-CH clay
1
10.2
24
Shoulder-CH clay
2
10.2
24
Weak-CH clav
(failure surf;ce)
3
0.0
42
Fill-CH clay
4
11.1
24
Base-CH clay
5
11.1
24
Deep-CH clay
6
11.1
24
The shear strength of the failure surface zone (W’eak-CH
clay) was obtained from the direct shear test results on the
SPNC specimens. The shear strength of the undisturbed
embankment fill (Fill-CH clay) below the failure surface
and in the protected shoulder of the roadway was obtained
from the direct shear test results on the specimens prepared
with standard compaction methods. In accordance with
local practice and experience with similar soils, the ()’ and C’
values obtained in the tests were reduced by appro>cimate]y
12 percent for use in the analyses, to account for
uncertainties in stratigraphic distribution and construction
quality control.
The shear strength of the surficial soil in the weathered
zone (Surface-CH clay) above the failure surface cannot be
obtained readily with laboratory tests. Samples taken from
this zone will not be representative of the desiccation cracks
and secondary weathering features throughout the sclil mass.
However, the apparent shear strength of the weathered zone
may be obtained by computer analyses, using the known
data.
The shear strength values of the failure-surface
and
undisturbed-fill
zones are known from laboratory test
results. The geometry of the failure surface is known from
observations
and measurements
in the field, following
failure. It is also known that the stability factor of safety
(resisting forces and moments divided by the driving forces
and moments) for the slope at the time of failure was one or
slightly below one. Therefore, stability analyses of the
failed slope can be performed with the known shear
strengths of the failure-surface and undisturbed fill zones,
and an initial estimate of the mass shear strength parameters
in the weathered zone. An iterative
analysis can then
be performed
by changing the estimated shear strength
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Figure 4. Graphical Computer output for the fiber-reinforced
parameters in each successive run until the calculated factor
of safety converges to one or slightly below one. The
changes in strength parameters can generally be applied
uniformly to both $’ and c’. It has been found from
experience that a good initial estimate of the shear strength
parameters for the weathered zone is approximately
50
percent of those of the undisturbed fill zone.
The mass shear strength of the fiber-reinforced weathered
zone may be determined as follows. Assume that the ratio of
the shear strength of the reinforced weathered zone to the
shear strength of the fiber-reinforced laboratory specimens,
is the same as the ratio of the shear strength of the nonreinforced weathered zone to the shear strength of the nonreinforced laboratory specimens. The shear strength of the
non-reinforced
weathered zone to be used in the ratio
comparisons
is the value determined
in the iterative
analyses discussed previously. This approach provides
rational values of shear strength parameters m all sod zones,
for both the initial failure condition and fiber-reinforced
slope condition.
The stability analyses were performed using the slidingblock search routine by forcing the trial fadure surfaces to
pass thrcugh the failure zone parallel to the slope, while
allowing the trial surfaces to exit near the upper and lower
ends of the slope in a more random manner. The weathered
zone was assigned anisotropic properties in the analyses,
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slope analysis.
with zero shear strength within zones plus or minus 10
degrees ffom vertical, to model tension cracks. The failuresurface zone was modeled as 150 mm thick for convenience
in the analyses, although it is much thinner in the actual
slope. For each analysis run, 110 trial failure surfaces were
evaluated. The results of the slope stability analysis for the
fiber-reinforced
slope are presented
in Figure 4 for
illustration purposes. The initial failure analysis is not
shown to conserve space. The 10 most critical (with respect
to calculated factor of safety) trial failure surfaces are
plotted in the figure. The most critical trial failure surface is
shown with the heavy line. The failure surfaces are labeled
with lower case letters, in ascending order of calculated
factor of safety. The soil types are numbered below each
boundary. The highway traffic loading at the top of the
slope was included as a uniformly distributed load with an
intensity of 9.6 kPa, and is shown on the figure by the
designation L]. The ground-water surface detected in the
boring is shown near the toe elevation with the designation
W1. The ground-water surface and soil zones below the
failure-surface zone were not used in the shallow failure
analyses, but were used in a deep-seated global analysis
performed for this slope, but not included in this study.
The slope stability analyses show an increase in calculated
factor of safety ffom 1.007 firnminent failure) for the initial
failure to 1.508 for the repawed, fiber-reinforced slope. This
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is an increase in calculated factor of safety of approximately 50 percent due to the geofiber reclusion.
5

CONSTRUCTION

5.1

Construction

AND PERFORMANCE

The slope was repaired in late November of 1995 in general
accordance with the assumptions made in the analyses. The
area was prepared
by excavating
the failed area
approximately 0.6 m below the primary failure surface. The
excavated soil was spread in approximately 200 mm-thick
loose lifts prior to compaction. Geofibers were spread at the
calculated dosage rate of 0.25 percent by dry weight of soil,
and each lift was processed and the 25 mm-length fibers
mixed into the soil with a minimum of three passes of a
roto-till pulverizing mixer of the type commonly used in
Iime-subgrade stabilization. Each lift was compacted to
approximately 95 percent of maximum dry density at a
moisture in the general range of optimum to 5 percentage
points wet of optimum in accordance with ASTM D 698.
The till was placed in essentially horizontal lifts.

in shear–strength parameters using fiber reinforcement have
been reported by other researchers (Maher and Ho 1994,
Alwahab and A1-Ouma 1995, Nataraj and McManis 1997).
Additional research and development of analysis methods
for the reinforcement mechanisms and influence of fiber
properties are needed. Ranjan, et al (1996) performed a
study of these influences and proposed a model for analysis
of fiber-reinforced cohesionless soils.
Based upon the results of this study, observation of actual
installations
of fiber-reinforced
slopes, and research
performed by others, the geofibers are a viable and cost
effective method for slope repair using micro-reinforcement
where macro-reinforcement
elements may not be practical
due to space limitations for the anchorage zone. The
geofibers can provide solutions to an entire class of slope
problems
which were not previously
practical
with
geosynthetics.
Additional research is desirable using a broader range of
fiber lengths and soil types. Standardization of laboratory
testing and analysis methods is needed. Additional case
histories are needed, and are expected to occur at an
accelerated rate due to the increased use of geofibers.
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ABSTRACT: Geosynthetic-reinforced
soils exhibit a significant increase in strength compared with unreinforced soils. In this
study, triaxial test results for a sand reinforced with horizontal geotextile inclusions and subjected to both monotonic and cyclic
loading are presented. The influence of the inclusions on the stress-strain and volumetric behavior is investigated. It is shown
that a large increase in deviator strength is attained when reinforcement is used. An increase in ductility is also observed, and
is essentially due to the blocking of development and propagation of the shear band within the specimen. When subjected to
cyclic loading, the reinforced sand accumulates less axial deformation than the unreinforced sand. Even though the
unreinforced soil is contractile, a reduction in potential for volume change is introduced by the geotextile reinforcement. It
is demonstrated that this reduction in volume change potential is mainly due to the increase in confinement.
KEYWORDS:
1.

Geotextiles,

Reinforcement,

Cyclic, Shear strength, Deformation.

INTRODUCTION

Over the past few decades, a large number of geosyntheticreinforced earth structures, such as retaining walls, have been
constructed worldwide.
In order to better understand the
reinforcement mechanisms acting in large-scale reinforced
soil structures, it is necessary to first evaluate such
mechanisms at the small-scale in a controlled laboratory
environment. So far, three reinforcement mechanisms have
been identified in the literature, namely passive or pullout
anchorage, membrane action, and confinement enhancement
(Ashmawy and Bourdeau 1995). Confinement enhancement
has been attributed to the mobilization of shear stresses along
the soil -geosynthetic interface, thereby reducing the lateral
spread of the soil, as illustrated in Figure 1.
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(a)
Figure
1, Confinement
enhancement
mechanism
(a)
interface shear stresses ; (b) equivalent confiiing pressure.

Most of the earlier experimental studies have focused on
assessing the confinement enhancement mechanism under
monotonic loading conditions.
For example,
Miller (1983) investigated the confinement enhancement
mechanism with the aid of radiographic analysis on clay
specimens reinforced with plastic porous discs.
The
influence of the permeability of the reinforcement
was
examined in a study by Fabian and Fourie (1986) who tested
high and low permeability inclusions.
Ling and Tatsuoka
(1994) conducted plane strain tests on a silty clay reinforced
with three types of geosynthetics, to simulate the response of
retaining walls.
Analytical models were proposed by Ingold and Miller
(1983) and Chandrasekaran
et al. (1989) to estimate the
increase in monotonic
strength of axisymmetric
soil
specimens reinforced with horizontal discs. In the latter
model, the increase in strength is essentially expressed as a
function of reinforcement spacing and specimen diameter. In
both models, assumptions need to be made concerning the
amount of shear stress mobilization along the reinforcementsoil interface,
One of the few studies dealing with the influence of
confinement enhancement on the cyclic response of sand was
conducted by Madani at al. (1979).
The reinforcement
material consisted of horizontal discs of aluminum foil,
equally spaced along the triaxial specimen. It was concluded
that the cyclic response of the reinforced sand essentially
depends on the reinforcement spacing. In the present study,
drained monotonic and cyclic triaxial tests are performed on
sand reinforced
with horizontal
discs of woven and
nonwoven geotextiles. The main purpose of the study is to

Ingokl
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compare the performance of the specimens under monotonic
and
cyclic
loading
conditions,
and
to evaluate,
experimentally, the contribution of confinement enhancement
to the monotonic strength and to the deformability of the
reinforced sand under cyclic loading.
2.

TESTING PROGRAM

The tests were performed on a commercially available
“Concrete Sand” reinforced with horizontal discs of woven
and nonwoven geotextiles, The properties of the sand and the
geotextiles are listed in Table 1 and 2, respectively.

Table 1, Properties of Concrete Sand.
Maximum unit weight

18.8 kN/m3

Minimum unit weight

15.5 kN/m3

Coefficient of uniformity

3.6

Coefficient of curvature

1.5

Specific gravity

2.65

applications, such as small retaining walls and embankments.
For the cyclic tests, a deviator cyclic stress :amplitude
corresponding
to 80’% of the monotonic strength of the
unreinforced soil was selected.
Axial load and volume
change were measured during the displacement-controlled
monotonic tests, while axial deformation was recorded as a
function of number of cycles during the load-controlled
cyclic tests.

Table 3. Outline of the testing program.
Test

Loading mode

Geotextile

U-UR

Monotonic undrained

None (unreinforced)

M-UR

Monotonic

drained

None (unreinforced)

M-NW

Monotonic

drained

Nonwoven

C-UR

Cyclic drained

None (unreinforced)

C-NW

Cyclic drained

Nonwoven

C-WV

Cvclic drained

Woven

3.

EXPERIMENTAL

RESULTS

Table 2. Properties of geotextiles.
Classification

Woven

Nonwoven

Product name

Stabilenka 200

Typar 3801

Mass/unit area’

450 g/m2

261 g/m2

Tensile strengthb

220 kN/m

20 kN/m

2000 kN/m

120 kN/m

Stiffness at 10?40strainb
‘ ASTM1)3776
bASTM D 4595

The 7”1mm diameter sand specimens were moist-tamped at
six layers, each 28.3 mm high. A target dry unit weight of
16.5 kN/m3 was selected, corresponding to a relative density
of 350A. In general, sands do not exhibit contractile behavior
in axial compression except at very loose states or at high
confining pressures. Consequently, dilation was observed for
the unreinforced sand specimens tested under both undrained
and drained conditions.
Based on drained and undrained
monotonic tests on the unreinforced sand, the effective angle
of internal friction, @’ was found to be 370, within the
effective confining stress range of O to 400 kPa.
The reinforcement was placed between the moist-tamped
layers. In total, five horizontal discs of geotextile were
equally spaced at 28.3 mm along each specimen. In addition,
geotextile discs were placed at both specimen ends. The
specimens were then saturated by flowing de-aired water and
back-pressuring.
The testing program is outlined in Table 3. All tests were
performed at a confining pressure of 50 kPa. It is believed
that such low stress levels are typical in reinforced soil
1080- ‘1998 Sixth International
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The monotonic test results indicate, as expected, a significant
increase
in terms of strength
when the ;geotextile
reinforcement is used, As shown in Figure 2a, the failure
strength of the reinforced sand under drained conditions is
approximately
four times greater than that of the
unreinforced. Although the initial stiflhess is almost the same
for both cases, the reinforced specimen exhibited less brittle
behavior and reached its maximum strength at a much higher
strain level. From the volume change versus axial strain plot
in Figure 2b, it is concluded that the presence of geotextile
reinforcement also reduces the potential of volume change.
Unreinforced undrained and drained, and reinforced drained
stress paths are plotted in Figure 3, where p= %(u I+03),
p’=!4(o’l+u’J), and q= fi(ul -uJ). In the unreinforced undrained
case, the stress path is distinctly traveling along the failure
envelope beyond a mean effective stress of approximately
100 kPa.
The strength increase introduced due to the
presence of the reinforcement
can be interpreted as an
increase in the effective angle of internal friction ($’). The
apparent effective friction angle of the reinforced sail is 620.
An apparent increase in @ of 25°was therefore introduced by
the nonwoven geotextile reinforcement.
Plots of cumulative axial and volumetric strain versus
number of cycles are presented in figure 4. It is interesting to
note the cyclic volume change response. Although the sand
was dilative during monotonic loading, its cyclic behavior is
purely contractile.
This is attributed to the fact that, unlike
monotonic loading, cyclic loading allows for a gradual
rearrangement
of particle
packing,
thereby
causing
continuous changes in soil structure as a fhnction of loading

1,000 ,--—

geotextile provided better reinforcement than the nonwoven.
Although no tests were performed to characterize the
sand-geotextile
interface properties, it is believed that,
because of its geometry, the woven geotextile pore size
matches better the soil particle size.

----–—
--~
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Figure 2. (a) Stress-strain and (b) volumetric
Unreinfcjrced and reinforced concrete sand.

response of

cycles. From a conceptual standpoint, if the amplitude of
cyclic lc}ading is not large enough to cause dilation during a
given loading cycle, the volume will either remain
unchanged, or more likely will slightly increase.
As shown in Figure 4, the use of geotextile reinforcement
caused the rate and magnitude of cumulative axial strains to
decrease. Also the tendency of the material to change its
volume is smaller. This decease in volume change tendency
or potential is attributed to the enhanced lateral confinement
provided by the geotextile reinforcement.
The woven

DISCUSSION

As mentioned earlier, the presence of the reinforcement
during monotonic loading causes the sand to have a lower
tendency for volume change under both drained and
undrained conditions. In Figure 1, the mobilized frictional
stresses along the interface act toward reducing the lateral or
radial spreading of the material.
In the cyclic case, however, the sand is contractile rather
than dilative, which may lead one to believe that The use of
the reinforcement would be ineffective.
It is difficult to
understand the role of the reinforcement in this case without
looking at the change in average area rather than volume,
versus number of cycles.
The plot shown in Figure 5
demonstrates that although the volume of all the specimens
decreases with increasing number of cycles, the area does not.
For the unreinforced
case, the area of the specimen
continuously increases, albeit at a decreasing rate, even at a
high number of cycles. This outward radial spreading of the
material, accompanied by the reduction in volume due to
cyclic loading, causes a rapid increase in cumulative axial

Unreinforced

Reinforced (woven)
500

1

400

&

100

n

“o

100

200

300

400

Stress paths and failure
and reinforced specimens.

envelopes

Reinforced (nonwoven)
Unreinforced

6

500

:-6;

p’ (kPa)
Figure
3,
unreinforced

Reinforced (woven)

for

20,000
10,000
Number of cycles

30,000

Figure 4. Variation in axial and volumetric
function of number of cycles.
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When geotextile reinforcement is used, the confinement
enhancement causes a reduction in this radial spreading.
After a very small initial increase in area during the fust few
cycles, the area of the specimen barely changes. Although a
slight decrease of approximately
10 mm3 was measured
beyond a certain point for the nonwoven-reinforced
specimens, this does not seem to be logically possible and is
essentially due to the low resolution of the volume change
measurement system. A significant difference in change in
area is, however, evident when the response of the reinforced
specimens is compared with that of the unreinforced
specimen. The additional enhanced confinement, physically
reflected in the smaller change in area, causes an increase in
the average effective confining stress within the soil,
therefore reducing its tendency for volume change.
5.
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CONCLUSIONS

Monotonic and cyclic drained triaxial tests were performed
on unreinforced
and reinforced sand specimens.
The
reinforcement consisted of geotextile discs, both woven and
nonwoven, placed horizontally at equal spacing along the
The experimental results indicate that the
specimens.
presence of the reinforcement
resulted in a significant
increase in monotonic shear strength of the soil and a
reducticm in its cyclic deformability. The volume change
potential decreased in both the monotonic and cyclic cases
when reinforcement was used, regardless of the tendency for
contraction or dilation of the unreinforced soil. Under both
monotonic and cyclic loading, the reduction in volume
change was attributed to the equivalent confinement
enhancement introduced by the geotextile reinforcement.
The confinement enhancement mechanism was verified
experimentally
by monitoring
the change in average
specimen area during loading.
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Numerical Simulation of Dynamic Behavior of Soil with Reinforcement
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ABSTRACT: Dynamic tests on soils with reinforcement are generally time consuming and expensive. Numerical simulation
is another approach to improve the understanding of the dynamic behavior of reinforced soils. The numerical simulation of
dynamic triaxial tests presented in this paper considers the reinforced soil a homogeneous material with transversely isotropic
property. The reinforcement is polyethylene sheets, representing the stiff reinforcement. For the purpose of comparison,
laboratory tests are performed as well. As the results show, there is agreement between the simulation and the testing results.
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1

Reinforced soil, Numerical simulation, Dynamic triaxial test.

INTRODUCTION

The property tests of reinforced soils are generally diffkult
to perform, because of difficulty preparing reinforced
specimen and estimating representative
specimen size.
Moreover, due to lack of instruments and devices and the
high operational skill needed, performing dynamic triaxial
tests is not common. However, numerical simulation is
another approach that may be used to improve our
understanding of the dynamic behavior of reinforced soils.
In this paper the numerical simulation is studied. Firstly, the
reinforced soil is considered as a homogeneous composite
with nonlinear (or piece-wise linear) anisotropic elasticity
constitutive properties. The cyclic loading and boundary
conditions are similar to those of real tests. Numerical
methods are used to evaluate the performance of this
equivalent composite. For comparison, a series of dynamic
triaxial tests are performed as well.

2

LITERATURE

the complex behavior of reinforced soils. Lesniewska (1996)
pointed out that, to use this method the structure should be
at least in accordance with mechanically homogeneity.
In homogeneous methods, the reinforced soil can be
simulated as an anisotropic
homogeneous medium by
distributing the strength or the stifiess of reinforcements
upon that of the soil element from a weighted viewpoint
(Romstad et al. 1976; Sawicki 1983; De Buhan et al. 1989;
Wu 1989; White and Holtz 1992). Among the a.nisotropic
models, orthotropic and transversely isotropic models are
most commonly used. In an equivalent homogeneous method,
Harrison and Gerrad (1972) considered the soil reinforced
by non-extensible
strips as an equivalent homogeneous
material in elastic condition. The stress-strain relation of
reinforced soil is assumed cross-anisotropic
elastic, and
elastic constants were derived. However, the nonlinear
property of reinforced soils was not considered.

3

NUMERICAL

MODELING

3.1

Constitutive Relation

REVIEW

In numerically simulation of reinforced soils, two methods
generally used, i.e., the separated method and the equivalent
The
former
represents
each
homogeneous
method.
component of reinforced soil, soil and reinforcement, are
represented by different mathematical elements. The latter
considers, from a macroscopic view, reinforced soil as a
homogeneous medium. The advantage of the separated
method
is that the interaction
between
soil and
forces
of
reinforcements
as well as the internal
reinforcements can be found. However, it requires more
complex. parameters in numerical simulation, such as the
material properties
of both soil and reinforcements.
Additiorlally, the interaction
model between soil and
reinforcements is needed and plays a very important role,
yet an acceptable model has not been developed.
The homogenized
approach employs the composite
concept with anisotropic mechanical theory to characterize

There are several considerations important in simulation.
The composite
concept is used to homogenize
the
reinforced soils into an equivalent homogeneous medium
with the transversely
isotropic model to characterize
reinforced soil. Since the stress-strain relation of soil is
nonlinear, the soil behavior is simulated by a hyperbolic
model. A plane strain condition is considered as well,
because of considering real structures situation.
The scheme of soil and the reinforcement as well as the
equivalent homogeneous element are shown in IFigure 1.
Both the soil and the reinforcement are assumed isotropic.
In short, the constitutive
model is derived and
formulated as follows, according to the force equilibrium,
strain compatibility, and anisotropy elasticity.
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equivalent composite.
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where
E~: tangent modulus of the composite in horizontal direction
E,: tangent modulus of the composite in vertical direction
VM: Poisson’s ratio of the composite that characterizes the
transverse strain in horizontal direction due to the
hcmizontal stress.
vh, : Poisson’s ratio of the composite that characterizes the
transverse strain in horizontal direction due to the
vertical stress.
Gv~ shear modulus of the composite in vertical direction
E,: tangent modulus of the reinforcement
v,: Poisson’s ratio of the reinforcement
q,: volumetric ratio of the reinforcement
E,: tangent modulus of the soil
V,: poisson’s ratio of the soil
q,: volumetric ratio of the soil
E,i: initial tangent modulus of the soil
K,: soil constant
ns: soil constant
cr~: mean stress
E : strain
Pa: atmospheric pressure
3.2

Analysis Procedure

The FLAC computer program (1993) was used in the
numerical analysis. The analytical procedure is shown in
Figure 2. The constitutive law of the above formulae is
introduced into numerical model by the FISH function of
FLAC. Basically, FLAC code solves the fimdamental
governing equations of a continuum by an explicit finite
difference method, thus the stress-deformation relation of a
continuum is found. The step starts from the input of soil
and reinforcement
properties.
The input of material
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start
*
Input material properties
(details in Table 1)
‘J
Setup numerical grids and geometry

I

&
Apply model boundary conditions
J
Calculate composite properties and
define each grid element properties
Calculate the parameters of stifiess
matrix
I

.... ... . ...
The
:
following ~
steps are :
executed
mtomaticall y
by program

.

.

.

.

displacement of the element by timte
~

Figure 2. Numerical simulation procedure,
properties and parameters shown in Table 1 are adopted
~orn soil and reinforcement testing, according to ATSM
standard, individually. In addition, Table 2 lists the initial
tangent moduli of the soil tested for hyperbcjlic model
(Duncan
and Chang
1970). The reinforcement
is
polyethylene sheet and is considered to be linear elastic in
small strain conditions. The next step is generating the
numerical
grid and the boundary
conditions.
After
completing this step, the remaining operations will be
executed by the program until the result is found.
3.3 Dynamic
Model
For qualitative

Triaxial

Test

comparison

and Numerical

and simplicity,

:Nrnulation

a series

of

Table 1. Input parameters.
Property (unit)
Poisson’s ratio v,
Volumetric ratio q,
Young’s modulus (MPa)
Poisson’s ratio v,
Volumetric ratio q,
Material constant K,
Material constant ns
Yield stress (kPa)*

rollers

Reinforcement

Soil

0.32
0.03
2171
0,3
0.97
858.62

1.95
(U1 - cr3)f
*Yield stress is calculated fi-om the Mohr-Coulomb model.
hing

Table 2. The initial tangent modulus of soil.
Initial tangent
Confining pressure
(MPa)
(kPa)
189.69
50
260.02
75
303.66
100

modulus

Figure 3. Numerical
specimen.

grid and boundary
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Figure 4, Axial strain versus elapsed
confining pressure.

time under 50 kPa

commonly used dynamic triaxial tests on reinforced soils
are performed. This is because plane strain tests are rarely
available
in practice.
The dynamic
triaxial
testing
equipment is designed by Chan and Mulilis (U.C. Berkeley),
and a cyclic loading and stress controlling device was used.
The test methods are briefly mentioned below.
The soil is C 109 Ottawa Sand, which consists primarily
of rounded quartz particles. It is prepared with a relative
density of 73’Yo.The specimen is 71.2 mm in diameter, 171
mm in height. Three, equally spaced, horizontal layers of
polyethylene
sheet reinforcement
were placed in the
specimen. The polyethylene sheet is 68 mm in diameter and
0.2 mm thick. The Young’s modulus and the tensile strength
are 2171 MPa and 7.78 kN/m respectively, according to
ASTM D4595-86 testing specification.
Two different
confining pressures 50 kPa and 75 kPa are applied.
In accordance with the test situation, the numerical model

-0.01

0.00

0.01

axial strain

elapse time (sec.)

CI.02

(?40)

Figure 5. Deviator stress versus axial strain under 50 kpa
confining pressure.
of the specimen is arranged as shown in Figure 3. Hinges
are set at the bottom and rollers are set at the top of the core,
respectively. The loading process used in the numerical
analysis is similar to the testing procedure.

4

RESULTS AND DISCUSSION

The comparison between testing and simulation results are
shown in Figures 4 to 7. Figures 4 and 5 are for confining
pressure equal to 50 kPa, and Figures 6 to 7 are for
confining pressure equal to 75 kPa. In the: figures, the
dashed lines and solid lines stand for the simulation and test
results, respectively.
Figure 4 shows that both the results appear a slightly
viscous
characteristic.
The axial strain of numeric
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simulation decayed with time, with each cycle of loading,
and the hysteresis loops enlarged, shown in Figure 5. In
contrast, the result from the testing maintained the same
loop size than the simulation result. This is because the
numerical model has introduced nonlinear properties of soil,
and the viscous characteristic
of reinforced
soil is
considered in this study. Thus, the simulation result shows
the hysteresis behavior. It is noticed that the testing curve
seems to be a little twist, this is because the curve is plotted
from the raw testing data without regression. Except for the
viscous influence, the amplitude and trajectory of axial
strain in Figure 4 and the slopes of stress and strain in
Figure 5 show good agreement.
In Figures 6 and 7, because the confining pressure
increases, both average slopes of solid and dashed lines are
larger than those in Figures 4 and 5. The hysteresis loops in
Figure 7 are also more condensed than those in Figure 5.
This means that the energy dissipation under higher
confining pressure is less than under lower confining
pressure for each cycle of applied load. The other evidence
of this, finding in Figure 6, is the trajectory of the solid lines
does not decay. The paths of both lines coincide but slightly
differ in the maximum amplitude. This difference is due to
testing device, non-uniformity in the cross sectional area of
the specimen, imperfect homogeneity of a specimen, and
not exactly plane strain condition of testing. However, the
result of the simulation is reasonable. From the figures
shown above, there is agreement between the simulation
and the testing results.

CONCLUSION

This study attempts to characterize reinforced soils under
cyclic loading by an equivalent homogeneous approach. The
reinforced soil is considered as a composite by employing
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the transversely isotropic properties and nonlinear stressstrain relations. Comparison of results fi-om dynamic triaxial
tests and numerical simulation show that there is agreement
between the two.
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ABSTRACT: Indian Railways have recorded manifold increase in traflic levels, speeds and axle loads in recent decades.
Since the track formation was initially constructed to cater for a very low level of traffic, speed and axle load the increase
in structural demand on old formations have lead to severe ftilures. The paper examines the factors governing stability of
subgrades, reviews the practicdmethodologies
of its design and strengthening.
It also gives details and findings of field
trials using low strengt~ low modulus geotextiles and geomeshes. Based on model studies. the potential of high strength,
high modulus hi-oriented geogrids is established which is under evaluation through field trials.
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INTRODUCTION

On Indian Railways, manifold increase in traffic level,
speed and axle loads have been recorded in the recent
decades.
Parameter

~
1950

1996

Projected
(2000)

out to be 70cm and above. This is difficult to implement in
field due to high volume of traffic and lack of track
possession.
This depth can be reduced by 30 to 40’XOif
granular material is reidorced
with one layer of high
strength high modulus hi-oriented geogrids. With reduced
depth the work can be executed under running traffic
conditions without needing track possession.
2

Tratlic level
100
(Gross Million Tonne)

400

Speed (Kmph)

140

Axle Load (tonne)

75
14

20.32

500

160
25

Most of this increase is on core routes known as golden
With
quadrilateral
of approx. length 11500 Kms.
liberalisation, Indian economy is growing at a targeted rate
of 6 to 7??o per year and railway traffic is expected to
increase by 8 to 9°/0. As majority of tmck subgrades were
initially constructed to cater for a very low level of traffic,
axle loads and speeds, the manifold increase in traffic
levels have placed a much greater level of structural
demand on the existing track support. This has resulted in
several subgrade failures.
As on March 97, 750 Km of
track is under permanent speed restriction due to weak
subgrade.
In addition, temporary speed restrictions are
imposed during monsoons for about 500 Km. This results
in slow down of trains, loss of carrying capacity and
greater maintenance inputs.
improvement
is
Conventional
method of subgrade
replacement of poor subgrade with granular material. In
most of the locations, the depth of replacement is worked

Reinforcement.

METHODOLOGY
DESIGN

OF TRACK SUB-STRUCTURE

Till recently, track snbgrade designs were largely based on
empirical
approaches.
Collaborated studies were carried
out to assess the state of stresses inside the subgmde and to
evolve a rational methodology for its design.
Its main
features are:
i) The graphs have been developed for induced stresses for
diilerent modular ratios (ratio of elastic modulus of
subgrade to elastic modulus of soil), depth of construction
and axle load. A graph for 25t axle load is placed as Fig. 1.
( Yudhbir et- al,1993)
ii) Undisturbed soil samples are collected from the site and
are tested on Dynamic Triaxial Apparatus simulating field
loading in laboratory to assess its threshold strength.
iii) The depth of subgrade construction is designed on the
principle that induced stresses on the soil should be less
than its threshold strength.
3

SUBGRADE STABILIZATION TRIALS USING
INNOVATIVE GEOTEXTILES.

Based
on
specifications

extensive
literature
studies,
tentative
for geotextiles to be used for stabilization of
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subgrade were formulated
(Table-l).
Trial laying of
geotextiles conforming to the above specifications were
undertaken
on a problematic
fine grained subgrade
needing excessive maintenance inputs on a double line
track
Geotextile was placed under a ballast cushion of
250mm, sandwiched between two nominal sand layers of
thickness 50mm each.
The post-treatment
observations
revealed that the upward migration of fines was checked by
geotextile, however, the fabric continued to deform and
eventually ruptured under outer rail seat (Fig.2). The study
revealed that light weight, low modulus non-woven
geotextiles
are only effective in controlling
upward
migration of fines but could not contribute in arresting the
shear failures.

XRl$F?I
50
46
42

40
60
80

38
34

100

wTIEm

140

‘L22.533.54
567
Modular mtiO ( m) ~

Figure 1. Induced Stresses at Subgrade( Yudhbir

et- al, 1993)

Field trials using low modulus geotextiles as well as
geomeshes
amply demonstrated
their limitations
in
preventing subgrade shear failures. The potential of high
strength high modulus biaiented
geogrids was thereafter
evaluated.
Table 1. Specifications

of Geotextile for Track Stabilizations

Parameters
1. Composition

2. Mode of
Manufacture
3. Denier
4. Thickness
(Under Surcharge
pressure of 2 KPa)
5. Weight
6. Tensile strength
(By cut strip test
200 x 5omm)
7. Elongation at break
(By cut strip test
200 x 5omm)
8. Pore size
9. Equivalent\
Opening Size
(EOS) O ~

Specifications
Polypropylene/Polyester.
(Polyester to be used only in
non-alkaline environment.
Coloured fabric be preferred
being more resistant to ultra
Violet).
Non-woven, Needle punched
4 to 10.
3.00 mm and above.

400 gm/m2
Min. 60 Kg.

J()~o

to 100?4o

Max. 120 micron.
40 to 75 micron.

Heaved

laying

=

after
laying ruptured

Figure 3. Subgrade Stabilisation
4

Figure 2. Subgrade Stabilization

Trial using Geotextiles.

It was then decided to use available varieties of low
strength, low modulus unoriented unstretched geomeshes
(Netlon - India Grade CE 121, CE 131) in the similar
fashion on problematic subgrades failing in shear on a
single line track. Similar to geotextiles, this geomesh also
continued to deform under passage of traffic and eventually
ruptured near the rail seats (Fig.3).
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trial using Geomesh.

MODEL STUDIES

Model studies were carried out in the laborato~y using a
large size metal box 300 mm x 300 mm x 200 mm. The
mould was filled with non-cohesive sub-ballast material
conforming
to Indian
Railways
specifications
and
compacted to desired density (90V0 of MDD). The test
conditions included the following:
Sub-ballast material only (unreinforced),
i)
Sub-ballast with one layer of biaxially oriented
ii)
geogrid (Tenax LBO 301) placed at the mid-height.

*
In all cases, settlement increased with increasing
load.
Settlement
was maximum
for unreinforced
conditions.
*
Runaway deformations were noted at a vertical load
of 3 tonnes in case of unreinforced sub-ballast and at 4
tonnes in case of reinforced sub-ballast.
*
When compared with unreinforced conditions at a
vertical load of 3t. the percentage decrease in deformation
was 460/. in case of single layer reinforcement and 540/0 in
case of double layer reinforcement.
*
Under these test conditions, the modulus of elasticity
is worked out to be 63 Ml% for unreinforced condition and
111 MPa for single layer reinforced condition.
This data have been used for design of subgrade thickness
for a case study on Cuttack-Bhadrak Section.

iii)
Sub-ballast with two layers of biaxially oriented
gwgrid (Tenax LBO 301) placed at heights l/3rd and
2/3rd respectively.
The
relevant properties of biaxially oriented geogrid
TenaxL,BO301
are as follows :

19.5

TD
31.6

16.0

11.0

MD

.
●

●

.

Peak Tensile Strength
(KN/m)
Yield Point Elongation
(’%0)
Aperture Size (mm)
Unit Weight

30

40

(gm/m2)

350

The vertical load was applied through a square steel plate
125 mm x 125 mm size.
The ratio of mould dimension to fmting dimension was
5.76 and its influence on test results are considered
as
marginal only.
The observations
vertical load and
the four caners
characteristics for
Fig.4 which reveal

5

included
recording
of incremental
corraqmnding
vertical deformations at
of the box.
The load deformation
the three test conditions are shown in
the following:
Vertical Load

i.o

2.0

(t) —

I

3.0
With two layers of
Geogrid

\>”v’
“\,\

*\,

With one layer of
Geogrid

2.0

“\ /

~

CASE STUDY

Cuttack-Bhadrak
Section is a vital main line railway track
between Howrah-Madras and connects Paradeep Port with
Talcher-Shalimar.
Mimimum permissible speed of the
section is 105 Kmph.
A speed restriction of 30 and 50
Kmph is imposed on the stretch from Km 389/1 to 392/15
Dn line during rainy and dry seasons respectively due to
To strengthen
the weak formation,
weak subgrade.
detailed
field
investigations
including
testing
of
undisturbed and disturbed soil samples from site were
undertaken by RDSO. The undisturbed soil samples have
been tested in a Dynamic Triaxial Apparatus for confining
pressure of 20 KPa (equivalent to a depth of 90 cm) and
35 KPa
(equivalent to a depth of 180cm). With these
values, a graph has been plotted between depth of
construction and threshold strength of the soil. (Fig. 5)

Without Geognd

51
4.0

50
6.0

49
3.0

48

0.0

\

I1

\

Depth of construction (cm) -Figure 5. Threshold

strength Vs Depth of Construction.

Figure 4. Model Studies – Load Deformation
Curves with & without reitiorcements
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The depth of construction is worked out to be 75 cm (25
cm ballast + 50 cm !nbballast).
This depth is reduced to
55cm (25cm ballast and 30cm sub-ballast) by reinforcing
sub-ballast with one layer of hi-oriented geogrid. Sample
calculation is presented in Appendix-I.
With the use of geogrid reitiorcement,
the depth of subballast is reduced from 50cm to 30cm, resulting in a saving
of 40%. The most important feature of this design is that
while interposing a sub-ballast of 50cm thickness requires
track possessio~
no track possession is required for
interposing 30cm thick sub-ballast layer. Since this is a
core route, track possession
is difticult.
Therefore,
provision of reinforcement will help in executing the work
under running ts-atlic.
6

Appendix-I
Comtmtations
Eb
Esb
Es
db=
dsb
dt=

=
=
=
=

for depth of Sub-strux

Young’s Modulus of ballast
Young’s Modulus of subballast
Young’s Modulus of soil
Depth of ballast
Depth of subballast
Total depth of construction

Case-I - Without geogrid reinforcement:
db
dsb
dt

= 25cm
= 50cm
=db+dsb=75cm

Eb
Esb
Es

=130 MPa,
= 63 MPa (ffom model test)
= 40 MPa

CONCLUSION

Maintenance
of railway subgmde is important due to
manyfold increase in trallic levels, speeds and axle loads.
Induced stresses in the subgrade should be less than
threshold strength of the soil.
Strengthening of weak formation is required to be done
under running traffic without track possession due to heavy
trailic.
Soil is poor in tension.
Provision of reinforcement will
enhance the soil modulus.
Low strength low modulus geotextiles and geomeshes are
not suitable for subgrade stabilisation.
High strength high modulus hi-oriented geogrid is more
suitable for formation rehabilitation. One layer of geogrid
reinforcement
will reduce the sub-ballast thickness by
abOUt 400/o.
Further studies would be needed to work out optimum
modulus and strength characteristics of geogrid and subballast characteristics
for achieving higher economies,
especially where depth of sub-ballast worked out is higher
than 70cm.
REFERENCES
RDSO (1989) “State of the Art - Use of Geotextiles in Rail
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~=

Ebxdb+Esbxdsb
------------------–----–--=
db+dsb

w
Moduk

ratio, m = ------Es

85.33

85.33
= --------40

= 2.13

For dt = 75cnL Induced stress = 48.2 KPa (from Fig. 1)
Threshold strength of soil= 48.7 KPa (from Fig.S)
Hence safe.
Case-II – Using one layer of geogrid reinforcement
301:

LBO-

a
dsb
dt

= 25cm
= 30cm
=db+dsb=55cm

Eb
Esb
Es
Eeq

= 130MPa
= 111 Ml% (from model test)
= 4oMPa
= 119.63&m =2.99 (computed as in Case I above )

For dt = 55cnL Induced stress = 48 KPa (ftom Fig. 1)
Threshold strength of soil= 48.3 KPa (from Fig.5)
Hence safe.
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ABSTRACT: The construction of a network of high speed tins in Europe involves the use of geotextiles for
many applications. The Authors describe the generrd uses of geosynthetics in railway sub-ballast and
construction applications, but point out those aspects where geotexdles play a particular part in assisting in the
extreme environment of high speed train earthwodcs. The paper goes onto &scribe some actual applications
where the main network has used geotextiles a.tmloutlines some of the cliftlculties involved in their specitkatio~
particularly bearing in mind the European decision to not standardise on geotextile classifications between
Member Countries.
1 THE USE OF GEOTEXT’ILES TO ASSIST
WITH SUB GRADE PROBLEMS

damaged too easily. However, the heavy grades of
needlepunched and woven tape textiles have been
selected for sub-ballast separation

It has long been recognised that subgrade pumping
beneath milways is a problem that can be
ameliorated by the use of a geotextile at the
ballasthubgmde interface. (Refs. 1 &2) The design
difficulty has always been how to know which type
of geotextile is the most suitable. With time,
experienced railtrack engineers came to the opinion
that low permeability and fme pore size were the
preferable criteria for milways. The fimction of a
geotextile beneath a railway is fudarnentally
different fmm that beneath a tempomry access mad
or a permanent highway. The essential differences
are a) that the ballast used to provide sleeper
support is very coarse, uniform and angular, b) the
regular repetition of the vltnation fmm the axles can
setup sympathetic Ksonant harmonic oscillations
in the soil and c) the mil track system feeds a
unique long distance wave of both negative and
positive pressuIE into the ground ahead of the tin
itself
The geotextile improves the structural integrity of
the track and reduces tk need for maintenance. It is
generally considered (as shown in Fig. 1), that the
shedding of p~cipitatiom caused by the fine pore
size of the textile, is of particular benefit to the
structural integrity of the track, whereas the filtmtion
objective of the textile in preventing the upward
migration of fines is of prime relevance to the
maintenance requirements.
The new high speed train lines are multi-track
systems (as opposed to low speed single track lines
oflen encountered in developing countries), so
maintenance is not such a critical problem as
structural integrity. Therefore, in considering the
geotextile requirements for this purpose, prevention
of degmdation of the subgrade is the main
considemtion. This logic has led to the conclusion
that fine pore size and puncture resistance of the
textile are the most important requirements.
However, these properties can be found in a variety
of different textiles including both woven and
nonwoven types. Naturally, lightweight nonwovens
are not suitiible for this purpose
since they can be
. .
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The European Union has made substantial ,prognxs
with regard to the standardisation of design
approach for all civil and structuml engineering
matters including geosynthetics. However, there
has been the positive decision not to standardise the
classification of geosynthctics for particular
purposes. This appears to have been a pragmatic
decision which holds the situation as at presen~
based upon different national, commercial and
experience considemtions for the utilisation of these
products. No doubt this will have to be addressed
in due course, but at the moment it leads m
apparent anomalies in pan-European pmjecls such as
the high speed train system. Where the lines cross
a national border, it has proved necessary to employ
a diiTerent material because of diffenmt national
preferences, experiences and classitlcation systems,
even though the groutd conditions on each side of
the border may be identical. The Authors feel that
this should not be viewed as a failure of the concept
of the European UNOL but an indication of how
difficult and time consuming it is to join together
and blend a large number of sophisticated developed
countries.

Rainwater is deflected away
from soft submade
by

Rising groundwater is filteted
/
and deflected by geotextile

Fig. 1.

TT

b

Rainfall shedding and pumping prevention
by highly impermeable geotextile.
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For, example, the Belgian Railways (lJ.M.B.S.)
prefers to use nonwovens for this purpose, whilst
the German Railways (D.B.) prefers woven tape
products.
These filtration and drainage applications at subballast level m particularly impmtant in areas of
cuttings, where water tables are high

xeducing shear on performance and maintenance
cannot therefore be overstated A high stsength
geotextile can contribute significantly to this
providing that it has adequate dumbility (abrasion
resistance and polymer longevity). Them are
doubts expressed about t.k potential longevity of
woven slit fdm textiles, for example.

In addition to the prevention of contamination and
saturation that a sub-ballast textile can provide, in
high speed track conditions consideration must be
given to the fimdarnental role of stress absorption.
As can be seen in Fig.2 (Ref.3), although vertical
stress is absosbed by the ballast layer, there is still a
considerable amount of vertical stnxs remaining at
the base of the ballas$ to be passed down into the
Aatively soft subgrade. In embankment situations,
where the subgrade is a pm-specified and precompacted material, WI whese drainage may be
good, this stress may be absmbed adequately.
However, a strong geotextile at this horizon can
absosb stress and reduce the impinged load onto the
subgrade. By reducing lateml shear stresses in the
subgrade, the textile will help to increase its overall
bearing capacity. Cohesive soils under shear
exhibit a lower bearing capacity than those that ase
not- Under these circumstances - which include soft
subgmdes, wet subgrades and high speed train
environments, it could be considered advantageous
to choose stiffer woven products nwher than
nonwovens.

Ballast
0.25

\\\\ /,/
/,8,8,
*///
#
\\ ’..\
\\\\

o.50—

\\\\
///#
,\,\,\/\
,\, \,\,\
\\\\
###/

0.75 —
(m)
I

I

200
100
Vertical Stress (kPa)
Fig.2. Typical variation of stress vertically beneath
a sail line without the benefit of a geotcxtile (Ref. 3).
The critically important contribution of a geotextile
is shown in Fig.3 (Ref.4) which shows the typical
results of a series of cyclical triaxial test in which
the shear stress on the soil sample is continuously
varied to simulate the passage of a high speed train.
Note that in this case, when the shear stress
imposed on the soil exceeded 65kN/m2, the soil
rapidly deteriomted with increasing induced strain
until failure was reached at only 10,000 cycles.
Below a shear of 65kN/m2, the soil stabilised up to
and beyond one million cycles. The impact of
1094-
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Fig.3. Effect of shear stress on cyclically induced
cumulative strain in a soil without the
benefit of geotexdle (Ref.4).
2 GEOTEXTILES AS DRAINAGE
COMPONENTS BENEATH NEW
EMBANKMENTS
It is common to use geotextiles as separatom at the
base of new embankments. As mentioned
previously, since in the case of high speed trains,
structwal stability is of paramount importance, the
European system has commonly included the use of
geotextiles as elemen~
separatom at the base of
embankments not only to act as construction aids,
ensuring the highest level of integrity for the
structure, but also as components in drainage
elements, thus ensuring the reduction of water levels
in the basal zones of the embankments. Especially
where embankments are relatively mo~ permeable
than the underlying formation material, the use of
low permeability geosynthetic textiles can lead to a
reduction in received p~cipitation water in much
the same way as is achieved beneath the ballast
layer itself.
Once more, in this applicatio~ there have proved to
be national diffenmces, with the French Railways
(S. N.F. C.) using woven geotextiles and
immediately across the border, the Belgian
Railways using nonwovens.
3 GEOTEXMLES AS REINFORCING
COMPONENTS BENEATH NEW
EMBANKMENTS
Even more so than highway embankments, high
speed mil embankments are subject to potemizd
lateral slope failures. The front of a high speed tmin

on Geosynthetics

is preceded by a force wave within the rail and
sleeper system which actively pushes down on the
soil before the tmin arrives, followed by a
continuously high surcharge load during the train
passage. To counteract this effect geotextdes are
used in the sloping sides of banks as reinforcement
layers and in particular, they m used as horizontal
reinforcing layers at the basal horizon of
embankments, to protect against slip circle failure.
Not only are the dynamic forces greater with high
speed trains, but as can be seen in Table 1, (Ref.5.)
rail and sleeper weights also increase directly as the
train speed increases. Although relatively srnal~
this must also be taken into account in the slope
design.

Axle wt.
Tomes
35
35
35

Speed
Krn/hr
50
140
200

accessl%ility for the public. In practice, this meant
that existing main line stations were to be upgraded
for the new high speed trains.
This led to a problem experienced by the Japanese
in the construction of their high speed intersity
trains - lack of space. In order to widen the track
zone in city areas, it has become necessary to utilise
reinforced soil technology as the most modew costeffective method of construction. Not only is
reinforced soil construction cost-effective, but it is
also environmentally friendly, permitting the
adoption of a number of green grass and vegetated
face ftishes.

Widened embankment

Rail Wt.
Kg/m
57
65
70

I
Diverted river
/

I

1

Old embankment

I

Table 1. Typical rail weights
It is interesting to note that although overall slope
load is increase~ the use of heavier weight rails
reduces the direct shear loading of the ballast and
sub-sail system. For example, increasing the rail
weight from 48 to 68 kg/m diminishes soil shear
StlWS by 200/~
The need for structural integrity is generated
principally by the need for consistent and even track
alignment both vertically and horizontally.
Deformation levels that might be tolerated for
ordinary railway hains are not permissible on high
speed tracks.
South of Brussels, the Belgian Railways have
employed the traditional high strength polyester
woven geotextiles as the basal reinforcement layer
for their sector of the European Network leading to
Paris. This was not the usual standard reinforcing
detail, but at the location of the River Zeme, the
existing track stxucture had to be widened as well as
refurbished to take the high speed tfilc.
The Zerme
was running parallel to the old railway track and the
widening involved displacing the river laterally to
construct the new extension.
The cross section of this location is shown in
Fig.4., where it can be seen that geotexdles were
used to contain the entire fill body that infiiled the
old river bed and channel. The river was
accommodated in a newly constructed card built
away from the new high speed track. Naturally,
geotextiles were used in the banks of the canal as
well, for erosion protection.
One of the interesting principles of the European
High Speed Train Network is that the stations were
to be located in the centre of cities to provide true

Widening of the Belgium - Paris sector
Fig.4.
pamllel to the River Zenne.
The Japanese experience with easllquakes has
highlighted the benefits of reinforced soil stmctures
in areas of vibration. During recent major
earthquakes, reinforced soil structures were
invariable, the only ones left standing. In the tight
of these results, it is not surprising that reinforced
soil should be adopted to support high speed train
lines which are a major source of vibration.
4 GEOTEXTILES IN THE CONSTRUCHON
OF HIGH SPEED BRIDGES AND RAIL VZYOVERS
The impermeability of bridge decks and fly-overs
was a major concern for the Network designers. As
a result of considerable technical input and researcl
a number of special composite geotextiles we~
developed impregmted with bitumen.
The geotextiles themselves were composite heavy
nonwoven needlepunched (1500 @2) and strong
woven (100 kN/m) which offe~d a cost-effective and
reliable solution. Although well proven in
laboratory testing, it is interesting to await the
outcome of several years of real use. to evaluate the
results. Their use is shown in Fig.5.
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Composite geotextile
impregnated with bitumen
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Location of bitumen impregnated
composite between ballast and bridge
decking.

5 LIFE EXPECTANCY OF GEOTEXTILES
HIGH SPEED RAILWAY SYSTEMS

IN

It is interesting to note that the life expectancy
requhements of geotextiles in high speed designs
varies depending upon where the textile is situated
in the design. For example, the basal reinforcing
geotextiles used to prevent slip circle failure should
be designed to last in excess of 100 years, whereas,
the sub-ballast textiles could be designed for less.
The reasons for the less stringent requirements for
the sub-ballast textile are that in addition to the
ballast layer experiencing unavoidable deformations
and in addition to potential frequent replacement of
textiles during ballast maintenance, the predicted
life of the concrete sleepers will, in any event only
be some 40 to 50 years, thus necessitating a major
upper level refurbishment at that interval period. A
longer planned life expectancy for the textile at this
level would therefore not be cost effective.
Note: The Authors wish to acknowledge that the
opinions expressed herein are their personal
opinions and do not represent the views of their
respective organisations.
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ABSTRACT. Bovilla Dam is currently the highest embankment dam incorporating a polymer (PVC) geomembrane installed within a system of geosynthetics, to provide the necessary waterproofing to the top 58 m of an 81 m high structure. Bovilla dam is the last of several such dams, of increasing height, designed and built in the last decade, along the
lines set forth since the pioneering projects of 1959- 1960. The position of the waterproofing system is on the upstream
face of the dam, the waterproofing element is a 3 mm thick, plasticized and stabilised PVC geomembrane and the geosynthetic system is protected with a facing of cast-in-place, concrete slabs.
KEYVK3RDS: Dam, Grmcomposites,
1

Geomembranes,

Protective cushioning,

Seepage control

INTRODUCTION

Bovilla Dam, across Terkuze river in Albania, was originally designed as a concrete faced, gravel fill. It was not
possible to reconstruct the basis for seleding a lV/1 .6H
slope typical for rockfill but deftitely steep for a sandand-gravel fill. The design of the facing was developed
around 1994 along the earliest schemes for such facings: a
grid of concrete beams run under both the vertical and
the horizontal joints of the facing slabs. The thickness of
the slabs was about 0.5 m. The reinforcing of beams and
slabs was quite complex and even more so was the system
of the copper and PVC waterstops.
During the construction
of the embankment,
mostly
built with alluvial gravel-and-sand,
gullying of the upstream face by rainfalls developed. Attempts to reconstitute the face and recompact
the fill gave unsatisfactory
results. A growing concern for the end quality of the
concrete facing and a compelling need to reduce both
constmction cost and time, suggested to look for alternate
facing solutions.
A geosynthetic
system essentially
based on PVC
geomembrane and geotextiks, tinally proved to be a sohltion compatible with the fill materials, applicable notwithstanding of the slope of the face, requiring a much shorter
placement time and nearly halving the cost of the design
solution.
Late in 1994 the change in design was decided and
design of the new facing system started. Placement of the
bedding and drainage layer started in mid 1995 and was
completed by the end of the year. Placement of the geosynthetic system started in May 1996 and was carried out
in 3 parts: centre, left and right. The left and right parts
were placed only after grouting of the foundation rock
along the side beam was completed.
For this reason
placement of the 3 parts was not continuous. Placement of
the geosynthetic system was completed in September and
the waterproofing
protection
completed
in November
1996. Figure 1 shows the upstream slope of Bovilla dam
when placement of the waterproofing and protection were
in progress. The net time required for the placement of the

Figure 1. Upstream slope of Bovilla dam in 1996. Protection has been completed in the centre part of the face.

geosynthetic system was 30 days with an average placement rate of 300 rn2/day. The net time required to place
the concrete protection was 100 days with an average
placement rate of 90 rn2/day.
The cost of the waterproofing
system, including bedding, geosynthetics system, peripheral seal and concrete
facing was on the order of 160 US$/m2, in 1996 costs. All
geosynthetics were imported from Italy and placement was
directed by expatriate persomel.
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2

THE FORERUNNERS

OF TODAYS DAMS

The first synthetic material tested as a waterproofing
element was Butyl Rubber RI (Sabetta dam 1959) soon
followed by Polyvinyl chloride PVC (Dobsina Dam 1960
and
Terzaghi dam
1962). Low density polyethylene
LDPE was used for the first time in 1964 (Toktogul cofferdam)o
In later years the preferred choice became PVC in
Europe and high density Polyethylene HDPE in the USA.
According to a list of 83 earth and rock dams, major
reservoirs and cofferdams waterproofed
with geomembranes, prepared by the Senior Author, 54 structures have
been built in Europe, 10 in Australasia, 5 in Africa and 14
in the Americas. PVC has been used on 33 known cases of
the total. In Europe PVC has been used on 24 cases and in
the Anwricas on 3 cases only. Waterproofing
for high
dams were mostly based on PVC. The Authors believe
that part of PVC’s success is due to the easily installed
and well-performing
welds possible with this polymer.
During the pioneering period, design practice
deve( < 0.5 mm)
loped along 2 lines: -i) thin geomembranes
and -ii) thick geomembranes
( > 1.0 mm). Thin geomembranes were selected mainly based on seepage loss
considerations
overlooking
the possibility
of damage
during placement. Practical difficulties in welding very
thin gmmembranes,
suggested using glued joints and often
folded
such geomembranes
have been installed using
comections.
Negative experiences were the result of this
type of design (Sembenelli 1995). Thick gmmembranes
and welded connections were adopted as a result of considering proper placement and welding as relevant requirements.
The selection of PVC and HDPE allowed production of
continuous,
high quality welds. Hot-air welding with
hand-held blowers, soon evolved into machine welding by
hot air and hot points. As a result of attention to the quality of the seams, the senior Author developed, in the early
70s the double track seam which made possible testing of
the entire seams’ length.
Bovilla is the latest example of more than 70 cofferdams, large reservoim and dams designed along the
concepts developed in Italy since Sabetta. The Italian
practice always adopted thick geomembranes to provide
extra strength against handling and placement damages and
to allow high quality, controlled welds. Soon after the
pioneering examples based on Butyl rubber RI and Chlorostdphonated polyethylene CSPE, Italian practice adopted
PVC as the polymer. Quite early geocomposites consisting
of a PVC geomembrane
+ a Polyethylene terephthalate
PETP nonwoven geotextile were substituted for plain PVC
sheets. Multi- 1ayer geocomposites,
incorporating
a diffused reinforcement were developed and applied along this
line of thinking.
The design of Bovilla dam was based on the experience gained with large scale testing, in designing and in
supervising construction
of several dams in Italy and
abroad. Possibly the most significant experience related to
the type of geocomposite adopted is Alpe Gera Dam (174
m high). The protection with cast in place concrete slabs
was successfully
adopted at Jibiya Dam (Sembenelli
1100-1998
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Figure 2. The plan of Bovilla dam with waterproofing
based on a geosynthetic system and a cast-in-place concrete slab as a protection.

1990). The peripheral connection was perfected in the
application of geomembrane waterproofmgs
on several
concrete dams like Pracana Dam.

3

THE EMBANKMENT

OF BOVILLA

The dam, as shown in Figure 2, is placed in a narrow,
winding gorge cut through a ridge of limestone rock just
downstream from a tectonic contact with a schist formation. The relatively soft schists have been eroded and the
limestone forms a long and high wall at the South-West
end of the reservoir. A diversion tunnel has been cut
through the limestone of the left bank. The limestone is
heavily karstified and a large spring exists under the right
abutment of the dam. Except for the excavation required
to set the side beam, no excavation was carried out on the
abutments. A dem.1, karstic niche was backfilled with
concrete prior to filling against it.
At the upstream toe of the dam, river bottom rock was
reached some 10 m below riverbed and the channel was
filled with a concrete plug. The plug was raised some 15
m above riverbed elevation thus creating a gravity toe
block nearly 25 m high. Figure 3 shows the cross section
of Bovilla.
In order to condition the riverbed materials under the
future fill, the rock on the sides of the gorge was demolished to a distance sufficient to permit the transit of construction equipment. Rock fragments covered by clean,
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Figure 3. Main cross section of Bovilla dam on the Terkuze river. The maximum height of the dam is 81 m and the
geosynthetic system has been applied over the top 57 m. The crest length of the dam is about 140 m.

coarse gravel were leveled and compacted in the riverbed
channel thus creating an efficient bottom drain.
A substantial deposit of alluvial materials existed in the
expanse of the reservoir and the embankment was filled
with borrow-run
sand-and-gravel.
The alluvium is well
graded and contains a certain amount of fines so that the
permeability
of the compacted embankment is quite low
and certainly not uniform. The high percentage of frees
was hindering proper compaction
near the slope and
favoured gullying along the compacted face. Difficulties
experienced at properly filling and forming the face, suggested placing the centre and downstream parts of the fill
only, while a proper solution was worked out. Hence the
lower 40 m of the embankment were built in 2 separate
stages which increased the potential for non uniform settlement of the face, under hydrostatic loads.
The rock line for the side beam was designed so as to
obtain a profile in the plane of the face as regular as feasible. Fairly extensive excavations were necessary at given
locations to smooth corners and to eliminate overhangs.
The rock bench where the side beam had to be set, was
designed with a gentle inward slope.
To eliminate gullying by rainwaters and to provide a
freedraining,
strong and uniform support to the waterproofing system, a sand-free, low-cement concrete was
adopted which could be placed to produce a smooth surface. The specified aggregate size was 15-25
mm with
Cu < 2 and the cement just enough to hold the grains

together.
Laboratory tests carried out on the cemented
granular bedding proved that its coefficient of permeability
was k > 1 cmls. The cemented granular bedding was
placed from the top of the fill, as the fill was raised, in 2
m high bands, smoothed and compacted with a vibratory
plate mounted on the arm of an excavator.
The thickness of the freedraining
bedding layer was
increased all along the periphery to widen the length of the
contact between the drain and the abutment rock, with the
aim of improving the collection of any seepage underpassing the side beam.
The toe block and side beam, part of the original
design, had been cast as an unreinforced concrete block
sitting over the abutment rock. As part of the design of the
geosynthetic facing, the abutment surface, immediately
below the side beam, was modified so as to avoid too
steep as well as too flat profiles at the contact with the
embankment. This was obtained by trimming the rock in
excess or by concrete castings, where the abutment’s rock
was dipping too steeply.
A second stage reinforced concrete slab was
over
the surface of the side beam to reduce the danger of
concentrated seepage? in the concrete, which could eventucomection.
Low pressure
ally bypass the peripheral
contact grouting was applied systematically
to the concrete-to-concrete and concrete-to-rock joints trough holes
drilled from the face of the side beam.
As an additional measure against short circuit seepage,
Pliiced
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the surface of the side beam’s concrete, immediately
above the geomembrane-to-concrete
connection line, was
treated with epoxy resins to till honeycombs and hair
cracks.

4

THE WATERPROOFING
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SYSTEM

The waterproofing system of Bovilla dam was based on
the previous designs of similar dams (Sembenelli and
Amigb 1996) and on experiences and studies regarding
seepage flow through holed geomembranes. The choice of
a geocomposite was dictated by the benefits provided by a
geotextile backing, particularly if intimately connected to
the geomembrane,
in reducing the level of losses and in
avoiding channelized flow under the liner (Fukuoka 1986).
The basis for selecting a gemcomposite developed by the
special Contractor CARPI was the proven performance of
the liner under water heads far greater than that expected
at Bovilla although, most of the precedents available were
concrete or masonry &ms (Scuero 1997). Other geasynthetics, like HDPE, would require finding adequate solutions to accept a more than tenfold larger coefficient of
thermal expansion. A thermally stable geosynthetic makes
much easier welding and protection with light weight
slabs.
‘l%e waterproofing system, shown in Figure 4, consists
of a 3 mm geomembrane coupled to a 700 g/m2 geotextile. The geomembrane is a monolayer PVC (polyvinyl
chloride) extruded from a straight-head
extruder. The
geotextile is a nonwoven,
needle punched, continuous
filament, PP (polypropylene)
fibre. The coupling is obtained by calendering the geotextile on the hot PVC sheet
as it leaves the extmder. A selvedge of 50 mm is left on
one side., for proper longitudinal welding of adjacent rolls.
The geocomposite is produced in 2.05 m wide rolls of
indefinite length.
Large scale loading tests were conducted on a high
capacity cell. The support was the granular bedding, on 1
to 1 scale, and the maximum test pressure was 900 kPa
i.e. 50 % in excess of the maximum expected water pressure on the face. Each test consisted of 3 loading-unloading cycles, with a first loading bench at 500 kpa, 24
hours of sustained load at 900 kPa and 6 hours recovery
time in unloaded conditions in between cycles. The profile
of the geocomposite under maximum load was obtained.
Another set of tests were carried out as shown in
Figure S to simulate a collapse of the granular bedding
surface. A sharp edge, vertical sided hole 0.3 m in diameter and 0.2 m deep was created under the geomembrane
and a water pressure equal to 150 % of the fill reservoir
load was applied. The geocomposite stretched into the hole
beyond the failure strain of the geotextile backing (about
34 % as determined with large scale burst tests) but the
PVC geomembrane did not burst. The geotextile teared at
an early stage of the test but, being on the underside of the
geomembrane, its failure could not be observed in detail.
The geocomposite was factory cut to the exact lengths
assigned by the design to each roll so that placement could
be faster and more accurate, all horizontal seams could be
eliminated, and wastage kept below 1 %.
1102-1998
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Figure 4. Cross section of the waterproofing
at Bovilla dam.
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system used

Each roll of geocomposite
was carried to the crest,
unloaded and fastened to the concrete beam running along
the upstream edge, with a tie down system (bolts and
nuts). The roll was hence winched downslope and manually guided to its final position. The friction angle between
geotextile and granular bedding was measured in the
laboratory and proven to be 38°, about 20% larger than
the slope angle. Hence a substantial grip developed between geotextile and granular bedding, enough to support
the full dead weight of the geocomposite.
The gemcomposite was ballasted against wind actions
with strings of sand bags supported with ropes. The distance between ballast strings was about 6 m.
In spite of the ballast, however, a light but sustained
wind circulating through the voids of the bedding layer,
cut the frictional resistance to nearly zero and the full roll
length ended hanging from the top beam. The geocomposite stretched about 0.5 % and some readjusting cuts had
to be made at the toe of the slope.
The geocomposite was welded with butt welds 30 mm
wide. Welds were all made with hot air equipment and
about 50 % of the welding was manual. All welds were
inspected and tested with a blade.
The design of the periphery of the geocomposite was
such as to allow sharp, differential settlements of the fill
with respect to the tie-down line. A reserve length of
geocomposite was provided, sandwiched between anti-grip
sheets of HDPE and nonwoven geotextile.
A geomembrane strip (without geotextile backing) was
used to form the peripheral connection along the block toe
and side beam. The connection was of the tie down type
(bolts and nuts) with a prior application of a flattening
polymer paste and soft robber gasket. The tie down was
obtained with embedded 10 mm bolts spaced 0,2 m and
an 8 mm stainless steel flat profile and nuts. Each nut was

closed with a dynamometric wrench.
A detailed inspection of the geomembrane surface and
a detailed approval procedure was specified prior to covering the geocomposite with the geotextile. This operation
was deliberately
done just before starting the casting
operations so as to minimise the possibility that undetected
damages could happen to the geomembrane while covered.
One of the key checks of the inspection was aimed at
assessing the conditions of the supporting layer. Loose
stones or other small objects accidentally entrapped under
the geocomposite were located. A rule was set to decide
when the characteristics of the geomembrane would not
permit draping the foreign object, given its dimensions or
shape. In such cases the geocomposite was slit open and
the objed removed. The cut was hence repaired by superimposing a piece of geomembrane.

5

THE

PR~ECTION

OF THE GEOMEMBRANE

In many &ms exposed geomembranes have been adopted
with success and have proved their adequacy to a lasting
service (Amigb 1994). Protection of the geomembrane is
often avoided to allow inspection and easy maintenance
while the presence of a protective layer may forbid checks
and hinder repairs.
Protection
also adds to the cost of the dam and may
sometimes require an investment comparable to that of the
waterproofing
system itself. Timewise,
protection
requires, in general, construction times which are longer
then those needed to place, weld and test the waterproofing system itself. The decision to protect the geosynthetic
system needs therefore to be justified and, in general, light
solutions are preferable to heavy ones.
The rationale for deciding to protect the facing of Bovilla was based on several reasons: the steepness of the gorge
and the consequent danger of falling rocks, which would
damage the waterproofing
system,
the steepness of the
face reducing to nearly zero the possibility of supporting
the geos~nthetic system by friction and, finally, the remoteness of the site and the fear that the geosynthetics could
be vandalised.
Cast in place, unreinforced concrete slabs were selected
as protection. The thickness of the slabs was 0.3 m in the
lower parts of the facing where the length of the free
standing slab exceeds 100 m and was reduced to 0.2 m
over the upper 50 m of the face. A nonwoven, needle
punched, continuous fibre, PP (polypropylene)
filament
geotextile 800 g/m2 was placed over the geocomposite to
work as a decoupling layer, as well as a protection to the
geomembrane against mechanical damage during concreting operations. The PP geotextile proved to work efficiently also us a light reinforcement
to the slab (Sembenelli
1996).
Shear tests carried out on a large sample of the gwcomposite resting on the granular bedding and covered
with the specified geotextile, enabled the measurement of
the actual friction at the geomembrane-to-geotextile
interface. Tests proved that a friction angle of 22 0 was the
maximum that could be relied upon. This angle is 70 % of
the slope angle. Therefore a substantial portion of the

Figure 5. Large scale survivability test of the geomembrane simulating
a collapsed hole in the bedding layer.
The test was carried out in a high pressure vessel under
1.5 the maximum reservoir pressure. The granular support
used in the testing chamber is the actual bedding placed on
the dam.

protective slabs dead weight will have to be taken by the
toe block. A reduction coefficient must be applied to the
geotextile-to-support
friction angle to account for the
effects of construction and with related vibrations.
The joint pattern was based on continuous vertical and
staggered horizontal joints. Shear keys were created along
the sides of all slabs so as to block them, both ways. At
horizontal joints, where appreciable angular deformations
were considered likely to occur, through-going
dowels
were provided. Horizontal joints have the only purpose of
allowing angular deformations to copy the deformed profile of the embankment facing, under full hydrostatic load.
Horizontal joints are therefore obtained with the interposition of 1 ply of 350 g/m2 geotextile. Vertical joints are
assigned the key fimction of relieving any uplift pressure
existing under the slabs upon draw down. A 3 ply packing
of geotextile is therefore provided along them al 1. While
along all horizontal joints the geotextile undergoes a subnegligible
forces compress
the
stantial compression,
geotextile interface along vertical joints. The in-plane
permeability of the geotextile remains hence close to that
of the material under a nominal normal stress. Slabs were
cast in successive horizontal rows which allows halving
the required length of forms as shown in Figure 6. The
surface finish required for the slabs was obtained by
straight-edge and trowel.
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Figure 6. Joint pattern of the slabs forming the protection
at Bovilla dam and casting sequence.

Each vertical slab rests, with most of its weight, against
the toe block or against the side beam. Proper thickening
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and reinforcement of the concrete section was hence introduced so as to keep the compressive stresses at the contact, within acceptable limits (the maximum compressive
stress is on the order of 800 kPa). The design was developed so as to make each slab self-supporting.
Several
sections exist, along the side beam, where the contact
line between the slab and the beam dips steeper than the
concrete-to-concrete
friction angle (aasumed as 35 O).
Along such sections, the profile of the side beam was
shaped in a jig-saw manner so as to prevent side way
slippage of the slab foot.
An offset in the toe block profile
locates the contact
line between block and protection so that it stays off the
vertical of the peripheral comection
to ensure that the
inevitable settlement of the edge of the facing slabs, with
respect to the toe of the block, would not damage the
connection. A styrofoam cap placed over the profile and
the nuts, in its turn enclosed in a pocket of uniform sand,
was added for the same purpose as shown in Figure 7.
Protection was placed from the bottom upward in 3
The centre portion first was placed and, later,
sections.
the 2 sides. The reasons for such unusual placement
(which resulted in ah increased length of side forms and in
some complication in welding a geocomposite placed long
before, to a newly laid one) were a need for drilling and
grouting works along the side beam which could not be
completed on time. Figure 8 shows the protection slabs
during casting.
No personnel traffic was allowed on the geocomposite
and/or on the gedextile. The Contractor thus selected to

.
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is used along the side

serve the casting front from the toe of the dam.
walkways were arranged over the completed slabs
concrete was pumped to the placement zone.
A precast wave wall was part of the design of the
of the dam. The precast elements were conceived so
provide an early protection of the geocomposite
possible damage produced by falling objects.

6

THE MONITORING

All
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OF THE FACE

Monitoring localised water losses through the geomembrane is the main goal for a dam such as Bovilla. A diffused monitoring is possible today but still waiting further
testing and certainly a costly measure. ~ overall monitoring system was hence selected which consisted of 3 open
piez.ometers installed on the surface of the free draining
bedding, immediately
under the waterproofing
system.
The piezometer tips were limited to the lowest 2 m of the
facing and piezometers pipes were of such diameter as to
allow inserting a remote control electric pore pressure
transducer at any later time in the future for continuous
readings.
The size and distribution of the settlements of the face
are of paramount importance for a waterproofing system
based on geosynthetics. To survey settlements induced by
the hydrostatic load, a lattice of reference points has been
set into the concrete of the protecting slabs. Such points
can be surveyed again when the reservoir is lowered and
will make it possible to know the permanent deflection of
the facing. Measuring the maximum inward deflection of a
110 m long face, while the reservoir pressure is on, is
more complex and was not considered practicable at Bovilla. No post-loading
readings are available so far.

7

CONCLUSIONS

Several successful dams in operation since 30 or more
years prove that waterproofing earth and rock dams with
geosynthetics is a viable and durable solution.
There has been a remarkable evolution as far as the type
of the polymers most used in dams. Recent cases point to
plasticized and stabilised PVC as the most widely used
polymer nowadays.
Dams up to 60 m have been commissioned
and all
indications point to the adequacy of geosynthetics to build
dams up to 100 m in height or even more. To the increasing height of dams (and acting water heads) Designers
have answered with progressively
more sophisticated
“wateWroofmg systems” incorporating
several layers of
different geosynthetics.
A similar evolution has taken
place in welds, details of periphery, protections and QC
procedures.
Specific testing and design procedures have been developed and are now available for a responsible design and a
performing construction.
Monitoring equipments for the waterproofing system are
becoming more and more sophisticated and tailored to suit
modem solutions and needs.
It is not difficult to foresee that an array of geosynthe-

tics will be more and more present
future.

in the dams of the
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Alps
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ENEL Ricerca - Polo Mraulico e Strutturale,

of Exposed Geomembranes

on Dams in Italian

Milano, Italy

ABSTRACT: The paper presents the more recent results of an experimental program related to the behaviour vs. time of
PVC geomembrrmes and PVC-PET geocomposites applied for rehabilitation of different types of dams owned by ENEL on
the Alps. In particular, the behaviour vs. time of geosynthetics has been studied for the masonry dams of Lago Miller and
Camposecco and for the concrete dams of Lago Nero, Piano Barbellino, Cignana and Pantano d’Avio. The considered
geosynthetics are without any external protection and the related dams are in the West and Central regions of Alps at an
elevation of more than 1,800 m above the sea level. The laboratory tests, earned out at the Special Materials and
Geosynthetics Laboratories of ENEL Ricerca in Milano, allowed to determine the following characteristics:
plasticizer
content, hardness Shore A, tensile and water vapour transmission properties. According to the first observation programs
and laboratory tests, the considered geosynthetics exhibit generally a satisfactory behaviour vs. time.
KEYWORDS:

Dams, Geomembranes,

Geocomposites,

Laboratory Tests, Performance

1 INTRODUCTION
The first complete application of a PVC geomembrane at
an old dam on the Alps was carried out in Italy in 1976 at
the 11 m-high Lago Miller masomy dam, built between
1925 and 1926. Significant leakage led to the installation
of a 2.0 mm-thick PVC geomembrane.
The geomembrane
is also unprotected,
so that it is
exposed to the action of ice and uhra violet rays,
particularly important as Lago Miller dam is located at an
elevation of 2,170 m (Cazztil,
1987).
Another Italian installation of a PVC geomembrane for
dam maintenance purposes was in 1980/1981 at the Lago
Nero concrete dam. This 40 m-high structure was built
from 1924 to 1929. A 2.0 mm-thick PVC geomembrane
was placed without any external protection.
The 2.5 m-wide PVC geomembrane sheets were applied
using a unique system, now patented by the firm Carpi,
which allowed for continuous fastening along the vertical
lines and also horizontal prestressing of the geomembrane
itself.
A polyester needle-punched
staple filament nonwoven
geotextile (with a mass per unit area of 350 g/m2) was
thermohonded
in factory to the geomembrane,
thus
forming a geocomposite before application on site (Monari,
1984).
Other applications of PVC geomembranes
to vertical
upstream facings of old Italian concrete or masonry dams
were performed
more
recently
with
very similar
techniques. In the applications
to Cignana and Piano
Barbellino concrete chains, the stainless steel ribs are
embedded in an extra layer of concrete placed on the
upstream facing.
The maintenance
of the Piano Barbellino
dam was
finished
in 1987 (Photo 1): the geocomposite
was
constituted with a PVC geomembrane of 2 mm thickness
and a PET geotextile of 1.5 mm thickness (Scuero, 1989).
Differently, the maintenance
of the Cignana dam was

Evaluation.

achieved in 1988 and the geocomposite was constituted
with a PVC geomembrane of 2.5 mm thickness and a PET
geotextile of a 1.5 mm thickness.
Similar geosynthetic was applied in 1991-1992 on the
cellular gravity concrete dam of Pamano d’Avio (Photo 2),
63 m height and built in the Fifties at the very remarkable
elevation of 2,378 m (Cazztil,
1996).
Moreover,
a
PVC-PET
geocomposite
(with
a
geomembrane 2.5 mm thick) was applied in 1993 to the
vertical upstream facing of Camposecco masonry dam
(Photo 3), 27 m height and built in the Twenties at the
considerable elevation of 2,337 m (Scuero and Vaschetti,
1996).
Table 1 summarises the characteristics
of the 6 dams
discussed in this communication (Lago Miller, Lago Nero,
Piano
Barbellino,
Cignana,
Pantano
d’Avio
and
Camposecco), while Fig. 1 shows their location.

(
OLago
Miller
*Pantano
d’Avio
% piano Barbellino

●
o Campose

co

● Lago

Nero

Cignana
~>

Figure 1. Location map of Italian
considered in the present paper.
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Photo 1. Piano Barbellino

Photo 2. Pantano d’Avio dam.

dam.

- plasticizer content (according to ISO 6424);
- hardness Shore A (according to ISO R 868);
- tensile properties (according to 1S0 527);
- water vapour transmission test (according to ASTM E 96).
For the geocomposite samples, the tests were performed
only on the PVC geomembrane: the PET geotextile layer
was taken away in laboratory, with the same methodology
described also by Cazztil (1995).
Tests results on reference samples were only available
for the Pantano
d’Avio
and
Camposecco
dams.
Considering that the PVC geomembranes were produced
by the same manufacturer, it was decided to use the same
scale to show the results on all the samples taken on the
different dams; the evolution of the properties vs. time
since application is presented in Figure 2.

2 OBSERVATION PROGRAM AND LABORATORY TESTS
During the recent observations
(since 1995), different
samples of geosynthetics were taken on the different dams,
mainly on the upper part, exposed to weathering.
Only for the Pantano d’Avio dam (Photo 2) and for the
third year sampling (Photo 4), samples were taken at the
water level area submitted to the tidal range (dry and
wetting zone).
The laborato~
tests were carried out at the Special
Materials and Geosynthetics Laboratories of ENEL Ricerca
in Milano.
Among the different laboratory tests performed on the
different geomembrane samples, the more relevant were as
following:

Table 1. List of dams considered

in the paper (in chronological

order according to geosynthetic

application).

Dam

Lago
Miller

Lago
Nero

Piano
Barbellino

Cignana

Pantano
d’Avio

Camposecc
o

Type

M

c

c

c

cc

M

Height (m)

11.00

45.50

69.00

58.00

63.00

2700

End of constmction

1926

1929

1931

1928

1956

1930

Elevation (m)

2,170

2,024

1,868

2,158

2,378

2,337

Orientation

E

NW

E

w

s

Nw

slope (H/v)

Verticat

Vertical

Vertical

Vertical

0.5/1.0

Vertical

GM thickness (mm)

2.0

2<0

2.0

2.5

2.0

2.5

GM area (m’)

1,500

4,000

6,000

8,250

17,000

4,800

GM application

1976

1980/1

1987

1988

1991/2

1993

Legend

M:
C:
CC:
GM:
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E:
W:
s:
NW:

East
West
South
North West

Photo 3. Camposecco

3

dam.

CONCLUSIONS

The main results achieved by this extensive experimental
program are as following:
- the PVC geomembranes exhibit generally a satisfactory
behaviour vs. time;
- the plasticizer content exhibits a small decrease vs. time,
even if it remains very high, for example about 28°/0 after
19 years since application in Lago Miller dam;
- correspondingly, the hardness Shore A exhibits a certain
tendance to limited increase, i.e. the geomembranes seem
to be subjected to become a little bit more rigid,
- the results of the tensile properties confirm the above
mentioned Uw@ i.e. the tensile strengths (both in
longitudinal and transversal directions) generally tend to
increase, while the corresponding strains tend to be subjected
to limited decrease, thus forming a more rigid produ@,
- the water vapour transmission
test results have been
reported to permeability coefficient values according to
the equations proposed by Giroud (1984) even if recently
these equations have been questioned in literature (see,
for example, Eloy-Giorny et al., 1996), in any case, being in
this eqwrimentd
study more interested to the comparative
results than to the absolute values, it’s important to remark
that the permeability coefficient is quite constant vs. time,
ranging from 2 x 10-13nds to 1 x 10-13rids.
Based on these results, similar rehabilitation systems of
dams may be generalised, considering that a particular
attention has to be taken into account during all phases of
design and geosynthetic installation.
Finally, considering the lack of protection, survey and
regular
control
during
time
of the geomembrane
characteristics seem to be necessary.
Particular attention should be paid when geomembranes
are exposed to South orientation, thus receiving the most
of UV radiations.

Photo 4. Location of the geomembrane sample exhumed in
1995 at Pantano dAvio dam after 3 years since application,
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A Sail-Shaped Dam Made of High-strength
Jiang Kun’e
and
Yuan Lixin
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Institute
of Water Resources
ABSTR.ACT:
shaped dam,
the concrete
regulated
by
new type of
less than any
on non-gated
KEYWORDS:

and Hydropower,

Composite Geomembrane

Liaoning

Province,

P. R. China

This paper recommends
the design and construction
of a membrane
dam, also known as sailmade of high-strength
composite
geomembrane.
The bottom edge of the dam is anchored
onto
base plate,
and the top edge is hung on a cable across the river.
The dam height
may be
changing the length of cable, even to flatten it to the base plate when discharging
the flow. This
hydraulic
flexible dam has an artistic profile and a distinctive
style. The cost of this dam is also
other types of gate or dam with the same height. To date, two sail-shaped
dams have Ibeen built
spillways of reservoir in our province and have made the most of the water projects.
Dams,

Geomembranes,

Composite

materials

1 INTRODUCTION
The membrane
dam,
also known
as sail-shaped
dam, is a low-head
water retaining
structure
made
of high-strength
composite
geomembrane.
The
bottom
and two side edges are anchored
on a
concrete
base plate and side wall respectively,
and
the topedge
is hung on cable across the river, the
two ends of which
are twined
around
winches
located
on both banks.
The dam height may be
regulated
by changing
the length of cable,
raising
the water level for irrigation
or power generation,
or flattening
the
dam
on the
river
bed
for
discharging
flood or navigation.
When it is installed
on a non-gated
spillway
of a reservoir,
it can
increase the common
storage to make the most of
the water project.
Building
hydraulic
flexible
structures
with
geosynthetics
is an initiative
work. It is necessary to
meet the requirements
of strength
, impermeability,
and durability,
as well as the frost-resistance
if the
structure
is located
in a cold region.
Through
a
series clf laboratory
and field tests, we have selected
polypropylene
woven
geotextile
coated
with
ethylene vinyl acetate copolymers(EVA
) to serve as
the dam material
to build sail-shaped
dams on the
spillways of Heiyushan
reservoir ( Fushun city ) and
Lansha n reservoir
( Changtu
county)
in Liaoning
province
in 1996 and early 1997 respectively.
The
Lanshan sail-shaped
dam has three continuous
spans
of 15m each, the two existing bridge piers are taken
as the supports
of cable transferring
the cables to
the winches
by pulleys,
so as to move the three
spans synchronously.
This type of structure
is easy
to construct,
simple
and convenient
to operate,
makin~ it unnecessary
to install pipelines and inflat/
deflat equipment.
threrfore
the cost of this system is
the lowest as compared
with other types of closed
hydraulic
flexible structures
with the same height.

2 WORKING
CALCULATION

CONDITIONS

2.1 Calculation

of Configuration

AND

DESIGN

of Membrane

During
the
process
of
water-retaining,
the
membrane
is subjected
to tensile stress only when
the water pressure is applied on it, no compressive
stress and bending moment occur.
and ncl stress in
the direction
of the dam axis, as it is long enough in
compared
with the height of dam. Therefore
it is
considered
as two-dimensional
problem.

r
,! I ——.

41

/
I

W

//(///////

1

Fig. 1 Calculating

sketch

/777-

a,

of membrane

dann

When the water depth on the upstrea:m
membrane
dam
is H, and
no water
downstream
side. The total upstream
water
is P=~YH2,
m3. From
we have:

where

y = unit weight

the equilibrium
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(1)

Tcosa::’cosa,)

in which:

T = tangental

of the membrane.
In
.
ds is very small, ds = ab. Aabo~

Fig. 1, considering
Aecd, then

tension

5.69

KN/m

Ten equal divisions are made for H,
curvature
of the first division is

R1=~=
“
Similarly,

where
= radius

p = unit water pressure
of curvature.
Therefore

at that

point,

and R
R2=

R=~

~
#1.5+

5.69

the radius

of

=7.58m

+(0+1.5)
for the second
5.69

division

=2.53m
3.o)

(2)

P

Using above relationship,
we can compute
the
geometric
configuration
of the membrane
simply by
diagrammatic
method,
the error of which will not
exceed
5 YO, so
it
can
meet
the
practical
requirement.
In the diagrammatic
method,
the
upstream
water depth is divided into a number of
equal divisions,
and the average unit water pressure
of each division
is computed,
and the radius of
curvature
is calculated
by Eq. 2. Join circular arcs of
each division
together,
to form finally the whole
configuration
of the membrane
dam.

The rest may be done in the same way. The
configuration
is drawn as in Fig. 2. From which, the
total
length
of membrane
is” 3. 05m,
and the
horizontal distance between anchor and crest is 1. 56m.
2.2

Calculation

of Cables

Fig. 3 Layout
plan of membrane
main cable, 3-secondary
cables
/
/

/

1.56M

/.’

Fig. 2 I)etermine
configuration
of membrane
dam by
diagrammatic
method:
l-computed
curve, 2-Tested
curve by hydraulic
model study.
Now, we take the membrane
dam of the spillway
at Heiyushan
reservoir as an example:
H = 1. 50m,

dam:

l-dam,

2-

The layout plan of the membrane
dam is shown in
Fig. 3. The main cable is a river crossing cable, and
the secondary
cables are used to tie the ]membrane
dam onto the main cable.
The spacing
of which
depends
on the strength
of membrane
and the
junction
points.
If the spacing
is lm, the tensile
stress of each secondary
cable is T = 5.69 KN . The
maximum
tensile stress of the main cable may be
computed
by the following
formula:

al ‘O”, a’ = 12”, We have

T=_

1X1.502
YH2
2(cOsa1 + cosaz) = 2(1 +0,978)
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Smax=%m

(3)

Table

1. Test results

of high strength

composite

geomembrane

Item

Unit

Amount

Weight

g/m2

975

mm
mm

1.2
2x f).3

Total

thickness

Thickness
Tensile

of EVA
strength(

Elongation

coater

warp)
( weft)

(warp)
(weft)

for sail-shaped

dam.
Remark

KN/m

42,6

Refer

to ASTM

D -1682

KN/m
%

38.7
7.05

Refer

to ASTM

D – 1682

%
KN

Refer
Refer

to ASTM
to ASTM

D -1117-80
D -3780

Tearing
puncture

strength
strength

MPa

8.43
1.04
1.7

Fatigue

test

Times

100000

strength

KN

11.0

Width
of clamp
=
strength
of the joint
and cable.

—

—

After 428 freezing-thawing
cycles,
strength
reduced by 24. 5%.

Grab

test

Freez-thaw

test

In this example,

kept unchanged
30cm
The
tensile
between
membrane
tensile

If LO = 1. Om, Therefore:

we have

_ 2.69x 152
s max —
8x5
~=5334KN

Li=—

5X12

+1=1.089m

(:)2
L

If the curvilinear

equation

of main

cable

is
~.

y._f~–
(.2)2

(~):’

5X2
—
= O. 0889x2
(;)2

The rest may be done in the same way.
In order to check the reliability
of the results
we have
methods,
computed
by approximate
conducted
hydraulic
model
study
( 1: 5 ). It is
indicated
that the results are basically coii~cidence.

=0.0316x2

The length

5X22

—+1=1.356m
(;)2

of the main cable

3 SELECTION

L=’J~’2J@dx=2J~”5
“’1+00316x2dx
=2[$J
~%+
=2x9.

1+0.0316X2

1

+

“ln(x

2 dm
~1+0.0316x2)];5
34=18 .68m

The length
of the secondary
computed
by following
formula:

cable

may

fx:
Li=—B—+~
(2.)2

In which: Li = Length of the cable at point i,
LO= Length of the cable at center of span,
Xl= Distance from center of span to point i.

be

(4)

OF MATERIAL

The sail-shaped
dam is a hydraulic
flexible structure
exposed to the air and sunlight,
or soakedl in water
over a long period of time,
so that the flexible
material
must
have
sufficient
tensile
strength,
strength,
durability,
tearing
watertightness,
flexibility y, fatigue
strength,
and frost-resistance,
after
qualitative
tests on
etc.
For this reason,
several polymeric
materials,
we have decided to use
polypropylene
woven geotextile
as the skeleton
of
and coated with ethylene
composite
geomembrane,
vinyl acetate
copolymers
( EVA ) adding
an ageinhibiting
agent.
It is also
required
that
the
geotextile
must be treated,
so as to provide
high
cohesiveness
with EVA. According
to the concrete
working
condition
of sail-shaped
dam,
we have
conducted
various tests of physical and mechanical

1998 Sixth International

Conference

on Geosynthetics

- 1113

properties
of processed
material.
The results are
listed in Table 1.
An appropriate
factor
of safety
should
be
considered
in design of a sail-shaped
dam, because
of error in calculation,
nonuniformity
of skeleton
material.,
loss of strength
during operation,
as well
as the safety demand according
to importance
of the
project,
which is usually in the range of 3 to 5. The
factor of safety of the two dams described
in this
paper are 6.8 and 11.1.

4 JOINT

OF THE

simple type of structure
with low engineering
cost is
a large benefit to the projects.
Practice has proven
that
they
are successful.
However,
the
field
observation
is still taking
place.
At present,
the
height of the dam is limited
by the strength
of
material.
In order to acquire still greater results, it is
necessary
to take up effective
measures
to develop
geosynthetics
with higher strengths,
to improve the
lap joints, and to reduce wrinkles on the dam, so as
to make the structure
more perfect and safe.

Al

MEMBRANES

,1

Due
to the
limitation
of the
width
of
the
geomembrane,
it is necessary
to piece together
by
lap joint.
We have sewn up with polyamide
fibre
thread( density of stitches 2 — 3mm ). The holes of
needle are sealed by thermo-bonding
EVA pieces of
the same thickness
to prevent
from leakage.
The
test results of lap length and number
of stitching
rows effect on shearing strength are shown in Table
2.
Table

2. Test results

Lap length (mm)
80
80
80
80mm

lap length

of shearinz

stress

of lap ioint

Number of
stitching row

shearing strength
(KN/m)

2
3
4

28.3
37.5

and 3-row

Fig. 4 Anchorage:
channel,
4-built-in
6-rubber plate

38.9
stitches

l-membrane,
2-steel
plate,
3stainless steel bolt, 5-steel pipe ,

are adopted
REFERENCES

5 ANCHORAGE
The anchorage
of a membrane
dam on the concrete
base plate or side wall is composed
of built-in bolts
(spacing
20cm ), steel plate, pipe and channel.
To
punch bolt holes in the membrane
is unnecessary.
The pull-out
resistance
test was conducted
before
installation.
The detail of anchorage
is shown in
Fig. 4
6 CONCLUSION
It is an attempt
to use high-strength
composite
build
low-head
water-retaining
geomembrane
to
structures,
in order to open up the application
of
design
careful
and
Through
geosynthetics.
experimental
study,
it is indicated
that
the
properties
of this special
material
can meet the
requirement
of working conditions
of the dam. So
and
far, two sail-shaped
membrane
dams, 1. 17m
1.5m high, 15m and 3 x 15m span, have been built
This
on spillways
of reservoirs
in our province.
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Use of a Synthetic Rubber Sheet for Surface Lining of Upper Pond at
Seawater Pumped-Storage Power Plant
H. Shimizu
Director, Okinawa
Okinawa, Japan
Y. Ikegnchi
Deputy Manager,
Okinawa, Japan
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Construction

OffIce, Electric

Project Construction

Power

Development

OffIce, Electric Power Development

Co., Ltd.,

Co., Ltd.,

ABSTRACT: This paper presents a new technology for dam surfacing based on the use of rubber sheet which will be used
in the construction of the world’s first seawater pumped-storage power plant. The plant, presently under construction on
Okinawa Main Island, is planned and financed by the Ministry of International Trade and Industw (MITI), Japan, with the
Electric Power Development Co., Ltd. (EPDC), under a consignment contract with MITI, being in charge of surveys,
research, designs and supervision of the construction. In designing this pilot plant, the sheet foundation design, the sheet
anchoring method, selection of the sheet material, structural designs, and leakage water detection and dewatering ~stem
have been newly developed in consideration of the requirements imposed on a seawater pumped-storage power plant. This
paper presents the design concept, construction work, the method and outcome of the quality management and observed
behavior of sheets during typhoon conditions.
KEYWORDS:
1

Construction,

Dams, Design, Geomembranes,

INTRODUCTION

The objective of this plant is to develop seawater pumpedstorage power generation technology for commercial use.
The technology will be validated through a 5-year test
operation
and its application
technolo~
established
accordingly.
The plant’s upper pond is located on a plateau at
approximately
150m elevation on the Pacific coast of
Okinawa Main Island. The ocean is directly utilized as the
lower pond. Power is generated at a maximum 30MW
output at a powerhouse
installed approximately
150m
underground. As seawater is employed, a synthetic rubber
sheet is used for the surface lining of the upper pond.
Various new materials and new construction methods are
also employed, including fiberglass reinforced plastic for
the pensl.ock. The seawater resistance and durability of
each structure will be verified accordingly.

Pond Liners
As a complicated
configuration
would provide
ditliculties in surface lining installation, the upper pond is
designed with a layout of maximum possible simplicity. To
improve workability, the dam body is an octagonal mortise
earth fill dam. The slope is 1:2.5 (v:h) considering the
stability of the embankment. Excluding the transiticm layer,
the overall
embankment
volume
is approximately
420,000m3. As shown in Figure 1, the surface lining is
formed with a sheet anchor (filling concrete included), a
transition layer (sheet foundation with crushed rock), and a
lining sheet (main sheet, cushion fabric, cover she@ etc.).
The surface area of the sheet lining is approximately
53,000m2. Started in November, 1994, the surface lining
work was completed in February, 1996.
az~c

. ...=
,<.-. ...+.-- Conduit
-..=L.-

Inspection
gallery-

Figure 1. Structure of sheet lining.

Photograph

1. Panoramic

view of the plant

2.

SELECTION

2,1

Surface Lining Structure

The following

OF UPPER POND SURFACE LINING

conditions
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surface lining.
1. The lining materials are required to have virtually
zero-permeability
to provide a barrier
preventing
seawater leakage into the natural ground.
2. The surface lining is required to maintain impervious
sealing performance
against repetitive
water level
fluctuation.
Although it was possible to consider a concrete, asphalt
or sheet lining as the surface lining, the sheet lining was
finally selected for the following reasons. It is made of
materials which provide a much lower permeability than
concrete or asphaltic linings. Concrete lining has joints
which present weak points in terms of the watertight
integrity of the lining structure overall. Sheet lining
construction costs are also lower than those for concrete or
asphaltic linings.
In sheet lining structures, the sheet surface can either
be exposed or protected by earth materials or concrete.
Here, an exposed structure was selected as it permits easy
repair in the event of sheet damage while assuring high
reliability subject to appropriate maintenance inspection.
2.2

Sheet Materials

The following conditions are required for the plant’s sheet
materials.
1, As an exposed sheet lining structure was selected for
the pumped-storage pond, the water level of which may
be frequently changed, and with the plant located in
sub-tropical Okinawa, sheet materials which provided
less temperature sensitivity are suitable for the plant’s
sheet lining. (Temperature sensitivity shows extents of
physical properties
changes
such as an ultimate
elongation and a tensile strength caused by temperature
change. )
2. Since the surface lining must be resistant to repetitive
cyclic load and its structure must ensure impervious
sealing performance in the location in which the intake
and inspection gallery adjoin the structure, the sheet
materials
are more suitable due to their superior
elongation and flexibility.

selected after studies and comparisons of the material
performance
and workability of these materials,
Since
HDPE provides a low elongation at yield (although its
ultimate elongation is high,), HDPE was judged less
suitable for the plant’s sheet materials.
An outdoor exposure test near the site, bacteria proof
test, seawater resistance test, and marine organism deposit
test were carried out on the EPDM sheet used in this plant
to determine its characteristics under near-real conditions.
The long term durability
of the EPDM sheet was
coutlrmed.
3.

The requirements for the subgrade of a rubber sheet lining
for a seawater pumped-storage
upper pond, are listed
below:
1. It must provide a surface sutliciently hard to support
the sheet, and ensure stilcient slope stability.
2. It drains the spring water from the natural ground,
thereby dispersing the pore water pressure on the back of
the sheet.
3. In the event of sheet failure, it diverts leakage water
downward, finally leading to the inspection gallery built
around the pond bottom, thereby preventing infiltration
of seawater into the natural ground. (A dam body with a
permeability coefficient in the order of 10-4- 10-6cm/s
has very low permeability.)
4. The residual air behind the sheet should be exhausted,
because such air may inflate the sheet like a balloon
when water is filled, or the negative pressure created by
strong wind may pull the sheet up.
A crusher run with a maximum particle size of 20mm
was selected from a number of materials meeting the above
requirements
in terms of water permeability
and air
porosity, with due consideration given to economy and
seismic stability. The layer thickness was designed at 50cm.
In this project, this crusher run foundation is termed the
‘transition layer’ as it is an intermediate transition layer
between the dam body and the sheet lining.
4.

Table 1. Characteristics
Materials
Ultimate elongation(YO
Tensile strengthen/cm))
Temperature sensitivity
at hi ~h temperature
.
at low temperature

of the sheet materials
EPDM
PVC HDPVC
~~~

l~!~

L.S.
L.S.

S.
S.

lti
s.
L.S.

HDPE
~
s.
s.

Notes: Values in table are minimum values of the standard sheets. L,S. and S.
denote less sensitive and sensitive.

Synthetic rubber (EPDM), soft polyvinyl chloride
(PVC), high density soft polyvinyl chloride (HDPVC:
specially developed PVC for improvement of the physical
properties and feeling (like rubber) with increase of PVC
molecular weight and the addition of plasticizer), or high
density polyethylene (HDPE) are generally employed for
the surface lining of sheet linings. The characteristics
of
the sheet materials are compared in Table 1. EPDM was
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DESIGN OF SUBGRADE FOR SURFACE LNING

4.1

DESIGN OF SHEET ANCHOR
Study of Sheet Anchoring

Method

An exposed surface lining is used in this plant. In this
structure, on-site adherence works may present structural
weakness. For this reason, the concrete block anchoring
method was adopted in order to alleviate on-site adhering
works. In this method, the on-site sheet adhesions are
embedded
into specially designed U-shaped concrete
blocks with filling concrete. No sheet-edge bonding work is
performed on-site except for the cover sheets that provide
an impervious lining over the anchoring works. As this
anchor method is sutlciently
heavy and wraps the sheet
completely,
it prevents wind damage experienced
by
anchoring by flat bar or by wrapping into buried pipe. Also,
with the sheet surrounded by the sheet anchor, a sheet
failure would not extend beyond the surrounding area.

4.2

Sheet Anchor Block Design

The following fimctions are required for the sheet anchor.
1. It must anchor the lining sheet firmly.
2. The main sheet surface must not adhere on site.
3. Its conf@urations and weight must be durable against
sheet deformation resulting from an earthquake or a
strong wind such as a typhoon.
4. It must provide an effective exhaust capability.
The U-shaped precast concrete blocks provide the
fimctions given in 1, 2 and 3, To include the fimction
described in 4, therefore, a precast unit with built-in PVC
tubes was designed, as shown in Figure 2. One of the main
reasons for designing a concrete block with built-in PVC
tubes was that it requires less filtration installation area
than the method which uses a buried perforated tube to
prevent clogging of tine particles during stone crushing,
thereby significantly reducing the risk of tine particle loss
due to filter failure. Another reason was that it prevents the
risk of sheet break due to subsidence of the transition layer
caused by a tube break resulting from uneven settling of the
transition layer. The exhaust tube also promotes drainage
of leaked water in the event of sheet failure. A patent
application for this type of sheet anchor structure has been
filed.

anchor intervals in the slope direction. Regarding sheet
deformation,
a rectangular
rubber sheet sample was
anchored at its four sides and caused to swell with
compressed air supplied from behind. In addition to this
model experiment, numerical analysis was conducted with
a finite element method (code name; ABAQUS) that
permits the handling of super-elasticity materials such as
rubber sheet, Where the aspect ratio (ratio of short side to
long side at the sheet anchored area) was 1:2 and 1:5, the
model test showed no significant difference in deformation
under the same pressure. This analysis also indicated no
significant difference in sheet deformation
where the
aspect ratio was larger than 1:2. The test indicated that
deformation does not exceed a maximum 28’%.increase. It
is, therefore, unnecessary to install a sheet anchor in the
horizontal direction on the slope when the anchor intervals
in the sheet
horizontal
direction
are controlled.
Consequently, the sheet anchor in the horizontal direction
on the slope is located at the crest of the pond, berm, and at
the toe of the slope.
4,4

Sheet Anchor Stability Against Sheet Swell

Sheet swelling due to strong wind induces tensile stress in
the sheet and causes the sheet anchor to lift. In this case,
sheet anchor stability was studied using the sheet
deformation calculation model shown in Figure 3, The
results of the study were compared with those of the
previously described model test and it was cotilrmed that
the values derived from the model test and the twodimensional calculation model matched.

the tube

Y

drainage

I

Main sheet

1.

Figure 2. Anchor block.
4.3

Study of the Sheet Anchor Interval
Y

According to this principle which is to eliminate on-site
adhesion work on the exposed side of the sheet, the interval
in the horizontal direction of sheet anchors was selected so
that this would be as large as possible in reference to the
maximum width of a sheet capable of being manufactured
and transported to the construction site. This synthetic
sheet is usually manufactured in 1.2 m wide belts which
are joined at the manufacturer’s plant into a single wide
sheet.
Considering
the
restrictions
in the
sheet
transportation and the handling / fabricating limitations at
the manufacturer’s plant, the lateral interval of the anchor
works was taken as 8. 5m for slopes and 17m at the pond
bottom.
For the interval in the slope direction, the sheet
conditions during a strong wind such as a typhoon were
considered. Strong wind induces negative pressure on the
sheet surface. If air enters under the sheet, the sheet swells
to maintain the balance of the inside and outside pressure.
In this case, the sheet anchor intervals in the slope
direction were determined considering the relationship
between the sheet deformation
(swell height) and the

A

Pa
0

T+ dT

d,

wTd
/

dy

e+de

x

Figure 3. Sheet deformation

calculation

model.

The calculation method is outlined below. The negative
pressure on the sheet, Pa, can be determined from equation
(l).
(1)

Pa = ‘CVZ
2g

where: Y , = weight of air unit volume; C = coefficient of
wind force; v = wind velocity; and g = gravitational
acceleration.
The mechanical
equilibrium
of forces is
expressed in equations (2) and (3).
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+ dd)

(2)

TCOSO+ P, ds sind = (T + dT)cos(8 + de)

(3)

Tsin@ = P, ds COS13+ (T + dT)sin(d

where: T = tensile force induced in sheet; and 6 =
swell angle. Relation of T = f (v, 6 ,LO) and L = f (v, 6 ,Lo)
is led from the equations (1) through (3). Also, the length
of the sheet after swelling, L, can be determined from
equation (4).
(4)
L=~Lo+Lo
E
where: o ~= tensile stress (T/A) induced in sheet; A =
cross area of sheet; and E = elasticity coefficient of EPDM
sheet. Substituting the relative equation between E and u ~
obtained from the model experiment for Equation (4),
leads to another equation, i.e., L = f (v, O ,Lo) due to the
relation T = f (v, 6 ,L~). Therefore,
iteration
the
calculations for the unknown v and 0 until L obtained
from the two equations match, the sheet deformation
(deflection angle, swell height, and distortion) and the
induced stress in response to the optional wind velocity can
be calculated.
Assuming a sheet anchor interval of 8.5m and a
deformation reaching the limit of O =90° (semicircle), the
mean wind velocity, distortion, and tensile stress were
calculated from the above equations. Consequently, the
sheet distortion becomes 57. 1°/0 and the tensile stress
118N/cm:~ at approximately 43m/s wind velocity. These are
stilciently
below the standard values of the main sheet
(EPDM) shown in Table 2. The force toward the upper
sheet anchor is determined from the tensile stress induced
in the sheet is 4,7 10N/m, which is less than the sheet
anchor weight of 5,370N/m. Assuming a sheet swell, the
sheet anchor would therefore not be lifted.
5.

DESIGN OF LINING SHEET

5.1

Member Structure and Lining Sheet Material

As described, the major lining sheet members for this plant
are the main sheet, cushion fabric, and cover sheet. The
functions and materials of each member are described
hereafter.
5.1.1 Main sheet

The main sheet is a trunk member of the lining sheet and
inhibits seawater leakage. As the lining sheet of this plant
is exposed, to improve its ozone resistance the proportion
of EPDM in the rubber content is higher at a minimum of
70Y0.
The basic specitlcations are shown in Table 2. The
thickness
is established by considering
the strength,
resistance to irregularities,
and workability. No special
conversion of the plant production line was necessary for
the 2.Omm thick EPDM sheet. The ultimate elongation is
determined by considering the partial deformation. Since
the sheet used in the plant was improved to reduce the
tension set, its tensile strength exceeds that of the standard
sheet (750N/cm2).
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Table 2. Basic specifications of the main sheet.
Thickness (mm)
2.0-2.3
450 or more
Ultimate elongation in tensile shear test (?40 j
Tensile streruzth in tensile shear test (N/cm ) 981 or more
Sheets joined and widened at the manufacturer’s plant
are used for the main sheet. To minimize irregularities in
the adhering surface of the cover sheet by reducing the
number of joints wrapped in the sheet anchor, the main
sheet is joined in the slope direction. The tensile strength
of the joints is greater than that of the original sheet. A test
was performed to check its impervious sealing performance.
The results confhmed there would be no air suction due to
negative
pressure.
According
to records
regarding
agricultural ponds, it is clear that with no water leakage
through the joints, therefore, it provides the necessa~ high
reliability.
5.1.2 Cushion fabric

The cushion fabric prevents
small irregularities
and
protrusion onto the surface of the transition layer and
concrete from affecting the sheet. It protects the sheet from
the edges of the crushed stone and concrete. It also
prevents sheet failure due to local deformation as it makes
the sheets installed surface smooth, thereby completely
distributing sheet distortion to prevent
local deformation
of the base. (Elongation ratio in proportion to the same
deformation is reduced.)
Long-fiber non-woven spun bonded fabric is generally
used as the lining sheet cushion material. Compared with
polyester and polypropylene, polyester was selected for the
raw materials of the cushion materials, because of its
excellent heat resistance and for water-proof performance.
A repetitive hydraulic resistance test was carried out for the
on-site sheet adhesions of which the base was a 20mm
diameter simple grain material, assuming a loss of fine
particles from the transition
layer. Consequently,
a
minimum of 800g/m2 is taken as the standard value of
weight (mass per unit area).
5.1.3 Cover sheet

The cover
sheet provides
an impervious
sealing
performance of the sheet anchor concrete surface which
can become a weak point due to crack formation, etc. (The
sheet anchor fixes the sheet mechanically. Its structure is
dynamically stable. It does not, however, provide a water
impervious seal.) Its material and specifications are the
same as those of the main sheet.
5.2

Cover Sheet Adhesion Method

The adhering areas of the main and cover sheets are
exposed. As this is the most important area for the water
impervious seal of the surface lining, an adhesive tape
(self~uring adhesive isobutylene-isoprene
rubber tape) was
used. The adhesive tape prevents condensation due to the
can
adhesive when the sheet is cooled. Condensation
occur due to the heat of vaporization associated with the

adhesive”s
organic
solvent.
The isobutylene-isoprene
rubber adhesive is initially combined with a curing agent.
As this tape cures slowly, it eliminates any extra work
required such as brushing, and results in a homogeneous
adhesion surface.
:30’!
-.
.:::

1
Adhesive

tape

Two-component

adhesive

b

Displacement

(mm )

Figure 4, 180° peel test results
A 180° peel test was conducted on the adhering rubber
sheet both tier using a two-component adhesive and the
adhesive tape. (Accelerated curing was used for test pieces
at high temperature so that they provide the final adhesive
strength.) The test results are shown in Figure 4. The peel
strength of the adhesive tape is greater than that of the
two-component adhesive. Here, the most important factor
is that the adhesive tape shows smaller fluctuations in
adhesive strength on peeling. Consequently, the adhesive
tape ensures a higher water impemious seal. Adhesion
with this tape prevents the formation of water leak routes.
6.

QUALITY
INSTALLATION

6.1

Transition

CONTROL

IN

SURFACE

LINING

Layer Works

Stable quality is expected in the transition layer works
since all materials are purchased from an existing crushing
plant for concrete and road-base materials. In compaction,
the finished density and surface conditions may, however,
vary and quality control is, therefore, most important. The
control standards were developed for precise quality
control including a compaction method specifying the
compaction
equipment,
spread depth,
and tamping
frequencies / times.
The control standards were developed based on the
following basic conditions.
1. The material grain size shall be appropriate.
The
material shall be dynamically stable. Its structure shall
also be stable in terms of the soil hydrology.
2. Compaction shall be sutllcient.
3. The surface shall be smooth and dense.
The focal control points for the materials, compaction
and surface finishing are grain distribution, dry density
and flatness respectively. The controlled value of the field
density was set at 1.92 t/m3, 70% of the relative density, in
reference to the compaction test data for the material

containing mtural water. This value was shown to provide
sutlicient strength for the embankment
slope stability
under the natural water content or saturation (postulating
sheet failure) according to the triaxial compression test
(CD test), and was selected with due consideration to its
workability. Regarding the site density test methocl, the RI
(radioisotope)
method was used mainly as it allows
measurement on the slope and is a simple method. The
water replacement method was used in addition in the flat
area and in the bottom of the crest and berm.
The quality control test showed that the values satisfied
the control standards in all works (Table 3). The on-site
permeability test also showed sufficient permeability for
the transition
layer. The site test conducted
after
compaction by the tamping method used in thle actual
installation showed that in the case of a minimum 10”2cm/s
permeability coefllcient, the transition layer performance
of the residual air exhaust under the sheet was assured,
with an air permeability coefficient in the order of 10Ocm/s.
Table 3. Quality control test results
Items
Spec.
>192
DV density (t/m3)
–
Permeability
Coefficient (cm/s)
6.2

of transition layer.
Ave.
Max.
Min.
2.03
2.37
1.92
0.27

1.50

0.014

Lining Sheet Installation

For the lining sheet installation, control standards were
developed to specify the installation conditions based on
the temperature,
humidity, wind velocity, etc., control
method for the adhering area of the cover sheet, adhesion
width of each member, and the adhesion location i.n detail.
Regarding the material quality, an inspection was
conducted on all points of the basic specitlcations every
1,000m2. The rubber sheet quality may vary depending on
the quality control in the raw material mixture process,
pressure in the curing process, and the temperature control
accuracy.
The cover sheet is the only member providing an
impervious seal to the on-site sheet adhesions and thus
requires a highly reliable adhesion.
Quality control
includes visual inspection and confirmation by touch to
check for adhesion defects. Inspection with an inspection
spatula confirmed no partial gaps remained not to adhere
at the edges of the adhering areas. A negative pressure test
was conducted throughout the adhering area. (Apply soapy
water to the adhering area, repressurize
at a minimum
0.5 lMPa over 10 seconds and check for foaming,)
Table 4. Quality control test results of adhesion work.
Tensile shear strength
Items
180° peel strength
(N per 25mm)
(N per 25mm)
3 months
7 days
7 days
Curing
period
39;! or more
196 or more
24.5 or more
Spec.
503
631
80.4
Max.
314
405
29.1
Min.
509
434
Ave.
55.0
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Test pieces produced under the same conditions were
cured for 7 days, and the 180° peel strength and tensile
shear strength were measured. The tests confirmed a stable
adhering surface had been formed. The tensile shear
strength was re-evaluated after a 3-month curing period
and it was confkrned that the adhering area provided a
strength equivalent to that of the main sheet. The test
results are shown in Table 4.
7.
OUTLINE
DEWATERING

OF WATER LEAK DETECTION
SYSTEM

AND

The system leads water leaking from the sheet to the
inspection gallery (height= 2.Om, width=2 ,Om) through the
transition layer or PVC tube built into the sheet anchor.
Since the groundwater from the drain hole on the ground is
also led to the inspection gallery, it would be possible for
the seawater and the fresh water to mix. To prevent such
mixture, a pipe is installed from each conduit to each drain
pit directly to collect the water. The leakage from the sheet
only is pumped back to the upper pond. The groundwater is
discharged to a nearby stream through a drainage tunnel.
The seawater is, therefore, not discharged to the outside but
returned to the upper pond and discharged back into the
ocean after power generation.
As the fresh water is
discharged
to the stream, the system is ecologically
friendly.
Leakage from the sheet is detected by a salt analyzer
(electronic
conductivity
measuring
unit)
and
the
fluctuation in the volume of leakage are measured by flow
meter. Both instruments are installed on the conduit. To
divide the slope into 55 and the bottom into 9 sections, a
transparent
conduit (acrylic) was installed to facilitate
visual veritlcation of the leakage locations in each section.
8.
LINING
WIND

SHEET

BEHAVIOR

UNDER

STRONG

system piping, etc., had not been completed. Air was able
to enter the sheet without restriction through the built-in
sheet anchor tube. Consequently,
a maximum
sheet
swelling of approximately 1.5m height took place ( 10min.
mean velocity; maximum
18m/s, Photograph
2). The
lining condition after the typhoon approach, was checked
by visual inspection when it was contlrmed that there were
no problems such as sheet failure, and almost no residual
sheet distortion or transition layer interruption.
Although typhoon No.21 approached in September,
with an equal wind velocity, sheet swelling was ccmtrolled
to approximately 1/3 by cutting off the air supply from the
built-in sheet anchor tube. Since the crest road was paved,
it was reasonable to assume that air inflow from the crest
into the transition layer would be effectively prevented,
thereby fimther controlling sheet swelling.
9. CONCLUSIONS

Following the completion of the lining in February, 1996,
fresh water (rainfall and groundwater pumped up from the
underground powerhouse) has been stored in the upper
pond since June, 1996, to protect the lining sheet and to
eliminate residual air from behind the sheet prior to the
actual operation of the plant. No water leakage has
occurred. This sheet lining has complete technically and
has become the main development toward the realization
of the world’s first seawater pumped-storage power plant.
Also, it raised the sealing contldence in the sheet lining
used in agricultural ponds etc.
The paper presents the following suggestions for future
projects with the rubber sheet lining for better technology.
1. Further improvement in the adhesion performance for
on-site sheet adhesions is needed to enable application in
ponds with larger water depths.
2. Transition layer material has been developed for low
cost performance
and better workability to meet the
necessary functional performance.
3. Minimizing
the ‘human factor’ in lining sheet
installation would improve work stability and et%ciency.
4. Where this lining is applied to store fresh water, the
lining performance
can be dropped to some degree
Cost reduction
compared
with seawater
storage.
resulting from a more streamlined design will be the
subject of a future project.
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Photograph

2. Sheet swell behavior in strong wind

In 1996, five typhoons approached Okinawa Main Island
and provided opportunities to observe sheet swell behavior.
When typhoon No. 12 (Maximum instantaneous velocity;
maximum
28m/s)
velocity;
10min.
mean
49m/s,
approached in August, the water detection / dewatering

1120-1998

Sixth International

Conference

on Geosynthetics

REFERENCE
Takimoto,J. and Onoi,Y. (1997) “A Rubber Surface Pond
on Strongly Weathered
Rock Foundations
for the
Seawater
Pumped-storage
Power
Plant”,
ICOIJl
Congress. 1997 Q.73, R.32, pp479-498.

S31ixlrnlhispqlfx.

KEYWORIX:Blank@ Cds,
1

Geoxqme

“ ,msigl-ldEnE.

INIRODUCI’ION

HumgMwgIksemirrntiM—ofmm~

ticxn1958to l%lwdhacahxal
maof234CDlarf aulacapityof
l.21billicmm. m, It basanamihary damwithaknglh of XJX)marda
maxinmm lEi@tcf19.2 m.llEowdsmkn
Iayrofktldatimis
cmnpmdof-d,sd
glmelamldbl
es.mahiwd
layer withihickmsof3-10 mwasu9xlasnaloml ~impmicm
bkdeI. Alctofcxmlsmmmxicmewalpmoftibkdcaatlersmge
ofwlK!r tirmethm35
yalstito
tiEunqlal sdenEslofttEwil
laywuwkrrlEwWratxMaalMll
leQxkswtzeKsMidlytiby
di@lg*dkk61ktlwitllm&siwsoilmbyglwiogwilhllnKla
cerrm. Anof&
Imawlesllxl
waylittleetldhlmllyealsslm
cmkswHemumkritE
damaimi@exidrnti
iisl@imasfi
mlkh'mm!amskkof
thedam.ltwasiiluxl atlerexpldmdexc&
*thatnsmtclwksQlllEwlwlsilaxiqla-litl-meumk!rl&dam
weenr611yk@ e@y. Itwasgmmlly ccmikmdtith?
cmksmtlE
blanketwulldcblitdeharm totimerluir Imttb!letilkdammigbt
calseseepge t2ihlternttEfcmMcsl .hloKlKbn3iain tlEwaErrntbs
mmw-lirtiom mclinmlyillo
lhecdsulxkr
tlledamamimti
blaokamart ktiahofusing
geqdmislohtzl
tkcmks
waspmpmed. Tkwhokwwrkcomim ofastzksoflalmmmy tesNaoda
>-ti*HArn

-@3n—~
h sckm.

2.1.1

Figm

Steel

plate

Soil

50 “In

sample
,

1.

J

Testkox.

Tdie L Pmpema
“ of gmymbem.
TypEsof
l-Mms of

we@tof

SllipeEmile

Elcn@im

~~-w-aw
(KN/m)

pvc~

0.6

—

pvc~
--

0.45

210

(%)

9.49

282

12.44

83

Test E@prmrttiSampks
Testbox

Aboxwith@of2.5m
x 0.5m x l.Omismzk ofs@amidivickd
irmtMOslQks 'lklE@ofedls&xy
iso.5m. Fla0&plmsaIrllutixr
weNigtmsalwe
leusxltople wrftJlekika$ Ofwal E!rkm'wnsiCnies.
Inkfadadktpw
vmeimlauedas*rnFigutel.
2.1.2

and

Outlet
r

(m@

2
TESIS OF HYDRAULIC TRANSMISSIVII’Y OF THE
SPACE BETWEEN THE GEOMINIBRANE ANDIHE SOIL
2.1

Air relief valve

Pressure gauge

Table2. RqmtEs“ Ofsoilsamples.
c~of
soil
y,
Dkitmcm“ Ofgminti (%)
Sa@es
0.2541 0.1-O.Q50.05-O.035 <O.(I35 pmm?ab@
mm I@m/s)
mmmmmm

(KN/Id)

N().I
NO.2
No.3

15.2
15.0
14.4

10.5

39.5
6.5

1.0

?4.0

44.9
63.0
61.9

5.1
30.5
3.1

7.(FJX10”5
2.63 x 10-5
9.23 x 10-5

Flqmtksofgmyll&bzmrlwilwq)le.

1998 Sixth International

Conference

on Geosynthetics

-1121

2.2

Tea Fmcedum

2.3

TestR@tstiMeqm#im

Ambzureofllme kimkofwilsampks wasu@rnti@sls
withalhklc13f@teslswelecan-kdti lhn19M@lW5.
mckhaIyyoftiimermsof05mamlchyckdy
y~=15KNti.
Asamldminwithawkhh
ketlmv, dtheRalhlf@li-E@ zcnm@sw.eleltxm&d.- flEh@zulk
of3OcmwaspldattEcsdeIezxiofthebm.Asieel@ewzswekkd
_I_ti~weEcakub@damItihyddk
mtkfnMtaxllxidcskks oftlElmxtoqxmaetlE ddmilliiumtksoil
tmnsmM@j e Ofedlsegrmllbmwcllewly
t’wpiemnelmmbe
Gmnmnhmwasplonlk
soilwrkwith
a30cmgaptoalcakukld I@Efdlowhgeqlaim
*
lowtiwtaerilowilgi motkgmmdxmd
hlerfax. GllewasuEci
g=;
bpIewzlleaka& almgttEimlT kesoftlEbox.llslrpiezmam
wwe
p*ti~ti
l”atidti2,Y,4#
mtid.
*
e=ll@allkllammid@y
Oflllespeklwxllgxxmmlxam
Alltsxpkka,9wmp.mMskktlEgmdxare.
Sormpcqxe
tid(d/s>Q
=_d_ti(~/s}
B=wfidti
sweo41swesellnied rnkdsan@e.
ThHaikdlayaltisslnv
nrnFig.
box(m); I =h@aulk@kakelwentwopk,,saem,I=AlmL
=
l.lksoilsmqlkwmpmatmd.w
mmvassqikdw’ithvalixiw
dklame&lw3m tvm@zonx3ex3em]AH=wz4
erkxisdif&mekedlq3mtid%MMm@ti4
b14*@k&
twetn lwo pknxmm(m).
dlat&oftkitlelke
ilowlhtulghtlEspx
belswentkpmdxalE
~titimofti~,
T@ N,l, ti-,
rntih0.6m
dllx?dbmxning
slabk. Fmmtklmcmk oflhepp-esmlerdls
PVCgmmtnamWaS~
aIegiWnrnTaMe3.
lluiedrnlt-Emilsanple, tlEsepgpvzuerttn@ltl12
wilbdywasc@k
.smdlalxlcmldbneghed.
Table3. r&sllhsofTesl No.1.
Waakd Ihain DiKbm& Reaiilgcf@i
b
cakddRidwkdl94, l=o.%1 4-Y, 1=1.(kn 7-2, l=om
7-1’, l=o.ffi
Y-1”, 1,=1.%m
H(m)

(dig’s)

(lO%f/s)Y4

721’

AHe

AHe

AHe

(I@ (1OWS) (m) (10-4II%) (m) (10%7s)
1.0
3.0
6.0
9.0

5
4
4
14

0.o13
0.042
0.11
0.197

0.93051 — 0.11 0.C12
2.832.14 0.S9 0.750.04
6.104.932.35 1.750.05
9.CO7.954.753.330.04

0390.0.32
0.660.033
1.20 0.C137
1.050.178

ms3abowlablesbw’s lilatl-EvahEsof tmo9nN@6wuysigni&@
ikli&!mmwa-**ti-.m*
atk@tib?vahEsof
em:o,
rlEcii&Emeof-~ti
mKltdowltb? @mmhan2, @,th2Waer*csltidmb,ti@,
tiHbatititi@dti_.
Wea=
thattkvalwsof O rnticiseofkxwrWaterM
&I=3mamlH=6m)
atkinletsegnW
&lWmX15#d4#pizuI-m
)aRsmdk!rtl-lmtlxxe
atl’L?*WgIIWs
@sWtz14#d YpkamE&zs, ald3faId’Y@
im’rHem), Whkhmi@becmdlyth?
h%dluisttttEinki. Butrnrll?
caeofiliglXrWWrhz-d(H=9m),
ealtBi0k!ts3g0XlhmmMs lal-&q
Wlldlmi@ttecaMd@ lh?largerWtledmlofth? WilbXlylmk!rhi@r
Warerptissueamlalargfspxb
elwentkgmmmham
aullksd
beiogfixnd
Onticib-hatdan lhvahnof
e attlEdel-@WIm’2$
iM-dl`pkzxmlm )aRsnr4kxtbanlhl% atdra-stgn-@lxcauseti
gcmmhamzitimtlet.sgmtzlw
asdjededtoakzgepre
smdifhliletimil
enxtimatkal
argeckhmahm “ Oftigeumdmmd
samplewissubj@dbamy
.sznallw4erpestueWhichmdemyliUle
sellhMloflh?sOilkcdy. HelXXlh?irmfice qBXMM'Wnti&lxxIrm
tnmardtidlisWl-y
m-!anrnlhissegmaK AttisqyrsmslileWilLlB
Ofe!!al ydltkmerh% dswllidlmi zkdiiltmlckhmmcm ‘ Of&
gmlmnbEal-dti
Wilsan@ean.iafMedti~
te&espxEbehWn&gWmmbmEatxl
tiscil.

1122-1998

Sixth International

Conference

oftib

on Geosynthetics

3

1.25 O.w
m 0.108
3.2) 0.L54

0.14 0.33
0.63 0.23
1.45 0.17

AHe
(m)
O.(J2
0.71
l.m
326

AHe
(10%7s)
0.018
0.CD7
O.m
0.037

(m)
0.88
2.%
6.05
8.%

(10%%)
0.071
01.073
0!OR3
O.l&i

PERMEABILITY OF G~MEMBRANES

lhepm-mawyof ~~~~
“ byth?wvr(w~
m VapTmmm&icn )t&n-d’dWgJ$?mdty AsTMEXi
I-h0(l%4)canidcut
a*oflesLsfh
dill&slkid of R31ynmi
n-smhms. m*ofwvTcarlk~*~
ofp_K@ti_rxFMM&Md_):

WVT
‘=

S(R, -RJX1.175X1O’O

tik=~of
. .
Tmnmsc@d

Al

&mMnME(clM); Wvr
,daJi]s=h
~w-am@m-

= water Vapm

FMO@mmofIIMU-@>S ‘~~~V;R]
‘~mm
withintikstcqx R, = l.OrnH.axo’st@~ =ttEn4i4iwhum@ad&ti&q,
~=o.2rnwsq
N=tiofti1~
(mm).
lkWVT@sfaadticcmvspdirgvaluesofkofPVCmmh+
m meptm$edrnTaMe4

Tdie4. ValmofWWadkofPVC
Wvn@d
‘nkklEsOf Pvc

mnhaE
,day) k(c?ds)

~-----

--------------ti. ,’,.l

~mm)
0.28
0.51
0.76
0.79

4.42
2.97
1.94
1.85

HemetkvatwkofPVC

4x lcr~
5x 1(3U
5x lCJU
5x 10U

rmnham Ian&sliun4105x

4

DESIGN SCHEME

4.1

GmmlIMXi@m

Khl-ds.

q=kIA=kIl

TIEwiihdtk
gmqlcdealtitial
ketislmmwhaemksgnerallyoccmmdarrlthatontk damslcfeis'iOm&@nnimdby
th3high
watalew!l.71E SdElmisaxlqmxlof
lhleemri-s?salttEcms%lm@
rmdy,lk.alkqn&*
tlEdraim&lei@dtidanldpledl
Asin@e~ofO.5mm
gmmmlxmwilha
kngthof50misIMonttE
blanketofti~ma
mmpmlemk
of 0.5mm gemem
ts-amald2X)ghlf medkymM
_tia@ofmmti
m-aulammpmiteof
~*
alm@ofalmt
T3mcntkdam sip. Admimges@emkpmvikdto
la?epluwwierpessuIeulx.ierlkgeomlbEdgmxnpkecmtlE
blanl@.Itomishofnim l@Wlimldmina& pipes zirlmmlsoflb
cmtmswmal_
p@aculkcmg wellamiawmppmpto
odlect
ardpmpal_W.
Wkyutk&nvnrnFigm2.

pztiwkb

(1)

WhXq=cpdiy
of Wzatxpmmaing thm@ldlegcs’nzdslxql
=
~d-~&l=~q=@(d/s~tiwM>k=
pmm&Myofgomrlsm,
k=5X10”m@
I=h@tdkg@@I
=@
AH=di&aeme ofpesuelxal
*atd
MmvttE&mlnk,

AH= l&yt=lllklamofgxsmlh&

t=5

SuMUingitloq.(1), Wgel @=lo”(l&y)dx
Ill?cpdyofwmrpmlwhglhm.lghkgmmdxam
O loadimrcexwillbeqX = J02q

qx = 10D :
J

X104m
tiltlE@@

,cr

(l&y)&

‘kimlke-tlm$llkspxe

@

tsmwmtkgtamllbmdti

SJilw’iulx
q=19

50

:

I

50

Drainage
reach
+ anti-seepage reach
Figure2. Cms+mlm“ ofcksigrl*.

(3)

70

~

Dom slope reoch

@)

y=af+bx+c

4.2 Pnswre Harlsumlerti

GmmmtxmlxlwanPipes.

4.2.1’1b vdtTIEdet@imImkrti
(FiguIt!3)
htth?dimKebetwenany

&mmdxambelWtentvmpips

tw@p2ake2L

s3tlEaiginallEmd-p2im
UIdertk
fpmmhamataddimx
xfiumticri.gb
~~ofwklti
Th?c@ityofWerperndngttmxlghtk&JIIdXuwiIltE

oftlEimervalb3wlltwQpip31J3

ybetlEpeswIel-sd

(9

1998 Sixth International

Conference

on Geosynthetics

-1123

InlkcksignoFa&airnge syxicmackiixiof cmlmkwithsizecf lcnf~
4033dofllE @mlmhaEwwklkcmkkled(Gir@
15E9).Aoxld
il@yttEc@@ofwz4ertbwirgllml@lltEdz&c&wcslkikcslinwdty

‘lkmmirmrn llAlnxkrllE@xllmhmlllwtHlhmp@s.

4.2.2

‘=~fi
,*
u=-~
=0.@, A =~of~
=
Icnf; h= 18rm A&rsuhdwhwe@q=
122 Xl@m?/sper~~.
-llE@lalk@hoftke
AEscrflk!gmmnixm
isdxlllmqilm
4033n+mnqmlistoawdhaf403YlX)
= 23.5m Th3qmliiyofwaer
a-k-~tiwtik
~ =1.22x l@23.5 =5.2x l@nf/s@@witkh)

wlldlmkeqrallollsxp@ 'ofklfzedi&u&qmxlkllbyeq.(4),
irlovdlirhsliNil@ q.(9w@

cDNcLmms

‘=2’=
:(-3++’=-?$
10-10

(

18x+~:x3–

Flx

)

=–

(8

2Hx
TO

Wegxhmax.kdwhmigkl

18x
H= —
X–;

(9

3 2x
;–rexlo’o

Intkd-seqq9E@
L=lW2=5n3
O =0.155 x10-sni?/$stb
sduir@oeq.($J)w@hmx.htaiH
= –0.l46mFnti_Icz@L=~
0=0.3 xlO-snf/s, s&litU@tieq.
(9)wg@tlEmax. klH = –0.064m
42.3 Q@lyofw@a-lbwirlgiIlop@sdsmlqn&mlpmrEahl

Tabk5. @miy ofw’zirxlkm@im@p.
Ql@ydwz&r(lo+m7s
I?xitimcrfpip
16.7
‘IIElpmam@
P@nmddtzimge1.8
Rceadamksx
7.2

pm.lldti)

4.2.4 Q@@ofwadkTA@htmghtlxxkk@ofti~.

1124-1998

Sixth International

Conference

on Geosynthetics

GhudlP.axlBcsqsmeR (l%S)’’Lea@Pt
hm@IIitMSCkxNnHed
Gmlmmkm Iiml#, Ga@llkd
vdh Gmmsrhm-Rztl.
&mrbzmm,vol,lN.1,
Else&r&ime PIM&smLid, u.Kp.64
Haxo,H.E. &al. (1%4) TknmzMyof_MmbmE
Iinirg MaGmnmhnm. Illlwr,
Eaiak’’l%lzdr@ ~-~
USA. ~.151 – L%.
Koemr, RM. (1994)LMi@qg d Gtm@z&T (Ihd13iit@ _
Hauim. Newklsey, USA. ~.432-433.

Installation Damage Field Tests on a Geomembrane
of the SELVET Dam

and Waterproofing

H. Girard
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de Bordeaux, 50- avenue de Verdun, 33612- Cestas Cedex, France

D. Poulain
Cemagref, Groupement
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C. Mine
PRODIREG,

20- Avenue des Chevaliers Tireurs, 73000- Chambery, France

G. Potid
SIPLAST, 12- rue Cabanis, 75680- Paris Cedex 14, France
ABSTRACT : The SELVET dam, located in the center of France, at an altitude of 1050 meters, was completed during the
summer of 1996. It is 18 meters high and, with a crest length of 250 meters, can store 600 000 m3 for drinking water
purposes. Its backfill in stony gravel is waterproofed by a bituminous geomembrane placed on the upstream face. The choice
of this geomernbrane was the result of tenders from the relevant companies; the design of the support and protection layers
of the geomembrane and the implementation conditions are presented. In particular, field tests were performed to simulate
installation damage during construction : 6 different structures were tested to define the Geomembrane Lining System
(GLS), the purpose being to use local materials with sharp stones. Results of laborato~ puncture tests are also given.
KEYWORDS
1

: Geomembrane,

Dam, Installation damage field test, Bi-axial tensile test, Puncture test, Slope stability

PRESENTATION

The substratum is a permeable basalt. The initial solution
consisted of an embankment
dam, constructed with a
0/1 50 mm basaltic
random rocktll
together
with a
watertight seal provided by a central diaphragm wall
inserted in a silty gravel transition core (0/50 mm). A grout
curtain was necessmy to waterproof the foundation.
In this case an alternative solution was adopted using an
elastomeric bitumen geomembrane placed on the upstream
face. This was more economical and allowed the work to be
completed in a shorter time. Because the fill was entirely
random rc)ckfill (0/150 mm) and not affected by rainwater,
dam construction could take place in the winter.
The choice of the geomembrane was the result of tenders
from the relevant companies and was justified by its
competitive price and its references in France for this type
of dam. The support and protection
layers of the
geomembrane had to satisfy the usual economic objectives
for dams of this nature and the specific tectilcal constraints
at this site (in particular, resistance to puncturing from any
sharp stones found in the fill and to the thick ice during
winter). The final specification depended on installation
damage tests realised under actual site conditions (on-site
vehicles running over the protective layer). The six different
Geomembrane Lining System (GLS) tested ranged from a
minimum GLS, where the geomembrane was laid directly
on the basaltic random rockfill (with any especially large
stones removed) to the most complex one which was
carried out with a bitumen stabilised support layer and anti-

puncturing geocomposites. The article describes these field
tests and the results obtained from visual inspection and
burst testing. These tests helped to determine the final
choice for the GLS (figure 1). Its installation, together with
the precautions taken and the stability calculations carried
out are described in detail.
1
2

.7

1:0 / 300 mm random rockfill ( 0.60 m to 1.40 m thick)
2:0 / 31.5 mm gravel (300 mm thick)
3: Geocomposite (800 g/m2)
4: Bituminous geomembrane (4 mm thick)
5: Geocomposite (500 g/m2)
6: Gravel - bitumen emulsion mix (150 mm thick)
7:0 / 100 mm random rockfill
Figure 1. Cross section of the Geomembrane
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Complementary
laboratory testing (puncture tests) was
also performed for research purposes; comparisons of the
results of these tests were made with the results of the
installation damage tests in the field.

2
ADVANTAGES
SYSTEM (GLS)
2.1

OF A GEOMEMBRANE

LINING

Basic solution

A first study carried out in 1991 had evidenced that various
types of dams could be considered for this site, namely in
concrete (gravity dam), rock or earth. The geological and
geotechnical
surveys, continued
in 1994 and 1995,
evidenced that a flexible, backfill type dam was more suited
to the context of the site than a concrete dam.
The materials available on the site consisted of:
“coarse 0/150 mm gravel, obtained by the blowing up of a
basalt deposit situated on the right bank, providing large
quantities of material;
“0/50 mm silty gravel in the bottom of the valley, but with
an availability of only 30,000 m3.
Given these conditions, the typical profile adopted as a
basic solution for the backfill included the following zones :
“a pseudo central core, 5 metres wide, in silty gravel sealed
by a diaphragm wall in extension of a grouting curtain
previously made in the foundation;
. upstream and downstream fill in coarse gravel.
2.2

Type of dam retained

After consulting relevant firms, this basic solution was
finally abandoned in favour of a homogeneous bacldl, with
upstream sealing by a geomembrane. This choice was based
on the following :
“ it proved to be more economical
(cost lower by
approximately 1OVO);
. it provided the opportunity for an easier, later intervention
on the grouting curtain then situated at the upstream toe
of the dam;
“ it proved to be time-saving, as the grouting curtain and the
baclcflll could be carried out simultaneously;
“the constmction of the backill, solely in 0/150 mm coarse
gavel, is less sensitive to the vagaries of climate and
could therefore be considered in winter;
- maintenance of silty gravel at the bottom of the valley is
propitious for the sealing of the basin ;
. there is currently a considerable corpus of experience in
the use of geomembranes
for sealing dams, including
large darns (ICOLD, 1991).

3
3.1

DESIGN OF THE GLS
Ccmstraints specific to the site

1126-1998

Sixth International

Conference

on Geosynthetics

The Geomembrane Lining System (GLS) had to meet the
economic objectives specific to this type of small dam and
the technical constraints specific to the site, in particular the
mechanical aggressivity of the local materials proposed for
support and protection, and the risk of thick ice in winter.
This latter factor resulted in the recommendation
of
protecting the entire surface of the geomembrane.
The
coarse 0/1 00 mm gravel of the upstream part of the backfill
on which the GLS was to be installed was obltained by
blasting on one of the slopes of the pond. It consisted of
sharp stones without any cohesion, given the close grading
of 50/100 mm and the absence of fines. Moreover, for
economic reasons, use of rockilll, also obtained by blasting
of the on-site basalt to obtain a grading larger than that of
the backfill, had to be used for the protection of the
geomembrane.
The geomembrane
adopted was that proposed by the
company awarded the contract, namely an eliwtomeric
bitumen geomembrane with appropriate characteristics and
references for the dam to be built.
3.2

Field damage tests

In such a context, damage tests of the geomembrane had to
be made under installation
conditions
(figure 2) to
determine the transition layers to be implemented on each
side of the geomembrane. In view of the nature of the
support and protection layers, the implementation
of the
protective structure by machines driving over the surface
probably represented the highest risks of damage for the
geomembrane.

Figure 2. View of the installation of the geomembmne
test area.

on a

Six on site tests were thus prepared. The geo:synthetic
materials used for the tests and the retained GLS were as
follows :
. TERANAP 431 TP Elastomeric Bitumen Geomembrane,
called GMB in the rest of the text, 4 mm tlick and with a
mass per unit area of 4.8 kg/mz;

Table 1: Geomembrane Lining Systems tested
Test N“
Support layer
Support geosynthetic
(over backfill)

Sealing

Protective
geosynthetic

Transition layer (under
rip-rap)

1

Silty gravel from the
site

None

GMB

GTX1

0/80 mm basalt
(20 cm thick.)

2

0/80 mm basalt

GTX2

GMB

GTX1

0/80 mm basalt
(20 cm tilck.)

3

0/80 mm basalt

GCP2

GMB

GTX2

0/80 mm basalt
(20 cm thick.)

4

0/80 mm basalt

GCP2

GMB

GCP2

0/80 mm basalt
(20 cm thick)

5

0/80 mm basalt
covered with 6/1 O
mm fine gravel

GCP2

GMB

GTX2

Crushed quarry gravel
0/31.5 mm
(20 cm thick)

6

0/80 mm basalt
covered with 6/1 O
mm fine gravel

GCP2

GMB

GCP2

0/80 mm basalt
(20 cm thick)

. heat-bonded, non-woven TERRAM geotextiles, type T6 or
T7, called GTX1 and GTX2, 1.6 mm thick (FJF 38-012,
under 2 kN/m2) and with a respective mass per unit area
of 280 and 330 g/m2 (NF G 38-013);
“ PRODRAIN 1-FT3 and 1-FT4 geocomposites, called antipsmcture geocomposites GCP1 and GCP2, with a mass
per unit area of 500 and 800 g/m2 respectively. They are
composed of T3 (135 g/m2 ; 0.9 mm) and T4 (190 g/m2 ;
1.2 mm) geotextiles (same producer as T6 and T7, but
thinner), with short textile fibers needle-punched on to
them.
The lining systems tested were laid on the 0/150 mm
coarse gravel backt%l and topped with a 80 cm thick layer
of 100/500 mm rip-rap, as described in Table 1.
The support layer was compacted in all the on site tests
with a smooth, heavy vibrating roller, and the protection
layers were positioned as work progressed by a loader
driving over the rip-rap. The gravel placed above the
geomembrane was compacted with a small tandem roller.
The tests were performed on a backfill installed for that
purpose in the area of borrowed material, 15 m wide, with a
30% slope, and 10 m long. Each test area was 2 m wide.
Two samples of 1 m’ each of the geosynthetic materials
installed were taken at random from each of the 6 tests.
Analysis of the darnage to the geomembrane included a
detailed visual examination of the 12 samples and hi-axial
tensile tests on the parts of each sample which appeared to
have sufiered the most damage.
Above al], the visual examination evidenced the following
elements :
“ severe damage on test No. 1, with punch marks over the
entire :surface, 8 of which came close to piercing ; more
Ioczdized darnage with nonetheless the presence of several
impacts, close to piercing, in each of the tests Nos. 2, 3
and 4 (with one identified hole on test No. 2) ;

. the samples ffom tests Nos. 5 and 6 revealed only a few
local, shallow punch marks.
3.3

Bi-axial tensile tests (Burst tests)

The biaxial tensile tests were adopted to characterize, in
the laboratory,
the extent of the damage
to the
geomembrane.
On the one hand, these tests integrated
several parameters (tensile strength, deformability,
leak
detection, etc.) of particular interest in this case, and, on the
other band, were compatible with the short time-frame
required by the site. Two samples were therefore cut from
each of the 1 x 1 m panels taken fi-om the site. These
samples were taken fi-om the areas which had visibly
suffered the greatest damage (while avoiding the visually
identified hole for which test would have been pointless).

Figure 3. Bi-axial tensile test
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The bi-axizd tensile tests were performed on specimens
with a diameter of 350 mm compressed by pressurised air
with 200 mm diameter openings. The pressure was applied
progressively in steps of 20 kPa, with a hold of 2 minutes
between each step. Displacement was measured at the top
of the geomembrane at the end of each step, and the burst
pressure was recorded,

1

2

3

4

5

6

Number of the test
Figure 4. Summary

of the hi-axial tensile tests for the 6

The results of the tests were summarized in the form of a
satisfaction index corresponding to the ratio between the
mean of the displacements upon breakage recorded on the 4
samples from the same test are% and the mean of the
displacements of 4 virgin samples. These values are shown
in Figure 4.
Only the tests Nos. 5 and 6 gave a satisfaction index equal
to 1, which confirmed the detailed visual examination of the
geomembranes. Similar results were given by an equivalent
index corresponding to the values of the bursting pressures.
3.4

puncturing test, the geosynthetics were arranged as in the
field :
. the smooth face of the geocomposite
faced upwards
(towards the punch) ;
. for the GCP 1 and GCP2 geomembranes, the (( short tibre ))
face was in contact with the geomembrane.
Examination of the results in figure 5 evidence a better
behaviour for test areas 4 and 6, which correlates with the
results of the in-situ test areas (observations and results of
the hi-axial tensile tests). The result for test area 7 is close
to that of test area 6 (GLS of similar constitution). On the
other hand, test area 5, the behaviour of which in-situ was
considered satisfactory, behaves less well under static
puncturing, whereas the GTX2 (used in test area 5) has a
resistance equal to or greater than the GCP 1 and GCP2 (test
areas 4, 6 and 7). This evidences that the short fibres play a
significant part in improving puncturing resistance.
In summary, the puncturing test is a simple test which
provides valuable information for the comparison of the
different geosynthetics tested for the protection of the
geomembrane. It is, however, an index test which fails to
take account of the granular layers of the support and
protection structures, and cannot therefore be used alone for
the sizing of a GLS. In our case, the in situ tests evidenced
that the better quality of the support implemented for test
area 5 compensates for the use of a less effective protective
geocomposite.
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Puncturing tests

These tests were performed afler completion of the site, for
research purposes, according to the French standard NF P
84-507, to determine the static puncturing resistance under
the following conditions :
. opening diameter= 45 mm,
. punch diameter= 8 mm,
. puncturing speed= 50 rnndmin,
. measurements:
recording of the force applied and of the
depth of the puncture.
For each GLS, 3 specimens were subjected to the test,
whereas cmly one was taken for each geosynthetic tested.
The test was performed,
of course, only on the
geosynthetics. In that respect, it will be seen (Table 1) that
test area No. 5 is the equivalent of test area No. 3 and test
area No. (6 the equivalent of test area No. 4. The synthetic
results shown in figure 5 correspond to the GLS of test
areas 1 to 4. The GLS called <(test area 7 }) corresponds to
the system implemented
at the dam. For the static
1128-1998
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500

o ~L
1

2

3-5

4-6

7

Number of the test areas
Figure 5. Summary results of the puncture tests

3.5

Description of the GLS adopted

Given the previously described on-site tests, it proved
impossible to ensure a support layer solely with the on-site
materials. At the very least, this layer had to be covered
with fine gravel (tests Nos. 5 and 6). This solution,
however, presented dit%culties in implementation
over a
wide area (7,500 mz), due to the lack of cohesion of the
gravel, which meant that the stones were likely to roll down
the facing under the geomembrane upon its installation. To

avoid this installation dii%culty, the support layer was
finally made of gravel mixed with a bitumen emulsion.
Under such conditions, with an improved quality of the
support, it was decided to replace the GCP2 geosynthetic
support under the geomembrane
by a lighter-weight
geocomposite
(GCP 1). Furthermore,
to protect
the
geomembrane,
the safest components
of tests were
adopted : the anti-puncturing geocomposite (test No. 6) and
the crushed quarry gravel (test No.5). The GLS thus
obtained is shown in figurel.
3.6

Stability of the GLS

To avoid eventual tensioning of the geomembrane, thk one
was installed with the smooth face uppermost. In these
conditions, the weakest interface of the GLS as fbr as
slippage stability is concerned consists of the contact
between the geomembrane and the upper geotextile. The
friction angle (8) was measured between these two elements
of the GLS with an inclined plane test (Gourc et al. 1996 ;
Girard et al. 1994). This test consisted of installing the
geosynthetics to be studied on a flat frame, hinged on one
side. The geosynthetics are then subjected to a low vertical
stress by means of a layer of soil placed on the upper
geotextile, held in place by a mobile, freely sliding frame
(not fixed to the flat frame). The flat frame is then raised
until slippage occurs along the interface being studied. The
slippage angle is then measured. In the case in hand, the
geomembrane
was fixed to the flat frame ; the upper
geotextile was then loaded with 30cmof0/31.5
mm gravel
as used on the site. Slippage of the geotextile was obtained
at values of 22 and 24 degrees (2 tests). A conservative
value of 22° was taken in the calculations for the friction
angle between the smooth face of the geomembrane and the
upper geotextile.
The first stability calculation
was performed taking
account of a constant protection thickness equal to 1 metre,
made up of a 30 cm layer of 0/3 1.5 mm gravel topped by 70
cm of random roclctll taken from the site. The mechanical
character sties adopted for these materials are c=O (zero
cohesion) and ~ = 45°. Furthermore,
given the high
permeability of these materials, it can be considered that
when the dam is empty the protection layer is never
saturated.
The calculations
were performed
according
to the
hypotheses defined above taking the highest profile of the
upstream face. In this section, the total height of the slope is
17 m, with a slope of 1 / 2.5. The stability analysis is
performed with the dam empty, by the blocks method
(Soong and Koemer, 1996).
The safety coefficient thus obtained is equal to 1.22. This
was considered too low, and to improve slippage safety the
protection layer was therefore increased to 1.40 m at the
foot of the slope and reduced to 0.60 m at the top. The
calculations made with this variable thickness produced a
slightly higher safety coefficient of 1.32. A calculation

performed using the ETAGE software (Soyez et al. 1990)
developed by the Central Civil Engineering Laboratory
(LCPC) produced the same result. We subsequently verified
that slippage safety was also ensured during the filling of
the dam; in this case, the minimum coet%cient obtained
was equal to 1.20 at the beginning of the filling.
This profile with a variable thickness, as described above,
was thus adopted for protection. The increase in the toe
trench made it possible to increase considerably
the
slippage safety, which is thus ensured without taking
account of tensile stress that can be absorbed by the upper
geotextile (GCP2) anchored at the top of the slope.

4

IMPLEMENTATION

OF THE GLS ADOPTED

A transition area (0/100 mm) was installed between the
body of the backill (0/1 50 mm) and the emulsioned gravel,
over a width of 3 metres, following completion of the
grouting curtain at the toe of the upstream face. Its surface,
parallel to the slope, was reworked with an excavator, and
carefully finished by hand, to eliminate all of the larger
pieces. The gravel-bitumen emulsion mix (0/14 mm) layer,
15 cm thick, was laid on the slope with a crawler-mounted
loader and spread with a rake. Compacting was performed
along the slope with a tandem roller anchored to the top of
the slope, and the final surface then brushed.
The anti-puncturing geocomposite was then unrolled over
the slope working downwards from the crest. The 2 m wide
sections were sewn together. The geomembrane, delivered
to the site in 4 m rolls, was unrolled downwards ~iom the
crest, the roll being hung from a hoisting tackle mounted on
a shovel loader. The smooth face of the geomembrane was
laid uppermost to avoid tensile stresses from settlement of
the protection layer. A detailed pattern lay-out enabled the
sections to be adapted to the length of the slope to avoid
transverse joints.

Figure 6. Installation of the geomembrane

Geomembrane
1998
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with a 20 cm overlap. The project manager performed a
visual inspection of all the seams.
The connection of the geomembrane
to the grouting
curtain at the foot of the slope was an important factor for
sealing of the dam. The solution adopted consisted of
lowering the geomembrane
into a trench filled with
concrete with the addition of bentonite (150 kg cement, 400
1with 10% of bentonite, 950 kg of 0/3 mm sand and 500 kg
of 8/14 mm gravel). This trench was cut in the basalt with a
trencher to a depth of 1 m along the centre line of the
grouting curtain, then filled in 2 phases. The concrete was
poured into the dam side part of the trench (using
shattering)
to obtain a smooth
vertical
face. The
geomembrane was then installed, and the upstream part of
the trench filled. To improve the sealing of this sensitive
transition area, an overlap strip of the same geomembrtme
(1 m wide) was then installed and seamed with the main
geomembrane on one side and with the concrete (upstream
part of the trench) on the other side. The geomembrane was
anchored to the crest by a classic trench filled with gravel.

Figure 7. Installation of the protective layer of the GLS

The protection layer was installed as work progressed
from the foot of the slope using a loader and a crawlermounted shovel loader, atler the installation of the top
pierce-proof geocomposite. The two machines moved over
the full thickness of the protection layer (gravel layer plus
random rockfill) to restrict stresses on the geomembrane
and to take advantage of the stability of the random rocktll
resting at the foot of the slope up against a support fill.

5

CONCLUSION

The dam was built between October 1995 and August 1996,
the backfill being completed
during the winter. The
installation
of the GLS was performed
without any
particular difficulty between April and July 1996. The dam
was filled in early 1997.
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The damage on site installation tests made it possible to
define a GLS adapted to the specific conditions of the dam
with, in particular, the use of rip-rap taken from the site to
form the protection layer.
The comparison between the results of the installation
field tests (observations
and hi-axial tensile tests) and
laboratory puncture tests gave interesting information about
the use of the latter.
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BITUMEN GEOMEME3RANES
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ABSTRACT: Bitumen was in use 5000 years ago for irrigation works that are still in good condition. Today, bituminous
geomembranes are providing efficient, durable waterproof linings to irrigation canals, ponds and reservoirs throughout the
world. They are either fluid-applied or delivered in rolls 4 metres wide. A survey of twenty irrigation dams around 10m
high built between 1973 and 1983 in France with unprotected geomembmne facings found them performing well after 1020 years service. Linings to a reservoir at Goudel in Niger and carols cut in laterite near Niamey have demonstrated their
suitability in tropical climates. In North Africa, the Gulf States, Singapore, India and New Zealan4 5m-wide bituminous
geomembranes have been in use on irrigation canals for some ten years and are still performing satisfactorily. In the USA,
leaky areas on a large concrete-lined canal were stopped with an SBS bitumen-based geomembrane available in 4m widths
in France.
KEYWORDS:

1

Aging, Canal Liners, Case Study, Dams, Embankment,

INTRODUCTION

Five thousand years ago, crude petroleum
was only
accessible where it emerged from deep fissures in the
ground. The heavy residue contained a high percentage of
bitumen, which the ancients, especially in the Middle East,
used for its waterprcwfing properties. Since those early
times, it has been used to build and repair wells, resemoirs,
canals
and baths
and consolidate
irrigation
canal
embankments. Many of these constructions are still in good
condition.
Bitumen
emerged
as a standard
20th
century
waterproofing material in civil and water engineering in
the form of bituminous concrete, asphalt and bituminous
geomembranes.
The
last-mentioned
are lightweight
materials
that are easy to lay and repair,
with
waterproofing
properties
that make them ideal for
irrigation works. They may take one of three forms:
● Bitutnen can be sprayed onto a geotextile in situ
(ISBGS)
● They may be prepared (prefabricated) in the factory
and delivered to site in rolls (PBGs)
S An impervious asphalt may be laid on the canal or
reservoir floor with the membrane confined to the sloping
sides.

2

BITUMINOUS
GEOMEMBRANE
IRRIGATION WORKS

FOR

The material underlying the lining must be free from grass
an other organic matter, and well drained if it is not
naturally impervious. Gas collection wells are also needed

Geomembranes,

Bitumen

if there is a risk of fermentation. It must be stable, smooth,
with no sharp stones, and compacted to at least 90’XO
Proctor optimum.
Although not always necessmy, a protective covering
should be added if the geomembraue is exposed to uplift
pressures, wind suction, severe sunlight, impact, ice,
debris, animals or wilful damage. It usually consists of
unprocessed natural material although stabilisation with
cement or bitumen reduces the thickness required.
Bituminous geomembranes, 3.3mm to 5.6mm thick with
a density of 1.15, are three times heavier than polymer
geomembranes, and therefore less affected by wind action.

3

EXAMPLES
OF
GEOMEMBRANES

3.1.

France

IN

SITU

BITUMINOUS

In situ bituminous geomembranes
(ISBGS) were used in
France in the early sixties under railway track and for
renovating
old roads; the ballast and top foundation
courses respectively were removed to a depth of up to
800mm and the bituminous membrane was sprayed in two
3-5mm coats with a glass fleece or non-woven polyester
geotextile in between, before covering with new material.
The membrane
isolates the overlying material
from
contaminated groundwater and shields the foundation horn
percolating surface runoff.
This approach was used again on the Huningue (1962)
and Nerd (1966) ship canals. It usefidly reduces leakage
through the canal floor. It must be protected on the banks
against erosion and wave action.
1998 Sixth International
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When water reservoirs began to be lined in the seventies,
it was found necessary to design special reinforcing
arrangements to control r~t damage.
The choice of bitumen
grade is governed by air
temperatures at the site, altitude and exposure to sunlight.
The bitumen is sprayed from a tanker through a spraybar at
the rear or extending out to one side, horizontally or at an
angle when spraying slopes. The geotextile is normally
unrolled after the first coat has been sprayed.
The fhst application of an ISBG to a mountain reservoir
1800m asl in the French Alps was followed by several
coastal reservoirs near Toulon with capacities ranging
from 3000 m3 to 40,000 m3, where the membrane was laid
on pervious material and protected with 8cm of lean
concrete.
Surface protection is not always necessary. Two small
rockfill dams, 4-13m high, were built in 1973 and 1975 in
southern France, each faced with an ISBG exposed to
direct sunlight.
The agricultural
ministry’s
research
institute CEMAGREF monitored the performance of the
facings and reported the appearance of only one tear at the
crest after eight years, which remained unchanged over the
following seven years. A strip of geotextile that had not
been impregnated with bitumen and had aged was easily
repaired. The other dam showed no flaws tier more than
20 years.
Use of ISBGS was slowed in France because the country’s
dense road network accessible to heavy trucks favoured
prefabricated bituminous geomembranes, but they are an
excellent answer for narrow inaccessible sites and for
covering large flat areas.

3.2

USA

There has been a special ISBG working
ASTM committee D35-10 since 1996.
3.2.1,

Irrigation

group

Canals

American engineers use ISBGS to line large reservoirs with
capacities in excess of 1 Mm3.
At Oaklaml the ISBG is covered with 100mm of concrete
and lies on a foundation of 10cm of dense and porous
asphalt.
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BITUMINOUS
PREFABRICATED
MEMBRANE RESERVOIR LININGS

A few interesting
4.1.

GEO-

examples are described in the following.

France: Embankments

Less than 18m High

Seventeen
water
reservoirs
impounded
by rockfill
embankments have been monitored by CEMAGREF over
the last twenty years. Only four linings had protective
coverings and all the underlying rockfill was freedraining.
Reported damage was minor, consisting of a single case of
a PBG being punctured by sharp stones underneath, one
tear by vandals, and one section of seam that separated.
The three spots were quickly repaired in a durable manner.
The only reported damage on the other embankments was
minor damage to seams from plant roots, which was easily
repaired. Mud curling was observed on the PBG without
surface
protection
although
it had no effect on
watertightness
and the process always stopped at the
geotextile.
There are many other geomembrane linings ranging from
1500 mz to 10,000 mz in area all over France that have
been giving complete satisfaction for the last twenty years.
4.2

Reservoirs

1134-1998
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The United States has a very extensive irrigation canal
system and the US Bureau of Reclamation has issued tables
correlating canal size and capacity, slopes, fill material and
thickness.
3.2.2.

Engineers and scientists at the Department of Energy’s
Hanford
site
in
Washington
have
developed
a
maintenance-free
waste-site surface barrier made from
natural materials that will last for 1000 years. They
monitor a 5-acre prototype constructed in 1993 over a
decommissioned
wastewater disposal facility. There is a
multi-layer barrier of various mtural materials (sand,
gravel, clay, etc.) 4.50 metres thick. In addition, an ISBG
was laid on 150mm of asphalt.

on Geosynthetics

France: Large Irrigation

Works

Ospedal dam, 26m high, with a 5000 m2 PBG facing laid
on porous asphalt and a geotextile and protected with
interlocking pavings, was built in Corsica in 1978 and
remains in excellent condition, as evidenced by 19 years of
periodic inspection.
In 1976, an irrigation reservoir was built at Gap in
southern France with a 25,000 m2 PBG facing, and Ortolo
rocldl
dam in Corsica was completed with a similar
6800 m2 facing. Problems were experienced with the poorly
compacted soil when first filling the Gap reservoir. A tear
in the geomembrane
where it joined a concrete pipe
allowed leakage
to wash away material
from the
embankment, but it was easily repaired.

The Ortolo facing was laid on a elaborate base (25-3(hrun
ballast impregnated with 3 kg/m2 bitumen emulsion and
100mm cold laid asphalt) plus a geotextile. The protective
covering
was geotextile
plus 140mm in situ fibre
reinforced concrete (polypropylene
fibre, length 30mm,
weight lkg/m3). All seams were 100°/0 tested with an
automatic ultrasound tester. The quality of construction
enabled the structure to withstand
exceptional
floods
successfully.
4.3.

Reservoirs in Hot Climates

From 1981 to 1983, large jobs ranging in size from
50,000 mz to 80,000 mz were completed in Saudi Arabia at
Hail, Riyadh, Taif and Dorman at the Royal Palace. They
included many ornamental ponds.
At Goudel near Niamey, a river water storage reservoir
was lined with 4500 m2 of PBG in 1981 and remains in
good condition apart flom some tears at junctions with
concrete structures.
In 1989 at Pahna, Majorca, 22,500 m2 of PBG was used
to line an aeration lagoon.
In 1991, reservoirs in the gulf of Marrakech
had
90,000 m2 of elastomeric bitumen PBG laid directly on the
sand, without any protective covering.
In the same period, large reservoirs were lined with
30,000 m2 PBG in Abu Dhabi.
In 1996, 110,000 mz of PBG was used at a settling pond
in Nigeria.
All these
prefabricated
bituminous
geomembranes
performed well with respect to sunlight and temperatures
in these hot climates.

5.

CANALS

5.1,

France

PBGs are used extensively for lining irrigation ditches and
canals. Tests performed after fifteen years seMcs near Le
Mans revealed that PBGs covered with soil and grassed,
were ageing well. They performed valuable service in
controlling leakage from critical canal sections in the
Freyssinet system. The largest job was the 260,000 m2 of
elastomeric bitumen PBG lining to the Nieffer canal near
Mulhouse.
5.2.

successfully repaired the 64,000 m2 of leaking concrete
lining to the Tanorga irrigation
canal in 1985, and
controlled leakage over 22,000 m2 of Tungabhadia canal in
India in 1987. A geotextile underlay and slate gravel
protective covering were provided for the Mines d’Or canal
PBG.
5.3.

North America

Two of three leaking sections of the Caspa District canal in
Wyoming,
USA, were repaired
with 9000 m2 and
60,000 m2 elastomeric bitumen PBG in 1992 and 1994
respectively. The third, slightly larger (80,000 m2) section
was repaired in 1995 by the canal operator’s own
employees.
When the West canal in Oklahoma was leaking in 152
places, PBG repairs to an 800m section restored irrigation
supplies to 120 ha of farmland.
California has the densest canal system in the USA, and
PBG has been used extensively to repair earth and
concrete-lined canals.
Two water treatment ponds covering 75,000 m2 and
6.50m deep, lined with elastomeric bitumen PBG., lost only
1 litre per square metre per day as against the design
criterion of not more than 20 Iitres.
5.4.

Special Problems in Livestock
Developing countries

Farming

Areas in

Near Niamey in Niger, canals cut into the laterite were
lined with 20,000 m2 of PBG in 1991, and six years later,
it was observed that:
● Canals in vegetable-growing
areas were in good
condition.
● Canals in livestock farming areas had been damaged at
cattle crossings.
● Local residents had purposely tom the geomembrane in
places to take water. It is also said that bituminous
geomembrane material is popular for re-soling shoes.
This means that special measures are needed to combat
damage of animal and human origin, such as fencing,
thorn hedges, concrete cattle crossings and more water
offlakes.
In Niger as in many other places, special care is needed
when joining
geomembraue
to concrete, and should
include firm cold jointing, double membrane thichess and
clamp bars.

Very Hot Climates in Africa and Asia

Prefabricated bituminous geomembranes were effkctive in
the construction of Ishagi canal, Iraq, in 1981 and the
Mines d’or canal at Poula in Burkina Faso. They also
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6.

CONCLUSION

Shell Bitumes newsletter Le Liant No. 14, May 1996. Les
g60membranes bitumineuses conquiarent l’Amerique

Laying bituminous geomembranes, with or without surface
protection, is such a simple job that it can be successfully
performed
in many countries with standard tools and
trained local labour, to build and repair irrigation canals
and reservoirs. The examples described also illustrate that
bituminous geomembranes are easy to repair, retain their
waterproofing properties over time and age well.
The choice between in situ and prefabricated alternatives
or combining bituminous geomembranes
with asphalt is
governed by local cost factors, since all three approaches
have proved their worth.

7.
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ABSTRACT:
Since early 1980’s, the experimental study of application
of geotextiles
to the bank protection
of
Liaohe river in our province
has been caried on . We have innovaf ed in construction
technology,
featuring
the cold region in our country,
such as sinking geotextile
mattresses
on/under
the ice cover, and on a boat /
floating
bridge,
etc. This paper briefs these construction
methods,
the properties
of geotextiles
i:n use for
mattresses
and the design principles
are also provided.
KEYWORDS:
1

Geotextiles,

Embankments,

Erosion

control,

INTRODUCTION

To handle dangerous
section of a dike has always
been the crux to river training
works.
Since last
decade or so, geotextile
mattresses
have been used
in such sections
along the trunk of Liaohe
river.
According
to the statistics,
a total of 2 million sqm
or more geotextiles
were used in some 150 bank
protection
works.
It has saved a great
deal of
investment
and about 150 thousand tons of twig as
compared
with
traditional
fascine
bundles
and
riprap works,
which is corresponding
to protecting
thousands
hectares
of rapid growth forest,
that is
beneficial
not only to ecological
environment,
but
also to saving expense of transportation,
as the total
weight of 2 million sqm of geotextiles
is only 300500 tons, which is far less than that of twig. When
the GT mattresses
are used, the most appropriate
construction
method
may be chosen,
and the work
efficiency
could be increased
by 50% or more , the
quality
of project
and operating
results
may be
guaranteed
as well.
2

2.1

MANUFACTURE
AND
WEIGHT
GEOTEXTILE
MATTRESSES
Material

of Geotextile

OF

Mattress

Five kinds of polypropylene
woven geotextiles
were
used mainly in bank protection
of Liaohe river. The
main properties
of GT are shown in table 1.
As seen by Table 1, the mechanical
properties
of
the five kinds of GT can all meet the engineering
requirement,
but in consideration
of that the larger
the opening size, the lower the cost, so that, under
the permissible
filter condif tion, we choose the GT
with opening size as large as possible.
According
to laboratory
filter test, field erosion

Construction
test and analysis on engineering
practice
for these
five kinds of geotextile,
the design criterion
of filter
is taken as:
OgOSAdgO

(1)

In which,
the coefficient
A is 10 for
loam; 2 –5 for sandy loam and sand.
2.2

Determination

clay

and

of the Size of GT Mattress

. Transversal ( normal to the stream) length of the GT
mattress is composed
of two parts, i. e. the abovewater part and under-water
part.
The transversal
length of the above-water
part is determined
similar
‘to the normal
bank protection,
and that of the
under-water
part will be calculated
in reference
to
the thalweg if the main flow of the river is near the
bank; or in reference
to maximum
eroding depth if
the thalweg is far from the bank.
The
transversal
length
of under-water
GT
mattress calculated
with thalweg is:
(2)

L= LI+LZ+L3

Where: L = total length of under-water
GT mattress
(m); L,= length of mattress required for connecting
to that of above-water
part and for anchoring
(m);
L2 = S1S2

~=,

in

which:

SI

ancl

SZ are

coefficients
of wrinkle and contraction
under-water
respectively.
The actual
measurement
Vibes
for
Liaohe river are S1 = 1. 4 and ~ = 1. 05; X =
horizontal
distance
between
thalweg
and water
surface on the bank during low water level ( m); H =
depth of water at thalweg
during low water level
(m); L3 = overlength
beyond the thalweg,
or Ls =
KOh ~~

;in which:
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Table

1. Properties

of GT usedin

the Bank

Protection

of Liaohe

Elongation
er
unit length ? Y.)
warp
weft

Equivalent
opening size
090( mm)

Permeability
(ctn/s)

408

26.0

20.0

0.70

6.84 x 10-4

511
584

666
526

28.6

25.0
17.5

0.72
0.15

3 .57)< 10-3

13.0

540
392

480

15.3
19.5

13.8
17.5

Polypropylene
woven
GT

Weight
( g/sqm)

Thickness
(mm)

Tensile strength
(N\5cm)
warp
weft

A

100

2.0

496

B

110

2.5

c

103

2.1

D
E

357

stable slope rate under-water;
h = maximum eroding
depth(m).
If transversal
length of under-water
GT mattress
is calculated
with maximum eroding depth, the total
length of it will be:
(3)

L= LI+LZ
where:

L1 is the

same

as in Eq.

( 2 ); Li = KOh

=;
( H. + H... ). in which: H~ = mean depth
during low water level(m);
H~= = H~(2B/R~
+ 1).
in which: B = width of river corresponding
to the
bed forming
discharge
( m); and R~ = radius of
curvature
at river bend(m);
and H~ = mean depth
before erosion at the section in question.
The longitudinal
length ( in the direction
of
stream ) of GT mattress
was adopted 20 — 50m for
on/under
ice cover construction.
and 10 —20m for on
boatlraf t construction
in Liaoning Province.
The dimension
of GT mattress for base protection
of spur Longitudinal
dike may be computed
by
following formula:
L=l+mlh+lo+a

(4)

B= b+j!m2h+210+a

(5)

In which: L and B = length of mattress parallel and
perpendicular
to the axis of dike,
respectively,
(m), ml and mz = end slope and side slope of dike,
respectively,
1= length of dike(m),
b = top width of
dike (m), 10= KO ih,, where:
h,= depth of
local erosion around the dike ( m), which may be
calculated
by formula or determined
by experiment,
the actual measruement
value for Liaohe river is h,
=1.1–2.8m,
Koand Ware
the same as in Eq. (2).
a=
additional
length
including
wrinkle
and
contraction
under-water(m).
2.3

1140-
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0.66
0.33

The four edges around the GT mattress
and every
0.50-0.
60m in the transversal
direction
should fold
up and sew into a sleeve--like
pipe for penetrating
nylon rope to act as reinforcements.
Now the factories
can produce
the GT mattress
according
to designed
size
and
disposition
of
reinforcements.
2.4

Geotextile

Mattress

Weight

The types of weight for GT mattress are as follows:
1. precast
concrete
blocks
put on sides of the
mattress,
and arranged
in checkers
inside the
mattress,
dump
additional
stone
within
the
checkers
make the mean weight up to 1. 2kN/m2,
and 1. 6kN/m2 for side one.
2. Put willow or oak twig bundles on two-layer
GT
mattress
to form 1.0 x 1. Om checkers with riprap
within it. The weight of which may be 3. 7— 5.6
kN/m2.
3. Earth pillow weight,
this is a bag made of coated
woven geoitextile,
filled with earth in situ, then
of which used in Liaohe
sewn up. The length
river is 5 – 10m, O. 30 – O. 40m in diameter
and
single weight 10 – 20kN.
4. Put gabions,
0.30 – O. 60m in diameter,
on edges
of GT mattress;
and arranged
in checkers
on it.
Then dump riprap within checkers for 0.30 – O.
50m thick.
5. Combined
weight
of gabion,
riprap,
and earth
pillow. The gabions are used for side weight and
an additional
weight
of gabions
at 10 – 20m
spacing. The riprap
or earth pillows are placed
The weight is about 1.0between
the gabions.
2. 0kN/m2
3

CONSTRUCTION

TECHNOLOGY

3.1

Sinking

on Ice Cover

Mattresses

The construction
period in our province
is usually
from the last ten days of December
to the first ten
days of March the following
year.

Table

2. Field

Thickness
Bearing

experimental

of ice cover
capacity

results

(cm)

( kN/m2)

of ultimate

bearing

capacity

Freezing

period

10

20

30

5.60

9.20

14.66

of ice cover

in Liaohe

river

area

Thawing

period

40

10

20

30

40

20.00

2.40

4.00

4.95

5.80

of the mattress,
and two transversal
ice trenches at
upstream
and
downstream
ends.
The
trenches
should not meet each other,
they are used to pull
mattress
under
ice cover.
and to dump weight
hrough them.

{

Figure

1. Sinking

mattresses

on ice cover

Dig an ice pit according
to the size of GT
mattress,
construction
period,
designed weight and
bearing capacity of ice cover.
The field experimental
results of ultimate bearing
capacity of ice cover for various thicknesses
during
freezing and thawing
periods in Liaohe river area
are listed in Table 2.
Place the GT mattress
into the ice pit, the
adjacent mattresses
should be lapped or sewn on.
The
weight
should
be put
firstly
on the
downstream
side
of
mattress,
then
extended
progressively
from upstream
to downstream.
When
the weight reaches designed
amount,
the mattress
body will sink itself uniformly
within a short time.
With regard to the construction
of GT mattress
for base protection
of spur /longitudinal
dike,
it
should be done during thawing
period
when the
bearing
capacity
of ice cover
is greater,
or
determined
in accordance
with the law of thawing
ice cover in local area, weight of dike, and loading
of construction.
To ensure safety for construction
and shorten
the time of construction
as far as
possible.
The procedures
are as follows:
positioning
on ice surface,
spreading
GT mattresses,
putting
weight
on it,
and building
dike
according
to
designed shape preliminarily.
The dike deformed
as
soon as the thaw of river, to build again the dike to
design section after thawing is basically stable.
3.2

Sinking

GT Mattress

Under

Figure

2. Sinking

GT mattress

under

ice cover

Fold up the first GT mattress
longitudinally
and
keep downstream
end of it on the surface.
Put the
folded mattress
on the upstream
side of the first
transversal
ice trench.
Tie the upstream
end of mattress
to the piles
driven
through
ice to the river bed, and hold down
it on the ice cover with earth pillow.
Tie polyethylene
( PE ) ropes on each corner of
downstream
end of mattress( which is on the top of
folded mattress ), then throw the ropes into water
through
transversal
ice trench
and draw out from
longitudinal
ice trench (on the midstream
side ) by
means of a stalk-hook.
Then the mattress will follow
the ropes passing through the water under ice cover,
and be drawn out and put on the ice cover. The next
mattress
should then be sewn to the former. The rest
may be done by the same way.
Throw
the
ropes
into
water
through
that
longitudinal
ice trench and draw out from another
longitudinal
ice trench (on the bank side ). Pull the
ropes to place the GT mattress
(which floats on the
water under
ice cover ), then fix it to bank and
midstream
ice surf ace.
Finally,
to give weight
through transversal
and longitudinal
trenches on it.
The mattress
will sink onto the river bed.

Ice Cover
3.3

To dig through
two longitudinal
ice trenches,
near the bank and the other on the midstream

one
side

During

Sinking
bank

GT Mattress

on Boat/Raft

protection

construction
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Liaoning province(
the low water level period),
the
depth of water in the river is usually not more than
1. Om, and the velocity
is about O. 5-1.
5m/s. In
practice,
a realistic measure of sinking GT mattress
by sliding it off while drawing
the ropes in on the
The
main
procedures
of
boat
has been
used.
construction
are as follows:
Positioning
the two sides of GT mattress
by
transit cjr surveying rods, drive a pile on river bank
and drop an anchor in river to fix steel rope used for
guiding the boat to pull the GT mattress.
Place the GT mattress
on the regulated
slope of
the bank, put and fix the precast concrete blcoks on
it. A steel pipe is installed
on the front edge of the
mat tress. The PE ropes( 16mm in diameter)
spaced 2
– 3m centers are tied on the steel pipe and the boat.
The boat moves along the steel rope and pull the
mat tress with the PE ropes,
the mattress
will be
developed
gradually
under the water until it reaches
desired position.
Then,
dump additional
weight on the mattress
from the boat.
3.4

Sinking

GT Mattress

on a Floating

Bridge

The floating
bridege
is made up of raft or boat
located near the river bank. The length of which
should be longer than the transversal
length( normal
to the stream)of
GT mattress.
The loading capacity
must be more than the total weight of earth pillows,
gabions,
and workers.
The position of the floating
bridge is held by steel or PE ropes to an anchor.
The procedure
of sinking mattress is as follows:
Carry the processed GT mattress onto the floating
bridge,
which is rolled in transversal
direction.
Make a sinking pillow ( earth pillow or gabion )
which is as long as the transversal
length of mattress
and wrapped
up by the upstream
end of the
then sewn up with nylon thread.
mattress,
Throw the GT mattress
into the water as soon as
the sinking pillow is completed.
The rolled mattress
will be opened
up gradually
and spread over the
water surface under the floating
bridge depending
on dynamic force of flow.
Fasten the longitudinal
reinforcement
of mattress
to the wooden
piles on the bank to prevent
the
mattress from sliding to river bed while it is sinking.
The drift is that the mattress
travels downstream
with the current during it sinks to the river bed. It is
necessary
to determine
the drift by field experiment
in advance,
as the position
of floating
bridge used
for sinking next GT mattress is related to this value
and length of lapping joint of the two mattresses.
Put transversal
side weight ( earth
pillow
or
gabion)onto
the end of the mattress from the boat,
and then dump bulk weight on it.
3.5
1142-
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The discharge
before flood season is very small on
the upstream
reaches of Liaohe river,
even zero in
some reaches.
These cases would occur in medium
and small sized rivers, During such period of time,
the construction
of GT mattress may be done simply
by manpower.
In this method,
the mattresses
should be constructed
the same way as in sinking it
on boat described
above,
then pull into place by
standing
in shallow
water
or opposite
bank,
or
placing GT mattresses
directly
onto the river bed
when the water depth is less than 1. Om, and then
put the weight on it.
4

CONCLUSION

Through
stud y and
engineering
experimental
practice,
some construction
methods for placing GT
mattresses
in seasonal
rivers in cold region
have
been developed.
The method should be chosen in
However,
accordance
with
local
conditions.
practice has indicated
that sinking GT mattress
on
ice cover is an optimal method for bank protection
of frost-prone
rivers in cold regions,
because the
construction
on ice cover has following
advantages:
1.
positioning,
sinking
Making
mattresses,
mattresses,
and placing weight
will be more
accurate,
and easier to control
the quality of
construction.
2. The boat/raft
and anchores
are unnecessary
for
construction
on ice cover,
In additicm,
it is
convenient
to transport.
3. High efficiency,
so as to shorten
construction
period and to save the cost of project.
4. Farmers
are often employed
in construction
of
bank protection
work in China. The period from
ice thawing
till flood
is the busy season
in
farming,
while the winter is slack season, so that
the labour force will be optimized
REFERENCES
Wang Dianwu ( 1994 ) “Construction
Technology
of
Geotextile
Mattresses
for
Bank
Protection
“
Proceedings
of Symposium
on Rock and Soil
Mechanics and its Application
Held by Chinese
Young Scholars, Science Publisher,
Province, P.R. China. pp. 502-506.
Wang

DianWu

Geotextiles
Fifth

( 1994)
for

International

Geomembranes
5-9 September

“ Filter

Protective
and

Criteria

Works”

Conference
Related

1994 Vol.

Wuhan,

Hubei

c}f woven

Proceedings
on

Geotextiles,

prodocts,

Singapore,

2 pp. 763 – 766

of

A New Structure for Protecting the Banks of Waterways
J. Yan
Research

Engineer,

Hydraulic

Engineering

Department,

Nrmjing Hydraulic

Researc h Institute,

Nanjing 210029,

P. R.

China.

ABSTRACT:

This paper describes

geotextile

for protecting

geotextile

, and have studied

( fractional

coefficient

a new type of reinforcement

the bank of waterways.
the engineering

between

geotextile

properties

for the soil body of embankment

design factors

of this structure

materials

on the stability

protection

in a fourth-grade

proposed

1

of soil embankment
waterway.

Waterway,

of roughened

purposes

of bank

protect

for reinforcing

the soil body
and analysis of

method for determining

the

at the same time the action of reinforcement
. Finally,

the paper describes

a case of bank

to the common type of bank :protection engineering,

the structure

low cost, and high w.M y.

Friction, Woven Fabrics,

caisson

revetment

direct

wave. Geotextile

erosion

roads and railways

are

Design.

We probes

steep-faced

and proves
materials

and analyzing

bankment,

calculating

the paper describes
grade waterway,

revetment

its feasibility

states

stability

Wei

soft

applied

into applying

and designing

bankment

was

to

wrap93

in waterways

of stress-strain
of embankment.

a case of bank revetment

em-

of emFinally

t

,

in a fourth-

unit
T

tensile

w

Trapezoidal

T

tear

w

roughened

researched

and

woven geotextile

engineering,
characteristics

and

have

testing,

of woven geotextile
shown in table 1.

Test method
GB/T 13762-92

55.2

ASTM D4595

52.2

.-

kN

1.78

GBIr 13762-92

1.60

.-

;ingle between

( 0 ) ; AZ = frictional
Trial

geotextile

angle both geotextiles

Standard

Research

of China

and loam

( 0 ) , GBIT =

, NHRI

= Nanjing

IIwtitute

GEOTEXTILE
3 DESIGN

have

290

kNfm

Notes: ,uI = frictional

Hydraulic
WOVEN

Measured VtdUe

-g/m’

strip

National

and it have success preliminarily.

ROUGHENED

-jJnit

(PP)

~::~:
~1“::
3izEir’-

from selecting

reinforcement

o[~{oven geotextile

Test project

of shipping

But wrap-around

embankment

etc.

around reinforcement

reinforcement

waterways

and attack

in the past

steep-faced

in this paper,

of

was usually put to use as geotextile

etc. in waterways

reinforcement

We

woven

INTRODUCTION

primarily

2

a new type of roughened

by finite clement

Table 1. Properties
The

woven

woven geolextile

of the geotextile,

of rapid construction,

Revetment,

by roughened

In this paper, the coupling calculation

have been considered

In comparison

cmbankrnent

have developed

have been performed

and laying disposition

in this paper have advantages

KEYWORDS:

First , the authors

and clay about 0.4 )

stress-seepage

for steep-faced

developed

a new

type

of

OF WRA ‘-AROUND

REINFORCEMENT

EMBANKMENT

(PP) for fitting the need of

carried

out

and engineering
in the laboratory,

the

permeability

properties

testing

its properties

are

When

designing

embankment,
aspects,

such

-around reinforcement

Wriip

we p,rirmr-ily
as

high

embankment,

gradwnt

embankment,

geologic:d
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take

into

steep-faced

account

several

of

embankment,

length

of

c]f

embankment,

loads

of

conditions
Conference

of ground, and
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characteristics

of reinforcement

And define the rational
in the soil-filled,
vertical spacing,

concepts”

the required

account

reinforcement

to traditional

way

Design

designing

water

in waterways

material
length,

the

using know value of hydraulic
seepage-stress
matrix

of fluid

equilibrium

reinforcement
in detail

; [h] = hydraulic

pressure

in

course

of

CALCULATION

the porosity

permeability

of the fill through the embankment

affects

4.1.2 Modeling

Reir,fxcement

of seepage
seepage

forces.

Tensile loads can be oxpectcd to develop in the geotextile

to modell lhe relationship

forces

and

indicates

the

sirnultanexmdy

Seepage-Stress
stress

to
stress

Coupling

and

strain

reim?orcement

fields

and

Calculation

during

load

and

stir

ess matrix :

the

seepage

the
fields.

can give states
and

positions

(2)

This

consider

construction

and the Merent

body. the reinforcement

between

One

thereby

of stress in the revetment.

between

body,

In turn,

the distribution

interaction

Geotextile

body and

influences

need

increment

strain is to assume a simple linear elastic model described

of the fill, thus changing

flow

; [R] =

the body of the embankment

will change

seepage

head matrix

matrix ; and [Au] = displacement

by the following

distribution

coefficient

as a result of deform ations in the embankment

within

the

; Is] = compression

) , but we take into

COUPLING

affecting

; [Q] = coupled

steepreference

.

SEEPAGE-STRESS

In fact, the stress

head

matrix.

approach
4

mal~ix

permeability

“ Limit

ways

( N. W. M. John,1987

simultaneously

.

length.

and design wrap-around

embankment.

“Geotextiles”

and soil-filled

position of reinforcement

and the fold-over

We adopt

faced

materials

Where: 1. = length of linear element ; A = cross-sectional
area of the linear element

;a=cos@

of

orientation

in

modulus of the reinforcement

using

of the composite

;/3=sin6;

liner

O=

; and E = elastic

geotextile

composite

.

of embankment

5 The INTERNAL

will be rational used.

STABILITY

OF

REINFORCE-

MENT EMBANKh4E:NT
4.1 Mathematical

Modeling
There

4.1.1 Seepage-Stress

Coupling

are a numbe~ of methods

stability

of a slip s~rface

the model the internal

in a steep-faced

We adopt to the cimulrir slip analysis
The equations
strain

which represent

in an embankment

consolidation
constitutive
Duncan
continuity
equations

theory

the coupled

body

, stress

equilibrium

model for soil ( Duncan

etc.

,1980

)

, and

seepage

are based

, a hyperbolic

and Zhang,

stress

can be expressed

equilibrium

in the following

[k] = stiffness

matrix per unit volume

1144-1998

and

matrix form:

[AE]-[Q][w
[Q][Au]+([s]+[~]A~)[h~’
=[@Ar-[slh~
=

matrix

assumed

I

to

Conference

matrix

generat xl

( Ingold.I.S,1992

should be assured
geotextile
strength
John,1987

layer
of the

an

the geotextile

thnt the tensile

solved

on Geosynthetics

6.1 Background

tensile

vertical

are

power

gcowxtile

for

EXAMPLE

spacing , it

force acting on each

does not exceeding

) .

ANALYTICAL

in the geotextile

additional

‘1)
6

methods of Bishop

) .

When calculatiq;

; [AF1] = load increment

; [AF2] = constant

Sixth International

in which the tensile forces induced

1970 ;

of pore fluid ( Zhu and Shen , 1990 ) . These

[kIhi]+pg[Q][h~’

Where:

and

on the Biot

embankment.

that

the design
layer

tensile

( N.W.M.

An example illustrating

the application

taken from Zha-Jia-Su
waterway,

of these theories is

Seepage-Stress

6.3

Coupling Calculation

shipping line, it is a fourth-grade

its typical cross-section

and design results are

6.3,1 Calculation

Parameters

and Conditions

shown in Fig 1 .
In the case of seepage- stres:3 coupling calculation
fold-over

I

geotextiley

reinforcement

~
.

top

Jia-Su

V5.1
. ... ... ...

IJii

geotextile
V3.9
~

V1.3
*J ~

.“:, : :
-., ..,.
...
.
::.,,:.
/. ..
:.. ,,, ,: ., -..

shipping line , the material

ample are show

‘.’
,.-

clapboard
soil–filled

v-o. 3

of bank

embankment
z
?5

x

construction

parameters

in t[lble ‘1 and 5

is divide(l six grades

of Zha-

in this ex-

The construction

, each grade height of

is 0.6 m, time of construction

is six days,

addition to add two ~r~des to fill water in waterway

in
, so

there are eight grades: n ca!,culation . In this example the
calculations

I

15.0111

were bas~ d or( 812 four-nod

Fig 1. Zha-Jia-Su

isoparametric

elements with 884 nodes .

4. 811]1- 4.7111

Table 4. Seepage part~leters
shipping line typical section and design

results

H.,

Hd

3.90

2.20

own

for example calculations

-

k.

kg

7.0X 104

1.49 X10-3

Notes: H.P = The desig~ water level (m) ; H&w=
6.2 Design of the Wrap-around

Reinforcement

Embank-

ment Section

water level (m) ; ks = permeability
kg= permeability

We Adopt to “ Limit Equilibrium
the wrap-around

of

reinforcement

Concepts

“ and design

embankment

in the Zha-

Jia-Su shipping line. The design parameters
ple are summarized

in table

in this exam-

2. , and design

results

125

( cm/s ) ;

of gw}textile ( crnh ).

Table 5. Soil-filled
~
~
m
0.80

of soil-filled

the low

pa~uneters

0.45

for coupled calculations

r

kb

k.,

c

0

(’.4

200

400

0.25

21.0

are

shown in table 3..
6.3.2 Calculation
The soil-filled

Table 2. Design par ameters for this example

permeability
H

H.

Y

Pl

P2

4

Ta

3.8

4.2

19.3

21.9

30.0

24.0

52.2

Notes: H = height of embankment
water level in waterway

( m ) ; Hw = height of

( m ) ; y = unit weight of soil-

filled ( kN/m3 ) ; #’= internal fractional
allowance

filled

tensile in the reinforcement

angle(0)
geotextile

; Ta =
(kN/m)

,

coefflciem

the isotonic

clays , and the geotextile

is much more than that of soil-

hnes is well-distributed

zone, so the figures

c~f contour

lines of water head are

Since the geotextile liner is flexible and its deforms
with the embankment
in the embankment

, when. tensile stress are developed
, they will be partially

that in turn w.11 mobilize

HW

Lf

distribution

of

3.8

80.0

4.0

0.6

1.5

embankment

. The calt:ulati on results

embankment

are showm in Fig 2.

L = reinforcement

length ( m ) ; H,P = vertical

the reinforcement

geotextile

length ( m ) .

spacing of

( m ) ; Lf = the fold-over

stres:$

and

strain

Fig 2 (a) and (b) shclv~ the distribution
minor principal
lation,

stress f)f seepage-stress

in

(conference

.

the

body

using period

of
of

of major and
coupling

the maximum values of them is respectively
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to

force

the

L

( 0) ;

tensile

to modifi

fix

to the horizontal

transmitted

These tensile forces cmi then be expected

H

Notes: PI = slope of embankment

in seepage

omitted.

the geotextile
Table 3. Design results for this example

Results

is homoj!eneous

on Geosynthetics

calcu7.85
-1145

kPa and 5.36 kPa, major and minor principal

stress in

6.4 Stability Analysis

(a)

We Adopt

-1Or—

safety

40_z

6.

to above

factor

theories

to calculate

of embm kment,

reinforcement

including

and non- r(:itiorcement

each kind is respective

the stability
two kinds

of

, the safety factor of

2.12 and 1.82 . Obviously

,the

safety factor of reinforz >men tis larger than that of non(b)

reinforcement
satisfied
/,

, and the safe~i factor of reinforcement

with

the

civ.1

engineering

is

specification

of

29

China.
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CONCLUSIONS

We

prove

the

geotextile

to wrap-around

fourth-grade
culations
ensures

feasibd .ly clf using

watenvay

the reinfc rcement

of the embankment
reinforcement
some

improve
Fig. 2. The calculation

results

( a ) Contour

lines of

equal major principal

s&ess ( kpa ) ; ( b ) Contour lines of

equal minor principal

stress ( kPa ) ; ( c ) Contour lines of

horizontal

displacement

vertical displacement

( cm ) ; ( d ) Contour

design

advantages

in this

reinforcement
principal

geotextile
stress

3 .24kPa and 1.66kPa,

centralization

in
,

reinforcement

in this

summarize

small,

it

and 2. 74cm
generated

and

that

of
it

of

should

not

vertical

break

lay

the

Fig 2 ( c ) and (d )

calculation

stress

stress

reinforcement

dis-placement

for

, both of them

are

value of them is respectively

, the tensile
would

height

position.

coupling

the maximum

tensile in the

phenomenon

indicted

horizontal

seepage-stress

a

one-third

embankment

both

) , but both of major and minor

have

which
off

the

2.1 Ocm

the deformation
reinforcement

geotextile.
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Alternative Design and Construction of an Under Seawater Road Tunnel
Using Geosynthetics in Greece
A. Kollios
Dr. Civil Engineer,

Edafomichaniki

Ltd, Athens, Greece

ABSTRACT: The construction of a 2,7 km length road tunnel and its approadles for the junction of two caps was
designed with a net off - shore length of 700 m below sea - bed level. An extensive geological and geotechnical
campaign was performed for the complexed foundation design. At thk context : n alternative water - proofing design
concerning the immerged part of the tunnel sections was performed involving a special geomembrane type with
hangers, that obviously offered a cost - effective solution and was approved for cobstruction by the project Owner.
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INTRODUCTION

On the written instruction of a European contracting Joint
- Venture,
a detailed
geological
and geotechnicat
campaign was carried
out as the basis for the detailed
foundation design of an immerged tube tunnel crossing
the Preveza - Aktion sea strait at the area of Western
Greece. The investigations included geological mapping
of the approaches to the tunnel and geotechnical drilling
boreholes, both on-shore and off-shore, aiming at the
determination
of a detailed longitudinal geological soil
section along the tunnel axis. The contractual
design
referred to separate tunnel sections as a girder box of
12,0 m width and 7,5 m effective height, incorporating
base and roof slabs and side walls of 1,0 m thickness
each. The immerged tunnel sections were to be placed
immediately
below sea-bed level and the maximum
seawater height was approximately 26,0 m. Each tunnel
section referring to the immerged part had a length of
135,0 m and was to be preconstructed
on a dry dock,
then by floating to reach the specific placement location.
The
stratigraphy
along the immerged tunnel axis
presented the following geotechnical formations:
I. The upper geological unit referred to rather loose,
contemporary sea deposits involving grey silty sands
and silts, with lenses and pockets of soft brown clays,
extending to an average depth of 15 -22 m below sea
- bed level, being significantly deeper at the center
part of the strait (reaching 40 m depth).
II. The lower formation consisted of plioplistocene hard
marls with intercalations of dense sandy and gravely
layers.

Tunnel (lmstruction.

The tunnel inu nerged sections were designed to be
founded by means of :stone columns used for sub-soil
improvement,
in crder to minimize the expected large
settlements of the initially very loose alluvial deposits.
The girder box st:ction was originally designed to bear a
6-mm thick metal plate placed within the bottom slab,
acting as a water-F roofing element of the sensible tunnel
section. An altec lativc design involving the use of
geomembranes
was then proposed to the contracting
group, replacing w ccessfully the metal plate and offering
an interesting soh tion to the emerged problems. The
geomembrane proposal was adopted and is actually under
application of the ~reject, to be finished by the end of the
year 1998.

2

GEOMEMEHWNE

DESIGN

Water proofing
fIf underground
road tunnels under
important hydrost a ;ic pressures by geosynthetics involves
the dt?@rIIIhKttiOIl of the most involved property for
geomembranes,
tlu: thickness of the liner. This property
is directly related t> the resistance to tear, to the puncture
resistance and to tl[e impact damage resistance. In fact a
linear and sometimes exponential increase in resistance to
the above
mentioned
actions
is related
to the
geomembrane thicl ness increase.
In order to de :ermine the minimum necessary operational geomemt r me thickness, a rough estimate of the
stress - strain conditions applied on the contractual girder
box structure was: performed using simple static analysis
by a ftite eleme m method.
The results of this analysis
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construction condit ons of the project, the method and the
effectiveness of the quality control of the water - proofing
system. The design of the allowable thickness of the liner
was based upon the deformations
to occur to the
geomembrane du[ing the constmction and the life - time
of the project. T lese deformations
would mainly be
construction deformations that would directly influence
the relative displacements
of the geomembrane
during
placement, since the presence of stone piles assured for a
practically non - deformable foundation interface.
The allowable
thickness
design
was performed
according to R. M. Koemer, 1990 theoretical principles
and the results werl: plotted at the following Figure 2.

allowed the determination
of the most critical vertical
stress applied on the geomembrane (Figure 1).
For the calculation,
it was assumed that each
preconstructed
section of the tunnel was separately
isolated by the proposed system, since the in-between
joints were to be sealed by the contractually foreseen
system of water stops.
The initial design of the mhimum necessary function
thickness of the geornembrane to be applied at the bottom
of the tunnel sections refered to the determination of a
cost-effective safety factor F considered as the ratio of
the minimum necessary thickness to the allowable design
thickness. This factor of safety F ranged from F= 1,5 to
5,0 depending
on the polymere
type, the special

Figure 1. Indicative results of initial and deformed mesh of a typical tunnel secti cn.
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Based upon the fti
results, the alternative design for
geomembrane selection proposed:
a. A high density polyethylene
geomembrane
with a
minimum thickness of 2,5 mm, corresponding to a
safety factor of FI = 4, or
b. A low density polyethylene
geomembrane
with a
minimum thickness of 1,5 mm, corresponding
to a
safety factor of F2 = 2.
All calculations
were
performed
according
to
Eurocode 7, taking into consideration a seismic factor of
a =0,30. g. As deduced by the analysis, the maximal
vertical stress applied on the bottom geomembrane was
calculated at the level of 300 KPa approximately.

the stone - piles kwelled surface. Those specially
constructed
ba ;es should be covered
by plastic
materials (such as teflon, thin plastic sheets) that did
not need to ple sent any life - time performance,
but
they should lx: applied only for the moment of
placement. In t.l~isway, during placement, any wrong
movement of de tunnel section would not transduce
any secondary harm M friction of the membrane to
the foundation
bases (because of the protection
provided).

A
3

CONSTRUCTION

3.1

General Considerations

The main factor of concrete desintegration in saline water
is the influence of remaining chlorides within the concrete
mass that create reinforcement corrosion. To avoid any
such risks at the bottom of each tunnel section, the
proposed use of a geomembrane, according to the design
presented above, placed at the lower part of the concrete
slab, exactly replacing the metal plate of 6 mm thickness
initially planned, offers an interesting and rather costeffective solution. In addition to that, water-proofing
of
also the walls and the roof of each section might also be
adopted by the contractor,
in conjunction with a high
quality concrete mix, adequate for sea-water tunneling
purposes. The techrical advantages of the proposal were
evident in terms of quality control during construction,
provided that the main geosynthetic
placement rules
would be completely respected.
3.2

Construction

,i&/

A

/A/

/A

A

PROPOSALS

Details

The geomembrane to replace the metal plate of 6 mm
should be placed exactly at the same location,
as
contractually
foreseen, i.e. at the lower limit of the
concrete slab. For doing so, special conditions and care
involved the following points:
adhesion
of the
a. In order to assure a perfect
geomembrane
to the concrete
slab (so that no
detachment during construction and navigation of the
sections occurred), the geomembrane
should present
the special section indicated at Figure 3.
For this section, values of D , d and H were such to
assure for a perfect adhesion and that no lateral
displacement of the geomembrane to the lower part of
the slab might occur. The design called for D = H =
10-20 mmandd=5-10
mm.
b. The lower interface of the geomembrane would be in
contact with the specially constructed bases placed on

fjj)p~
—9

GEOAUMBMNE I#ER INTERFACE

Figure 3. Special section of geomembrane
adhesion to the con xete slab.

to assure

c. The remaininf; spats between the foundation bases
and the lower ix.terface of the geomembrane should be
filled with cemmt grout under pressure, according to
the contractual specifications. Therefore, a life - time
protection of th: geomembrane was assured.
d. Concreting oft le sliib over the geomembrane should
be
carefully
executed,
especially
where
the
reinforcement iii placed, so as not to create any short
of dammage dlx: to scratches on the geomembrane.
In order to ccnlbine a complete waterproofing of all
the design sectio I of the tunnel according
to the
specifications
use d for geomembranes
in underground
constructions, the I;eomcrnbrane protection of the bottom
slab might also be placed over a 20 cm thick concrete
base that would cxtend all around the section of the
bottom, the walls and tk roof of the section (outer girder
box). This alternative proposal was not finally accepted
and the contracma lly imposed water - proofing system
was applied on site (spr:i yed polyurethane).

4

CONCLUS IONS

The use of a spe:cial q’pe of geomembrane
allowed a
most interesting a temative solution for water proofing
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the bottom slab of an under sea-water road tunnel,
actually under construction,
replacing the contractually
foreseen metal plate and offering an important cost
benefit (estimated at the level of 10% approximately over
the total foundation cost). The existing geomembranes
acquired
installation
experience
(mostly
during
construction of multiple store - garages below ground
level and the underground tube train and stations at the
broader Athens area) combined with the strictly applied
supervision, create the assurance for obtaining the most
efficient water-proofing
method for the final stage of
function of the project, which is set to be fully realised by
the end of 1998.
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Application and Testing of Geotextilcs in Deep-draft Quays
FCll&W Liang
Senior Engineer, Chinn Nanshan Development (Group) Incorporation,

Shrmz u:n, Cl~ina

ABSTRACT: Eight berths capable of t,aking ships up to 25000 DWT and 5001~) DWT respectively \vcrc1 complctcrl in
Shenzhcn port, in 1985 and 1995 separately. The berths are. deep-draft quays r 11, in 12.5 and in 13,1 meters, bchincl
Ivhich ivoven geotextilcs were successfully placed as filters for trial. The durahi [ity o: the gcotextilc rctyrircs further
investigations since it was the first time that geotcxtilcs w’erc used in a large qu ~nti~ in quay constmction, instcarl of
the convc[ltional Crushed-stone filter courses. A bIind shaft was built at one c ui of Cie quays. Field investigations and
obscn’ation, a research institute has been conunissionccl to cnrry out the obscr~:ition md investigation for tcn
successive years. In the shaft, synlhctic bags, tillcrl with the same quarqw-r-m ii] Is wc rc placcrl at three diITcrcnt
locations as the filter layers, i.e. undcnvatcr, intcrticfal zone and above ~vatcr 1T~cl.
~&YwOf@S:

Case study} Geotcxtiles, Design, Walls, Filtration

,

*

1 THE CHANGES OF THE FILTER COURSES IN
GRAVITY TYPE BLOCK QUAY

2 DESIGN
QUAYS

In s conventional gravity type block quay, the bulkhead
Jwall is often a kind of retaining concrete block wall in a
concrete stair type or gravi~ type. The block size is
designed based on the lifting capacity of the cmnc held
by the contractor. A Iargc crushed stone ripmp prism as
filter courses is often used to keep the fills from leaking
through the joints between the blocks to the front of the
quay(Fig. 1). The quantity of works for construction of
the quay is dividcrl roughly into followirw uarts:
m~~enlent
I
/
&WL
soil fills

A gravity type solid-fillcci block quay, ofgood durability
and flexibility to ~vorkilg loads as its advantages, is
Iiilde up of man t blocks which form many joints cross
al]d down over’1 e back of the blocks. III order to keep
filk from Icdcin 3 through the joints into the port, a
reliable crusheds :onc.[ iprap filters should bc built. If
we wirnt to adopt woven fabrics instead of crushed-stone
riprap as tiltcrs, v ‘c nec.d to reduce the number of joints,
and to make the distribution of joints regular. According
to our many yeas expericncc, a reinforced concrete
hollow block in c rgc size . which simplifies the
distribution of jc i:Its, ias been used in J deep-r.lmft
quay for 25,000 DWT in Chiwan harbour. The ~vovcll
fabrics as filte- :ourscs wrc first time adopt in decpdraft quay ~vith o~’erall height 15m and draft 11m. As
local soil and ro:l~ rna(crials arc easily accessible, it is
convenient to ur guarded quarry run rocks from Chiwan
area as fills behin ~ the hollow block quays. Closed H
type reitiorccd cc ncrct: hollow blocks, weighing 200 t
each, were designed for the quays. On top of the blocks
are hollow relie~’i~g platforms with wave absorbing
chambers. The 1J lgitwlinal length of the 11OI1OJV
block
along the quay i; 3.5 rr , and the width of lhc relieving
platform lvhich ;its dirtctly on top of the block is Ille
same as that of th~ block, with no iltcrnate joint between
the two, thus leaving a vertical through joiilt m’cl~ 3,5
m behind the qua:. To facilitate placing synthetic fabrics
and cut down the r commption,
an independent strip of
“synthetic fabric Nas pl )ccd at every joint and the ship
IMC1a 1.00 m ove “lap cm each side of the joint over the
back of the block. Since the overall height of the
block was abou: 10.00 m, the lcvellcd foundation bcri for
the blocks WOUMsurely develop some irregukrrity, thus
the joints bchvef!:l’ inst :lllcd blocks would be far larger
than the stipulate ~ 5 c:n in the construction code.
Therefore, the ku gest :dlowablc joint width was
stipulated to bc 1’) cm -15 cm in the design. Ho\~cvcr. [o
prevent diflcrcnti 11set :lement of blocks causing
excessive tension in tlw synthetic fzbric s~rips. tllc
desigricd ]~idth 0- the :yithctic f~bric strips was 25 cm.

&m
concrete

\w
Fig 1. A Conventional Gravity ‘Prap ‘nstn
Type Block
TIIC hvo main factors indectin~ the cost and the
construction period are itcm 2 an~ item 3. Usually , 20
percent of total cost and 50 percent of whole
construction period will be spent on item 3, As ncw
t}~e construction materials are springing up in the wkc
of development in science and technology, scientist ,
after several decades hard ~vork, eventually found out a
ncw effective structure of grakity type quay to rcplacc
the conventional one. Eight berths each with.
capability of taking ships varying from 10,000 DWT (o
50.000 DWT, had been successively built in Shenzhen
China during the 10 years from 19S5 to 1995. The
structure of the quays was reformed not only on its
blocks size but also on its filter courses by replacing
crushed-stone riprap with }~ovcn Syn;helic fabrics. As a
rcsuit of the reformation, the construction works were
sinlplificd cnomorously.

OF’ THE FILI13R COURSE IN BLOCK
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Fig 2. A Sectional View of A Gravity Type
IIo11ow Block Quay with Wave Absorbing Chambers
-. (_llnit:m)

Synthe[ic fa~ric’ strip locking latch scat were embedded
in (I]c back wails of the blocks beside the joint. .In order
to lock the fabric to the back of the blocks, prepared
11OICS
~vere placed on the synthetic fabric strips in line
\vit h the position of the locking latch seat: To minimise
difficulties of undcmvater operations, the connection of
the locking latch seat and bolts with the synthetic fabric
strips should be as simple as possible. The structure of a
locking device is shown in Fig. 2.
Three types of woven synthetic fabric strips were
designed and used at the cross section of the quays.
Type A: woven synthetic fabric strips of 2.25m x 12.00
m \vere used behind the ‘hollow blocks.
Type B: woven synthetic fabric strips of 2.25 m x 4.50 m
\vere phrccd on the cantilever extension of the relieving
platforms.
Type C: \voven synthetic fabric strips of 4.50 m wide
~vere used beneath the stone prism placed behind the
t~i]~c
absorbing chambers to eliminate residual wave
ener~~. The geotextiles were placed continuously with an
ovcdap of 1.00 m.
As sho}vn in Fig. 2c, loops were m-ranged both at the
top cnd of type A ond at the lower end of Type B to
prevent soil grains from being washed out locally.
The” to[al consumption of geotextilcs used for the
264m long berth accommodating ships up to 25000
DWT is 12000 m~.
In 1988 and 1995, 6 light weight gravity tyTe quays
each capable of taking ships up to 50,000 DWT were
successively contmcted in Chiwan Harbqur and Mawan
Harbour. This fin-ther developed and extended the
application of Woven fabrics in deep-draft quays and
make their section more economical and reasonable.
The light vpeight gravity type quay is a new type
stmcture , specially designed for uneven distribution of
geology, with bent structure upper and hollow blocks
undenwter. The combination of the upper bent with the
rail)vay can make over-water tills as a slope. This
greatly relcwcs (he fills pressure upon the vertical
bulkhead lv~ll , and make filter courses set only behind
(I)c blocks for underwater ail year long while the
protection of tilter courses for the over-water fills is
unnecessary.
AS is ~vell known, the perfect way to extend the \voven
Llbrics service life is to shelter it from ultraviolet
1152-1998
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radia~ion, The li g lt we ght gravity type block quay in
Chiwan, with its double ribbed upper bent, is an ideal
method resolvin+~ [his I:roblcm, with eoch hollow block
weight under the relicl,’infgplatforms within the crane
lifting capacity 5COTO:IL Joints are set every 7 mctrcs
covered with JVOw:n fat rics. The permeable bent and
slope type bmk lx otect ion are constructed above the
relieving platforms. Th M , it not only provide a stable
berthing conditim., but also ,due to the riprap being
replaced and wi ~1.no }l~orryabout the penetration
through the ston t and damage to tltcr course, simpl~lcs
the construction o ? stalie foundation rmlcr the crane
rail\riy. And alsc, wit ILthe fills pressure and weight
reduced, the prc: sure ton the ground is released
enormously. The 1vover. fabrics rnakc the construction
easier and faster and cut down the cost by replacin~ the
complicated crushed-stone filter courses. The quay, built
with lower cost aud higher quality using new materials
and ncw technolol;y, arid wi[h the tangled ground
lrcatmcnt proble ~ resolved, was warded a national
silver medal on it: perfi:ct designing.

3 SELECTION /@/’D ?ROTECTION OF WOVEN
GEOTEXTILES
The ~voven geotcxtiles used as filters behind the quays
should have the following properties:
1. Good in soil ret mtio~~ property and that in separating
\vatcr and soil;
2. High ~valer pe x~cabi Iity to protect woven synthetic
f~brics from being bloc!:ed up to forma detrimental
water llcad;
3. SutTcient st;cl;~h: tensile strength, impact strength,
tear and punctnrc resistmce;
4. Srrticient durat ility: good ultraviolet resistance,
chemical corrosiml resistance and sea wntcr resistance.
The durability of geolextiles should not be affected by
moulds eating ra :s and 1errnites and by atmospheric
temperature.
A ne]v woven:0 nthel ic bag factory in Chiwan,
manufacturing woven :mthetic bags for chemical
fertiliser, was complete:i and put into production at the
time when the des gns Ivere completed. A research
institute was then ;omr tissioned to carry out various
tests for the physic -met ~anical and chemical properties
of the synthetic tc:sile Lreduced in the factory. It was
finally decided tc 1lse the synthetics produced in this
factory instead of I he originally selected T7W7 woven
geotextiles,
The main featurss of the woven geote.xtiles
manufactured in tltis fa::tory are as follows:
Longitudinal strc r gth 2.5t/m
2.5tlIn
Latitudinal stren ~ h
Impact resisting ;[rcngl h: Crushed when placed on
concrete floor and stem of 30 kg dropped from a height
of 2.00 m.
Chemical compos: tion :)ol}Tropylene
I90g/m2
Unit weight

Permeability: No evident water head was obscmcrl
during flume tests under sca flood and cbb condition
silnukrtcd.
Labora[ow tests showed that, no change in [hc tensile
s@ngth of the synthetic fabric was obscwcd when the
.syntllctic fabric JVaSexposed to corrosive medirr of acid,
alkali, salt and sca water. The rcsis[ancc of the fabric
against moulds \vas stable and their properties were also
stable Ivhcn they ~vcre subjected to oxygen blasting in
norfnal atmospheric tempcmturc: and no loss of weight
~vas observed. From the outer appearance of the fabric,
the colour, Iustre and softness remained the same as timt
before the test. It was smooth surfaced, transpmcnt and
no fibnormality had been obsemed in the texture of the
fabric,
As the strength of the synthetic fabrics couldn’t meet
the designed requirements, it was decided to usc two
layers of the synthetic textile at each joint.
Since anti-ageing agent was adclcd to the po]ypropylcnc
fabric, the synthetic fabric had a poor ultraviolet
rmistancc. Practice proved that the textile would soon
become brittle when they were exposed to sunshine. To
prevent the textile from being exposed to sunshine, it is
requested that the ocessed synthetic fabric strips should
first bc stored in dark rooms and then placed at iright
time or in c]oudy days whenever it is possible, in order to
prevent geotextile from being damaged by the dumping
of rocks, a [D =2mm wire netting \vith grids of 3X3C11L
~vas placed against the textile behind the quays as
protection. A layer of rubble stone ]vas riprappcd over
the geotcxtile on the slope and then larger stones \verc
placed.

4 IMPORTANT REMARKS
Woven synthetic fabrics used as filters should first
possess a porosi~ matching the permeability of the
backlills so as to ensure an unimpeded dminagc and the
gcotextile should not be liable to blocking. As a matter of
fact, the pemleability of commonly used woven synthetic
fabric is usually higher than that of the adjacent soils.
Hot~cver, special attention should be payed to the
gradual blockage of pores of geotextiles during their
scn~icc.
A filter course is not formed by geotextiles themselves
but fomled when fine particles in the fills behind the
fabric are washed off through the pores of the fabric and
the remaining coarse grains form arch type structures
around the pores while the soil beyond forms another
grmular filter course with different graded grains. The
further away the soils is from the geotextile, the lower
tllc pemleability of soils becomes. A new natural frltcr
course is thus formed, behind which are natural soils,
and. after such a natural filter is formed, soil grains \vill
not be washed off any more as the soils behind it
becomes stable (Fig. 3). Therefore, geotcxtiles don’t
]~ork directly as a filter but help backfdls forming a

.

,
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Fi; ; 3. Forming Process of
A ?iltcr Course
stable natural li] tcr cc urse. proper SCICCtiOrL of woven or
non-~vovcn syn.1 ctic f~brics rrccording to the
p;rmcability rell iircm cnt of a structure and the grain
SIZCSof the fills is of great importance to a stable and
effective filter coorsc. The backtllls for marine ports
usually consist 3.”rather coarse grains. Though the
bactillls arc inlhlcncei by the. complex alternating
currents and w:.~cs during flood and ebb and the arch
type structures lx:hind the geotcxtiles arc somclimes
liable to failure The: qucezing action of the fills behind
the gcotcxtiles c: n gcr.erally keep [he rrmural filter
course stable ar d the ~orcs and draining passages are not
Iiablc to salu[at c n anc blockage.
Gcotcxtiles sliitablc should meet the requirements as
foIlo\vs:
(1) For natural j(liis when the weight of soil particles
passing sieves },’ith a scrccn size of 0.074mm (U.S.
standard sieve /!200)
Accounts for lC:Xthan 50% of the total weight;
D85(soil)/EOS {~;cote:,.tile)z 1 (EOS: The cffcctivc pore
size)
(2) For soils otl cr thajl above mentioned soil:
Eos (gcotextile) <0211 mm (U. S.st,andard sieve #70)
But, when E85 <0.l)74mm, it ii not advisable to usc
geotextilcs.
(3) Gcotcxtilcs ,vith EOS sma]lcr than 0.149mm (U.S.
standard sieve i!100) s tould not be used as they are liable
to blocking.
(4) Within the limitss :ipulatcd in the criterion,
gcotcxliies with larger pores should be used.
The above rrxpiirenmrts only apply to specified soils
and s[cady flow, md the intlucnce of soil density has not
been taken into a:coul t. However, those requirements
can bc consider xi properly in the case of soft and loose
soils.
When gcotex i cs arc used in quay stnrcturcs, the
following requi,-t mentj have also to be followed.
(1) The permea’]1 Iity (K) of geote.xtiles should be greater
than 10 K of so 1j, wlwre K is the permeability
parameter.
(2) the slope ratio should bc Icss than 3 so as to prevent
the geotextilc from blclcking and corresponding tests
should be carric d out.
(3) Unstable geolextilcs or gcotextiles \vith poor
ultraviolet rcsis :Znce should not be exposed to direct
sunshine for mcw~ tha:l 5 d.
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5 LABORATORY

TEST AND SITE OBSERVATION

la the niltionid harbour engineering code, the service
life of a gravity type quay should be more than 50 years.
The polypropylene woven fabrics, instead of cnrshedstone riprap, i]rt opplied in a quay structure for the first
time. Its durability requires fhrther investigation and
observation. Some scientific research institutions have
been commissioned to study the Ioss of its tensile
strength and weight, and the changes of its outer
ilppearance by submerging the fabrics into an acid liquid
made up of artificial scu water and lactate for 6 month.
In the middle of the quay ,an observation well in which
2 series of samples, one series of soil and the other
plate, were laid on both the place beneath low water
ond well ground to observe behavior of the fabrics in a
long term of 10 years.
The results from both laboratory and obsemation are
showm in Fig. 4:

sea watel :Ind mud is not serious.
3. In the water 1;’~el clanging area, due tO the contact
of fabrics lvith f 1 s , th: fabrics tensile slrength
decreased by 33,5 perctnt of which, by 26.5 percent in
[he first 3 years , md by 7 percent in the later 7 years in
a slow decreasing rate. Under the low water level area,
the tensile strength of the polypropylene woven fabrics
decreased by 23.5 perc::nt of which, 18 percent in the
first 3 years and 5.5 pe ‘cent in the later 7 years. The
tensile strength- :i me d:.agram shows that the curve rate
is more and more even at the time of 10 years later, By
extension of the turve , we”cm calculate that the tensile
strength of over Nater ‘,voven fabrics will have decreased
by 50 percent ~tllile t .lat of under water by 40 percent
by tl~e time in :~( years.
4. The above resu .ts ako show that woven fabrics filter
course and the c>llcrete block with 50 years semice life
in gravity quays can match very well. When a type of
anti+tgeing \vo,’f:n fabrics with a longer durability are
npplied, the se~i( e life of a gravily quay is usualIy more
tlum 70 years if: t local es in a no accidents
environment , espsciall y in a no ice environment.
5. Woven fabric:: Ilter course in a gravity quay should be
set under water [Is fully as possible to shelter it from
damage of the atn[osph me and sunshine to extend its
service life.
nature

6

Fig 4. Samples Installation
View on Testing Ground
The results from bo[h laboratory and observation are
sho!vn in Fig 5.
decreased
34?)

7

.-in
—

water
m mud

O==-J’’’’’’’’’’’’”

12345678910

time (year)
Fir 5.
Relative Curve of Strength LOSS
..=
–.-..
and Exposing Period
From [lie ilbove
results , we can see:
1. In the laborato~ test (he polypropylene woven fabrics
arc not sensitive [o sea ~vater, acid, atkali, and bacterial
erosion at all.
2. The 10 years’ obsemation’
demonstrates that the
polypropylene woven Firbrics corrosion and erosion by
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ECONOMIC EIENEFITS

The economic bc r efits )f woven synthetic fabrics used as
filters for the quil~ for 25000 DWT ships in Chiwan Port
are given in Tab .e 1 as compared with that of filter
drains and riprap prism filter course.
From the table, it car be seen that the filter course
comprising syntht tic fz.brics produce a remarkable
economic bcnefi].’ vhici. saved investment by
compared with tlN: crushed-stone filter drains and by
76. 1% compared ‘vith fhe riprap prism with crushed
stone filter course and construction period is cut down
by 1 to 4 times wk en geotextiles are used as a filter.
Thanks to the usir.g of ,;eotewiles which are very easy to
handle, the two IM11OWblock deep-water quays were
completed in jus: ) mo::lths in spite of’the complicated
joints handled at t he t\vo ends of the quays, the time
consuming bag-tjc nd concreting on the riprapped rock
foundation bed an~ the special requirement for wave
absorbing chamt ers on the upper part of the quay. Both
quays have therefore been evaluated as excellent projects
by the relevant a J lloriI ies.
740/.
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ABSTRACT:
A heavy duty open mesh woven jute fabric is perhaps the fwst gx )texti ie, which has been in use for
protection of slopes tiom erosion by rain and wind in Europe and America since earl! fifties. Lighter fabrics have
been developed and their performance has been evaluated under various soil am 1 climatic conditions.
The results
reveal that the fabrics reduce soil loss by about 90°A and comparable with the perfbr mance of the existing product.
Woven jute fabrics for separation and filtration have been developed and found to be cost effective in river bank
protection work replacing conventional granular filter. In this application the f: brics need chemical treatment for
enhancement of durability.
After successful trials under diffkrent soil and river conditions, the treated tlbrics are
being commercially used. Similarly treated fabrics have also been tried for colmuction
of roads on soft soil as
separator and found to be cost effective with encouraging results.
Jute non-wovens have been found suitable for filtration and drainage.
KEYWORDS:
1

Erosion Control, Filtration,

Separation,

Embankments,

Geotextiles

INTRODUCTION

Jute as a geotextile material is well known in Europe and
America for protection of slopes from erosion by rain
and wind. A heavy duty open mesh woven fabric in the
name of Soil Saver/Geojute/Anti-Wash
has been in use
since ftilies and the jute producing countries have been
exporting the item since then. The demand of the
product went upto as high as 100 M mz . In mid-sixties,
when concept and application of geotextiles started,
other natural and synthetic materials entered in this field
of application.
At present global demand of natural
geotextiles is about 86.6 M mz - a recent survey reveals.
Among the products, straw based products claim about
60?4. of the market, while jute and coir together claim
about 37% and the rest 37. by others like wood-wool,
synthetic etc. (Rickson et al. 1996). It has been reported
that the decline in the demand of jute is due to
nonavailability of the product in the market because of
the fact that a few mills produce the product, which
For
requires special type of processing equipment.
involvement of more number of mills in supply of the
product,
two products
have
been
developed
in
consultation with the experts in this field. The products
are of different open areas and their performance has
been studied extensively. The results of the studies have
been discussed in this paper.
The synthetic geotextiles are very expensive in the third
world countries and so its application is limited. The
civil engineers of the countries are looking for low cost
alternatives for geoteehnical constructions.
Jute being
one of the cheap fibres having good strength, structural
stability, abrasion resistance etc. its properties for civil
engineering applications have been evaluated by many

workers (Thomson !!)85, {abir 1988, Aziz 1991 j and
found to be useful fo: specific
applications.
A
prefabricated tibre dr:lin tu;ing jute fabric and coir rope
was developed for cm solid ?tion of silty subsoil and used
commercially in Sing apom (Ramaswamy et al. 1984).
Treated Jute Geotext iles For separation and filtration
developed by IJIRA ~tas u Sed for protection of bank of
the river Hooghly al Naya:har, opposite to Haldia Port
(Datta et al 1990, Sanyal et al. 1993). The product is
being used by the en] ;ineers of Irrigation & Waterways
Directorate,
Govt. of W ;st Bengal for river bank
protection work after exl ensive trials under various
conditions of soil and ‘iver under their control. Results of
the trials have been c.i ;Cusstd here.
Similar fabrics wert: tried for construction of roads on
encouraging
results were
sotl soil as scparatol am
reported. Jute nonwov as v,ere also tried for construction
of unpaved roads as well as for filtration and drainage of
roads . The results ax: sati:.factory (Rao et al. 1996).

2

FABRICS F( lR C( )NTROL OF SURFACE
SOIL EROS ION

A heavy duty open mesh jme fabric is perhaps the first
natural geotextile lx cd i n this field of application
scientifically in early :itlies in Europe and America. The
fabric is made of thick yarns of 5 mm diameter, which
requires
special typ: of machinery
for processing.
Ludlow Jute Mills, ar Am mican firm in India set up a
separate plant in th( :ir rrI ills for manufacture
of the
machinery
in
special
product
and
de~e lopei
collaboration with a . ute machine manufacturer.
Other
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mills also entered into the business to cater to the
demand of the product. But tiom mid-sixties with the
advent of other geotextiles of natural and synthetic origin
in this field with the concept and application
of
geotextiles, its demand gradually declined to the present
level. A recent market survey of the product revealed
that nonavailabllity of the product in the market was one
of the reasons for decline of demand. The experts
suggested products, which could be produced by any mill
having conventional jute processing machinery. For the
purpose, IJIRA developed two varieties of Jute Mesh
(JM) type I&II and tested the properties and performance
in India and abroad. The specifications of the products
including Soil Saver have been finished
in Table 1
below.
Table 1 Specification of Jute Geotextiles for
Control of Surface Soil Erosion.
Jute
Geotex
tiles

Weight
(g/m2)

Soil Saver
Jute Mesh
Type I
Type II
2.1

Yarn diameter No. of
(mm)
threads/din
Wart) Wefl Waro Weft

500

5

5

6.5

400
300

2
3

3
3

34
12

4.5
15
11

Width
(Cm)
122
122
122

Properties

The physical properties of the materials tested by Soil
Management Division, Silsoe College, U.K. and IJIRA
are given in Table 2 along with the properties of the
products available in the market fm similar application.

2.2

Functions

When installed they act in two ways - 1. Arrest
movement of soiI pzrticles, seeds and nutrients on the
surtlice of the soil and 2. Help fast growth of vegetation,
which covers the surlace with a canopy of living mass as
well as reinforces t h t soi 1 with roots, protecting the
surface from erosion ~{ rain and wind permanently.
2.3

Trials and Re ndts

The functional perforrmnci: of Soii Saver is well known
to the users for more than four decades; however, that of
the new products ha; been studied by Silsoe College in
UK and Tea Reseu ch Association
as well as the
Directorate of Forests, Gow. of West Bengai, in India in
collaboration
with 1J M.
Silsoe College studkxl the
performance and cormired it with the others while Tea
Research Association. studied soil loss of the hillocks of
Cachar district in As:xun, afler plantation of tea using
Jute Mesh Type I & 11and compared it with that of bare
plots. Forest Directorate used Soil Saver for protection of
hill slopes in the di::t ‘ict of Darjeeling in West Bengal
through vegetation. 7‘he results of Silsoc College are
shown graphically ir. Figw e 1 & 2, while those carried
out by Tea Resear;ll Asmciation
in Figure 3. The
comparison
of veg~ ation densities
on treated and
untreated areas of I )arjecling is given in Table 3.
Vegetation
density I Was measured
six months afler
installation.

Table 2 Physical properties of Jute and other geotextiles
for Control of Surfhce Soil Erosion.
WOVEN
Properties Soil Jute Mesh Coir
Saver Type Type
I
II
500 400 300
Weight
(g/m2)
Thickness
5
3
3
(mm)
55
60
40
Coverage
(%)
Tensile Strength (KN/m)
20
16 12
warp
9.5
Wetl
6
11
Water holding
capacity(%)600 500 400
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Straw
Synthetic
based

700

250

450

4

8.5

18

60

100

85

25
12

-

280

700
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Figure 1 Soil loss (?6 ~for different geotextiles
under difl%rent rain.311 (S( lil - Sandy loam)

treatment

!

—
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m
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-..
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Figure 2 Vegetation cover (Y.) under different geotextiles
with time (Soil-Sandy

loam).

❑ Control
wJM Type - I

❑JMType-il

aJ—Lw—

L

1-

Months

Figure 3 Soil loss under treatment of Jute Mesh Type I &
II in different months of rainy season (Total rainfidl 2304 mm, Soil composition - Sand : 73’%, Silt : 18’XOand
Clay: 9%)
Table 3 Vegetation
areas

densities

Slope (60-65)”
Treated untreated

Chipley
43
Kash*
45
Vimsing
Patay
5
Guelo
1
Unio
9
Banmara
4
Amlisho
5
Kalimontey 10
Bansho
43
Raikhaney
Bhakatey
Total
165

48
21

Selection of I ‘abrics

Selection of suitable f:.hric depends on the site conditions
like gradient of the ~dope intensity of rain fill, wind
velocity and soil com p ositi(ln.

/-

Days

Plant
species

* Plantd, Plant specil :s (local names)
Soil composition - S ~ idy loam mixed with small stones;
Rain t%ll - above 3000 mm.

of treated

and untreated

Slope (30-45)”
Treated untreated
27
58

1
1
12
6
6-

217
12
12

2
97

6
5139

-

11
30

1
2
7
2
6
1

Installation

It is very easy to in ;tall. lmy unskilled person can lay
afler training at site Afler cleaning the surface and
making it as smooth as possible the f%brics are laid after
anchoring at the top t )f a slope and rolling down to the
bottom, where it is ;ulchored again and cut. The layers
are to be overlapped ~ T 10 cm side by side. The over laps
are fixed with the sw face with the help of iron pegs of
suitable size or livinl; pegs made of tree branches, which
may grow with time N intervals of one metre. End to end
overlapping should k 15 cm and fixed with the ground
keeping the finishing end on the top and starting end
ins :allat.on,
After
seeds
of
suitable
under.
planthushkgume
rr a y be spread over the treated area.
Saplinghree
cutting lnay also be planted through the
open areas if necessary. The treated area should be
restricted flom stampi lg and grazing till vegetation takes
firm roots. Damage {zused by chance should be repaired
immediately placing fresh Fabric on it and fixing it with
the ground.
2.6

Discussion

It is evident ftom tht: above results that Soil Saver as
well as the fabrics of 1ype I & II are capable of reducing
soil loss by around {~OYO,inspite of its less coverage
compared to nonwova M as well as cover the surface with
vegetation within tie e months. It is due to the fact that
it is highly flexible, mhich increases by about zSO/o when
wet. So, atler fust :howcr, it can establish intimate
contact with soil sur k ce reducing soil loss significantly.
Moreover, it can absl)l b water to the extent of four to six
times of its weight :nd helps reduce run off velocity
considerably. The wat, x is released in dry spell creating a
moist atmosphere, VI ich helps vegetation to grow fast.
Apart born these ~r ]pert es jute has good insulation
property, which ag;lin helps control the extremes of
temperature for heah hy gI-OWth of vegetation. After a
period of one and a 1 alf y:ars to two years it looses its
strength while the bi )]nass, which remains on the surface
is not toxic, but incrca ses w ater permeability of the soil.

60
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3

FABRICS FOR SEPARATION

AND FILTRATION

Development of such fabrics was initiated by Calcutta
Port Trust in late eighties, when the trust was searching
for low cost fabrics for protection of bank of the river
Hooghly
opposite
to Haldia,
a riverine
port in
EasternIndia.
Erosion
of the bank was creating
navigation problem for big ships. As synthetic geotextile
for river bank protection is expensive in India, the
Calcutta Port Trust approached IJIRA to develop fabrics
for the purpose with specific properties like pore size,
water permeability and durability for a reasonable period
till siltation starts. For the purpose a twill woven fabric
was designed and developed and treated with rot
resistant chemicals and bitumen to enhance durability.
Bitumen treatment was developed so that it maintains
the pores of the fabric for filtration
and water
permeability
across the plane of the fabric. The
enhancement of durability of the fabric was measured in
laboratory using standard methods IS: 1623-1992 (BIS
Hand Book 1996). The test results are given in Table 4.
Table 4 Results of Soil Burial Test
Loss in strength (VO)
Incubation
period
(Week)
3
6
9
12

ControI

Treated
Rot resistant
Rot resistant
+ Bitumen
chemicals

90
100

5
50
90
100

2
20
50
80

A pilot trial on the bank observed strength loss around
30’?40aiter a year, when siltation was to the extent of 30
cm on the lower part of the bank. The engineers accepted
the fabric for the bank protection work, and applied it
commercially for protection of the bank to a stretch of
1.5 Km in 1992. The specification of the fabric is shown
in Table 5.

Table 5 Specification of Jute Geotextile for
Separation and Filtration
Physical properties
760
Weight (g/m2)
102
No. of threads/din
Warp 47
No. of threads/din
Wetl 3
Thickness (mm)
Weight atler bitumen treatment (g/m2) 1200
76
Width (cm)
150
Pore size (Ow) micron
1158-1998
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Mechanical Properties
Strength (KN/m) Wa I ) Wel
Elongation(%)
Waq)
Weii
Puncture Resistance [k@w 2,
Hydraulic Properties
Water permeability (1.,m2/S CC.)
at water column of 1(1 cm.
3.1

20 (Min.)
20(Min.)
5
10

40
20

Further Trial:,

Directorate of Irriga i m ar.d Waterways, Govt. of West
Bengal wanted to repl ice the conventional filter material
for river bank protect ion work by geotextile due to the
fact that quality filt al maierial is not always available
particularly in remox arem. They tried jute geotextile
(filter) for protectim of the banks of the Padma at
Hasanpur,
embankm mt of the river Phulahar
at
Ramayanpttr as well as the banks of the river Hooghly at
Barrackpore. Sunde-lun I development Board, Govt. of
West Bengal has also used the material for protection of
the approach road ;( mnecting a jetty constructed in a
river subject to high idal ~ction in Patharpratima.
The
object of the trials w: .s to ;ompare its performance with
that of conventional {yanular filter material.
The above
projects were completed in Jtme’95, July’96, February ’97
and August ’96 respectively
following the approved
designs of the respecl ive divisions. In these designs only
the filter materials were replaced by Jute Geotextile
(filter). The Civil Engineering
Department
of B.E.
College tested soil of the sites and made necessary
adjustment in the Iicsign for proper anchorage of the
fabrics with overlap~ng. FI.E. College is also monitoring
the SiteS at reguklr int~rvak Of time tO aSSeSS the
condition of the strut Lures
3.2

River Characteristics
the Sites

3.2.1

Hasanpur

and Soil Composition

of

The Padma is a unidirectional
river carrying about
30,000 cttmec. of ‘vater during peak period July to
October. From Nov anber water recedes and becomes
stagnant during Mar ch to June. Right bank of the river
at Hasanpur was subject to erosion. The bank was
regraded to a slope ~f 2: ~. The fabrics were anchored in
a trench of 0.5m x ~).5m at tbe top and at the bottom it
was anchored tmde” a sausage of size 1 m x 3 m made of
boulders of size 0.45 m. A rip rap Payer was placed on the
fabric with two la}e:s of boulders. The soil composition
of the site is cited teiow.
Whitish grey salliy SILT (Sand -307., Silt-5Y% and
Clay -1 lVO).

3.2.2

Ramayanpur

The river Phulahar
beeomes active hrn
June to
October, when it erodes its banks and sometimes causes
flood. The embankment
at Ramayanpur
protects the
villages and agricultural
land nearby from the flood
water. For protection of the embankment
the project
work was carried out to a stretch of 400 m, which is on a
bend of the river and subject to erosion. The fabrics were
anchored at the top in a trench of 0.5m x 0.5 m and at
the bottom it was anchored under an apron of size 8m
xlm made of boulders of size 0.45 m. Two layers of
boulder were placed on the fabrics as rip-rap. Soil
composition of the site is given below.
Sandy grey SILT with little clay (Sand - 29~o, Silt 63’ZOand Clay - 8VO).Standard Proctor Test, OMC(’%) 12.4, yd Max (Mg/m3) -1.7
3.2.3

BarrackPore

The Hooghly is a tidal river. In August-September
the
tidal waves rise upto 3 m when the river is fill of water.
The site is a bathing place, which was damaged with the
time. Bank length of 20 m was repaired using Jute Filter
on the slope after repairing.
Jute Filter was laid on the
slope with proper anchorage at the top and bottom and
cement mortar blocks of size 0.5m x 0.5m x O.10m were
placed on the filter fabric. The soil composition of the
site is given below.
Grey clayey SILT (Sand - 4.5%, Silt - 82% and Clay 13.5%). LL-30.5, PL-19.5; Bulk density (Mg/mJ) -1.94,
Water content (%) -31, UC Strength (KN/m2) -0.66.
3.2.4

Patharpratima

A jetty was constructed in the river Matla in Sundarban
for water transport for benefit of the people of the area.
The river is a tidal one and the tidal actions are severe in
the spring (August-September).
For protection of the
approach road to the jetty, on the slopes of the road Jute
Filter was applied with proper anchoring and brick
blocks of size 0.5 m x 0.5mx0.25m were placed on the
fabrics. The soil composition of the site is highlighted
below.
Grey clayey SILT with little sand (Sand - 0.4%, Silt 78.6’% and Clay - 21%) LL -33.8, PL -17.6, Standard
Proctor Test, OMC(%) -20.5, yd Max (Mg/mj) -1.7.
3.3

Inspection

Results

Hasanpur - No subsidence on the rip-rap on Jute Filter,
while subsidence upto 15 cm was observed at places of
that on the conventional filter materials atter the flood of
’95

Rarnayanpur - No daniage was observed after the severe
flood in October’96
BarrackPore - It has lx en ccmpleted recently and it is too
early to comment on it,
Patharpratima -No si~~ of displacement of the blocks is
visible after seven mor ths of tidal actions on the slopes.
3.4

Discussion

In bank protection wwk normally 150 mm thick layer of
ballast of size 10 rnrl to 15 mm is used as filter, which
does not fimction prop zly (n all types of soil particularly
on silty soft soil, N observed in Hasanpur
bank
protection work, Whisll developed subsidence of the ripone of the disadvantages
of
rap structure at plalxs.
granular filter is - t is difficult to maintain uniform
thickness of the balk st over the length and breath of the
area under treatment, particularly when it is spread
manually.
Moreover, it is difficult to procure quality
filter material in remote arc:as like Sunderban, where the
Jetties constructed using ;wailable filter are damaged
liequently under the tidal action of the rivers of the
region.
The filter fabric is c leapm than the conventional filter
material. Moreover,
mcurement
and installation
are
very easy. Only care i:; to be taken during installation so
that it is not ruptured. If it is darnaged by chance, it may
be repaired placing x piece of material on the damaged
portion. It is a rer e wablc resource and available in
It is very cheap in comparison to synthetic
plenty.
geotextiles particular! r in the third world countries.
After the above trial; and. realising the advantages, the
Directorate
has
c ecidecl to apply
the
material
commercially
for tank potection
work under their
control and requisitif ~r.ed materials for protection of both
banks of a canal
mder Tista Barrage Project in
Jalpaiguri to a stret sll of 1.2 Km. The work will be
completed by June, 1997. 1hrther material for protection
of bank of the river ~4 ihammda is under negotiation.
Engineers
som 5 imes
expressed
doubt
about
durability of the strwlures ming Jute Geotextiles. In this
context, it maybe memiorwxl that the bank length of the
Hooghly at Haldia tr a M i n 1992 with Jute Geotextile is
still in a good shape, It implies that though the strength
of the fabric is not .t ere the biomass which remains is
acting as a filter or I natural filter has developed in the
soil adjacent to the M Iric and is working.
The fabric for sepa ‘atior~ and
applied for constructi( n of ::oads
Municipality in Andl ‘a Pmdesh
reclaimed area in the porr of
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important port in South India. The road was made for
moving trucks carrying cargo materials to port godowns.
In this application width was increased by stitching the
fabrics side by side. Construction
of the road was
designed by Central Road Research Institute, Delhi,
Afkr one year the condition of the road satisfied the
authorities, who has decided to increase the road length
using simiiar fhbric.
4

CONCLUSION

Jute geotextiles are very cheap in comparison to synthetic
geotextiles particularly in the third world countries and
may tind a big outlet. The jute producing countries may
utilise their spare capacities of sacking product lines for
the purpose with some modifications in machinery and
structure of the fabrics to suit the requirements
of
geotextiles.
Durability may be enhaneed by chemical
treatments in specific applications like bank protection
work, road construction etc. While for protection of
surface soil through establishment of vegetation, short
durability is an advantage since the fabric beeomes
superfluous after growth of vegetation.
is in an
In India
application
of geotextiles
experimental stage and it is the right time to explore the
ideas of application of Jute geotextiles to the practicing
engineers in their respective fields. For the purpose, the
Ministry of Textiles, Govt. of India and United Nations
Development Programme (UNDP) have come forward to
assist a project on development of Jute geotextiles for
specific end uses under the leadership of the Indian Jute
Mills Association.
A number
of Research
and
Development organizations and educational institutions
are working in the projeet in their respective fields of
expertise.
Objeet of geotextiles is to reduce cost of construction
with good serviceability.
In this context, Jute geotextiles
have been found to be effective for protection of slopes,
river bank protection, consolidation of silty sub-soil as
well as roads on sofi soil.
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ABSTRACT: In many civil engineering applications geotextiles are subjected to d~oIamic loadings. These applications
include use as a filter fabric beneath rock beaching, (rip-rap), and particularly in m Nine clr tidal applications, which are
subject to storm events. Also, to a lesser extent, dynamic loadings occur in railway and 10gging haul road applications.
This paper reviews the performance of commonly used geotextiles in these applic~i ions by exhuming geotextiles from
a range of projects after a number of years. A testing program was undertaken t ) compare properties of geotextiles.
Simple testing of geotextiles was carried out in mechanical agitators as well as r actual marine environment.
The
properties of a range of geotextiles, spun-bond, heat-bonded, continuous filament and ;taple-fibre non-wovens were
compared before and after testing to establish the relative abrasion resistance (f diffi.rent geotextiles sub.jectcd to
dynamic loading.
KEY WORDS: abrasion, geotextiles, case study, dynamic mechanical analysis testi 1;

1

INTRODUCTION

Abrasion resistance is not widely considered an important
characteristic of geotextiles. The proof of this statement
is borne out by the lack of any abrasion performance
parameters in commonly used geotextile specifications
around the world. In civil engineering applications for
geotextiles such as sub-soil drainage, roadway separation
and
liner
protection
abrasion
is a secondary
consideration.
There are, however, applications where
abrasion
resistance
is important
to the long-term
performance of the geotextile. These applications include
the use of geotextiles as filters behind rock revetments as
well as, to a lesser extent, in dynamic loading situations
such as in railway track applications (ref. 1) and unsealed
haul roads.

2

EXISTING ABRASION

TESTS

The ASTM currently has one standardised abrasion test
for geotextiles,
D4886, ‘&Standard Test Method for
Abrasion Resistance of Geotextiles (Sand Paper/ Sliding
Block Method)”. This test is, however, not widely used
for the reasons already stated that abrasion is not widely
accepted as being important as well as the general view
that these tests are very severe and not a fair reflection of
the actual abrasion mechanism in a given engineering
application.
It is difficult to specify what level of
abrasion resistance is appropriate, according to D48fi6,
for a given situation. Australian geotextile standards do
not address the issue of abrasion although Austroads
(ref.2) describe abrasion as “ significant where there is
repeated
loading such as below rip-rap in snore
protection or during placement of the first lift on an
embankment/pavement
when construction
equipment
must operate on a thin layer”
In Germany the BAW rotating drum test has been used
for some years to carry out abrasion testing of

geotextiles. The ald hor i; not aware of further detai Is of
this test.
Two other standac textl le abrasion tests, the Stone and
the Taber Abrasion test :we, likewise, considered severe
and inappropriate ‘c r tes[ ing geotextiles. Other abrasion
tests have been p~lt forward by Gray (ref.3) and Dine
(ref.4), however thlxe are not known to be widely used.

3

REVETMEld

r AP PLICATIONS

Failures of geotex t Ies in revetment applications have
been observed at L a Canau, France 1985 and at Somers,
Australia 1990. Stcr n ewnts cause severe turbulent wave
action, which has teen dlown to unravel and damage
geotextiles. At Sc nlers I non-woven, needle-punched,
continuous-filarner t pol{ester
geotextile
failed after
being subjected to \/ave action over only a few days. A
replacement
non- woven needle-punched,
staple-fibre
polyester geotextile was found to perform adequately
when used in the s ~me mvironment. Existing abrasion
I he
mechanical
abrasion
of
tests only consoler
geotextiles,
caused by rock particles
abrading
the
geotextile. Geotextil:s should, ideally, be well secured by
secondary armou[ rock however, in practice, when
subjected to wave action there is some small movement
of the geotextile. In some cases the geotextile will only
be secured by larg ~ dis ;rete rock units and relatively
large movements ) ‘ the geotextile between these rocks
will occur. The +ructure of the geotextile must be
adequate to preven unmvelling of the geotextile from
this hydraulic
Icading as well as be resistant to
mechanical abrasi(l] cau:,ed by rubbing of the geotextile
on rock.
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TESTING

Because of the difficulties of field testing geotextiles
subject to wave action in a foreshore environment a
simple test was devised to replicate the effects of
dynamic

wave action on geotextiles.

Geotextiles
available

tested

Australian

were

3

different

geotextiles,

which

commercially
are

commonly

used in revetment works. Each geotextile was a nonwoven (NW), needle-punched (NP) type. Fibre type was
either staple-tibre (SF) or continuous-filament
(CF) and
polymer was either polypropylene
(PP) or polyester
Samples of geotextile were placed in a domestic
(PET).
washing machine and agitated for given periods of time.
(See Fig 1) Each agitation cycle was 12 minutes long and
samples were tested for 4 and 8 cycles. The samples were
visually inspected and Mass, Grab Tensile Strength and
Mullens Burst Pressure were measured before and after
testing. The results are detailed in Tables 1 and 2, and Fig
2 below:

Table 1. Sample description
NW, NP, SF, PP
NW, NP, SF, PET
NW, NP, CF, PET

A
B
c

27f298
265

275
298
255

275
298
255

Grab (N)
B*
4

8

Mullens (kPa)
B*
4
8

872 829
550 550
1100 1100

829
550
890

3500 3400 3400
2425 2425 +----2425
3300 33003300

* Before
1162-1998
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Table 2. Test Results
Mass (gsm)
B*
4
8

Fig 2 Visual
cycles)

Conference

SampleB
appearance

DISCUSSION

of samples

Sample C
after testing

(8

OF RESULTS

From the above results it is clear that all geotextiles are
subject to damage due to wave action, to varying degrees
according to the type of structure of the geotextile. Visual
inspection showed severe “fluffing” of samples B and C
after 8 cycles (96 minutes in agitator). The structure of
the geotextiles had begun to unravel. After 8 cycles
sample C had virtually disintegrated. This appears to be
due to sample C’s lightly needled nature compared to the
more
heavily
other
needled
staple-fibre
fabrics.
However. sample A showed little change in its visual
appearance, even after 8 cycles, which may be explained
by its tightly needled
staple-fibre
structure.
The
mechanical properties of each sample were affected to
varying degrees. The mullens burst for each was largely
unat’fected. The grab tensile results for sample A showed
a 5°/0 reduction and for sample C showed a 20°A1
reduction, which is a significant reduction and may
indicate general strength reduction.
Further mechanical
strength testing of the sample is needed, such as wide
strip tensile strength, trapezoidal tear strength and drop
cone test, to determine if the mechanical properties are
lmore broadly affected.

Fig 1. Photo of Washing Machine Agitator

A
B
c

Sample .A

on Geosynthetics

Limitations of Results

This test should be seen as a useful index test to compare
performance of different types of geotextiles. It is also
useful to give broad guidance as to a geotextile’s
suitability for use in this type of application. The severe
damage to sample C in this test closely replicates the
damage sustained to this fabric at the Somers site and so
gives a fair reflection of the damage that may occur in
revetlment applications.
Because of the difficulty of
rep] icating ac[ual field conditions,
ie coastal marine
environment subject to tidal action, in the laboratory, it is

difficult to more accurately co-relate these results to field
conditions and to standardise the test to set minimum
acceptable performance limits. It is recognised that this
testing regime is very severe and may not be appropriate
to test abrasion of geotextiles in other applications such
as reading or rail track. This test method only replicates
turbulent wave action and does not take into account the
mechanical abrasion of rock and soil particles rubbing
against the geotextile.
One improvement to the method
would be to include rock particles in the agitator to help
model field conditions more accurately.
To this end
testing has been conducted by others in Australia using a
modified form of the LA Abrasion test, although the
results have not been published. In this test, samples of
fabric are fixed to the internal walls of a drum, which is
filled with water and rocks. The drum is then rotated and
the fabric samples are tested for the effects of water
borne abrasion.
The German BAW rotating drum test
may also address this issue.
5.2

Recommendations

From this testing it would not be recommended to use
geotextile
C in revetment
applications
in marine
applications due to the disintegration
of the fabric’s
structure after 8 cycles in the test. The reduction in grab
tensile may indicate a broad reduction in the strength
properties of the geotextile.
5.3

Further Testing

Because of the limited nature of this project it is required
to conduct further extensive testing to determine the
reproduceability
of the test method. Variables such as
length of time of testing and addition of, and type of,
rock samples need to be investigated.

6

■ field experien x:, together with agitator testing, show
that some Iii:htly needled continuous-filament
nonwovens are r,ot suitable for use in revetment
applications in [idal t.nvironments
of this testing together
with field
■ ‘lhe results
experience,
i n dicatf, that staple-fibre
non-woven
geotextiles
a ‘e most suitable
for use in this
application.
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CONCLUSIONS

The following conclusions were made based on this
testing:
■ abrasion is an important consideration
in some
engineering
applications
of geotextiles,
such as
revetment and rail track situations.
9 abrasion is inadequately treated by current standard
tests
■ dynamic
wave action causes stresses, other than
mechanical abrasion, to occur in the geotextile
■ a simple agitation
test,
using a domestic washing
machine,
compare

was

found

performance

to

be

of

as to give broad assessment
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ABSTRACT: Geotextile systems such as bags, mattresses, tubes and containers filled with sand or mortar can be a
good and often cheaper alternative for more traditional materials/systems
as rock, concrtte units or asphatt. These new
systems were applied successfully in a number of countries and they deserve to be applied on a larger scale. Because of
low price and easy construction these systems can be a good alternative for coast:d protection and coastaI structures in
developing countries. The main obstacle in their application is however the lack of proper design criteria.
An overview is presented on stability criteria of the existing geosystems and thei ~ limitations.
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Design

INTRODUCTION

Various structures/systems
can be of use in hydraulic and
coastal engineering,
from traditional rubble or concrete
systems to more novel methods as geosystems and others.
Within the scope of the research on the stability of rock
and block revetments, much knowledge has been developed about the possible failure mechanisms and methodology on development
of stability criteria under current
and wave load (CUR/RWS, 1995a, b). Until recently, no or
unsatisfactory design tools were available for a number of
other (open) types of revetment and geosystems. This is
why the design methodology
for block revetments has
recently been extended in applicability y by means of a
desk-study for a number of geosystems, such as sandbags
and sand- and mortar-filled
mattresses and tubes/containers. Also other stability aspects, such as soil-mechanical
stability and residual strength were taken under consideration.
Geotextile systems utilize a high strength synthetic
fabric as a form for casting large units by filling them by
sand or mortar, or as curtains collecting sand. At this
moment there is a relative large number of products of
this type on the market provided by some specialistic
companies
all over the world. Mattresses are mainly
applied as slope and bed protection. Bags are also suitable for slope protection and retaining walls or toe protection but the main application is construction of groins,
perched beaches and offshore breakwaters. The tubes and
containers are mainly applicable for construction of
groins, perched beaches and offshore breakwaters. They
can form an individual structure conforming functional

requirements
for tht proj{~ct or as a component of the
main structure. In fy:neral, the sand-filled structure can
be used as: tempor~ry s :ructures to learn the natural
interactions/responses,
permanent structures at locations
with relatively low wave [Ittack (H < 1.5m), or submerged structures where ~irecl wave forces are reduced. The
mortar-filled
systems can resist much higher wave and
current loading and if ne ~essary, can be interconnected
by bars or by creatinf; a SIeciat interlocking shape.
The main advantage!; of thxe systems in comparison with
more traditional me [hods ~e: a reduction in work volume, a reduction in cx ecuti m time, a reduction in cost, a
use of local materials, a [ow-skilled labour requirement
and possibility of using of locally available equipment.
This paper aims at g ving a summary of the increased knowledge, esr ecially that concerning the stability
criteria for sand- ant. mo:rtar-filled mattresses, bags and
geotubes that have been made available.

2

STABILITY

2.1

Wave-load

C RITEF:.IA
stability

There are two practical design methods available: the
black-box model and the analytical model. In both cases,
the finat form of tht design method can be presented as a
criticat relation of t m load compared to strength, depending on the type of wave attack. For revetments,
the
basic form of this relation is:
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H H~_A

AD ., -

till in 0.3 m for sami and i).03 m for clay. The values for

H,
—
= 8.0
[)AD C,

with maximum

(213
OP

(1)

D and A

depend cr the type of revetment.

matically

representing;

a block on a geotextile

In which: A = revetment (stability) factor (-), H, = significant wave height (m), A = PJPW-1 = relative density

on sand, the block s Ioulcl be regarded

(-), p, = density of the protection

as the filter layer. ‘le
using:

material,

of water (kg/m3),

D = thickness

and Lp = breaker

parameter

such as sand mattresses

density

of the top layer (m),

of tit

geotextile

of the top layer must be determined,

and the small gully

le:dcage length can be calculated

_.—

—
(5)

the relative density
including the water-

A~=(l-n)”

(2)

A

In which: Am = relative density including pores (-) and
n = porosity of the top layer material (-).
The breaker parameter is defined as follows:

with: k~ = permeab lity of the filter layer (gully) (m/s),
d~ = gully depth (m), kg =: permeability

of the geotextile

(m/s), T, = thicknes:l of Ihe geotextile

(m), D = thick-

ness of the top layer :m), md k‘

= permeability

(3)

stone revetments
following

a

= slope angle (0), LOP = 1.56 T;

water wavelength

= deep-

The advantage

of this black-box

simplicil y. The disadvantage,
of A is known

(s).

only very

design formula is its

however,
roughly

is that the value

for many

types

of

structures.
analytical

model

is based

on the theory

on a granular filter. In this calcu-

lation

model,

number

taken

into account.

nearly

all physical

factor.

a large

of physical

aspects

In short,

in the analytical

model

that are relevant

to the

have been incorporated

in the “leakage length”

The finat result of the analytical

model may, for

as a relation such as Eq. 1

A = f( A ). For systems

on a filter layer,

the

leakage length is given as:

the design wwe height H,;

●

the (representative)

●

the increase

A

(4)

= leakage

length

(m), b~ = thickness

filter layer (m), k~ = permeability
(m/s), and k’

= permeability

With a system

without

directly

the thickness

channels)

of the subsoil

at the surface affect the subsoil.

Sixth International

Conference

placed

is filled in. For

of the filter layer it is examined

depth changes

of the

of the top layer (m/s).

a filter layer (a system

with gullies/surface

in this summariz-

of the analytical

model

(cuN Rws, l’)95a).
stabilily

Severe flow attack may irl practice

occur on revetments,

such as with flow ow:r a s :eep slope and flow attack near
many

kinds

discharge

of structures

structures

of sills,

gates,

and the like). At these structures,

flow is often specifhlly
the boundmy

(downstream

cletermined by the geometry

condil ims.

the
and

With flow over a steep slope,
dam or

dike, the situation i: less ambiguous.
When

the flow velocity

is known

reasonatl Y accurately,

well,

or can be

Pilarczyk’s

relation

(1990) is applicable:

of the filter or subsoil

on sand or clay) the permeability

(eventually
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2.2 Flow-load

calculated
with:

leakage length A;

:actol I’ on the strength.

Only suchlike adaptal ions are presented
paper.

A and D;

such as on the down nrem n slope of a over-flow

E

the

are

parameters

that matter, again be presented
where

the (represe x.ative ) strength parameters

●

for

placed stone revetments

stability

●

ing

for placed

items may )e adapted:
the revetme ~: pan uneter A;

are given in

The

method

under w~ve load to other systems,

.
at the peak period (m), and TP = wave

period at the peak of the spectrum

of the

top layer (m/s).
To be able to apply the design

In which:

on a gully

as the top layer

(-). For porous top layers,

and gabions,

filled pores:

pW =

and the combination

When sche-

to which
One can

on Geosynthetics

AD = 0.05

@ K~K~

U:

‘Y

2g

—

K.

(6)

in which: A = relative de!lsity (-), D = characteristic
mension (m), g = zcceler:ition
Ucr = critical vertical [y-averaged

of gravity (g=9.81
flow velocity

di-

m/s2),

(m/s),

@

= stability

parameter

parameter

(-), K,

parameter

(-), and ~

(-),

= turbulence

V

= critical

factor (-), K~ = depth

= slope parameter

* The stability parameter

@

Shields

(-).

depends on the application.

* Slope parameter K, The stability of revetment elements
also depends on the g radiellt under which the revetment is
applied, in relation :CIthe angle of internal friction of the
revetment, This effi x :t on the stability is taken into account with the slops parameter K,, which is defined as
follows :

-——
J_l )

Some guide values are given below.
Continuous

Edges and

toplayer

transitions

1.0

1.5

0.5

0.75

Riprap and

2

K.=

Mattresses,

and washed-in

8

material

gabions,

40°for

blocks

= angle of intt :maf friction
(0, (about !~()0 fol” concrete

sand-filled

Shields

parameter

material can be taken into account.

the type of

T

Some guide values are

given below.
Revetment

of the revetment

mattresses

imd 30 to

s!~:terns I and a = transversal

slope of

the bank (0).
With

* With the critical

(7)

Sine

with:

placed blocks

1-’-

a downwa:d

fl)w

along

a steep

slope

difficult to determim: or p] edict the flow velocity
because the flow is ‘my ir :egular (high turbulence,

~
(-)
0.035

determined

riprap
loose, placed blocks

0.05

the inner slope of a dike n the case of flooding.

blockmats

0.07

case a design formula

gabions

0.07

ble (Klein Breteler,

sand and concrete

very well, etc>tera).

this when dimensioning

of turbulence

can be taken

factor K~. Some guide values for KT

Normaf turbulence:
(i.e. river bends)

(i.e. hydraulic jump)

averaged

roughness

of the

of the revetment.

can be found in (Pilarczyk,
2 m are given below:
developed profile
nondeveloped profile

of sand.

lity of the structure.

mechanical

2.0

to translate

The depth parameter

indicative

es>ecial ly when this consists
wit] lin the framework

of the soil-

aspects ;uld can be of importance

to the stabi-

There are three mpec[s that will be discussed
the framework

the depth-

of so i]-met xmical

within

aspects:

elastic stor: ge;

●

softening (1lcpefaf:tion);

.

drop in the vrater level.

into the flow velocity just above

of development

The following

can also

1.5

K~, the water depth is taken

is necessary

flow velocity

the revetment.
measure

which

structures

This effect is treated

●

into account,

on :Lrevetment

KT (-)
1.0

3.0 to 4.0

Load due to water (screw) jet:
* With the depth parameter

is prefera-

Stability

The water movemerl
affect the subsoil,

Situation:

Heavy turbulence

bas:d on the discharge

In that

into account

are given below.

turbulence

with

of (the crest and)

0.07

mattresses

with the turbulence

One is confronted

tll e revetment

1996).

2.3 Soil-Mechanical

Increased

inclu-

sion of air as a result of which the water level cannot be

type:

* The degree

it is

exactly,

also depends on the
flow profile

The recommended
1990, Klein Breteler,

and the
formulas

These aspects and the accompanying
en design methods

are di ;cussed in detail below.

ground information

cm be found CURiRWS (1995a).

1996).

Elastic

values for the water depth h >

permeability

storage

K~ = 0.2
K~ = 0.4

i I the subsoil

and st [ffness

compressibility

:
:

damage mechanisms

is connected

of the grain

Back-

with

the

skeleton

and the

of ths pole water (the mixture

of water

and air in the pores of t Ihe grain skeleton).
these characteristics,

waw

pressures

Because

of

on the top layer are

For shallow water and rough flow (h/lq < 5): K~ = 1.0 ;

passed on delayed anl damped to the subsoil of the revet-

h = water depth (m) and & = equivalent roughness
according to Nikuradse (m); k, = 0.05 m for mattresses.

cular to the slope) c f the : ubsoil.

ment construction

zl(i to fLeeper layers (as seen perpendi-
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This phenomenon

takes place over a larger

distance

or

layer of sand. This ~cads t> a decrease

in the pore space.

depth as the grain skeleton and the pore water are stiffer.

The water in the pcres is subjected

If the subsoil is soft or the pore water more compressible

want to run off. At first, water overtension

occurs.

(because

causes

pressure

between

the

to sliding.

Finally,

the

of the presence

of small air bubbles)

pressibility

of the system increases

the water

pressures

over

tension may develop
this an increasing
Elastic

and large damping

a short distance

Because of this, alternately

the com-

water undertension

and over-

in the subsoil and corresponding

and decreasing

storage

can lead

of

may occur.
to

a decrease

in the contact

grains and with this t ne resistance
pressure

the grains falls away completely.

between

between liquefaction

ge is that with liquefaction.,

●

lifting of the top layer;

of an elastic

●

sliding of the top layer;

softening

●

sliding of the subsoil.

cally to a denser packing
dangers

For the stability
particularly
directly

of the top layer,

be of importance

elastic

storage

there being small gullies

under

the top layer and, if the permeability

layer

is (locally)

of the top

less than that of the subsoil.

imply that the leakage-length

ding to the analytical
The stability

These

approach

of the subsoil

of elastic storage,

●

strongly

that insufficient

so

sheer stress can be absorbed

in

sliding.

to the different

with elastic storage

damage

mechanisms

are presented

diagrams.

In these diagrams

is plotted

against the thickness

slope gradient.

The design method

connected

the permissible
construction

consists of a

top layer on a filter layer, the thickness of the filter layer
may in these diagrams

be partially

ding on the type of revetment)

or completely

(depen-

added to the thickness

of

the top layer.
water

cyclic

overtensions

impermeable

generation

may occur

MCYCI.E

of water

in the subsoil,

tension,
but with

top layers also directly under the top layer.

In sand, these watertensions
program

the top layer

becomes

tension manifests

can be calculated

developed

impermeable,

As
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~or constructions

design

with a reasonably

subsoil:

–

the slope graiient

–

the slope #radient

is gentler than or equal to 1:3,
is gentler

than

1:2 and the

the slope f,radien t is gentler

than

1:2 and the

subsoil is well-co] npacted.
With a top laye: on

clay

there is no danger of lique-

faction.
●

With a top layer on a granular

filter there is general-

ly no danger of 1.quef~ction.
In these design rules hardl f any distinction

is made

between types of rewtmen t.
Through

a drop in the water level a difference

rise over the top lay ~r may occur.
level may occur

as a reult

Softening

A drop in the water

of tide or a ship passing

c r can al. As with packed stcme revet-

ments, this is only I problem

if any possible

filter layer

and the top layer am sandt d up and because of this obtain
a low permeability.
No calculations

reed Io be made on this phenomenon

if applies:
(8)

top layer this is exactly

(liquefaction)

can be defined

load causes compaction

Sixth International

in the

the water

as

follows:
A cyclic variable

the following

itself closer to the surface of the slope.

In the case of a very permeable
the opposite.

using the

by Delft Geotechnics.

more

during construction.

bette~

to liquefaction,

through a waterway

through

as the

wave height

of the top layer and the

If the revetment

that the

are smaller

wave heighl H, is smaller than 2 m, or

with

in the form of design

plasti-

With a top layer on s:nd there is no danger of lique-

—

●

the subsoil to prevent

deforms

faction, if:

if,

the grain tension decreases

regard

instead
through

From which follows

with 1 quefaction

rules are suggested

accor-

may be jeopardized

connected

compacted

model for the stability under wave

because

Also

is connec-

overtension

occurs whe I the grain skeleton

With

load cannot be applied.

regard

and elastic stora-

water overtension

deformation . Water

subsoil is compacted

if the top layer is placed

on the subsoil without

conditions

could

This

is called softening or Iique faction.

ted with a plastic de forma~ion of a grain skeleton

mechanisms:

This

mif;ht bccorne so large that the contact

The difference
damage

and will

water overtension

grain pressure.
to the following

to pressure

Conference

to occur in a

on Geosynthetics

in which: A = leaka~e le lgth (m), a = slope angle (0),
A = (representative}

relat lve density of the top layer (-),

D = (representative)

thickness

of the top layer (m).

3

TYPES OF STRUCTURES

fore the largest with ii large mattress permeability y. In the
long term, however,

3.1 Concrete

Mattresses

clogging

pollution

of the geot txtile

of the Filter Points or the

can cause

a decrease

in the

permeability.
Characteristic

of concrete

les with concrete

les can be connected
which

results

appearance

mattresses

arethetwogeotexti-

or cement between

them. The geotexti-

to each other

in each

mattress

and properties.

3.1.1

Design rule; with regard to wave load

in many patterns,

system

having

An example

is

its own
given

in

Figure 1.

In the design rules for con mete mattresses

with regard to

wave load the calculiltion

of the leakage

ted.

which is closely

This consideration,

consideration

in accordawe

length is adaprelated

with the analytical

to a
model,

results in a design formul:l in the form of the black-box

“2!

I

1.

I

:>

formula.

filter point

During wave at ack, t ~e mattress

will be exposed

to

1~

A!

Al
–-o––-+
I
I
‘9
I

a differential

Ii

–-~

pressurt

whi; h is directed

upwards,

is the case with packed stole revetments.
the moment
wave impact.
leakage

top view

the wave ha; drawn
Just zs with packed

length

back, just before

the

stone revetments,

the

length for Ibis differential

important constructiomdes

pressure

is the most

:riptive parameter.

(A) can be calcul:ited

as also

This takes place

using

The leakage

Eqs.

4 or 5. The

values of the leakaga leng :h may vary from about O.5 to
10 m depending

on he type (permeability)

tress, the permeabilit~r
presence

●

of the filter, and the

of cavities under the mattress.

The failure
probably

and thickness

of the mat-

rnechanisl n of the concrete

mattress

is

as follows:
First, cavities un( Ier the mattress
result of uneven

mbsidence

will form as a

of the subsoil.

The

mattress is rigid and spans the cavities.
●

1, concrete

I

With large spans,
concrete

wave impacts

may cause the

to crack and the spans to collapse.

results in a mattri :ss consisting

of concrete

This
slabs

which are couplecl by means of the geot extile.
●

With suffic .ently ~igh waves,
re difference

cross-section AB

Figure

1 Example

of concrete

wave run-dl~.vn, which lifts the mattress.

mattress

●

The pumping

scion

of these

cause the subsoil :0 migrate,
The permeability
determine

of the mattress is one of the factors that

the stability.

given by the suppliers
geotextile,

away,

is often the permeability

pressure
i~s a result

across the mattress

of the mattress

build-up

under

of which

will

as a result of which

will form and the revetrnent

will

collapse co:nplete y.
The value of stability
the black-box mods

facl or A in the design formula of
(Ec . 1) depends on the leakage

ensures

that any

length and the subsoi 1: A = 2 to 4. A permeable

the mattress

can flow

on sand has a medim-siz

pressures

then the value of A .s 3 104.

the differential

remain smaller.

an S-profil:

movements

of the

of the whole mattress is much smaller.

A high permeability
possible

It is found that the permeability

or of the so-called Filter Points. In both cases,

the permeability

an upward pressu-

ovel the mattress will occur during

The stability is there-

~d or small leakage

mattress
length and

A low-permeable

mattress

on a filter has a larg{> led. age length and therefore
1998 Sixth Internatio mIlCol,tference on Geosynthetics
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value of 2 to 3 (Figure

2). For the determination

leakage length, one is referred
I

51

to the analytical

1

of the

,I

?3

Design

ml;!;

The flow through

a t:oncrl;te mattress

V+:

the Filter Points.

TIM>permeability

A.8m

with concrete

: &=3.5#3

+0 o
v

mattress

++
Xo +
v v+ x

soil-mechanical

1

lies approximately

3 m/s. A concrete
H,
z

to

❑

—

3

wi :h regard

stability

A :A=O.65m
XO :A.24m

4

3.1.3

model.

:r attre:s

is concentrated

of the systems

between

in

filled

1.10-4 and 5.10-

is less flexible

than a sand

and does n{x comlect to the subsoil as well as a

❑

sand mattress.

❑

assumed

In contrast

with

sand

mattresses,

it is

that only tl(; sliding of the whole mattress

can

occur and not just p;ut of t.
* Elastic storage
With regard to elasti; storage, the following design example for a wave heigk t H = 1 m and a slope 1 on 3 is
01

I

I

o

1

2

I

I

I

3

4

5

given. The required t ~ickness of the mattress

f OP

Figure 2 Calculation
The representative
standard

relative

definition.

density

A follows

data in literature,

that, compared

the derived

stability

of the stability.

from the

thickness

D,

(SOP) is

“‘T = 0.03
(1.35 m

Failure type
Lifting of toplayer

sop = 0.05
0.25 lm

(1.80 m
(1.30 m

0.60 lm

Sliding of toplayer

relations

Sliding of subsoil

(1.55 m

0.40 lm

Partial sliding topla~er
give a

0.25 )m

Because the relations have

sufficiently

yet, it is not recommended

Concrete

mattresses

top. Therefore,

In the long run, the permeability
as a result of accretion

have a negative

and wave steepnees

mechimkms

to the available

to decrei~se the existing safety.
diminish

failure

equal to:

should be filled in.

It can be concluded

not been verified

mattresses

For the representative

the averi~ge thickness

safe estimation

various

results for concrete

on sand for

of the top layer may

and silting-up.

effect on the stability,

This will

especially

with

systems with a leakage length smaller than approximately

i~e rrostly

not the : liding

stiff and anchored
and/or

uplifting

at the
of the

toplayer but the sliding of the subsoil is the most dangerous (for H = lm, tlm required thickness
If the systems
into account

is 0.55m).

ire pl;lced on a filter,

an increase

m the stability

one can take
with regard

to

2 m. If the leakage

length is larger than 2 m, the effect

elastic

of the permeability

of the top layer on the stability

mattress on a filter, D + 1dA, can be filled in, where b is

is

rather small.

storage.

the thickness

Fe:- the total

thickness

of a concrete

of the filter.

* Liquefaction
3.1.2

Design rules with regard to flow load

The design rules wil.k regard to liquefaction
from those presented

A number

of characteristic

velocity for concrete

values

mattresses

for the critical

in Stction

flow

is given below.

3.2 Sand Mattresses

Thickness

on slope

on bottom

A sand mattress cor sists t f two geotextiles

50 mm

2.7 lntS

3.3 In/s

each other, between

100 mm

3.9 m/s

4.7 mls

a mattress

200 mm

5.5 In/s

6.4 111/S

which run from the top t o the bottom

of the design formula

(Eq. 6), guide

values for the constants

are given in Section 2.2. For the

representative

D, one should fill in the average

thickness
1170-1998

thickness
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onto

This way,

is formec. of sa ~sages lying next to each other
of the slope and

The lower geotextile

is usually

flat and the upper g ~{)textile lies on top of it, in arches.
* Construction/desify

drepf ir

The edges and conr.ection ] of sand mattresses

of the top layer.
Sixth International

attached

whicl Lsand is interposed.

which are intercomai:ted.
For the application

do :not differ

2.3.

are vulne-

rable and must therefore

be finished carefully.

Mattresses

lying next to each other can be sown together

●

and the
●

ends can be secured with for example ground anchors.
In actual practice,
by the hydraulic
ring,

limits

sand mattresses

where unauthorized
system

mattresses

is also

are not only threatened

load. The possibility
persons

vulnerable

floating bulky refuse,

of vandalism

to being

applied

occur-

in places

do not have access to. The
to collision,

sunlight and chemical

(drifting)

ice,

degradation.

* Stability
Sand mattresses

cannot be used when the significant

wave height H, is larger than 1.0 m (max. 1.5 m in case
of properly
research

compacted

subsoil).

has been conducted

Unfortunately,

not much

into the stability

of sand
(1990), a

mattresses.

Besides Pilarczyk’s

design formula

Smdl-stifle

model investigation,

a desk study and a proto-

type experiment
following

have been found.

Based on these,

value for A in the design formula

●
●

the resistance against flow load and wave load is
relatively sIn fll;
because the geos~ stems are prone to vandalism
and the ef feet c,f sunlight, for example,
the
durability is ‘elatirely small;
good design ~ormldas are lacking;
a construction ma{Ie of sandbags looks ugly.

Major advantages c f sam bags as construction
material
are the low costs and thl,: simple processing.
Uses for
sand- or cement-filled bag: are, among other thilmgs:
●
revetments of re l;ltivel Y gentle slopes;
●
temporary toe ccnstru ctions in places where in due
course vegetation shott ld develop;
●
(temporary) trail ng walls/groins;
●
temporary or permane~lt offshore breakwaters;
●
temporaxy dikes surrounding dredged material containment areas.

the

LPj

(Eq. 1) is

recommended according to the black-box model: A = 4
to 5. In this formula the relative density including pores
Am should be filled in for the representative
relative
density. For the representative
thickness D of the mattress, the average thickness should be filled in:

100% filled

:

.0 -+

..:.$’. ..... ... .. ....,.; :.7.

= 0.7 to 0.8

~
d

90% filled

:

%~
~.- -

:T

= 0.6 to 0.7

~

c.
.. .

d

%
6Y”

with: D = average thickness of the mattress (m) and
D~ = maximum diameter of the sausages (m).
Figure 3 Application
Above a flow velocity of 1.5 m/s (max. 2 m/s), the
sand in the mattresses is no longer internally stable. The
design formula on stability against currents is given in
section 2.2.
A sand mattress is relatively flexible and comects
closely to the subsoil. The geotechnical design criteria are
similar 10 those for the concrete mattresses.
3.3 Geobags and geotubes
Geobags or tubes can be filled with sand, gravel or concrete. Ile bags may have different shapes and sizes,
varying from the well-known
sandbags for emergency
dikes to large flat shapes or elongated “sausages” (see
Figure 3). The most common use for sandbags in hydraulic engineering is for temporary structures. The reasons
why sandbags are not or hardly used for permanent
structures are as follows:

‘1

.

.. .. . ......-

of geobags and containers

Because sand is t my Io use and cheap, it is extremely suitable for temporary structures. Above a flow velocity of 1.5 to 2 m/s, the sandbags cannot be usecl for permanent applications hecau se the sand is no longer internally stable,
Sandbags can b~; placed as follows:
1. As a bkznke[: (hle or two layers of bags placed directly on the slope. A ~ “interlocking” problem arises
if the bags are filled completely. The bags are then
too round. A solution is not to fill the bags completely, so that the sides flatten out somewhat, as a result
of which the con :act area becomes larger.
2. As a stack: Ba~;s stat ced up in the shape cjf a pyramid. The bags ii: hal Foverlapping with the long side
parallel to the shorelil Le.
When installing geos’istens,
1998 Sixth lnternation~l
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does not take place on a rough foundation. Sharp elements may easily damage the casing of the element. Geosystems must not be filled completely. With a fill ratio of
approximately 75% an optimum stability of the elements
is reached. A sound soil protection is necessary if gravel
(sand) sausages are used in circumstances where they are
under attack of flow or waves.
Background information on geobags can be found in
Pilarczyk (1995) and Wouters (1995).
New developments
concern the large hydraulically
filled geotubes and hydraulically
or mechanically filled
geocontainers (in combination with a split barge). Information on these systems can be found in Leshchinsky
(1995), Pilarczyk (1996,1997) and Den Adel et al (1996).
3.3.1 Design rules with regard to wave load
The stability relation of sand, gravel or cement bags
which are used as protection elements on a slope appears
to deviate somewhat from the formula according to the
black-box model. For regular waves the recommended
formula is as follows:

(-)
~D”=E

(9)

In which A is the relative density if the pores are completely filled with water (Am). The representative thickness
D is the average thickness of the top layer, measured
perpendicularly
to the slope.
If this stability relation is combined with the relation
found between H, and H, (significant wave height with
irregular waves and the wave height with regular waves)
this results in the following stability relation:
(lo)

For concrete sausages (tubes) used as a protection element on the crest of a low or underwater breakwater, it
is found that the following stability relation for regular
waves can be used:

(-!LJa.3.2(EJ

(11)

In which b is the width of the sausage. Should two sausages be connected, the widths of both sausages together
can be filled in for b.
If the sausage is placed with its longitudinal direction
perpendicularly
to the axis of the breakwater, the following stability relation applies:
H

(-)

(12)

= 1.0

Al ~

In which 1 is the length of the sausage
1172-1998
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3.3.2

Other design rule:

Stability against curre N sh~mld be treated according to the
rules given in Section 2.2.
The soil-mechanical
$tability should be treated according
to the criteria mentiwled i] 1 Section 2.3.

4

CONCLUSION!;

The geotextile systems can be a good and mostly cheaper
alternative for more l.radit onal materials/systems.
These
new systems deserve :0 be applied on a larger scale.
Information presented on Ihe stability criteria will be of
help in preparing tlw prelil ninary alternative designs with
geosystems. Howewx, there are still many uncertainties
in the existing desigl methods. Therefore, further improvement of design methods and more practical experience
at various loading corditio M is still needed.
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Evaluation of Geosynthetic Fabric Containers to Co:ntain Contaminated
Dredged Sediment
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ABSTRACT: Recent changes in environmental regulations to protect the water column have prohibited the open water
disposal of dredged sediment from the New York Harbor. As a result, the New York 1Iarbor will lose about a foot of
depth each year if the contaminated sediments are not dredged. Because of t~ e resb ictions and perceived political
problems with dredging and open water disposal of the contaminated matel-ials, 1he New York Port Authority
investigated the use of geosynthetic fabric containers (GFC) to reduce the movem mt of contaminated sediments outside
of the boundary of the disposal site and to decrease the impact of the sediment (m the water column. This laboratory
study investigates the migration of fines and contaminants through GFCS. Contarr i~ated sediment was characterized for
the physical and chemical properties.
Laboratory filtration tests were conductcc on l.he contaminated sediment and
GFC configurations to determine the amount of total suspended solids that would lm releised to the water column.
KEYWORDS:

1

Geotextiles,

Filtration, Hazardous Containment,

INTRODUCTION

The New York Harbor is a major industrial port on the
East Coast of the U.S. where 4,500 ships carry $60
billion per year worth of goods. River borne silts are
sifling into the harbor’s shipping channels and reduce the
depth of the harbor. New York and New Jersey Port
Authority continuously
dredges to maintain channel
depths for cargo ships and tankers. From 1990 to 1994,
the average
amount
of dredged
material
was
approximately 4.3 million cubic yards (5.6 million m3).
Dredged material was disposed in the Atlantic Ocean, a
few miles east of the Jersey Shore at the New York Bight
Dredged Material Disposal Site.
Recent changes in
environmental
regulations have restricted open water
disposal of the sediment due to contamination.
These
restrictions on dredging have decreased the average
amount of sediment dredged by 70°/0 to 1.3 million cubic
yards (1.7 million m3) in 1996. As a result, the New
York Harbor will lose about a foot of depth each year if
contaminated sediments are not dredged. Decreases in
the harbor depth will have a severe impact, as larger
cargo ships will dock at deeper ports.
the
contaminated
sediment
in
a
Containing
geosynthetic fabric container (GFC) for placement from
split hull barges is one alternative that can reduce the
movement
of contaminated
sediments
outside the
boundary of the disposal site and decrease the impact on
the water column. After placement of the sediment, the

Apparent Openin z Size

opening of the GF[2 is c1xsed, transported to an aquatic
disposal site whert: it is then released from the barge.
When properly col@-uctcd, GFCS have performed well
as hydraulic and geotechnical structures.
Numerous
projects have sholvl the beneficial uses of GFCS for
dikes in shallow ;md d(.ep-water energy (Fowler and
Sprague, 1994; Ris m, 19()5).
This paper reports the findings on a laboratory study of
the GFC performawe with respect to the migration of
In this study, laboratory
frees and contaminants
filtration tests were conducted to provide information on
the release of fines throug I GFCS.

2

MATERIALS

2.1 Dredged Sedimtnt
Sediment (Catego~/
111 by U.S. Army Corps of
Engineers, New Y ~-k DI strict (CENAN) classification)
ffom New York Habor was used in this study. The
sediment was mixei in a l!50-gallon (1 m3) tank for three
hours. Samples of :he mi:ed sediment were collected for
geotechnical and cllemica. analysis.
Three samples of the contaminated dredged sediment
were analyzed fol. poly cyclic aromatic hydrocarbons
(PAHs), NH4, Total Organic Carbon, Arsenic, Cadmium,
Chromium, Copper, Iror, Manganese, Lead, Mercury
1998 Sixth Internationu
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Table 1 summarizes the standard procedures,
detection limits, and chemical analysis on the sediment.

and Zinc.

3

METHODS

3,1 Pressure Filtration Te:t
According to American
Society for Testing and
Materials (ASTM) designation D-2487, the sediment
classifies as a sandy clay (CH). The initial water content
(ASTM procedure D-2974) of the sediment was 207%,
and the specific gravity (ASTM procedure D-854) of the
sediment was 2.57. Consolidation tests were performed
on sediment according to ASTM procedure D-2435
method A, and test results showed that the sediment was
highly compressible with a compression index of 1.2.
2.2 Geosynthetics
A geosynthetic fabric container (GFC) is constructed by
sewing one or more layers of geotextiles together to form
a container that will support and contain a measured
A woven polyester
amount of saturated material.
geotextile (fabric A) was used as the strength layer in the
GFC. Four polypropylene nonwoven needle punched
geotextiles were tested as potential filter layers for the
GFC: fabric B (4 ounce/yd2), fabric C (8 ounce/yd2),
fabric D (12 ounce/yd2) and fabric E (16 ounce/yd2).
Physical and hydraulic properties of the geotextiles were
determined using ASTM procedures and are shown in
Table 2. Geotextiles in this study meet the recommended
soil retention criteria which requires the apparent
opening size (AOS) to be less than two to three times the
soil particle size for which 85°/0 of the total soil is freer
(AOS <2 or 3 d,s where dss = 0.185 mm).

Table 1 Chemical analysis of sediment

Chemical

Procedure

Detection
Limits

Bench top filtration test; were conducted to obtain
information on the release of fines from geosynthetic
fabrics of varying AOS,
The filtration procedure
described in this method simulates the migration of frees
through a GFC. A \ acuum pressure is applied to a filter
media to separate li,~uids from solids. During a dredging
operation, cake forrx~tion occurs after the GFC is filled
with the sedimen:
and is caused by self-weight
consolidation.
Cace fmnation
also occurs after
placement of the (;FC ir, the disposal facility and is
caused by consolidation under a hydrostatic pressure.
3.2 Apparatus
A Millipore Hazardcms ‘Waste Filtration System was
used to conduct the pressure filtration tests, and this
pressure filtration c.evice is also used for the Toxicity
Characteristic Leaching P] ocedure (TCLP) in hazardous
waste testing (U.S. Envil-onmental Protection Agency
(EPA), 1982). The ~;eosy lthetic fabric was placed on a
filter holder that WM abk to withstand pressures up to
100 psi (690 kPa). Five G ~C configurations were tested:
A, A+ B, A+ C, A+ D,al~d A+E.
Three filtration trots wme conducted on each fabric
configuration at applied pr >ssures of 5 psi (34.5 kPa) and
10 psi (69 kpa). Prewre was applied to the inlet of the
filtration device usitl~; a co repressed nitrogen cylinder. A
relief valve on top of the chamber was used to adjust the
A 250 r 1 graduated cylinder was used to
pressure.
measure the volume of filbate.

Average
Table 2. Geotextile properties
. —,

NH1
TOC
Chromium
Copper
Iron
Manganese
Mercury
Lead
Arsenic
Cadmium
Zinc
PAH
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EPA-600-350. 1
EPA-CRL #324
SM-531O
EPA-CE-8 1-1
SW-846-7191
SW-846-721 1
SW-846-601O
SW-846-60 10
SW-846-7471
SW-846-742 1
SW-846-7060
SW-846-713 1
SW-846-601O
NIA
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sediment
mg/kg

mg!kg

Fabric
Properties

NIA

198

Thickness

1

53,000

0.1
0.1
1.5
0.5
0.2
0.1
0.5
0.01
0.7
NIA

182
641
35400
330
2.05
429
20.3
12.4
931
90.84
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Units
mm
(roils)

Mass
per g/m2
unit area
Rmdtiv@
see-l

A
NP
‘—’

3
1.8
70

Fabric
C
2.7
105

339

136

NP

2.0

DE
3.7
145

4.7
185

271

406

542

1.26

0.75 0.571

0.25 3.21 0.21
0.15 0.15
Apparent
mm
60
100 100
70
70
Opening
(US
Sieve)
Size
Note: NP-Not prov~~]
manufacturer

3.3 Procedure
The geosynthetic fabric and filter chamber were initially
weighed.
The filter was then washed with deionized
water, allowed to drip dry, and placed on the filter
holder. The lower portion of the filtration apparatus was
assembled, and to reduce the potential for migration of
fines at the edges, the filter fabric slightly overlapped the
filter holder. Approximately 500 grams of the sediment
was weighed and placed into the filtration device,
whereby the slurry was allowed to settle before running
the test. The top plate was placed on top of the chamber
and sealed. Silicone grease was used to reduce the loss of
pressure between the chamber and the upper and lower
plates.
Pressure from the nitrogen cylinder was
gradually applied on top of the sample, until the desired
pressure was achieved. The volume of the filtrate was
measured using a 250-ml beaker and recorded with
respect to time. Tests were conducted until the pressure
began to decrease, and no more filtrate passed through
the filter, When consolidation of the sediment at the
applied pressure was completed, the filter cake ruptured
which caused a decrease in the applied pressure.
Total suspended solids (TSS) tests were conducted on
the filtrate in the graduate cylinder using the Standard
Method for Water and Wastewater procedure at 209F.
The filtration apparatus was disassembled,
and the
The final water content of
filtered cake was weighed.
the filtered cake was obtained using ASTM procedure D2216.
Thirty filtration tests were conducted on the
contaminated sediment 170m the New York Harbor; three
for the five fabric
replications
were conducted
configurations at filtration pressures of 5 (34.5 kPa) and
10 psi (69 kPa).

200%.
The fabr c configurations
reduced the TSS
migrating to the w Ner cc lumn by an average factor of
1000. In all tests, 1he waler flow through the fabric and
sediment slowed wiih tirr e. Initial and final TSS data
indicate that there :s low migration of the frees through
the various filter co iigumtions.
Figure 1 plots tit, TSS md fabric weight relationships
for the filtration tes :s conducted at 5 psi (34.5 psi) with a
minimum TSS con ;entmtion occurring at fabric D.
Fabric E showed a f;harp increase in TSS compared to
fabric D. The TSS md fibric weight relationship at 10
psi (69 kpa) has a ~ inimurn TSS occurring at fabric D.
These data indicate that fabric D has the lowest TSS
concentration passfiq; thro .gh the material.
Figure 2 plots t w apparent opening size and total
suspended solids re k tions lip for tests conducted at 5 psi
(34.5 kpa) and 10 ps i (69 @a). As the apparent opening
size decreases, the total suspended solids concentration
decreases.
5

SUMMARY AVD C( )NCLUSION

The feasibility of using ( iFCs to contain contaminated
sediment fi-om tht: New York Harbor was studied.
Laboratory filtratio I tests were conducted to determine
the flow rate of suspended solids through a GFC system.
Filtration testing pr >/ided an index test to determine the
migration of fines t wough the fabrics. From these tests,
it was shown that 13FCS provide adequate filtration for
dredge sediment.
Utilizing the GFCS to contain
contaminated dredged sed ment will reduce the migration
of fines in an open w Iter disposal facility.

Table 3 Filtration test data at 5 psi (34.5 kpa)
4

RESULTS

Initial and final TSS data indicate that there is low
migration
of the fines through the various filter
Table 3 shows the filtration test results
configurations.
for tests conducted at 5 psi (34.5 lcpa). The filtering
efllciency was determined by comparing the final TSS of
the filtrate to the initial TSS of the contaminated
sediment as shown in equation 1 (Henry and Hunnewell,
1995; Christopher and Holtz, 1985).
FE= TSSinitial - TSSfinal X 100
TSSinitial
where FE = Filtering Efficiency, ‘A
TSStiitid = intial TSS, mg/1
TSSf.d = final TSS, mg/1

(1)

Frk&
T&d
A

Fd
‘—
litial
water
Chnkxlt:XSTss
(%)
(90
121
-..
“33

A+B

132.6

A+C

Final

Awmge
Flow

‘R3S
Fiking
-

in

0.78
‘-)

99.98
(%)

L.;,5.g

44.3

0.73

99.99

126

LZ8.9

33.9

0.69

99.99

A+D

121

~.[.2.9

28,5

.68

99.99

A+E

112.7

~z8
-—

68.4

0.87

99.98

For the filtration tests conducted on the various fabric
configurations, the initial water content ranged tiom 1801998 Sixth Internation
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ABSTRACT: This paper aims to illustrate the use of quantitative intl-ared thermography as ~ nondestructive, noncontact, and
real-time technique to detect the intrinsic dissipation that depicts the physical proccs ses CIf damage and the mechanisms of
geosynthetics failure. The parameter investigated in this experimental work is heat gor erati( m due to the energy dissipated by
geosynthetics subject to tensile loading, up to failure. This experimental techniiple sthequently
proposes a durability
threshold, a loading limit beyond which geosynthetics fhil.
KEYWORDS:
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Failure, Laboratory Tests, Materials Tests, Mechanical Properties, Tensile S :rength

INTRODUCTION

The use of geosynthetics in geotechnical engineering has
been steadily increasing these last decades. It was initiated
primarily by the manufacturers
who sensed the need,
developed, and marketed the products. The range of
applications of geotextiles (Giroud 1980) is enormous: (i)
filtration, drainage, earth dams, canals, coastal works, bank
and shore protection, and in erosion prevention and control
systems; (ii) stabilization of landslides, parking lots, paved
and unpaved roads, roadways, and railroads on soft
subgrades; and (iii) reinforcement of retaining structures,
earth and waste slopes, and embankments. Geosynthetics
(geotextiles, geogrids and geomembranes) can also be used
together in a geocomposite
system to provide multiple
functions. Common applications of geocomposites are in
hazardcms waste containment systems and as prefabricated
drainage layers. Whh the rapid recent growth in the use of
these materials,
civil engineers
often have dlflicuky
obtaining, reliable mechanical characteristics
for design,
specifications, and construction with geosynthetics.
This paper emphazises the application
of infkred
thermography to detect the occurrence of damage and to
examine the mechanism and process of geosynthetics ftilure.
Subsequently it proposes a limit of dissipative stability,
defined as a drastic change in the rate of intrinsic dissipation.

2

THERMOGRAPHY

BACKGROUND

Damage theories rely on assumed discontinuous phenomena
at the microscopic scale. At the macroscopic scale, damage

parameters, considered as internal variables, are introduced
according to the f)]lowir g main approaches: i) effective
stress introducing a :calar continuous variable; ii) plasticity
formalism suggesting pherlomenological constitutive models
that are widely us xl in ongineesing applications; and iii)
micromechanics usil q: micro- and macroscrde relat ionships
Understanding damage ]equires making a clear distinction
between the physic:d dam~ge, the process of damage, and
the manifestation ( lf damage. This experimental work is
based on the ass~ltnptioll that intrinsic dissipation and
damage present the same evolution under loading up to
failure as they OCCUIin tra(,,itional strength tests.
The development of the thermo-visco-elastic-plasticity
equations requires 1hree t!,’pes of basic assumpticms (Dillon
1963, Kratochvil & Dillol L 1969), leading to the following
coupled thermomec xmical equation:
pCVT=

KV2T -(p~:Ee)T+SEI

+rO

4

where D denotes tht: ~ourtll-order elasticity tensor.,
CV (J. kg-l .K-l : Joule pel kilogram per degree Kelvin) the
specific heat at com tnnt deformation and
K (W. m-l .K-l : Jvatt plx metre per degree Kelvin) the
thermal conductivity!’.
This equation S]LC)WS1he potential applicaticms of the
itiared scanning tt chniqtle in diverse engineering domains
(detection of fluid leaka~,;es, nondestmctive
testing using
thermal conduction phenomena, elastic stress measurements,
and localization of dissipative phenomena). The detected
temperature
chang:, resl,lting from four quite different
phenomena, must Iw corlectly discriminated by particular
test conditions and4m sp{ocific data reduction. This is the
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main difficulty when interpreting
the thermal images
obtained from experiments under the usual conditions.
Inthred
thermography
is a convenient technique for
producing heat pictures from the invisible radiant energy
emitted from stationary or moving objects at any distance
and without sutiace contact or any perturbation of the actual
surface temperature of the objects viewed. The temperature
rise ahead of a fatigue crack has been measured and thus
proved using an irdiared thermographic camera by Attermo
& ostberg (1971). Attempts to measure and characterize
the heat generated during the cyclic straining of composite
materials have also been made, The scanning infrared
camera was used to visualize the surface-temperature
field
on steel and fiberglass-epoxy composite samples (Charles et
al. 1975) during fatigue tests.
A scanning camera, analogous to a television camera,
utilizes an infrared detector in a sophisticated electronics
system. It detects radiated energy and converts it into a
detailed real-time thermal picture in a video system either in
color or monochromatically.
Response times are shorter
than one microsecond, Temperature differences in the heat
patterns are discernible instantly and are represented by
several hues. The quantity of energy W (W.m-2.~m-i),
emitted as inl%tred radiation, is a fimction of the temperature
and emissivity of the specimen. The h@er the temperature,
the more important the emitted energy. Differences of
radiated energy correspond to differences of temperature.
The infked scanner unit in use comprises:
i.- a set of infrared lenses which focuses the electromagnetic
energy, radiating from the object being scanned, into the
vertical prisw

Figure 1 - lD-tension
various geosynthetics.
1180-1998
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ii.- an electro-optic al mo :hanism which discriminates the
field of view in 104 pixels )y means of two rotating vertical
(180 rpm) and horizontal (18,000 rpm) prisms with a
scanning rate of 25 i iclds px second,
iii.- a set of relay op :i:s containing a selectable aperture unit
and a filter cassette unit which focuses the output from the
horizontal prism onto a single-element
point detector,
located in the wall o: i Dewar chamber,
iv.- a photovoltai{: SW short-wave
infrared detector
composed of Indiur~ Antilnonide InSb which produces an
electronic signal c utput varying in proportion
to the
radiation from the ob. ect v~ithin the spectral response 3,5 ~
m to 5.6 ~m,
v.- a liquid nitrog m De war which maintains the InSb
detector at a tempe]”ature If -196 ‘C allowing a very short
response time of abc ut one microsecond, and
vi.- an electronic cc ntrol with preamplifier that plroduces a
video signal on the di:;play ;creen,
The received radiation Ilas a nonlinear relation with the
object temperature, ~:{
m be tiected by atmosphere damping,
and includes
refl acted radiation
tlom
the object’s
surrounding. In consequence,
calibration and correction
procedures have to lx? applied. Knowing the temperature of
the reference, the .tiew- iield temperature
can then be
calculated with a ser sitivit~ of 0.1 “C at 20 “C. This infkared
device is used to scan the f JIlowing tests on geosynthetics.

3

TENSILE TESI’ING ON GEOSYNTHETICS

When reinforcing mft erials are deposited in embankments or
slope, not only the Iioform ation condhions of soil, but also
the direction of reirif’xcin} ~ materials in soil influences the
functions and effkct $ of reinforcing materials. A geotextile
may be subjected to JarioLIs tensile loadings all over its life.
The most common cases ale caused by local irregularities of
soil layer upon which it is placed. Rocks, stones, cracks or
settlements in soil man are frequent, even with a meticulous
control of the earthwork. }’. great number of different tensile
tests exist nowadays (Figure 1). Nevertheless there still
exists the need for a gc od understanding of the ftilure
mechanisms in ort k r to specifi a test procedure
on
geotextiles (Fayoux & Lou ~iere 1984, Rollin et al. 1984).
A tensile force is gradually applied by a tension hydraulic
actuator to a geot :ctile $pecimen while its length L is
measured, Generally he n nninal stress is expressed by the
force F divided by t~e width b. of the specimen and the
strain e is obtained )y di ~iding the increment AL by the
initial length LO. Di Iment types of tightening system have
been devised for spe;men ,3ripping (Luong & Habib 1989).
Presently, most {If the tensile characteristics (yield and
failure, strain at yiel j and It failure) provided by laboratory
tests - and so considered as references in civil engineering are based on uniaxi d sti ndardized tensile tests such as
AFNOR NFT 54102, DIN 53455 or ASTM D638. However
the great influence IX’geoiynthetic specimen geometry and

of the applied strain rate has been shown in literature (Gourc
et al. 1986, Hoekstra 1988, Steffen 1984, Van Leeuwen
1977), The scattering ofresults caused bytheintluence
of
the specimen geometry and the sliding of the jaws can be
reduced by measuring the strain in the central part of the
specimen where failure occurs. It complicates the test
procedure
and
needs
more
expensive
equipment,
Furthermore,
the narrowing in the central part of the
specimen may be very prejudicial to the validity of the
measured elongation: very large strains occur at failure in
contrast to limited lateral strains in reality.

The principle of :1)-ten~ ion test is similar to the uniaxial
tension test. The sp a:irnerl is simultaneously loaded in two
perpendicular
direc:i ms ~ith a 2D-tension flame. The
lateral strain can be c intro led, but in certain cases it would
be closer to field cc nditio~s to maintain the deformation at
the same value in the tv o dimensions. The stress-strain
curves obtained in SIwh tes conditions would be particularly
interesting for the d wignel. Unfortunately, in consideration
to the ease of use t nd the cost of the required equipment,
the generalization oi’t he 21 Ltension test seems to be not yet
very realistic. The burstir g test can be used as a more
convenient altemati~ e (Luc ng & Bernhard 1990).
The proposed para netel, investigated in strength tests on
geosynthetics,
is 1Ieat f eneration due to the energy
dissipated by the m? tmial t hat has been loaded up to failure
(Figure 2), The cent fibutio I of the plasticity term is revealed
by the rapid evolutic n of tk e heat dissipation once the stable
reversible domain has been exceeded,
Geotextiles are d~mse ill ler assemblies, usually defined as
those in which tt e me :hanics is dominated by fiber
deformation predict xi fro] n assembly deformation. Thanks
to the heat dksipatic n of the textile at large stresses, intlared
thermography prov des a ready mean to evidence what
happens when the lbric yields: a) the effect of slippage
flom fiber ends, or Mse e]ids where fiber paths curve back
on themselves, b) ths causl ~of yielding and ftilure of bonds,
either bond breakage or s .ippage of fibers through bonds,
and c) the relevarx e of the geometry of fiber paths and
binder distribution.

Figure 2- Thermal images showing the failure process on a
specimen of non-woven geotextile subject to lD-tension test
(0,5 “C for each color hue).

Figure 3- Intrinsic tliwipal ion evidencing the failure process
on a specimen of ]m-w{ ven geotextile subjected to lDtension test (Tempe ‘sture ;cale is given in ‘C).
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The infkred scanner device displays a ten-color calibrated
surface-temperature picture of the specimen. Each color hue
corresponds to 0.2 ‘C. A computer-aided
thermography
sof-lware allowed the data reduction of the thermal images
that shows heat generation between two loading levels
(Figure 3), These thermal images provided quantitative
values of the intrinsic dissipation of geosynthetics specimens
subject to loading up to failure, The same procedure has
been applied for each load step. The manifestation of the
damage mechanism is revealed by a break of the intrinsic
dissipation regime of the loaded specimen. Experimental
results have been summarized in Figure 4 where it can be
seen how a threshold of dissipative stability is determined
using a graphical procedure. This provides a simple way to
deti~e adu~ability~hreshold for the-tested materi~.

DISSIPATIVE BEHAVIOR OF
GEOTEXTILE
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Figure 4 - Graphical determination
threshold of a geotextile under tension.

4

CONCLUDING

of the

durability

REMARKS

This work has demonstrated that the intrinsic dissipativity of
geosynthetics subject to tensile loading is the most sensitive
and accurate manifestation of damage occurrence, Owing to
the thermomechanical
coupling, this useful technique
provides a nondestructive real-time test with no contact to
observe the physical processes of geosynthetics degradation,
to detect the occurrence of intrinsic dissipation, and to
estimate the evolution of dissipative behavior. It thus
provides a measure of the material damage and permits
evaluation of the sharp limit of a low accumulation of
damage beyond which the material leads quickly to fiiilure.
Infkared thermography can be used for the validation of
new testing methods on geosynthetics, the development of
1182-1998
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the mechanics of wove ~ and non-woven
geotextiles,
particularly
the rth~tiomhips
between
the mechanical
behavior of filament; and t le fabric, and between the tensile
strength as measuret I n various tests.
In addhion the in.fhwed thermographic
analysis of
geosynthetics
und:]
te mien
evidences
the
ftilure
mechanisms of geos: mtheti, :s. Consequently it can be applied
for the quality ass xsmert and control of geclsynthetics
products,
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ABSTR.ACT: This paper studies the influence of reinforcement damage on the soil-l einfor:ement interaction mechanism by
analyzing the results of pull-out tests carried out with pre-damaged reinforcements a nd a granular soil. The reinforcement
tested was HDPE uniaxial geogrid and the soil was a well graded very gravelly sand. I’estin ~ equipment is described and soil
and reinforcement materials are characterized physically and mechanically. To study [he influence of reinforcement damage
on its interaction mechanism with the soil, five different configurations of reinforce Knt d~lmage and two different values of
confinement stress were used. The role of damage configuration and of confinem >Ilt str >ss on the pull-out behaviour of
damagecl geogrids is discussed. Finally, some general conclusions are put forward.
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INTRODUCTION

Geosynthetics can be damaged during handling, placement,
and construction operations, if enough care is not taken. The
degree of reinforcement damage (extension, severity, and
type) that can occur during those operations depends also on
the types of machinery, soil, and reinforcement used.
Published
field and laboratory
test results generally
consider reinforcement damage in terms of reduction in
tensile and burst strength, grab, puncture and tear resistance,
and number of holes per square meter (Razaqpur et al.
1993). Lately, some studies have been carried out
accounting for reinforcement damage in terms of long term
behaviour
of geosynthetics
(using creep tests for the
assessment of damage) (Esteves, 1996).
Howe\’er, when geogrids are used as soil reinforcement,
particularly in walls and slopes, in addition to the short and
long term tensile resistance requirements,
the pull-out
resistance must be sufficient to inhibit the failure by lack of
pull-out resistance. To study the influence of a certain
amount of damage on the pull-out behaviour of a high
density polyethylene (HDPE) uniaxial geogrid, five different
types of damage were simulated in the laboratory and the
damaged specimens were tested in a pull-out apparatus. The
influence of confinement stress on the pull-out behaviour of
the damaged specimens was studied by carrying out tests
under two different levels of confinement stress.

2

EQ{JIPMENT

AND MATERIALS

The pull-out box used to study soil-geogrid interaction has
internal dimensions of 1.53 m length, 1.00 m width, and 0,80
m height (Figures 1 and 2). The reduction of
the influence of the top boundary on the pull-out resistance
of the reinforcement
and the uniform distribution of the

applied vertical stresx.s are achieved by placing over the top
of the soil a smootl 1 neop :ene slab having a th~ckness of
0.025 m. To reduce t ~e in luence of the front wall on that
resistance, a steel ~l>eve is used which extended 0.20 m
inside the box. The p .rll-o~t force, obtained by a hydraulic
system, is transmitted I o the specimen by a clamp (Figure 3).
The confinement st -t ss i: applied by placing ten small
hydraulic cylindrical rlasse; on the top of the box (Figure 2
and 4). The pull-oul force and the confinement stress are
measured by load 1:(:11s ( Figures 3 and 4). The frontal
displacement and tht displ Lcements along the length of the
reinforcement are nlt asurt d by six linear potentiometers
(Figure 2).
The soil used in tt e tests is granular as illustrated by the
particle size distribul i{m cu -ve shown in Figure 5. The sand
had a maximum an I minimum dry unit weights of 18.9
kN/m3 and 16.1 kNjn13, r >spectively. The dry unit weight
of the sand used in he tess was 17.5 kN/m3. The friction
angles, defined by di -t:ct sh >ar tests, for this unit weight and
the two confinement stresss (24. 1 kPa and 48.4 kPa) used
in the pull-out tests vltre 31 0 and 35.20, respectively, being
zero the cohesion cf the soil. The geogrid tested was a
HDPE uniaxial geogrid wii h a tensile strength of 55 kN/m.
Each specimen had [).33 m width and 0.96 m confined
length at the beginni:l~; oft ~e test and was positioned at the
middle of 0.60 m height of sand. The constant displacement
rate applied in the te$t I was 1.8 mrn/min. Figure 6 shows the
dimensions and the positior of the points of measurement of
the displacements
along the reinforcement
for the
undamaged
specimt n. Ei her, the dimensions
and the
position of the point: of measurement, were the same for all
specimens tested dur: ng the study.
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Figure 6. Undamaged specimen. Dimensions and position
of the pointsof measurement of the displacements along the
reinforcement.

3

ANALYSIS

OF RESULTS

To study the influence of reinforcement damage on the pullout behaviour of the geogrid, six pull-out tests were carried
out for each confinement stress. One of the tests performed
was with the undamaged geogrid (SPU) (Figure 6) and the
others live with the damaged specimens. The various
configuration of the damaged specimens (SP1, SP2, SP3,
SP4, SP5) and the points of measurement
of the
displacements along the geogrid are presented in Figure 7.
This figure represents only the confined geogrid at the
beginning of the test.
The variation of the pull-out force with the front displacement
of the reinforcement is presented in Figure 8 for specimens SPU,
SP1 and SP5 under a confinement stress of 48.4 kpa. Specimens
SP1 and SP5 had the same damage configuration (four ribs
were cut adjacent to the mid-width of specimen), but its position
along the length of the geogrid was different (SP1 at the middle
and SP5 at the front). It can be seen that the pull-out behaviour
of specimen SP5 is very similar to that of the undamaged
specimen until failure occurs by lack of tensile strength (tensile
failure) at a ffont displacement of 0.096 m. Specimen SP1 fails
by lack of pull-out resistance (shear failure) at a front
displacement of 0.142 m for a maximum pull-out force of 33.10
kN/m. The maximum pull-out force for the undamaged
specimen (SPU) was 36.44 kN/m, at a front displacement of
0.087 m.
The displacements by strain along the geogrid measured in the
tests with specimens SPU, SP1 and SP5 under a confinement
stress of 48.4 kpa are present in Figure 9. It can be seen that the
contribution of the posterior part of specimen SP5 for the pullout resistance of its interface with the soil is zero. In fact, bars 6,
7 and 8 do not move during the test. The higher strain in the
anterior part of the geogrid can be justified by the localization of
the damage (just in the entrance of the sleeve). In fact, as the pull

out of the geogrid sc rts tl [e damaged zone goes inside the
unconfined area of the keve,
deforms more than the
undamaged specimen and fa 1s by lack of tensile strength before
starting the mobilizati )]~ofs] lear stresses in its interface with the
soil in the posterior ~u-t of the geogrid. As the front part of
specimen SP1 was nc t damaged, during pull-out all lie geogrid
length contributes for tile pull-out resistance of its interface with
the soil, failing whc n this maximum resistance is reached.
Specimen SP1 shows ower displacements by strain in bar 6
than in bar 8. The -easo I is the position of the linear
potentiometer in bar 6 (’just in the back limit of the darnaged
area), showing a 1o(x lized reduction in movements due to
damage, suggesting tlu: easi x penetration of the sod grains in
the larger apertures cf the {:eogrid in the damaged area, with
consequent local increase of he interlock mechanism,
Figures 10 and 11 ]nesent the results of the pull-cut tests in
terms of variation of the pull-out force with the front
displacement of the r :inforc ~ment for confinement stresses of
48.4 lcpa and 24.1 IcPa, respectively, for an undamaged
specimen (SPU) and ‘cur damaged specimens (SP1, SP2, SP3
and SP4) (see Figr~~ 7). Table 1 shows, for the two
confinement stresses ;(msid( :red, the maximum pull-out force
measured for each sp 3(:imen tested, and the ratio between this
force and that me: ~ured for the undamaged specimen.
Analogous presentati Mlcan be seen in Table 2 for the front
displacement for the n I:ximu n pull-out force.
The influence of tile cc nfinement stress in the pull-out
resistance of the geog rid is 1resented in Figure 12. This figure
shows the displacen lt:nts I )y strain along the undamaged
specimen for the two \ ahres of the confinement stress used in
the tests (48.4 kpa an ~ 24.1 I&a). It can be concluded that the
increase in the conih r lents tress leads to a significant increase
in the pull-out resista n ;e of the reinforcement, increasing the
maximum pull-out fc r{~e ab Out 71
when the cc~nfinement
stress changes from 24.1 kPa to 48.4 kpa. This behaviour
suggests the importm c > of 1he skin friction mechanism in the
pull-out resistance of ih> geo yid tested.
Figures 10 and 11: nd Tal de 1 suggest that the behaviour of
damage type SP1 and SP2 is distinct from that of SP} and SP4.
In fact, for the less Iiimagi :d specimens (SP1 and SP2) the
failure occurs by Iu:k o~ pull-out resistance,
in the
undamaged specimer (SPL ), and for the heavily damaged
specimens (SP3 and SP4) t le failure mode is lack of tensile
strength. In damag(> type SP1 and SP2, although the
extensibility of the rl:inforcl:ment increases (SW Table 2) its
stiffness is enough to I nobilizs shear sh-esses all along its length.
The maximum pull-ol t force is similar or even greater than that
of the undamaged g(:Cgrid. The greater values obtained are,
probably, due to the local ncrease in the dimensions of the
geogrid with consequ >Ilteas er penetration of the soil grains in
it, leading to a local in xeas(. of passive thrust mobilization on
the bearing members o Fthe ,q-id(see Figure 9, bar 6). Damage
type SP3 and SP4 du,>to tht strong reduction of reinforcement
stiffness in the damag:( ~ zon >inhibits the mobilizaticm of shear
stresses in the length c f the geogrid located behind that zone.
YO
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Figure 8. Influence of localization of damage along the length
of the geogrid (GCOM,=48.4
IcPa).
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Figure 9. Displacerlmts
by strain along the
(specimens SPU, SPI :.nd S ‘5, aCOti,=48.4lcpa).

geogrid

In these cases only the remaining length contributes for the
pufhout msistanm of the reinforcement and failure occurs by
lack of tensile resistance in the unconfined area of the sleeve.
The front displacement for the maximum pull-out force
when the geogrid fails by lack of pull-out resistance
(specimens SPU, SP1 and SP2) increases with damage (see
Table 2). This is, the geogrid becomes more extensible
with damage. This behaviour
is more clear under a
cotilnement
stress of 48.4 kpa. In fact, for relatively
similar values of maximum
pull-out forces, the front
displacement
is about ls~.
to 63!% higher when the
specimen is damaged. The increase of continernent stress
leads to an increase in maximum pull-out force and in
front displacement
for the maximum
pull-out force.
However, for damage configuration
SP3 the influence of
confkement stress is almost negligible.
The influence of damage is more important for higher
confinement
stresses. In fact, the extensibility
of the
damaged
reinforcements
increases
more significantly,
decreasing the ratio between the maximum pull-out forces
of damaged
and undamaged
specimens
when
the
cotilnement stress increases (see Tables 1 and 2).

Table 1. Ratio betweeI -—
1 maxi num pull-out forces.
Specimens Confinen u:nt stI ass
Confinement stress
24.1 kpa

48.4 kpa

Maximm n
pulknlt
force, T

T(a *)

Maximum
pall-out
force, T

(kN/m)

‘(” ‘-)

(kN/m)

T[._)

SPU

21.26

1.01

36.44

1,00

SP1

26.14

1.23

33.10

0,91

SP2

25.51

1.2)

37.35

1,02

SP3

21.26 *

1.0)

21.86 *

0,60

SP4

17.61 *

0.83

28.24 *

0,77

SP5

------

--—.

36,10 *

0,99

-—

/

T(_)/

Note: * Tensile failure,

Conf nement Stress -24. I kPa
Confinement Stress- 48.4 kpa
30
40

d

SP 2

1
25

3s

*

●
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Figure 10. Influence of reinforcement damage on the pull-out
behaviour of the geogrid for a confinement stress of 48.4 kpa.

(mm)

Figure 11. Influence (f reinf mement damage on the pukmt
behaviour of the geoggid for: confinement stress of 24,1 kpa.
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Table 2. Front displacements for the maximum pull-out forces.
Specimens

2. The configurati[ r of damage can lead to a distinct
behaviour of the gtogri i: small damage leads to pull-out
failure; large dan i:.ge le ids to tensile failure.
3. In general, dama, y> incr ~ases the displacement at failure,
the geogrid becol ning n ore extensible.
4. In general, the i l~:reas,: of confinement stress leads to
the increase of t N; ma: :imum pull-out force and of the
front displacemel~t at th >maximum pull-out force.
5. The influence of the ~eogrid damage on its pull-out
behaviour incre: ses significantly as- the conf~nement
stress increases, c cress ing the geogrid extensibility and
decreasing the rit io between maximum pull-out forces
of damaged and Ilrldami Lgedspecimens.

Confinement stress

Confinement stress

24.1 kpa

48.4 kPa

Front displacement for
the maximum pull-out
force (m)

Front displacement for
the maximum pull-out
force (m)

SPU

0.072

(1.00)

0.087

(1,00)

SPI

0.082

(1.14)

0.142

(1.63)

SP2

0.097

(1.35)

0.126

(1.45)

SP3

0.060 *

(0.83)

0.053 *

(0.61)

SP4

0.094 *

(1.31)

0.098 *

(1.13)
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Notes: ~~alues in parentheses () are the ratio between front
displacements for the maximum pull-out force of damaged and
undamaged specimens; and * means specimen tensile failure.
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CONCLUSIONS

The study of the influence of reinforcement damage on the
pull-out behaviour of a HDPE uniaxial geogrid embedded
in a well graded very gravelly sand leads to the following
major conclusions:
1. The localization of the same configuration of damage
along the length of the geogrid can affect its pull-out
behaviour, leading to tensile failure of the reinforcement
when its location is near the front.
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Full-Scale Dynamic Tests on Geocomposites as ‘Waterproof Layer and
Reinforcement of the Surface of Embankment
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ABSTRACT: The paper introduces the four groups of the fill-scale dynamic tests w hich h we been done to investigate the
effects of the geosynthetic complex layers to behaviors of embankment. The resu ks oi system modulus, stresses, and
settlements in the embankment for the tests are compared, some conclusions are obta i led: t be thickness of optimal. complex
layer is 100mm; special attention should be given to geosynthetics that is directly paid between subgrade surface and
ballast. Because geosynthetics is used, mud stone can be used as fill in the embankrmxt.
KEYWORD:
1

Composite Material, Embankments,

Railroad Applications,

INTRODUCTION

Mud stone is a kind of poor quality soil that can not be used
as filling in the embankment. The reason is that when the
mud stone is saturated, its strength will be very low.
However, railroad has to pass extensive mud stone areas.
Hence, the soil will be improved to suit the design code.
Comparing with soil improvement,
geosynthetics
is an
economic method. When ground water, i. e., spring, is not
present, geocomposites
(geotextiles + geomembrances
+
geotextiles) not only prevent water above it into mud stone
(Selig and Waters 1994), but also improve the stress state
of the subgrade. Thus the disadvantage of mud stone can be
overcome. When the geocomposites and subballast are used
together, their functions will be used completely. However,
in the geocomposites, geomembrance is very important to
the design. Hence, It is necessary that the second subballast
layer is inserted between subballast and subgrade. In this
case, The thickness of geocomposites
and the second
subballast layer (the thickness is called complex thickness)
( Fig. 1) is a key to an economic and safe design.

Figure

r

Ballast

I

Subballast
The second subbalast

Subgrade

1. Contlrmation

of the embankment

For obtaining the optical complex thickness, four complex
thicknesses
were tested. Comparisons
of the stresses,

Separation

settlements and sysl e m m ~duli illustrate that the optical
complex thickness Sk.Culd k e 100mm. The thickness assures
the fimctions of sul)l)allas t and avoids the abrasion and
attrition between gea c ompc sites and big particles..
2

MODEL TEST

2.1

Model and Mat{xial

The tests take 1:1 model t{) simulate the subgrade, ballast,
subballast, sleeper. ~le size of the model box is 2.5m by
0.9m by 2.3m and it is ma~le by steel fi-ame and thick hard
woods. In the analyss, bee: use subgrade, subballast, ballast
and superstructures are SJmmetry, only one-half of its
section is taken.
According to measllring p ressures on sites which illustrate
that a axial weight will be taken by the successive 5
sleepers (Cui et al. 1994), maximum static pressure on the
sleeper under the tra U1wht el is 42 KN. However, because
of the effects of tra[:1:, tra n characteristics, and operating
condition, measurirq; pressures on sites were in the range
45 KN -60 KN. In erms (lf the above analysis, the static
loading 45 KN alMl tht dynamic maximum
loading
amplitude 15 KN wert: taken.
Subgrade clay was ~;ot fi Dm the site. special gravity G,=
2.67; liquid limit W ~=36; ])lastic limit WP=23. 1; plasticity
index IP=l 3.5; max irnum dry density pti=l
.645 g/cm3;
optimal water center t WOPt=20.5. In the filling, density was
controlled by 95°A m aximu n dry density.
The ballast was 250 rnr 1 thick. The subballast was 200
mm thick(Cui et al 1994). The second subballast layer
consists of sand and its thi( kness would be changed from O
- 3oomm.
The geocomposit x, con sist of the two layers of nonwoven geotextiles(P i yeste r) and a layer of geomembrance
(PVC-Polyvinyl
Chloricle ). Its weight is 600g/m2 and
thickness is about 2n un M Iin parameters were measured in
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the factory. tensile strength,
puncture
strength,
and
permeatibility strength were 600 N/5 CM, 1.5MPa,
0.5
MPa, respectively. Before the tests, the ones were measured
again which were 657 N/5 CM, 1.92 KN, 0.825MPa,
respectively(average
value). A number of tests confined
the parameters had change slightly.
2.2

changed according to the :ases. The loading times of the
model 1 and 2 were one :nillion times, respectively. The
loading times of th~ mod 4 3 and 4 were 500 thousand
times, respectively. ‘~le di Terent loading times among the
models were decided hy th( total settlement.
3

RESULTS

3.1

Comparisons

Test Procedure
c f defo mation loading modulus

2.2.1 Test Equipment
All tests were done by the servo-hydraulic system. In the
system, there are a displacement gauge and a load cell on
the loacling head. They measure total settlement and
pressure, In the subgrade, displacement
gauges, earth
pressure cells, and acceleration gauges are setup along
various height and away the loading center figure 2.

I

Deformation loading modl
stress and strain in t ~e st
stiffness of system (d’ the
subballast, geocom~ c sites,
constructed
embank n lent,
important. Therefore, Ev is
the smaller the settlelnent a
To investigate tie chal
modulus after the (l!mam
before and after the t ;:)ts ba
of the model 1 is sho fin in

.lUS E, denotes the ratio of the
~tic loading. It will reflect the
embankment (including ballast,
and subgrade). For the new
initial deformation
is very
important factor. The larger Ev,
Id the higher the density.
~ge of the deformation loading
c tests, the E, was measured
sed on load plate test. The result
igure 3.

Load (KN)
h

-Jil

I

Figure

2. Location of instrument

2.2.2

Test Procedure

The test procedure should reflect situations on the site.
Therefore, the thickness of the second subballast layer is a
key factor, because it should spread stress from wheel load
and prevent geomembrances
from being punctured by big
particles. At the same time, efficiency spreading stress by
the second subballast layer
was expected to be investigated. The four thicknesses of the second subballast layers
which were Omm, 100~
200mm, 300nnw respectively,
were selected to the tests. According to different thickness,
the location of some instruments were changed as followed:
In model 1, the location of instruments were l=500rnnL
hl=850mm,
h2=500mm,
h3=200mm.
In model 2, the
location of instruments
were l’=200mm,
hl=750mm,
h2=550mm,
h3=350mm.
In model 3, the locations of
instruments
were l’=200mm,
hl =750mm,
h2=550mm,
h3=350rnm. In model 4, the locations of instruments were
l’=300mm, hl=75mm, h2=550rnrL h3=350mm ( 1 denotes
distance from loading center; h denotes height from the
bottom c}fbox)
In the tests, the thickness and density of ballast and
subgrade were the same. However, loading times would be
1190-1998
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Figure 3. Relation I)etwt en load
and after test in mod(tl 1

and settlement

before

It denotes that the seti leme It of the embankment is clearly
reduced after dynam [c test, hence E, increases greatly. The
relation between the loac and settlement is non-linear
before test, but the rt lition becomes linear after test. Figure
4 reflects the relatio I bem een E, and the thickness of the
second subballast la! Kr. 11 e deformation loading modulus
Ev of the four mo(ltls ar: nearly the same before tests.
However the E, incnx.ses v ~hen the thickness of the second
subballast layer incn x ~ses from O to 200mm, but when the
thickness of the one s equa 1to 300mm, its E, has nearly no
change. The results sb ow t]lat the thickness of the complex
layer made
by
tile s acond subballast
layer
and
geocomposites will cli:ectl~ affect the stiffness and stability
of the embankment and if t le complex layer is too thick, its
fiction
will be mducec. The stress at the interface
between geocompo:i :es and the subgrade willl directly
affect the settlement of the ;mbankment Five earth pressure
cells were setup on lhe intt :rface . Figure 5 gives results of
model 1 and 2.

Figure
4, Relation
complex layer

between

Ev and the thickness

of

that although the complex ayer reduces the stresses at the
interface, the stress :ttent ation along the depth of the
embankment in the nl(~del 2 is slower than that in the model
1. Special attention ~;l~ouldbe given to a high speed train.
Geocomposites whit h affects stresses in the embankment is
very interesting. Figure 8 is the result in which stresses
were measured
above : nd below geocomposites.
It
efficiently reduce strmses b S1OWgeocomposites and change
the value of the stre j$es oi distribution along the depth of
embankment.
At tl e 10( mm range above and below
geocomposites, the srasses are reduced by about 30Y0.
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These results show that the complex layer reduces the stress
peak at the interface between the geocomposites and the
subgrade. Figure 6 compares the maximum stress of the
four tests which illustrate the complex layer has the
fimction reducing stress, but the efficiency will gradually
reduce as the thickness of the complex layer increases.
Therefore, the optimum thickness of complex layer is very
important in the embankment design.
3.3

Distributed

Stresses Along the Depth

The distributed stresses along the depth of the embankment causes the settlement of
the embankment.
The
complex layer reduces the stress at the interface between
the complex layer and subgrade (figure 5), the layer also
affects the distributed stresses. Figure 7 shows the results of
the model 1 and 2. In the top of subgrade, the stresses in the
model 1 are greater than the ones in the model 2. However,
in the low part of subgrade, the stresses in the model 1 are
smaller than the ones in the model 2. This result denotes

10
0

0
Figure
3.4

50 Stress

(KPa~ 00

8. Effect of I;( ocon tposites on stress
Settlement of tha Sut grade

The settlement of tie surf ice of the subgrade will affect
stability of the em ~mkm ent and will increase cost of
maintenance in the !itun and if settlement is greater,
geocomposites
will he in the dynamic extension state.
reducir g seti lement will be a key to the
Therefore,
research. Figure 9 shows the results of settlement in the
four models. These rwults llustrate that initial settlement is
most part of total set:1 :men t, For example, initial settlement
is 93°A and 55°/0 of:1 e tot d settlement in the model 1 and
2, respectively. The lesult i i conformable to stress analysis.
Because the complex lW~er is on the surface of the
subgrade, the settlenl{mt o]’ subgrade is reduced greatly. If
1998 Sixth Internatio nd Co lference on Geosynthetics
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the settlement in various models compares with the
settlement of the model 1, the percent at model 2, 3, 4 is

o
-2- -
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0000000
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0000000
mlno~~~~

new after tests. The r:;ison s that the second subballast
layer separates big ptrticles and
geocomposites and a{(]ids t leir contacts,
Comparing geocolnposit,: properties before and after the
tests, tensile strengti., punt ture strength, and tear strength
were nearly the same, It i lustrates that the geocomposite
qualities are well and lneet he need of the project.
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Figure 9. Surface settlement of embankment
37%, 52%, and 59Y0. The efficiency of the complex layer is
very clear. Figure 10 shows settlement along the depth of
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CONCLUSION’S
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According to the abfn’e an dysis, some conclusions can be
obtained:
1. The static system ln~duhs will increase with the thickness of complex l:q~er. E owever the efficiency of complex layer will grad ually I educe as its thickness increases.
Because complex layer; are inserted between subgrade
and ballast,the amplitudf of dynamic stresses is reduced.
It illustrates that CDmple: layers have efficiency spreading stress.
2. With respect to th: max mum stress in the model 1, the
maximum stress i] the I lodel 2, 3, and 4 reduce 36Y0,
38Y0, and 39%, re q]ecti~ ely. With respect to the settlement of subgrade sl~facl: in the model 1, the settlement
of subgrade surfa(:c in ti e model 2, 3, and 4 reduce 37%, 52%, and 59Y0. Corn] jared to these results, in practice, the complex layer 100mm in model 2 is optimal
thickness.
3. Compared to state of g{!ocomposites after tests, if there
is no the second t ubball ~st layer (in model 1), the surface of geocompos~tess 1}ecome very rough, the reason
is that big particles cent: ct the surface of geocomposites
under dynamic la Khug. f the case is taken, the geomem
-brance in the geoc:omp )sites may be punctured out in
the fiture. Therefbre, atl mtion must be given that geocomposites are dfiectly ~aid between subgrade surface
and the first subbal last l; yer.
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10. Distributed
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the embankment. The result shows that the settlement will
reduce as the thickness of the complex layer increases. This
is also conformable to the distributed stresses.
3.5

Situation of the Geosynthetics

After the four model tests, the geocomposites were checked
by eyes and tests. In the model 1, the surface of the geocomposites is very rough. The reason is that big particles in
the fwst subballast layer and ballast contact the surface of
the geocomposites under dynamic loading. However, in the
model 2, 3, 4, the surfaces of the geocomposites were still
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Performance Test to simulate Geotextile Puncture under dynamic
cyclic Loading
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ABSTRACT: Puncturing is one of the decisive stresses geotextiles are exposed to. Fc r geotextiles used as separators
under unpaved roads, the stress elongation behavior under dynamic puncture loa Iing is of crucial importance.
Dynamic and cyclic stresses caused by sharp edged aggregate have only been tam in o account to a small amount in
geotextile testing so far. On the basis of existing test methods (CBR-puncturo acc mding to EN 12236, Pyramid
puncture according to ASTM 5494 and NFG 38019) a special test has been dw’elop 1A.The main modification is a
cylic up-and-down movement of the pyramid piston, which is pushed slowly intc 1he gt otextile.
The deformation and the puncture force are continuously measured, and the envelo~ e of the obtained curves is the
main characteristic of the geotextile behavior. Numerous test results have been ohtain( d in the laboratory and will be
cross-checked with the results from on-site trials. It is shown that needle punchct non vovens perform very well. This
is attributed to the rupture resistance and to the resistance to tearability of the produ ;t. To be able to withstand the
harsh installation stresses, geotextiles have to show a clearly defined force elon g ition behavior in the dynamic cyclic
loading test.
KEYWORDS:
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Dynamic mechanical

analysis, Geotextiles,

INTRODUCTION

Still the most common use of geotextiles is in road and
pavement construction. Geotextiles increase stability and
improve the performance of the subgrade by reducing
deformations and by increasing the bearing capacity of
the soil. (Polyfelt; 1986)
The primary function is separation, but also filtration,
drainage, and strengthening of the soil maybe regarded as
secondary functions in road and pavement construction.
The geotextile must prevent the movement of fines from
the subgrades into the sub-base course. To be able to
fulfill this requirement, it is necessary that the geotextile
withstands all stresses during the installation phase.
Stresses occurring during installation are critical in
most of the cases and therefore are regarded as decisive
for design. Installation stress is understood here as the
sum of puncturing,
burst, and abrasive forces which
occur during placement of the sub-base material as well
as during compaction
and loading by construction
traffic. To simulate the forces exerted on a geotextile by
a single sharp edged grain of the fill, a dynamic cyclic
loading test has been developed.

Installation
2

Damage, Punct~ re Resistance,

Separation

TEST DES(lUPT
ON OF THE CYCLIC
PYRAMID PUNC lT-JRE TEST

2.1 Test Setup
When considering interni Itional specification tendencies,
that aim to guarmtee
the separation
function
of
geotextiles, one finds 1he CBR puncture resistance,
Mullen Burst strength, md tear strength as essential
critwia.
In
only
a few
specification
standard
specifications unit weighl is also listed as a requirement.
Dynamic and cyclic stl esses caused by sharp edged
aggregate have on] y bea taken into account to a small
amount in geotexti e testi lg so far. (Brau; 1996).
To be able to simulal a the puncturing
forces on a
geotextile separatcr, a : pecific test method has been
developed
on the tlasis ]f existing test methods (CBRpuncture according to ~N 12236, Pyramid puncture
according to AS’IM 5414 and NFG 38019; Werner;
1986). The main rnodifi cation is a cylic up-and-down
movement of a pyI amid- ihaped piston, which is pushed
slowly into the gdextil e. By the use of this test the
static and dynamic bel avior of geotextiles under a
pyramid load can be stud ed.
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2.2. Test Procedure

(amplliude)

The test device olf:rs tl ie possibility to simulate both
stat c loading. Therefore, the test
dynamic as well
description is made in twc parts.
i~

—

—excenter

2.2.1 Static Pyrami~ punt .ure test

I%__
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I

1

,

1

I

In the static tesl, the piston is moved downward
continuously until rupture occurs. The test is performed in
analogy to EN ISCl 1X 36. Instead of the cylindrical
piston with 50 mrl diarr eter the pyramid according to
ASTM D 5494 is ~]ed (: ee Fig. 2). The velocity of the
(upward) movement of thl; pot is 10 ~ 1 mrrdmin

x

pyramid

90” o

shaped

piston

fixing

device

2.2.2 Dynamic Pyr:wmid p mcture test

x;

geotextile

xl

x’

EI
E,
CJ

test

pot

d

=

150

mm

-[g:
force

measu;ing

device

I

Figure 1: Scheme of the test device
Thegeotextile
is positioned and fixed on a test pot. A
pyramid shaped piston is used to simulate a sharp edged
grain which exerts the stress during installation.
The test pot has an inner diameter of 150 mm and a
height of 150 mm. The fixing device was made in
accordance with EN ISO 12236.
Dynamic and static forces acting on the test pot due to
the movement of the pyramid were measured.
For’ the dynamic puncture, the maximum value of the
loading cycle is registered.

Figure 2: lay-out of the pyramid piston
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Figure 3: Principle of dyn ~mic (cyclic) loading.
The stress for the dynan Iic test is characterized by the
following parameter!;:
●
vertical (upward] velo ;ity of the pot (= velocity of the
fixed geotextile)
[n ndmin].
The pot is moved
upwards contir t OUS1! by a special device with a
velocity of 10 rnmhr in. The allowable tolerance is
~lmrn/min.
●
maximum vertictl disl Jacement of the pyramid during
it’s oscillating m ovemt nt [mm]
●
Frequency (strc kes pt r second) for the movement of
the pyramid [H::]
For every type oi’ geott xtile at least five single tests
(static, dynamic) al 23° ~ 2°C should be performed. The
mean values F~tit, ~dyn md the standard-deviation
are
calculated.

-k-l
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In the dynamic test, the pyramid is exposed to cyclic upand-down
moverr ent.
rhe same 50-mm
diameter
cylindric piston and thi: pyramid peak according to
ASTM D 5494 are used.
The pyramid is m)ved up and down vertical] y by the
use of an eccenter see Fig. 3). At the same time, the test
pot with the fixed ge~text le is moved upwards against the
oscillating pyramid. The force-elongation
behavior is
recorded.
The oscillating movement is achieved by an excenter,
which has an amplitllde o ! ~ 5 mm. The frequency of the
vertical movement ~~the: )yramid is 15 Hz.

on Geosynthetics

Newtons. The m:u:imtu n of the
considered the punl:ture fi )rce.

2.2.3. Test results
The static puncture force F,t., is the maximum value of
the forces (in Newtons) measured during puncturing of
the fixed geotextile specimen.
The dynamic puncture Force Fdw is the maximum
value of the dynamic forces (in Newtons) measured
during puncturing of the fixed geotextile specimen. Here
puncturing will be achieved by the superposition of the
oscillating movement of the pyramid with the continuous
upward movement of the pot.
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Figure 4: Graphical evaluation
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In the test report th e valu x obtained (static and dynamic
puncture force) as ‘well as the standard-deviation
and the
coefficient of variation a e stated. A graphic evaluation
(force-displacement
curv, ~) similar to the one given in
figure 4 is enclosed.

TEST RESIII.TS

Large series of te;ts ha ‘e been performed on various
types
of products.
“‘hermobonded
as
well
as
needlepunched
staple fi xrs and continuous
filament
nonwovens have been ex: mined.
Among the result~ whi ;h have been obtained, results
from a typical range of products are presented in this
paper. Results f[~r dif ‘erent grades of a specific
polypropylene cent inuou: filament nonwoven geotextile
are given. The spe;i men! have been tested with respect
to both their static and dynamic puncture resistances.
The properties of these pr ducts are given in Table 1.

I

10

values

2.2.5 Test report

3

I

obtained

70

Table 1 Properties t}l’testt d moducts
80

[mm]

of the test results.

2.2.4 Boundary conditions
The test should be performed for at least 5 single
specimens at 23° ~ 2°. The curve of the force -elongation
behavior is recorded.
The specimen has been prepared with a marking and
cutting template and installed without any tension
between the clamping rings.
The pot is fixed centered under the pyramid and the
start-amplitude is fixed. For the start-amplitude of every
test, the peak of the pyramid is lying without any tension
on the surface of the fixed geotextile, and the pyramid
has been set to the lowest point of the excenter.
The test is finished, if a decisive reduction of the
puncture force is observed.
The evaluation is done according to the curves in Figure
4. The envelope curve of the arithmetic mean values is
plotted.
The deformation has been determined by an electronic
device in millimeters with an accuracy of ~ 0.1 mm. The
dynamic and the static puncture forces are given in

CBR test [N]
i ‘%’~ti
Tens. Str. [kN/m]
13.5
21.5
Elongat. MD/CD
t;(% t 45% 80% t LIST.
I Wei~ht [g/m2]
315
I -—200
I

I

400

1

At least 10 single 1ests h we been performed for each of
these grades. In Td)le 2 the mean values for the static
puncture
force (?.stat. ~ and the displacements
at
maximum
load (Displ -stat.)
are given.
Standard
deviations and cocf ficiel ts of variation obtained from
these tests, are also showl i in Table 2.
Table 2 Values obt ii ned i n the static

uncture test

=?D:
The graphical
Figure 5.

resu Its f( r geotextile
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ON SITE T131TS

1500

To be able to show fl corl elation between laboratory and
field tests, it is int~md~ to perform onsite tests with
sharp edged granular
material on soft and weak
subgrades.
For these tests s lwp edged diabas granulate will be
used and the perfol manct of different geotextiles will be
studied.
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Figure 5: graphic results - static pyramid puncture test
In Tible 3, the mean values for the dynamic puncture
force (F-dyn.) and displacement
at maximum
load
(Displ.-dyn.)
are given along with their standard
deviations and coefficients of variation.
Table 3 Values obtained by the dynamic puncture test.
I Type C
[ Type B
I Type A
1955.27
1780.40
I 511.95
F-stat. [Nl

w
The graphical
Figure 6.

results

for Geotextile

C are shown

in

16C0
1!lOil

By a newly developed :est method it is posible
to
evaluate the performance of a geotextile under dynamic
loading, The properties o‘ a product can be described by
its behavior unders t~tic a Id dynamic puncturing and the
force-deformation bt havi~ lr can be quantified. By the use
of the described tl~st, 1 clearer more performanceorientated specification cz n be made possible.
An analysis of the firsl series of tests has shlown the
following significant resu ts:
●
The values for dynam c puncturing are far below the
ones for the stat ic test!.
●
The shape of tht curl e is similar for both the static
and the dynam i(~ tess. Differences can mainly be
seen in the be mvior after rupture; the static tests
show a sudden decrei se, whereas the dynamic tests
show a slow dem:ase.
●
Static as well m d: namic tests show a relation
between performance and the weight per unit area
for each produci typt. However, the manufacturing
process is of d~:isive jmportance for the performance
of the geotexti e. Th xfore weight alone is not an
adequate parameter f x specification and should (if
necessary) only t e usc d as identification parameter.
It seems necessary to :ontinue testing both in the
laboratory as well ts on fl dl scale trials on site.
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Figure 6: graphic results - dynamic pyramid puncture
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